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Parametric Demonstration of Load-Dependent 
Critical Temperatures for Flexural Fire Resistance of 
Composite W-Shape Floor Beams
MICHAEL M. DRURY and SPENCER E. QUIEL

ABSTRACT

Parametric numerical modeling was performed for three composite floor beam configurations (with different W-shape sections and one-
way span lengths supported by shear connections) under exposure to one standard fire and three natural fire temperature-time histories. 
The parametric matrix included three levels of passive fire protection, four combinations of axial and rotational restraint at the beam ends, 
and three levels of applied flexural loading. A previously validated lumped mass heat transfer modeling approach was used to calculate 
steel temperatures for each flange and the web, and a one-dimensional finite element (FE) heat transfer modeling approach was used to 
calculate the temperature gradient through the structural thickness of the floor slab. A previously validated fiber-beam FE structural model-
ing approach was then used to model the flexural response of the one-way composite beam under fire. The results of parametric analysis 
showed that the loss of flexural resistance under any fire exposure can be conservatively predicted using a critical bottom flange tempera-
ture based on AISC 360-22, Table A-4.2.4, which is expressed as a function of the applied flexural utilization ratio, M/Mn. The bottom flange 
temperature at which flexural failure would occur was relatively consistent regardless of variations in beam end restraint as well as the level 
of applied fire protection. For composite beams that survived natural fire exposure through burnout, the bottom flange temperature always 
remained below the load-dependent critical value. In those cases, variations in beam end restraint significantly impacted the magnitude of 
residual tensile reaction forces that develop at the ends of the beam during cooling.

Keywords:  composite W-shape floor beam, standard fire resistance, natural fire resilience, critical bottom flange temperature, passive 
fire protection, spray-applied fire resistive material (SFRM).

INTRODUCTION

F loor systems in steel-framed buildings commonly con-
sist of W-shape filler beams that support a reinforced 

concrete slab, which is placed on light-gage corrugated 
metal decking (see Figure 1). The beam and slab are often 
constructed to be composite via the placement of shear 
studs at their interface, thereby enhancing their combined 
flexural stiffness and moment capacity (Vinnakota et al., 
1988). The amount of passive fire protection applied to 
these beams must satisfy the hourly rating requirements 
of the International Building Code (IBC), Table 601 (ICC, 
2023). To achieve these ratings in current practice, the 
W-shape beam is often contour-coated with spray-applied, 
fire-resistive material (SFRM), a lightweight cementitious 
product with low thermal diffusivity (UL, 2022a).

Hourly ratings represent the time at which a floor beam 
would be expected to “fail” (by reaching a specified ther-
mal or structural response limit) when subjected to a stan-
dard fire exposure (see Figure 2). The initial 2 hr period of 
a standard fire curve such as ASTM E119 (ASTM, 2024) is 
intended to generally represent the ramp-up of temperature 
in a post-flashover building compartment. The fire temper-
ature then increases gradually and indefinitely with no sub-
sequent decay phase nor any consideration of the impact 
of active fire protection, such as sprinklers. This indefinite 
continuation of high temperature exposure ensures that the 
assembly will ultimately reach a targeted response limit 
when subjected to a standard fire test.

For composite floor beams, hourly ratings provide a stan-
dardized metric for flexural fire resistance that enables the 
selection and comparison of section configurations and 
passive fire protection materials based on testing. However, 
an hourly rating does not explicitly quantify the resilience 
of an assembly when exposed to a realistic or “natural” fire 
in a building. The temperature-time history for a natural 
fire exposure is characterized by a rapid initial increase to a 
fully developed state, followed by eventual “burnout” (i.e., 
a transition to a decay or cooling phase, as shown in Fig-
ure 2). The shape and duration of a natural fire curve depend 
on the characteristics of the building compartment, includ-
ing geometry, fuel load, ventilation, and lining materials. 
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Performance-based structural fire design (PBSFD) evalu-
ates structural response to natural fire, both at the peak 
response during the fire and (if failure does not occur) in its 
residual state following burnout and cooling (ASCE, 2020). 
PBSFD can be implemented per IBC Section 703.2.3 as an 
alternative method of design under approval of the building 
official or other authority having jurisdiction (AHJ) (ICC, 
2023). Guidance for conducting PBSFD of steel building 

construction is available in design standards such as ASCE 
7-22, Appendix E (ASCE, 2022) and AISC 360-22, Appen-
dix 4 (2022), as well as other references such as the ASCE 
Manual of Practice 138 (LaMalva, 2018).

When exposed to fire, flexurally loaded composite beams 
will thermally weaken and develop additional stress due to 
axial and rotational restraint of thermal expansion. If the 
steel beam reaches a “critical” temperature, then the floor 

Fig. 1.  Representative composite filler floor beam configuration. Side elevation  
is shown with bolt holes and top flange coping to accommodate a shear connection.
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Fig. 2.  Representative temperature-time histories of fire exposure: standard fire curve  
per ASTM E119 (2024) and three natural fire curves from an ASCE exemplar study (2020).
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system will experience a significant increase in deflection 
and be at risk of collapse due to the loss of flexural resis-
tance. As would be expected, these critical temperatures 
are dependent on the level of applied loading, which can be 
expressed as a ratio of applied moment divided by the initial 
ambient moment capacity of the composite floor beam cross 
section. When the floor beam is heated by a fire below, the 
top flange temperature (Ts,TF) remains cooler than that of 
the web and bottom flange (Ts,web and Ts,BF) because the 
upper surface of the top flange is in contact with the sup-
ported floor slab and is thus shielded from direct heat-
ing. The values of Ts,web and Ts,BF are often similar (AISC, 
2022; CEN, 2008a), but the response of the bottom flange 
is more critical to the flexural fire resistance of the com-
posite section (Drury, 2022; Selden, 2014). AISC 360-22, 
Table A-4.2.4 (2022) provides a moment capacity retention 
factor (kcb = Mn,T/Mn) for composite beams as a function of 
Ts,BF. Those values (reproduced in Table 1) can be reframed 
as a function of critical bottom flange temperature, Tcr,BF, 
for varying levels of initially applied flexural utilization at 
ambient conditions, M/Mn (Drury and Quiel, 2025).

In this paper, parametric numerical analyses are used 
to demonstrate the robustness of the relationship between 
Tcr,BF and M/Mn in Table  1 for one-way composite floor 
beams with realistic combinations of span length, beam 
section size, end restraint conditions, and applied SFRM 
thickness when subjected to either standard or natural fire 
exposure. By establishing Tcr,BF as a consistent indicator 
of flexural failure under any fire, the hourly rating under 
standard fire exposure can be determined for a given com-
posite beam and SFRM thickness by calculating the time 
history of Ts,BF via the lumped mass methods presented 
in Drury and Quiel (2025). In the context of PBSFD, the 

relationship between Tcr,BF and M/Mn in Table 1 can also 
serve as a threshold below which a composite beam assem-
bly would be expected to survive natural fire exposure 
through burnout without experiencing flexural runaway. 
Using load-dependent Tcr,BF, a designer can thereby corre-
late an hourly rating for a given composite floor beam con-
figuration to its survivability under a range of natural fire 
hazards and applied loading.

REVIEW OF PREVIOUS TESTING

Previous work by Drury and Quiel (2025) showed that 
reframing the relationship in Table 1 as a load-dependent 
Tcr,BF can provide a conservatively accurate prediction of 
the loss of flexural resistance observed in numerous stan-
dard and quasi-standard fire tests (Alfawakhiri et al., 2016; 
Bletzacker, 1967; Choe et al., 2019, 2020; Drury and Quiel, 
2025; Jiang et al., 2017; Kordosky et al., 2020; Wang et al., 
2017a; Zhao and Kruppa, 1997) for a wide range of W-shape 
steel floor beam configurations:

•	 One-way spans varying from 3.35–12.2 m (11–40 ft).

•	 Varying section sizes with composite and noncomposite 
slabs.

•	 End conditions that are restrained, unrestrained, or 
partially restrained.

•	 Connections that range from idealized bearing supports 
to realistic shear connections.

•	 Applied loading that induces an initial value of M/Mn 
ranging from 25–80%.

•	 Varying levels of contour coated with spray-applied fire 
resistive material (SFRM), a lightweight cementitious 

Table 1. Temperature-Dependent Moment Capacity  
Retention Factors for Composite Floor Beams  
(Reproduced from AISC 360-22, Table A-4.2.4)

Moment Capacity Retention
kcb == Mn,T//Mn

Bottom Flange Temperature
Ts,BF, °F (°C)

1.00 68 (20)

0.98 300 (150)

0.95 600 (320)

0.89 800 (430)

0.71 1000 (540)

0.49 1200 (650)

0.26 1400 (760)

0.12 1600 (870)

0.02 1800 (980)

0.00 2000 (1100)
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product with low thermal diffusivity that is commonly 
used as passive fire protection for W-shape floor beams 
in current practice).

For illustration, the setups for quasi-standard fire tests 
per Kordosky et al. (2020) and Choe et al. (2019) are sum-
marized in Table 2. The temperature-time histories applied 
to each specimen from those programs are plotted in Fig-
ure  3. The tests on these W12×26 and W18×35 compos-
ite beams are referred to a quasi-standard because their 
temperature-time histories met or slightly exceeded that of 
the ASTM E119 standard, and the curves plotted in Figure 3 
for these specimens are terminated when they experienced 
a rapid increase in deflection (i.e., when they approached 

flexural runaway) and the applied loading was removed. 
Plots of midspan deflection versus Ts,BF in Figure 4 show 
that the values of Tcr,BF for each corresponding M/Mn per 
Table 1 provide a very good indication of the onset of flex-
ural runaway, regardless of the composite cross-section 
characteristics, span length, the presence of passive fire 
protection, and the restraint of the beam ends.

Setups for natural fire tests per Drury et al. (2021) and 
Drury and Quiel (2023a) are also summarized in Table 2. 
These tests on W8×10 and W8×28 composite beams were 
conducted such that the specimens were subjected to the cor-
responding natural temperature-time histories in Figure 3 
and did not experience flexural runaway. Both beams devel-
oped significant midspan deflection and restraint reactions 
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Fig. 4.  Midspan deflection versus Ts,BF from quasi-standard fire tests listed in Table 2 (conversion note: 25 mm = 0.984 in.).
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as the steel temperature increased during the heating phase. 
However, Figure  5 shows that the peak value of Ts,BF for 
each specimen stopped short of their corresponding value 
of Tcr,BF per Table 1, after which they began to cool dur-
ing the fire’s decay phase and developed significant residual 
midspan deflection. These test results indicate that Tcr,BF 
as a function of M/Mn per Table 1 can represent a thresh-
old below which a one-way composite beam would be able 
to maintain its flexural resistance through burnout. The 
bolted shear tab connections for both specimens exhibited 
some minor warping damage during post-test inspections 
but maintained their overall structural integrity (Drury et 
al., 2021; Drury and Quiel, 2023a). The slabs exhibited 
some minor post-test cracking but otherwise appeared to be 
structurally sound and continued to contribute to the resid-
ual flexural stiffness of the cooled specimen.

PARAMETRIC MODELING APPROACH

To demonstrate that the relationship for Tcr,BF as a func-
tion of M/Mn per Table 1 is widely applicable, a modeling 
approach using fiber-beam elements is used to parametri-
cally analyze the response of three generic composite floor 
beam assemblies to the fire curves plotted previously in 
Figure  2. Previous research has shown good agreement 
between experimental results and this thermo-structural 
modeling approach for standard [see Chapter 6 of the dis-
sertation by Drury (2022)], quasi-standard (Drury et al., 
2020; Drury and Quiel, 2023b), and natural (Drury et al., 
2021; Drury and Quiel, 2023b) fire tests of restrained, 
unrestrained, and partially restrained one-way composite 
W-shape steel floor beam assemblies. Numerical analysis is 
conducted via two uncoupled steps: (1) thermal analysis of 
the fire-exposed structural element cross sections to obtain 

their temperature increase over the duration of fire expo-
sure (with the fire’s temperature-time history used as direct 
input) and (2)  structural analysis of the heated structural 
assembly (in which the thermal analysis results are used as 
direct input).

Section and Span Properties

Table  3 summarizes three one-way composite W-shape 
floor beam configurations that are representative of North 
American construction practice for steel-frame office build-
ings (ASCE, 2020; Choe et al., 2019; Sadek et al., 2008). 
Specifically, the three composite sections were chosen to 
represent a range of realistic span lengths: 7.3  m (24  ft) 
for the W14×22, 9.1 m (30 ft) for the W16×26, and 12.2 m 
(40 ft) for the W18×35. All composite beams [ASTM A992 
(2022a) steel with 345 MPa (50 ksi) yield strength] support 
a 82.6 mm (3.25 in.) lightweight concrete (LWC) slab [with 
density of 1762 kg/m3 (110 pcf)] on 76.2 mm (3 in.) corru-
gated deck (oriented perpendicular to the beam’s one-way 
span) with a compressive strength of 20.7 MPa (3000 psi). 
The 82.6  mm minimum thickness of LWC generally 
meets a 2  hr fire resistance rating for thermal transmis-
sion thru the slab per ASTM E119 (2024). The slab is rein-
forced at the mid-depth of its 82.6 mm structural thickness 
with W1.4×W1.4, 6×6 WWR with 450 MPa (65 ksi) yield 
strength per ASTM 1064 (2022b). The effective width of 
the composite slab for its section analysis is taken as 2(L/8) 
per AISC 360-22, Section I3.1a. The beam-slab interface 
has a single longitudinal line of 19  mm (0.75  in.) shear 
studs spaced at 304.8 mm (1 ft) above the beam centerline 
along the entire length of the top flange. This configura-
tion develops 67% composite action based on the relative 
contributions of the beam, slab, and shear studs to flex-
ural resistance (Vinnakota et al., 1988). It should be noted 
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that enhancements to the slab (in particular, an increase in 
reinforcement quantity or continuity) can enable a modest 
increase in fire resistance (ASCE, 2020; Gernay and Kho-
rasani, 2020; Khorasani et al., 2019; McAllister, 2014); how-
ever, those parameters are outside the scope of this study.

When the underside of the assembly is exposed to fire, 
the temperature of the steel beam will increase faster than 
that of the slab, even if the beam is coated with SFRM 
(Drury et al., 2023a; Kordosky et al., 2020). The tempera-
ture of the shear studs will also increase due to conduction 
from the beam’s top flange into the concrete slab; however, 
testing has shown that the stud temperature is only 75–80% 
of the top flange temperature (CEN, 2008a; Huang et al., 
1999). Also, previous studies have also shown that the pres-
ence of slab edge continuity (representative of an actual 
building system) (Huang et al., 1999) as well as the use of 
profiled slabs on metal decking (such as that used in this 
study, rather than a flat slab) (Lim et al., 2020; Mirza and 
Uy, 2009) will enhance the robustness of the shear studs 
when the assembly is under fire.

The tensile strength of the steel beam is therefore reduced 
faster than the compressive strength of the slab or the shear 

strength of the studs. In recognition of this phenomenon, 
previous research has shown that composite floor assem-
blies with ambient composite percentages as low as 24% 
can rapidly transition to emulating fully composite behav-
ior under fire, even before the fire develops its full intensity 
(Drury et al., 2020, 2021; Drury and Quiel, 2023a, 2023b; 
Jiang et al., 2014; Kodur et al., 2013; Kordosky et al., 2020; 
Wang et al., 2017a, 2017b; Wellman et al., 2011). Analyz-
ing the beam-to-slab interface as fully composite for the 
purposes of capturing fire-exposed flexural response of 
the composite member is therefore justified and has been 
used for parametric numerical analysis on similar compos-
ite beam floor systems under fire (Gernay and Khorasani, 
2020; Khorasani et al., 2019; Selden and Varma, 2016b, 
2016c).

In this study, the composite beam assembly is mod-
eled in SAFIR 2019.a6 (Franssen and Gernay, 2017, 2019) 
as shown in Figure  6, with separate fiber-beam elements 
used to represent the steel beam and the structural thick-
ness of the concrete floor slab. Those fiber-beam elements 
are discretized 304.8 mm (1 ft) lengths based on previously 
published convergence studies (Drury and Quiel, 2023b; 

Table 2.  Summary of Highlighted Fire Tests from 2019 to 2023 on One-Way Composite Steel Beam Assemblies

Reference
Span 

Length Specimen Description
Beam End 
Conditions

Slab End 
Conditions Protection

Fire 
Exposure M//Mn

Kordosky 
et al. 

(2020)
(2 tests)

10.9 ft

Beam: W12×26
Slab: 3.25 in. thick on 2 in. 

profiled deck, 4 ft-8 in. width
Composite action: 24%

Partial axial 
restraint 

with 
shear tab 

connection

Unrestrained

Unprotected beam 
(1 test); 2 hr rated 

SFRM on the beam 
(1 test); ceramic 

fiber blankets for all 
connections

ASTM 
E119

31.5%

Choe et al. 
(2019)

(3 tests)
40.0 ft

Beam: W18×35
Slab: 3.25 in. thick on 3 in. 

profiled deck, 6 ft width
Composite action: 82%

Axial 
restraint 

with shear 
tab (SP: 
2 tests) 

or double 
angle (DA: 

1 test) 
connection

Unrestrained 
(1 test); 

axial and 
rotational 

restraint to 
simulate 

slab 
continuity 

(SC: 2 tests)

2 hr rated SFRM 
on the beam; 3 hr 

rated SFRM on the 
connections

Parametric 
fire that 

emulated 
and 

exceeded 
ASTM 
E119

45%

Drury et al. 
(2021)
(1 test)

11.0 ft

Beam: W8×10
Slab: 2 in. thick on 1.5 in. 

profiled deck, 4 ft-8 in. width
Composite action: 52%

Partial axial 
restraint 

with 
shear tab 

connection

Unrestrained

Unprotected beam; 
ceramic fiber 

blankets for all 
connections

Natural fire 
with steep 

decay 
phase after 

furnace 
shutdown

25%

Drury 
and Quiel 
(2023a)
(1 test)

10.4 ft

Beam: W8×28
Slab: 2.5 in. thick on 2 in. 

profiled deck, 4 ft-8 in. width
Composite action: 97%

Partial axial 
restraint 

with 
shear tab 

connection

Rotational 
restraint

2 hr rated SFRM on 
the beam; ceramic 
fiber blankets for all 

connections

Natural 
fire with 

controlled 
decay 
phase

58.5%
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Quiel and Garlock, 2010). The nodeline for each fiber-beam 
cross-section runs through its geometric centroid (see Fig-
ure 7). A rigid connector link element is used to develop full 
composite action between the beam and slab at each of their 
respective nodes.

The one-way span length L is analyzed as uniformly 
heated, which is commonly assumed for elements in a 
building compartment with post-flashover fire conditions 
(which are fully developed and well mixed, thus applying 
a single temperature-time history of heat exposure to all 
elements in the compartment). The temperature increases 
of the W-shape beam section and the composite slab when 
exposed to fire are calculated separately via uncoupled 
thermal analyses. The results of those analyses (which are 
described in the following subsections) are then mapped to 
the fibers in the cross sections shown in Figure 7.

Based on a previously published convergence study 
(Drury, 2022), each flange can be represented with a sin-
gle fiber, and the web can be modeled with 30 equally 
spaced fibers over its height in order to capture the flex-
urally induced gradient of strain over the depth of the 
beam. Temperature-dependent structural properties for the 
hot-rolled steel beam are taken from Eurocode 3, Part 1-2 
(CEN, 2005). The material model assigned to the bottom 
flange fiber permits the compression-induced onset of 
local buckling as a reduction of effective yield strength, 
which represents the reduction of the bottom flange effec-
tive width as per the provisions in Eurocode for buckling of 
unstiffened plates (Franssen et al., 2014). All of the afore-
mentioned long-span fire tests conducted at the National 
Institute of Standards and Technology (NIST) (Choe et 
al., 2020) developed local buckling in the bottom flange 
at the partially restrained ends of the beam but remained 
stable with reduced end stiffness. Capturing bottom flange 
local buckling effects is essential for modeling restrained 
composite beams under fire, particularly for realistic span 
lengths. Temperature-dependent thermal properties for the 
steel are also taken from Eurocode 3, Part 1-2 (CEN, 2005) 
and are conservatively assumed to be reversible during 
cooling, based on the experimental validation conducted by 
Drury and Quiel (2023b) for composite floor beams under 
natural fire exposure.

The LWC slab was modeled with six concrete fibers 
over its structural thickness, with the WWR represented 
as a very thin layer at mid-thickness with equivalent area 
per unit width. Temperature-dependent structural prop-
erties for the slab were taken for calcareous concrete per 
Eurocode 2, Part  1-2 (CEN, 2008b) and include the con-
sideration of explicit transient creep (Gernay and Frans-
sen, 2012). Temperature-dependent structural properties 
for the WWR were taken for cold-drawn wire per Euro-
code 2, Part 1-2 (CEN, 2008b) as well. The slab is assumed 
to have an in-situ moisture content of 3% and is modeled 

as having nonreversible thermal properties per Drury and 
Quiel (2023b), which closely resemble those for LWC in 
Part 1-2 of Eurocodes 2 and 4 (CEN, 2008a, 2008b).

Flexural Loads

The resulting nominal moment capacity, Mn, for each com-
posite section in accordance with AISC 360-22, Section I3 
is summarized in Table 3. Each floor beam is designed as 
simply supported in one-way bending to support a uni-
formly distributed line load w, which is assumed to remain 
constant throughout exposure to fire. For this study, each 
beam is analyzed for values of w that induce a maximum 
bending moment at midspan equal to three different per-
centages of 8Mn/L2 as shown in Table 4. These percentages 
are based on ϕMn design targets of 30%, 45%, and 60%, 
with ϕ = 0.90 per AISC 360-22, Section I3.2a.

In the model, self-weight is applied to each element as 
a uniformly distributed line load, and superimposed floor 
loading is applied as a uniformly distributed line load to 
the slab elements. To induce the initial flexural utilizations 
listed in Table 4, the value of w in Figure 6 represents the 
total contributions of self-weight and superimposed floor 
loads.

End Conditions

These parametric analyses focus on composite W-shape 
floor beams that are supported with bolted shear con-
nections; girders with moment connections are therefore 
considered to be outside the scope of this study. These ele-
ments are conventionally designed as simply supported 
under ambient conditions; however, the ends of a heated 
composite W-shape floor beams in an actual building fire 
will experience partial (yet significant) restraint against 
thermally induced expansion and rotation (Moss et al., 
2004). That restraint can be provided by the presence of 
slab continuity beyond the ends of the beam, the beam’s 
connections to surrounding structural elements, as well as 
the relative stiffness of those supporting elements (Marti-
nez and Jeffers, 2021; McAllister, 2014). Previous research 
has shown that even a shear connection will realistically 
exhibit at least some degree of rotational stiffness for floor 
beams at both ambient conditions (Kishi et al., 1997; Liu 
and Astaneh-Asl, 2004) and under fire exposure (Choe et 
al., 2019, 2020; Drury et al., 2021; Drury and Quiel, 2023a; 
Fischer et al., 2021; Fischer and Varma, 2017; Hantouche 
et al., 2020; Kordosky et al., 2020). Also, a modest incre-
ment of rotational stiffness at the beam ends can have a 
non-negligible impact on the anticipated structural behav-
ior of the composite beam assembly under fire (Drury and 
Quiel, 2023b).

For this study, Figure 6 shows that nodal restraint at each 
end of the beam is approximated via an axial spring with 
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stiffness Ka and a rotational spring with stiffness Kr. As 
shown in Table 4, two levels of stiffness are considered for 
each spring as parameters in this study. The axial restraint 
low level (aL) is taken equal to 0.1EAb/L for each beam per 
Dwaikat and Kodur (2011) as a lower-bound estimation of 
the stiffness provided by the surrounding structure against 
thermal expansion (where E is the elastic modulus of steel, 
Ab is the cross-sectional area of the beam, and L is the span 
length). The axial restraint high level (aH) is taken as a con-
stant value of 190 kN/mm (1085 kip/ in.), which was used 
by the aforementioned study on fire-exposed one-way com-
posite beams at NIST (Choe et al., 2019, 2020; Ramesh et 
al., 2019) to represent a typical lateral restraining stiffness 
in a steel framed building. To represent a realistic upper 
bound of stiffness for a shear connection, the rotational 
stiffness high level (rH) for Kr is taken as 2EIb/L, which is 
the limiting value per AISC 360-22, Section C-B3.4, below 
which a connection can be considered simple (where Ib is 
taken as the steel beam’s moment of inertia). The rotational 
stiffness low level (rL) is arbitrarily taken as 1/20th of that 
limiting value at 0.1EIb/L.

It should be noted that these stiffnesses are kept con-
stant throughout each simulation, even though the connec-
tions and slab end conditions would realistically experience 
temperature-induced weakening and potential permanent 
deformation by restraining the beam’s expansion and rota-
tion (Block et al., 2013; Burgess et al., 2012; Garlock and 
Selamet, 2010; Hantouche et al., 2020). However, previous 
research has demonstrated that applying constant beam-end 
stiffness (similar to the models for this study) can enable 

close numerical predictions of flexural tests results for par-
tially restrained one-way composite W-shape steel floor 
beam assemblies under quasi-standard (Drury et al., 2020; 
Drury and Quiel, 2023b), and natural (Drury et al., 2021; 
Drury and Quiel, 2023b) fire exposure. An explicit evalu-
ation of the connections is beyond the scope of this study; 
however, the impact of natural fire exposure on connection 
reactions will be addressed later in this paper.

As shown in Figure 6, two additional slab elements are 
included beyond each end of the beam as an approximate 
representation of slab continuity. For simplification, the 
horizontal translation at the end node of this slab exten-
sion is constrained to that at the end of the beam (which is 
attached to the axial spring with stiffness, Ka). The verti-
cal translation and rotation of the two slab nodes beyond 
the end of the beam are restrained, thus implying that the 
slab extension is compositely attached to the framing that 
supports the beam. When the assembly experiences a sig-
nificant increase in fire-induced deflection, the slab exten-
sion elements will undergo tensile cracking via its strain 
compatibility with the rotating end of the composite beam. 
At this point, the WWR layer in the slab extension will 
become realistically engaged in a tensile hogging response.

Passive Fire Protection

Each floor beam is analyzed for three levels of passive 
fire protection (see Table  4): unprotected (i.e., bare steel) 
and two thicknesses of contour coated lightweight SFRM 
[with a density of 240 kg/m3 (15 pcf), emulating the com-
monly used commercial product CAFCO 300 (Isolatek 

Fig. 6.  Elevation schematic of the FE model used for parametric study  
of the one-way composite floor beam configurations in Tables 3 and 4.
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Fig. 7.  Details of section A-A from Figure 6. 

Table 3.  Summary of Generic Composite Floor Beam Configurations for Parametric Analysis

Reference
Span Length 

(ft)
Beam 

Section
Slab  

Section

Composite 
Section Mn  

(kip-ft)

P1 SFRM 
Thickness  

(in.)

P2 SFRM 
Thickness  

(in.)

Sadek et al. (2008) 24 W14×22
3.25 in. LWC 
on 3 in. deck

277 v d

ASCE (2020) 30 W16×26 361 v d

Choe et al. (2019) 40 W18×35 535 a m

Table 4.  Matrix of Modeling Parameters

Beam Section
Passive Fire 

Protection Level
Flexural Utilization 

(M//Mn)
Beam End Axial 

Stiffness (Ka)
Beam End Rotational 

Stiffness (Kr)

W14×22
W16×26
W18×35

Unprotected (U)
1 hr protected (P1)
2 hr protected (P2)

27.0%
41.5%
54.0%

aL: 0.1EAb/L
aH: 1085 k/ in.

rL: 0.1EIb/L
rH: 2EIb/L

conversion equations and rounded up to the nearest 1.58 mm 
(z  in.) increment, in accordance with typical practice. 
Note that the 1 hr unrestrained beam rating per UL D902 
can also be used to represent a 2 hr restrained/unrestrained 
assembly rating per UL D982 (UL, 2022c), based on com-
parative fire testing completed in 2013 by AISC and AISI 
(Alfawakhiri et al., 2016; Carter and Alfawakhiri, 2013).

Temperature-dependent thermal properties for the 
SFRM are taken as the mean value of the stochastic func-
tions proposed by Khorasani et al. (2015) (specifically, 
Equations 22 to 24 and Figure 9 from that paper). Those 
equations align well with the results of experimental test-
ing for CAFCO 300 [see Chapter 7 of the dissertation by 
Drury (2022)] and other commercially available SFRMs 
of similar “lightweight” density (Carino et al., 2005; Har-
mathy, 1965; Jeanes, 1984; Kodur and Shakya, 2013). The 
temperature-dependent thermal properties for the SFRM 
are also conservatively assumed to be reversible during 
cooling, based on the experimental validation conducted by 

International, 2020)]. Composite floor members in Type I 
building construction are required to meet a 2 hr fire resis-
tance rating per IBC Table 601 (ICC, 2023). This require-
ment is commonly met by selecting a 2-hr-rated SFRM 
thickness from UL Designs in the D900, N700, and N800 
series (UL, 2022a), which are determined via ASTM E119 
standard fire testing results for a particular composite sec-
tion configuration. The published thickness for the tested 
beam in the selected UL design would then be adapted to 
the actual beam using the conversion equations in AISC 
360-22, Section A-4.3.2c, which are a function of the rel-
ative section factors (i.e., the ratio of cross-sectional area 
divided by fire-exposed perimeter) between the two beams.

In this study, two thicknesses of lightweight SFRM are 
selected per UL D902 (UL, 2022b): P1 corresponds to a 
1 hr unrestrained beam rating, and P2 corresponds to a 2 hr 
assembly rating (restrained and unrestrained). The result-
ing fire protection thicknesses, summarized in Table 3, are 
tailored to each W-shape section via the aforementioned 
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Drury and Quiel (2023b) for composite floor beams under 
natural fire exposure.

Fire Exposures

Standard fire temperature-time histories, such as those 
specified in ASTM E119 (2024) (see Figure  2), UL 263 
(2020), or ISO 834 (2019), undergo a rapid rise past 800°C 
(1472°F) in the first 30  min, followed by a more gradual 
increase to ∼1100°C (∼2012°F) after 2  hr. The fire tem-
perature then increases indefinitely with no subsequent 
decay phase until the assembly reaches a specified thermal 
or structural limit. Again, the application of standard fire 
curves constitutes the basis for hourly ratings per SFRD.

ASCE recently commissioned a series of PBSFD exam-
ples for generic steel framed buildings that were performed 
by several leading structural design firms in partner-
ship with academic experts in structural fire engineering 
(ASCE, 2020). The temperature-time histories of the three 
natural fire curves in Figure 2 are reproduced from Chap-
ter 7 of that report for a 1,277 m2 (13,746 ft2) compartment 
floor area with either high or low ventilation. The baseline 
fuel load of 374 MJ/m2 (32.9 kBtu/ft2) represents the 80% 
fractile fuel load per Eurocode 1, Part  1-2 (CEN, 2009), 
including a risk reduction factor for automatic sprinklers. 
An elevated fuel load of 912 MJ/m2 (80.3 kBtu/ft2) neglects 
the risk reduction factor for sprinklers and represents the 
98% fractile fuel load (Khorasani et al., 2014). As shown in 
Figure 2, the curves FH374 (natural fire with high ventila-
tion and 374 MJ/m2 fuel load), FL374, and FH912 represent 
a range of intensities that exceed that of the ASTM E119 
standard fire curve within the first ∼20 min of the fire but 
then burn out with varying decay rates due to their differ-
ences in ventilation.

Parametric Model Configurations

The parametric matrix in Table 4 produces 108 total model 
configurations, which are named according to their param-
eters. For example, model name W14-U-27-rHaL denotes 
a W14×22 beam section with no SFRM (unprotected), ini-
tially loaded to 27% flexural utilization (M/Mn), with high 
rotational stiffness and low axial stiffness at the ends of the 
beam. Each model configuration is then subjected to each 
of the four temperature-time histories for fire exposure in 
Figure 2: the ASTM E119 standard fire, and natural fires 
FH374, FL374, and FH912.

THERMAL ANALYSIS:  
STEEL BEAM CROSS SECTION

The flanges and web are each represented as a lumped mass 
that absorbs heat from the fire and conducts heat between 
adjacent plates and to the composite slab. An experi-
mentally validated three lumped mass (3LM) analysis, 

presented in Section 4.1 of the paper by Drury et al. (2020), 
is used to calculate the temperatures in each steel plate over 
the duration of fire exposure; for brevity, those equations 
are not recounted here. All surfaces of the bottom flange 
and web are assumed to be uniformly exposed to the fire’s 
temperature-time history. The bottom and side surfaces of 
the top flange are also uniformly exposed to fire; its top 
surface, however, is in partial contact with the floor slab. 
Due to the corrugated deck, it is assumed that half of the top 
surface of the top flange is in contact with the slab. Conduc-
tive heat transfer from the top flange to the slab through that 
contact area is calculated using the closed-form relation-
ship proposed by Ghojel and Wong (2005). For unprotected 
beams, the half of the top surface of the top flange that is 
not in contact with the slab is conservatively included in its 
fire-exposed perimeter (Drury et al., 2020, 2021). For pro-
tected beams, the gap between the top flange and the deck 
flutes is assumed to be filled with SFRM, which is com-
mon practice for this type of floor system (Drury and Quiel, 
2023a; Kordosky et al., 2020). The half of the top surface of 
the top flange that is not in contact with the slab is consid-
ered to be heavily insulated by the SFRM infill and is there-
fore neglected when calculating the fire-exposed perimeter.

The fire-exposed perimeter of the SFRM for the pro-
tected beams is assumed to have the same temperature 
as the fire at any given time step, and heat transfer to the 
steel is calculated via conduction across the SFRM thick-
ness. This assumption is common practice for fire-exposed 
surfaces of SFRM-protected steel sections (AISC, 2022; 
CEN, 2005). Heat transfer to the fire-exposed surfaces of 
unprotected beams is calculated using the following ther-
mal boundary conditions:

•	 The convective heat transfer coefficient is taken as 25 W/
m2-K (4.4 Btu/hr-ft2-°F) for surfaces heated by all fire 
exposures and 4 W/m2-K (0.7 Btu/hr-ft2-°F) for unheated 
surfaces or during cooling for natural fire exposure. It 
should be noted that Eurocode 3, Part 1-2 (CEN, 2005) 
recommends a convective coefficient of 35 W/m2-K 
(6.2 Btu/hr-ft2-°F) for surfaces heated by natural fire 
exposure; for this study, however, the same convective 
coefficient was used for all fire curves to maintain 
consistency in the thermal boundary conditions for direct 
comparison.

•	 Eurocode 3, Part  1-2 (CEN, 2005) recommends a 
resultant emissivity of 0.7 but with the potential inclusion 
of a shadow effect factor, which is dependent on the 
width of the bottom flange relative to the depth of the 
web. However, a reduced resultant emissivity of 0.5 is 
used as an implicit application of shadow effects for all 
sections based on previous experimental validations by 
Drury et al. (2020, 2021).
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Preliminary 3LM thermal calculations indicated that a time 
step of 30 s was acceptably small to achieve a convergent 
thermal solution (Drury et al., 2020, 2021; Gamble, 1989).

The resulting time histories of Ts,BF, Ts,TF, and Tweb from 
3LM heat transfer analysis of the beam sections in Table 3 
are plotted in Figure  8 for exposure to the ASTM E119 
standard fire as well as the FH374 natural fire. The curves 
for Ts,BF and Tweb track closely together in all cases regard-
less of the presence or amount of passive fire protection. 
Also, the three beam section sizes exhibit similar thermal 

responses on a plate-by-plate basis for each passive fire 
protection case. The temperatures in all three plates of the 
unprotected beams are not only very similar, but closely 
follow the fire curve during heating. As the SFRM thick-
ness is increased, the plates heat progressively slower, as 
would be expected. During the decay phase of the natural 
fire, the bottom flange and web cool at a faster rate than the 
top flange because they have a greater section factor (i.e., 
the ratio of exposed perimeter to cross-sectional steel area).
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Fig. 8.  Calculated temperature-time histories for the flange and web plates of  
the generic composite beam configurations under standard and natural fire exposure.
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The steel temperatures for each lumped mass are then 
mapped to the 32 fibers in the beam cross section shown 
previously in Figure  7 as thermal input for structural FE 
analysis in SAFIR. Ts,BF and Ts,TF are assigned to their 
respective single fibers, and Ts,web is assigned to the inner-
most 28 fibers in the web. The fibers at the top and bot-
tom of the web are each used as transition elements and 
are taken as the average of the lumped mass temperatures 
from the web and adjacent flange plate. Preliminary mod-
eling explored the application of a linear thermal gradi-
ent between mid-height of the web and the top flange [as 
suggested in AISC 360-22, Section A-4.2.4d(f)]; however, 
structural FE results were relatively unaffected, and the 
simpler approach outlined above was therefore used for all 
parametric analyses in this study.

THERMAL ANALYSIS:  
CONCRETE SLAB CROSS SECTION

Concrete has significantly less thermal diffusivity and 
thermal mass compared to steel, and the slab will there-
fore develop a thermal gradient through its thickness. For 
this reason, lumped mass methods are not appropriate for 
thermal analysis of the slab, which is instead examined via 
one-dimensional heat transfer analysis in SAFIR 2019.a6 
(Franssen and Gernay, 2017, 2019). To account for the non-
uniform thickness of the slab on the corrugated metal deck, 
two analyses are initially conducted for each fire expo-
sure: the 82.8  mm (3.25  in.) “thin” section of the slab is 
vertically divided into 6 equal fibers, and the 158.8  mm 
(6.25- in.) “thick” section is likewise divided into 11 equal 
fibers as shown in Figure  9. The structural thickness of 

(a)  82.6 mm (3.25 in.) thin slab

(b)  158.8 mm (6.25 in.) thick slab

Fig. 9.  Fiber temperature-time histories for the thin and thick models of the concrete slab.
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the slab is 82.8  mm (3.25  in.) thick and is taken as hav-
ing the same 6-fiber discretization as the “thin” section. 
The temperature-time history in each fiber of the struc-
tural thickness under each fire exposure is calculated as a 
weighted average per Drury and Quiel (2023b) among all 6 
fibers from the thin section and the upper 6 fibers from the 
thick section.

Convective heat transfer coefficients are taken as 25 W/
m2-K (4.4 Btu/hhr-ft2-°F) for heated surfaces and 4 W/m2-K 
(0.7 Btu/hr-ft2-°F) for surfaces that are either not exposed to 
fire (such as the top surface of the slab) or cooling during 
the decay phase of a natural fire (CEN, 2008b; Drury and 
Quiel, 2023b). The resultant emissivity of the bottom sur-
face of the slab is taken as 0.3 to account for shadow effect 
and reflectivity of the galvanized corrugated metal deck 
(Kodur et al., 2013). Note that the WWR at the mid-depth 
of the structural thickness is not explicitly included in the 
one-dimensional thermal models of the slab. Due to its low 
thermal mass and high conductivity relative to the LWC, 
the WWR would have a negligible impact on the thermal 
response of the LWC. Rather, the temperature of the WWR 
is simply taken as the average of neighboring fibers when 
using these thermal results as input for structural modeling.

The fiber temperature-time histories of the thick and 
thin slab sections are plotted in Figure  9 for exposure to 
the ASTM E119 standard fire. The resulting weighted aver-
age fiber temperatures for the slab’s structural thickness are 
then shown in Figure  10. Fiber temperatures under natu-
ral fire exposure show a similar gradient through the slab 
thickness and are therefore not plotted here for brevity. 
Based on previously published research (Drury et al., 2020; 
Gernay and Khorasani, 2020; Wang, 2012), the fully com-
posite assumption (and, in turn, the lack of consideration of 

stud temperatures) is justified since the temperature of the 
steel beam (in particular the bottom flange, which is criti-
cal in providing tensile resistance in flexure) will always 
outpace the temperature of not only the slab, but also the 
concrete-encased shear studs due to the inherent geome-
try of composite floor construction. Because full compos-
ite action is assumed in the structural model, the heating 
of shear studs is also not addressed. This simplification is 
further justified based on the experimental validation study 
previous conducted by Drury and Quiel (2023b) for similar 
composite beam specimens under standard and natural fire 
exposure.

FLEXURAL RESPONSE TO  
STANDARD FIRE EXPOSURE

The calculated midspan deflections for all composite beam 
configurations under ASTM E119 standard fire exposure 
are plotted in Figures  11, 12, and 13 (W14×22, W16×26, 
and W18×35, respectively) for all three levels of SFRM pro-
tection and for all levels of end restraint per Table 4. For 
brevity, each plot shows only the 27% and 54% flexural 
utilization levels because the results of these cases effec-
tively bracket the results of the 40.5% utilization cases. 
Also included on each plot are several horizontal lines that 
correspond to the following deflection limits, which have 
conventionally been used to describe the loss of flexural 
resistance in one-way beam spans under fire:

•	 A deflection limit equal to L/20 or L/30 has been used 
as a practical stopping point for numerous standard fire 
tests on one-way composite steel floor beams (Jiang et 
al., 2017; Wang et al., 2017a; Choe et al., 2020). This level 

Fig. 10.  Fiber temperature-time histories for the 82.6 mm (3.25 in.) structural thickness of the  
concrete slab, calculated as a weighted average of like fibers from the thick and thin section analyses.



122 / ENGINEERING JOURNAL / SECOND QUARTER / 2026

  

D
is

pl
ac

em
en

t(
m

)

Time (min)
	 (a)  No SFRM (unprotected)	 (b)  P1 SFRM

D
is

pl
ac

em
en

t(
m

)

Time (min)
(c)  P2 SFRM

Fig. 11.  Midspan deflection for the one-way W14×22 composite beam configuration under ASTM E119  
standard fire exposure with varying levels of SFRM per Table 4 (conversion note: 0.1 m = 3.94 in.).

of deflection is sufficiently large to imply the engagement 
of tensile membrane action in the beam (Martinez and 
Jeffers, 2021). The larger of these two limits, L/20, is 
marked on the plots of midspan deflection in Figures 11, 
12, and 13.

•	 A deflection limit equal to L2/(400d) (where d is the 
distance between extreme fibers in the flexural cross-
section) is used in combination with a limiting deflection 
rate for standard fire tests per ASTM E119 (ASTM, 
2024) to approximate the loss of flexural resistance for 
loaded unrestrained beams. This deflection limit has 
been used in previous studies to also evaluate restrained 

beams, with d taken as either the steel beam depth, dbeam, 
(Rackauskaite et al., 2019; Selden, 2014) or the total 
depth of the steel beam plus the composite slab thickness, 
dcomp (Alfawakhiri et al., 2016; Kordosky et al., 2020). 
The values of L2/(400dbeam) and L2/(400dcomp) are both 
marked on Figures 11–13 for comparison.

All models exhibit a similar trend of midspan deflection 
when exposed to the ASTM E119 standard fire, regardless 
of the level of fire protection or beam end restraint. As the 
beam initially heats up, the deflection gradually increases 
until the onset of nonlinear stress-strain behavior in the 
heated beam, at which point the deflection rate increases. 
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Fig. 12.  Midspan deflection for the one-way W16×26 composite beam configuration under ASTM E119  
standard fire exposure with varying levels of SFRM per Table 4 (conversion note: 0.1 m = 3.94 in.).

Nonlinear behavior is generated by thermally induced 
losses of strength and stiffness as well as an increase in 
internal force due to the restraint of thermal expansion. 
As expected, higher flexural loading and lower rotational 
restraint on the beam ends (rL) enable an earlier increase in 
deflection rate. Once the deflection exceeds L/20, then the 
composite beam transitions from flexural response to a cat-
enary response. Most models experience a slight stiffness 
recovery during the catenary phase due to the composite 
interaction of the beam and slab before eventually losing 
all resistance and reaching nonconvergence. A few mod-
els such as W14-U-57-rLaL plunge to runaway deflection 

almost immediately after losing flexural resistance due to 
the low axial and rotational stiffness at the ends of the com-
posite beam.

The values of Ts,BF at which each model reaches the three 
deflection milestones are plotted in Figure  14(a–c) as a 
function of initial flexural utilization. Figure 14(d) plots the 
Ts,BF at the onset of an axial tension reaction at the ends of 
the beam, thus indicating a transition to catenary behav-
ior. This milestone is structurally significant: If the connec-
tions and continuous slab can resist these tensile reactions, 
then the beam can develop additional fire resistance in the 
catenary state. If the connections fail under these reactions, 
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Fig. 13.  Midspan deflection for the one-way W18×35 composite beam configuration under ASTM E119  
standard fire exposure with varying levels of SFRM per Table 4 (conversion note: 0.2 m = 7.87 in.).

then the assembly may collapse. The values of Ts,BF in Fig-
ure  14(d) would therefore represent the true loss of flex-
ural resistance; any subsequent catenary response can be 
regarded as a redundancy or hardening prior to ultimate 
failure.

It should be noted that standard fire tests per ASTM E119 
(ASTM, 2024) and ISO 834 (ISO, 2019) are typically per-
formed on specimens with bearing-plate end supports, rather 
than a realistic connection to the test fixture. If tested as 
restrained, the bearing ends of the beam will develop axial 
compression and rotational restraint in response to thermal 
expansion. However, a transition from flexural response 
to catenary action is not possible for those test specimens 

because the beam end can simply pull away from the hori-
zontal bearing support (which cannot offer any axial tensile 
resistance) when flexural resistance is lost. The beam will 
therefore approach a runaway deflection rate soon after the 
loss of flexural resistance. The reader is referred to the pre-
vious paper by Drury and Quiel (2025) for more illustra-
tion of the end conditions for composite beam specimens in 
standard fire tests.

The values of Ts,BF in Figures 14(a) and 14(b) for the L/20 
and L2/(400dcomp) deflection milestones are much lower 
(i.e., more conservative) compared to those in Figure 14(d) 
for the onset of catenary response. Those in Figure 14(c) for 
L2/(400dbeam), however, show good overall agreement with 
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	 (c)  Temperature at midspan deflection of L2/(400dbeam)	 (d)  Temperature at the onset of catenary tension

Fig. 14.  Ts,BF versus initial flexural utilization at several structural response milestones for all models under ASTM E119 fire exposure.

those in Figure 14(d), though with a slightly greater vertical 
dispersion at each load level. These results indicate that the 
L2/(400dbeam) can be used to appropriately denote the loss 
of flexural resistance under fire, which is consistent with 
previous work by Rackauskaite et al. (2019).

For comparison, the plots in Figure 14 also include two 
representations of critical bottom flange temperature, Tcr,BF: 
one per AISC 360-22, Table A-4.2.4 (reproduced previously 
in Table 1), and the other a constant value of Tcr,max = 704°C 
(1300°F) per ASTM E119. The plotted Ts,BF for all models 
in Figures 14(c) and 14(d) either fall above or very close to 
the load-dependent curve for Tcr,BF. This outcome is con-
sistent with a recent review of standard fire tests on a wide 
range of one-way composite floor beam configurations 
(Drury and Quiel, 2025) and reinforces the notion that the 
moment retention factor per AISC 360-22, Table A-4.2.4, 
can serve as an appropriate load-dependent relationship for 
Tcr,BF at the loss of flexural resistance under standard fire 
exposure. The constant Tcr,max per ASTM E119, on the other 
hand, fails to capture the influence of initial flexural load-
ing on the fire-induced response of these one-way compos-
ite beams.

In Figures  15 through 18, the midspan deflection for 
each model is normalized by its corresponding value of  
L2/(400dbeam) and plotted against Ts,BF for all four para-
metric combinations of beam end restraint in the follow-
ing order: rLaL, rHaH, rLaH, and rHaL. The value of Tcr,BF 
per AISC 360-22, Table A-4.2.4, for the corresponding 
level of applied loading is also marked on these plots as 
a vertical line—again, plots are provided only for initial 
flexural utilizations of 27% and 54% for brevity. Once the 
beams develop significant nonlinear stress-strain behavior 
at a deflection equaling 30–40% of L2/(400dbeam), all mod-
els show a noticeable acceleration in deflection rate. These 
figures consistently show a loss of flexural resistance (fol-
lowing an acceleration of deflection) for all models under 
standard fire exposure when Ts,BF reaches Tcr,BF and the 
midspan deflection approaches L2/(400dbeam). This outcome 
is robust across all parameters, including beam section size, 
one-way span length, the level of applied fire protection, the 
level of applied loading, and the level of beam end restraint.
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	 (a)  27% initial flexural utilization	 (b)  54% initial flexural utilization

Fig. 15.  Midspan displacement [normalized by the corresponding value of  
L2/(400dbeam)] versus Ts,BF under ASTM E119 fire exposure with rLaL restraint.
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	 (a)  27% initial flexural utilization	 (b)  54% initial flexural utilization

Fig. 16.  Midspan displacement [normalized by the corresponding value of  
L2/(400dbeam)] versus Ts,BF under ASTM E119 fire exposure with rHaH restraint.
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	 (a)  27% initial flexural utilization	 (b)  54% initial flexural utilization

Fig. 17.  Midspan displacement [normalized by the corresponding value of  
L2/(400dbeam)] versus Ts,BF under ASTM E119 fire exposure with rLaH restraint.
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	 (a)  27% initial flexural utilization	 (b)  54% initial flexural utilization

Fig. 18.  Midspan displacement [normalized by the corresponding value of  
L2/(400dbeam)] versus Ts,BF under ASTM E119 fire exposure with rHaL restraint.
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Fig. 19.  Midspan deflection for the one-way W14×22 composite beam configurations under  
FH374 natural fire exposure with varying levels of SFRM per Table 4 (conversion note: 0.05 m = 1.97 in.).

FLEXURAL RESPONSE TO  
NATURAL FIRE EXPOSURE

The calculated midspan deflections for all 108 composite 
beam configurations when exposed to the FH374 natural 
fire curve are plotted in Figures 19, 20, and 21 (W14×22, 
W16×26, and W18×35, respectively) for all three levels 
of SFRM protection and for all levels of end restraint per 
Table 4. As before, each plot shows only the 27% and 54% 
flexural utilization levels for brevity and includes a horizon-
tal “limit” line corresponding a deflection of L2/(400dbeam). 
Similar to the standard fire results in Figures  11–13, the 

results in Figures 19(a), 20(a), and 21(a) show that all unpro-
tected beams experience a loss of flexural resistance dur-
ing the heating phase of the FH374 fire and reach the L2/
(400dbeam) deflection milestone before proceeding to 
numerical nonconvergence.

When SFRM is applied, the (b) and (c) plots in Fig-
ures 19, 20, and 21 show that all composite beam configu-
rations are able to survive the FH374 fire exposure through 
burnout. All protected beams experience a rapid increase in 
deflection during the active heating phase and then partially 
rebound to a stable magnitude of residual deflection when 
cooling during the decay phase. As expected, models with 
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Fig. 20.  Midspan deflection for the one-way W16×26 composite beam configurations under  
FH374 natural fire exposure with varying levels of SFRM per Table 4 (conversion note: 0.1 m = 3.94 in.).
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Fig. 21.  Midspan deflection for the one-way W18×35 composite beam configurations under  
FH374 natural fire exposure with varying levels of SFRM per Table 4 (conversion note: 0.1 m = 3.94 in.).
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Fig. 22.  Midspan deflection under FL374 natural fire exposure for composite beam  
configurations with rL restraint and P1 and P2 SFRM (conversion note: 0.1 m = 3.94 in.).

rL beam end restraint develop the largest peak deflections 
during heating by providing less direct resistance. Those 
with aH beam end restraint develop the largest magnitudes 
of residual deflection during cooling; these beams develop 
larger internal forces in response to higher axial restraint of 
thermal expansion, which thereby translates into larger per-
manent deflection once the assembly has cooled. Overall, 
models with higher levels of applied loading and the lower 
level of SFRM develop greater overall magnitudes and rates 
of deflection.

Calculated midspan deflections are plotted in Fig-
ures  22 and 23 for select composite beam configurations 
when exposed to the FL374 and FH912 natural fire curves, 
respectively. The responses of unprotected beam con-
figurations to these fire curves are very similar to those 
shown in Figures 19(a), 20(a), and 21(a) for exposure to the 
FH374 natural fire and are therefore not plotted for brevity. 
Also, results are shown only for models with rL beam end 
restraint because they develop larger deflections and thus a 
more severe fire-induced response than those with rH beam 
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Fig. 23.  Midspan deflection under FH912 natural fire exposure for composite beam  
configurations models with rL restraint and P1 and P2 SFRM (conversion note: 0.1 m = 3.94 in.).

end restraint. As shown previously in Figure 2, the FL374 
and FH912 fire curves are more severe (in terms of both 
maximum temperature and total duration) compared to that 
for FH374; as a result, the deflections for all P1 SFRM pro-
tected beam configurations in Figures 22 and 23 now also 
experience a loss of flexural resistance during the heating 
phase of these fires and reach the L2/(400dbeam) deflection 
milestone before proceeding to numerical nonconvergence. 
Beams with the thicker P2 SFRM protection survive these 
fire exposures through burnout and develop stable resid-
ual deflection when cooling. As before, models with larger 
applied loading develop larger peak deflections, and models 

with aH beam end restraint develop larger residual deflec-
tions. Some of the models [particularly, W18–54-rLaH 
under the FH912 fire in Figure 23(c)] come very close to 
the L2/(400dbeam) deflection limit before the heating phase 
ends, after which the beam is still able to develop a stable 
residual state with significant permanent deflection.

Similar to the standard fire results in Figure 14(c), Fig-
ure 24 shows that the values of Ts,BF at a midspan deflec-
tion of L2/(400dbeam) for the unprotected beams exposed to 
the FH374 natural fire curve are again above or very close 
to the load-dependent curve for Tcr,BF per AISC 360-22, 
Table  A-4.2.4. Similar to Figures  15–18, the midspan 
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deflection plotted previously for every SFRM-protected 
beam exposed to FH374 [Figures  19(b–c), 20(b–c), and 
21(b–c)], FL374 (Figure  22), and FH912 (Figure  23) is 
normalized by its corresponding value of L2/(400dbeam) 
and plotted against its Ts,BF in Figures  25, 26, and 27. In 
these plots, all models that suffer a loss of flexural stiffness 
reached the intersection of the horizontal line for the L2/
(400dbeam) deflection limit with the vertical line for Tcr,BF 
per AISC 360-22, Table A-4.2.4. Similar to the results for 
standard fire exposure, all models again show a noticeable 
acceleration in deflection rate once the deflections reach 
30–40% of L2/(400dbeam). All models that survive their 

respective natural fire curve experience a maximum Ts,BF 
during the heating phase that clearly falls short of the verti-
cal line for Tcr,BF and partially rebounds to a residual deflec-
tion achieved during cooling. The magnitude of residual 
deflection is influenced by the maximum value of Ts,BF, the 
total duration of heating, the level of beam end restraint, 
and the level of applied loading, as well as the composite 
beam geometry. A full exploration of the influence of these 
parameters on residual deflections is outside the scope of 
this paper but are an important consideration for the selec-
tion of passive fire protection that can minimize damage 
and enable a speedier restoration of post-fire functionality 
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Fig. 24.  Ts,BF at a midspan deflection of L2/(400dbeam) versus initial flexural utilization  
for all unprotected composite beam configurations under FH374 natural fire exposure.
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Fig. 25.  Midspan displacement [normalized by the corresponding value of L2/(400dbeam)]  
versus Ts,BF under FH374 natural fire exposure for models with rL restraint and P1 and P2 SFRM.
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Fig. 26.  Midspan displacement [normalized by the corresponding value of L2/(400dbeam)]  
versus Ts,BF under FL374 natural fire exposure for models with rL restraint and P2 SFRM.
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Fig. 27.  Midspan displacement [normalized by the corresponding value of L2/(400dbeam)]  
versus Ts,BF under FH912 natural fire exposure for models with rL restraint and P2 SFRM.

(i.e., to enhance the resilience of these assemblies against 
natural fire exposure).

Commentary on Connection Reactions

The axial forces at the beam ends from the models sub-
jected to the FH374 natural fire are plotted in Figures 28, 
29, and 30 for the W14×22, W16×26, and W18×35 com-
posite floor beam configurations, respectively. For rLaL 
models with the lowest level of beam end restraint, the 

residual tensile forces that develop during cooling are small 
compared to the compressive forces developed from the 
restraint of thermal expansion during heating. Specifically, 
these cases experience less permanent compressive strain 
due to lower restraint of thermal expansion during heat-
ing. Models with higher beam end restraint develop more 
permanent shortening when heated and therefore develop 
more residual tension in their connections when cooling. 
This outcome suggests that an optimal end restraint lies 
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Fig. 28.  Beam end axial force for the W14×22 composite beam configurations under  
FH374 natural fire exposure with varying levels of SFRM (conversion note: 500 kN = 112.4 kips).
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Fig. 29.  Beam end axial force for the W16×26 composite beam configurations under  
FH374 natural fire exposure with varying levels of SFRM (conversion note: 500 kN = 112.4 kips).

somewhere between fully restrained and fully unrestrained 
(LaMalva et al., 2020; Moss et al., 2004). Conversely, Fig-
ures  28–30 show that the aH models develop the largest 
magnitudes of residual tension at their beam ends. Also, 
models with the lower P1 SFRM thickness develop higher 
beam temperature; the translation of the associated ther-
mal expansion into larger restraining stresses therefore pro-
duces larger magnitudes of residual tension in these beams 
than their counterparts with the larger P2 SFRM thickness.

Due to the use of idealized beam end conditions, the 
values plotted in Figures  28–30 are not exact but instead 
represent an approximate range of reaction demands that 
the shear connections would experience due to natu-
ral fire exposure. To fully achieve a performance-based, 
fire-resistant design, the tensile capacity of the shear con-
nections at the beam ends must be capable of withstand-
ing these residual reactions. Large-scale tests on composite 
floor assemblies have shown that connection failures are 
possible both during heating as well as significantly after 
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Fig. 30.  Beam end axial force for the W18×35 composite beam configurations under  
FH374 natural fire exposure with varying levels of SFRM (conversion note: 500 kN = 112.4 kips).

natural fire burnout while the deformed beam cools and 
contracts (Choe et al., 2019; Selden et al., 2016a). Rotational 
and tensile capacities of shear connections under fire have 
been investigated in several previous studies (Block et al., 
2013; Liu and Astaneh-Asl, 2004; Seif et al., 2013; Selamet 
and Garlock, 2010; Yu and Frank, 2009); however, there is 
little consensus to date as to how these connections should 
be designed to survive natural fire exposure.

It should be noted that the simplified structural model 
used for this study applies the rotational and axial end 
restraint to the full cross-sectional area of the steel beam; 
however, shear connections for floor beams typically have a 
web attachment only. When the composite beam is heated, 
the bottom flange can come into contact with the support-
ing framing element via thermal expansion as well as end 
rotation from large deflection. Localized compression from 
this contact can induce local buckling in the bottom flange 
plate, thereby mitigating compression via damage absorp-
tion (Kordosky et al., 2020). Connection reactions during 
heating can also be reduced due to web local buckling or 
bolt slip within the connection (Hantouche et al., 2020; Liu 
and Astaneh-Asl, 2004). The top flange additionally trans-
mits some of the restraint force into the slab through the 
shear studs at their composite interface, potentially mitigat-
ing some of the reaction to the shear connection. During 
the natural fire’s decay phase, the onset of residual tension 
will be impacted by the various modes of thermal damage 
or permanent deformation that developed during heating. 
More research is needed on the actual development of the 
push-pull nature of shear connection response in composite 
floor beams during heating and cooling under natural fire. 

Also, more research is needed to explore potential modifi-
cations that can be made to a shear connection to enhance 
its resistance to these fire-induced actions (Safari and Brou-
jerdian, 2020; Selamet and Garlock, 2010).

Commentary on Two-Way Slab Contributions

It should be emphasized that the results presented in this 
paper focus solely on the one-way flexural response of com-
posite filler floor beams under fire. Large-scale experimen-
tal testing on common steel framed floor assemblies with 
composite W-shaped filler beams at Cardington in the UK 
(Bailey et al., 1999; Wald et al., 2006), NIST in the United 
States (Choe et al., 2021a, 2021b) and elsewhere (Li et al., 
2017; Selamet and Yolaçan, 2017; Wellman et al., 2011) have 
shown that the natural fire survivability of composite steel 
floor beams can be enhanced by engaging the composite 
slab in two-way tensile membrane and catenary action. The 
aforementioned ASCE exemplar report (ASCE, 2020) and 
other studies (Gernay and Khorasani, 2020; Huang et al., 
2003; Jiang et al., 2014; Khorasani et al., 2019; Lamont et 
al., 2006, 2007; McAllister, 2014; Sanad et al., 2000) have 
also used 3D finite element (FE) numerical models of steel 
framed buildings with W-shape composite floor beams to 
demonstrate the beneficial contributions of two-way ten-
sile membrane action in the composite slab when the ele-
vated reactions in the slab and connections are taken into 
account. To unlock these benefits via PBSFD, however, the 
slab thickness and reinforcement must often be enhanced 
beyond what is conventionally used in current North Amer-
ican practice to achieve adequate load redistribution when 
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the filler beams develop large fire-induced deflections. 
Additionally, the aspect ratio of the floor system’s bay 
dimensions and the relative fire resistance of beams and 
girders at the perimeter of each bay will play a role in the 
development of tensile slab contributions. Large deflections 
and catenary action will also increase the demand on the 
beam end connections. Tensile forces and increased rota-
tion at high temperature would also need to be considered 
for connection design if the PBSFD performance objective 
relies on achieving large deflections.

The focus of this study on one-way flexural behavior for 
composite floor beams can still provide an efficient ana-
lytical alternative when the consideration of two-way slab 
action analysis may be cost prohibitive or impractical. The 
relationship for Tcr,BF as a function of M/Mn per Table  1 
would still provide a good prediction of the initial onset of 
rapid downward deflection for any fire-exposed W-shape 
floor beam assembly because tensile membrane and/or 
catenary effects would only be engaged once the beam 
achieves a significant amount of deflection. Any engage-
ment of tensile slab effects would therefore provide a last 
resort for collapse prevention, though the structure would 
still be considered to be irreparably damaged if the rela-
tionship for Tcr,BF as a function of M/Mn per Table 1 were 
exceeded.

CONCLUSIONS

Three realistically representative composite floor beam 
configurations (with different W-shape section sizes and 
one-way span lengths) were used for parametric numerical 
analysis, the matrix for which included the following: one 
standard fire curve and three natural fire curves, three levels 
of passive fire protection, realistic levels of axial and rota-
tional restraint at the end of the beam to represent that pro-
vided by a shear connection, and varying levels of applied 
flexural loading. A previously validated heat transfer mod-
eling approach was used for calculating steel temperatures 
for each flange and the web as individual lumped masses, 
and a one-dimensional FE heat transfer modeling approach 
was used to calculate the temperature gradient through the 
structural thickness of the floor slab. A previously vali-
dated fiber-beam FE structural modeling approach was 
used to model flexural response of the one-way composite 
beam assembly under fire. The following conclusions can 
be drawn based on the results of the parametric analyses:

•	 A deflection magnitude of L2/(400dbeam) consistently 
indicated the loss of flexural resistance for exposure to 
any fire exposure in this study, regardless of parametric 
variation or composite beam configuration. This point 
also marks the onset of a catenary response in the 
beam end, which can only be supported if the beam end 

connections and the composite slab reinforcement have 
adequate capacity.

•	 The relationship in AISC 360-22, Table A-4.2.4, between 
moment retention factors and bottom flange temperature 
Ts,BF can be reframed as a relationship between flexurally 
critical bottom flange temperature Tcr,BF and the initially 
applied flexural utilization ratio M/Mn. This load-
dependent representation of Tcr,BF was also demonstrated 
as a reliably conservative indicator for the loss of flexural 
resistance for all composite beam model configurations 
under fire, again regardless of the level of applied fire 
protection, the level of beam end restraint, or the type of 
fire exposure.

•	 The relationship between midspan deflection and bottom 
flange temperature was relatively consistent across all 
beam configurations under all fire exposures in this 
study. These results suggest that Ts,BF can be reliably 
used as an indicator of flexural response for one-way 
composite floor beams under fire. Specifically, the 
load-dependent values of Tcr,BF based on AISC 360-22, 
Table A-4.2.4, can accurately signify the loss of flexural 
resistance under either standard or natural fire exposure. 
The application of various levels of axial and rotational 
restraint to the beam ends had a relatively marginal 
influence on the Ts,BF at which the composite beam 
suffered a loss of flexural resistance at a given level of 
applied flexural loading.

•	 Variations in axial and rotational beam end restraint 
had more impact on the flexural response of these 
composite beam configurations when they were able 
to survive natural fire exposure thru burnout without 
flexural failure. Lower rotational stiffness at the beams 
ends produces increased deflection during the heating 
phase of a natural fire but less residual tensile force at 
the connections during cooling (due to less restraint 
of thermal expansion and therefore less permanent 
deformation during heating). Conversely, increased axial 
restraint initially provides a benefit to the composite 
floor assembly by reducing deflections during heating 
under natural fire but ultimately generates higher levels 
of residual tension in the connections during cooling 
(since the greater restraint of thermal expansion will have 
permanently shortened the beam during heating).

•	 Future work can extend the results of this study 
toward determining load-dependent values of Ts,BF 
that correspond to varying levels of residual damage 
if the beam survives a natural fire through burnout. 
The residual reactions in the connections could also be 
quantified as a function of Ts,BF, initial M/Mn, and beam 
end restraint.
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New Equations and Table for Design of Eccentrically 
Loaded WT Compression Members
ABBAS AMINMANSOUR

ABSTRACT:

Equations and a design table are developed to determine the available axial compressive strength of eccentrically loaded WT shapes with 
Fy = 50 ksi using both the LRFD and ASD methods. WTs considered are made from W-shapes ordinarily used as columns. Tabulated values 
account for the bending moment created in the member due to the load eccentricity, including second-order effects, and follow the pro-
visions of Section H1.1 of the AISC Specification for Structural Steel Buildings (2022) for design of members subject to combined forces. 
Applicable limit states and cross-section classifications are considered in the development of the equations and the design table. Numeri-
cal example problems are presented.

Keywords:  WT shapes, compression, combined forces, eccentric loading, design aid.

INTRODUCTION

WT shapes are commonly used as compression mem-
bers, particularly in bracing systems. Typically, the 

member is connected at the ends using gusset plates attached 
to the outer surface of the flange (Figure  1) using bolted 
or welded joints. This arrangement causes the applied load 
to be eccentric, resulting in both flexural and compressive 
stresses. The member should therefore be designed for com-
bined forces in accordance with Section H1.1 of the AISC 
Specification for Structural Steel Buildings (2022), hereaf-
ter referred to as the AISC Specification, including AISC 
Specification Equations H1-1a and H1-1b.
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� (AISC Spec. Eq. H1-1b)

The LRFD and ASD versions of these equations are pre-
sented and used later. A list of symbols, their definitions, 
and units are provided later in this article. The term force 
in this article refers to both axial load as well as bending 
moment.

A table of reduction factors (Pr/Pc) for WT sections sub-
jected to compressive loads with connection eccentricity 
was previously developed by Mark E. Gordon (2010), based 
on the provisions of the 2005 AISC Specification (AISC, 
2005a) and the 13th Edition of the AISC Steel Construction 
Manual (AISC, 2005b), hereafter referred to as the AISC 
Manual. The table was developed based on 2  in. gusset 
plates in all cases.

This article introduces newly developed equations and a 
design table that directly provide the compressive strength 
of eccentrically loaded WT members, in accordance with 
the latest editions of the AISC Specification (2022) and 
Manual (2023a). Gusset plate thicknesses based on member 
flange thickness are used. Other member properties useful 
in the design are listed at the bottom of the table.

RATIONALE FOR THE DEVELOPMENT  
OF THE COMPRESSIVE STRENGTH  

EQUATIONS AND DESIGN TABLE

It is common to connect WT compression members using a 
gusset plate connected to the flange of the WT at each end 
as discussed. This configuration results in load eccentric-
ity in the member, considerably reducing its available com-
pressive strength.

AISC Manual Table  4-7, titled “Available Strength in 
Axial Compression, Concentrically Loaded WT-Shapes,” 
assumes that the applied load does not have any eccentric-
ity and gives very unconservative results for members sub-
ject to eccentric loading. For example, a 14-ft-long WT7×66 
connected with a w  in. gusset plate at each end will have 
an available eccentric compressive strength of 184  kips 
using the LRFD method. The same member has an avail-
able concentric compressive strength of 438 kips given in 
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Table 4-7. Use of Table 4-7 in this case results in significant 
under-design.

Shortly, two example problems will be presented that will 
include manual solutions based on AISC Specification pro-
visions and equations. As will be observed, the proposed 
design table reduces the work necessary for calculating the 
available strength of eccentrically loaded WT compression 
members from a few pages of calculations to simply look-
ing up the value from the design table resulting in signifi-
cant savings of time and effort.

CLARIFICATION OF LATERALLY UNBRACED 
LENGTHS FOR WT COMPRESSION MEMBERS

Laterally bracing a WT compression member against flex-
ural buckling about the y-axis braces the member at the 
same location against lateral torsional buckling as well, 
namely, Lb = Ly.

Ordinarily, there is no restriction on the relative magni-
tude of unbraced lengths Lx, Ly, Lz, and Lb for a member sub-
ject to combined forces. One can use manual calculations to 
determine the strength of an eccentrically loaded WT com-
pression member for different unbraced lengths using AISC 
Specification provisions and equations. As explained later, 
this study requires all the unbraced lengths to be equal, as 
shown in Figure 2, namely, Lx = Ly = Lz = Lb = L.

Plate connections at the ends of a member as described 
earlier create pin connections for both column and beam 
actions. Further, unbraced lengths for flexural buckling 
and flexural torsional buckling are also pin-ended. For this 
study, the values of Kx, Ky, and Kz are all taken as 1.0. Con-
sequently, Lcx = KxLx = (1)Lx = Lx. Similarly, Lcy equals Ly, 
and Lcz equals Lz.

Given that the members in question are subject to com-
bined compression and bending, the available eccentric 
compressive strength for any Lcx depends on the nominal 

tf

0.5tpl

tw

bfd
P

Fig. 1.  WT member subject to eccentric axial compression (joint details not shown).

Y 

X 

X 

YIndicates lateral bracing 

Fig. 2.  Identification of lateral bracing and unbraced lengths.
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flexural strength, Mn, which, in turn, depends on Lb and 
thus Lcy. Therefore, the member’s flexural and compressive 
strengths are interlinked as are their unbraced lengths. This 
concept is important to recognize in the development and 
use of the equations and design table that follow.

ANALYSIS OF THE MEMBER,  
INCLUDING SECOND-ORDER EFFECT

In the following discussion, it is assumed that the compres-
sion load is applied at the mid-width of the WT flange and 
at mid-thickness of the plate as shown in Figure  3. Fur-
ther, it is assumed that end connections are identical, no 
transverse loads are applied along the member length, and 
there is no bending about the y-axis. Member weight is not 
included as is the case in AISC Manual tables.

In the proposed design table, it is assumed that Lcx = Lcy = 
Lcz  = Lb  = L. Also assumed are connection plate widths 

and thicknesses. These same assumptions were made in 
the two design example manual solutions so that the com-
puted results could be compared with the tabulated results. 
The manual solutions can be modified for other unbraced 
lengths and connection plate dimensions.

As shown in Figure 4, the eccentricity of the load, mea-
sured from the centroid of the WT, is as follows.

	 e = 0.5tpl + y	 (1)

This eccentricity results in a constant bending moment of 
force times the eccentricity, Pe, in the member.

The approximate second-order analysis presented in 
AISC Specification Appendix 8, Section  8.1, is used to 
calculate the required flexural strength of the member as 
follows.

	 Mr = B1Mnt + B2Mlt	  
� (AISC Spec. Eq. A-8-1)

P P 
bf 

WT 

(a)  Top view

P 

P 

M=Pe 

tpl 

WT 

(b)  Elevation view

Fig. 3.  Typical end connection of WT compression members (joint details not shown).

Y

Y

X X

tpl0.5tpl

Location of applied load

Fig. 4.  Anatomy of the WT section and connected plate.
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	 Pr = Pnt + B2Plt	  
� (AISC Spec. Eq. A-8-2)

Because there is no relative lateral translation of the mem-
ber ends, there is no P-Δ effect, thus B2, Mlt, and Plt do 
not apply. Further, recall that the member is not subject to 
transverse loads.

LRFD Method

There is no bending about the y-axis (Muy = 0). Therefore, 
member forces including P-δ effect are as follows.

	 Mux = B1xMntx	 (2)

	 Pu = Pnt	 (3)

with

	 Mntx = Pue 	 (4)

Therefore,

	 Mux = B1xPue	 (5)

where

	

B1x =
Cmx

1 Pr

Pe1x

1.0
−

≥α
	  

� (AISC Spec. Eq. A-8-3)

and

	
Cmx = 0.6 0.4 M1x

M2x( )−
	  

� (AISC Spec. Eq. A-8-4)

M1x and M2x are the member end moments. In this case, 
M1x = M2x and the member bends in single curvature. There-

fore, M1x
M2x( ) = 1.0−  with the negative sign for single cur-

vature bending.

Cmx = 0.6 0.4 M1x
M2x( )

= 0.6 0.4( 1)
= 1.0

− −

−

AISC Specification Equation A-8-3, modified with Cmx = 
1.0 and utilizing the LRFD design method (α = 1.0 and Pr = 
Pu) results in the following.

	

B1x =
Cmx

1 Pr

Pe1x

= 1

1
1.0( )Pu

Pe1x

1.0
−− α ≥

	

(6)

or

	
B1x =

Pe1x

Pe1x Pu
1.0≥

− 	
(7)

where

	
Pe1x =

2EIx

Lc1x( )2
π

	  
� (AISC Spec. Eq. A-8-5)

ASD Method

The following are pertinent equations, without discussion, 
for the ASD method developed similar to those presented 
for the LRFD method. Note that Cmx = 1.0 and for ASD, 
α = 1.6 and Pr = Pa. These equations will be used and refer-
enced in Design Example 2.

	 Max	 = B1xMntx	 (8)

	 Pa	 = Pnt	 (9)

	 Mntx	= Pae	 (10)

	 Max	 = B1xPae	 (11)
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1
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1.0≥
−

	  
� (AISC Spec. Eq. A-8-3)
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EXAMPLE PROBLEMS WITH MANUAL SOLUTIONS

The following example problems are provided to offer detailed manual solutions for calculation of the available strengths of 
eccentrically loaded WT compression members using ASD and LRFD methods.

The use of the proposed design table is based on a number of assumptions such as certain plate width thickness and that Lcx = 
Lcy = Lcz = Lb. However, the solutions to the following problems are not limited to any of those restrictions. In the examples that 
follow, the condition Lcx = Lcy = Lcz = Lb was used so that the results may be compared with the values in the proposed design 
table. However, the manual solutions can be modified appropriately for any unbraced lengths.

Design Example 1

Given:

The WT7×45 compression member shown in Figure 5 with ASTM A992/A992M (2020) steel is braced at the ends and con-
nected at each end with a 142 in. × 2 in. gusset plate of ASTM A572/A572M (2021) Grade 50 steel. Lcx = Lcy = Lcz = Lb = L = 
12 ft. Assume an adequate bolted or welded joint exists between each gusset plate and the member. Determine the available 
eccentric axial compressive strength of the member using AISC Specification provisions for the LRFD method.

Solution:

From AISC Manual Table 1-8, the geometric properties for a WT7×45 are as follows:

A = 13.2 in.2	 bf = 14.5 in.	 tf = 0.710 in.	 bf/2tf = 10.2	 d/ tw = 15.9	 Ix = 36.5 in.4	 Sx = 6.16 in.3

rx = 1.66 in.	 y = 1.09 in.	 Zx = 11.5 in.3	 ry = 3.70 in.	 J = 2.03 in.4	 Cw = 8.31 in.6

Beam Action

Check the section element width-to-thickness ratios using the limits given in AISC Specification Table B4.1b.

For Case 10(3), the flange element compact limit is:

pf = 0.38
E

Fy

= 0.38
29,000 ksi

50 ksi
= 9.15

λ

For Case 10(3), the flange element noncompact limit is:

r f = 1.0
E

Fy

= 1.0
29,000 ksi

50 ksi
= 24.1

λ

Fig. 5.  Design Example 1 detail.
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Because pf = 9.15 < f = bf 2t f = 10.2 < rf = 24.1,λ λ λ  the flange element is noncompact.

The stem is in tension for flexure, and therefore, there is no need to check the width-to-thickness ratio of the stem for flexure.

Lp = 1.76ry
E

Fy

= 1.76( ) 3.70 in.( ) 29,000 ksi

50 ksi

= 157 in.
1 ft

12 in.
= 13.1 ft

⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. F9-8)

Because Lb = 12 ft < Lp = 13.1 ft, lateral torsional buckling does not apply per AISC Specification Section F9.2(a)(1).

Because the section is noncompact, AISC Specification Equation F9-14 applies for calculation of Mn.

Mnx = Mpx M px 0.7FySxc( ) pf

rf pf
1.6My≤

λλ
λλ⎛

⎝⎜
⎞
⎠⎟−

−
−−

�
(AISC Spec. Eq. F9-14)

where

Mpx = FyZx 1.6My≤ � (AISC Spec. Eq. F9-2)

My = Fy Sx

= 50 ksi( ) 6.16 in.3( )

= 308 kip-in.
1 ft

12 in.
= 25.7 kip-ft

⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. F9-3)

Mpx = FyZx 1.6My

= 50 ksi( ) 11.5 in.3( )

= 575 kip-in.
1 ft

12 in.

= 47.9 kip-ft, but must be ≤ 1.6My = 1.6( ) 25.7 kip-ft( ) = 41.1 kip-ft

⎛
⎝

⎞
⎠

≤

Therefore, use Mpx = 41.1 kip-ft.

Sxc = Ix

y

= 36.5 in.4

1.09 in.

= 33.5 in.3

0.7Fy Sxc = 0.70( ) 50 ksi( ) 33.5 in.3( )

= 1,172 kip-in.
1 ft

12 in.
= 97.7 kip-ft

⎛
⎝

⎞
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Apply AISC Specification Equation F9-14.

Mnx = 41.1 kip-ft 41.1 kip-ft( ) 97.5 kip-ft( ) 10.2 9.15

24.1 9.15

= 45.1 kip-ft, but must be 1.6My = 1.60( ) 25.7 kip-ft( ) = 41.1 kip-ft≤

⎧
⎨
⎩

⎫
⎬
⎭

⎛
⎝

⎞
⎠⎡⎣ ⎤⎦ −

−
−−

Therefore, use Mnx = 41.1 kip-ft.

bMnx = 0.90( ) 41.1 kip-ft( )
= 37.0 kip-ft 

ϕ

Column Action

Check the section element width-to-thickness ratios using the limits given in AISC Specification Table B4.1a.

Case 1(5), flange element nonslender limit

r f = 0.56
E

Fy

= 0.56
29,000 ksi

50 ksi
= 13.5

λ

Because
 

f =
bf

2tf
= 10.2 < r f = 13.5,λ λ

 
the flange element is nonslender.

Case 4, web element nonslender limit

rw = 0.75
E

Fy

= 0.75
29,000 ksi

50 ksi
= 18.1

λ

Because
 

w = d
tw

= 15.9 < rw = 18.1,λ λ
 
the web element is nonslender.

Flexural Buckling Strength

AISC Specification Section E3 applies.

Lcx

rx
= 12 ft( ) 12 in./ft( )

1.66 in.
= 86.7 < 200      o.k.

Lcy

ry
= 12 ft( ) 12 in./ft( )

3.70 in.

= 38.9 < 200      o.k.

Use
 

Lc

r
= 86.7.6.7
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In the following equations, subscripts FB and FTB are used to distinguish between values calculated for flexural buckling and 
flexural-torsional buckling, respectively.

Fe( )FB =
2E

Lc

r

2

=
2 29,000 ksi( )

86.7( )2
= 38.0 ksi

π

π
⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. E3-4)

Because
 

Fy

Fe( )FB

= 50.0 ksi

38.0 ksi
= 1.32 < 2.25,

 
use AISC Specification Equation E3-2.

Fn( ) Fy( )FB = 0.658
Fy

Fe

= 0.658 1.32( ) 50 ksi( )
= 28.8 ksi

⎡
⎣⎢

⎤
⎦⎥

⎡⎣ ⎤⎦
�

(AISC Spec. Eq. E3-2)

Flexural-Torsional Buckling Strength (AISC Specification Section E4 applies)

Fey =
2E

Lcy

ry

2

=
2 29,000 ksi( )

38.9( )2

= 189 ksi

π

π

⎛
⎝⎜

⎞
⎠⎟

�

(AISC Spec. Eq. E4-6)

From the AISC Shapes Database (2023b), H = 0.968 and ro = 4.12 in. Alternatively, AISC Specification Equations E4-8 and 
E4-9 can be used to calculate H and ro

2.

Calculate Fez as follows.

Fez =
2ECw

Lcz
2 +GJ

1

Agro
2

=
2 29,000 ksi( ) 8.31 in.6( )

12 ft( ) 12 in./ft( )[ ]2
+ 11,200 ksi( ) 2.03 in.4( ) 1

13.2 in.2( ) 4.12 in.( )2

= 102 ksi

⎛
⎝⎜

⎞
⎠⎟

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

⎪
⎨
⎪

⎪⎧ ⎫
⎬
⎪⎩ ⎭

π

π

�

(AISC Spec. Eq. E4-7)

The first component of the preceding equation that includes Cw is about 0.5% of the calculated Fez. This is consistent with a 
User Note in AISC Specification Section E4 that states, “For tees and double angles, the term with Cw may be omitted when 
computing Fez.”
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Calculate (Fe)FTB as follows.

Fe( )FTB =
Fey + Fez

2H
1 1

4FeyFezH

Fey + Fez( )2

= 189 ksi +102 ksi

2 0.968( ) 1 1
4 189 ksi( ) 102 ksi( ) 0.968( )

189 ksi +102 ksi( )2

= 98.6 ksi

⎡

⎣
⎢

⎤

⎦
⎥

⎡
⎣
⎢

⎤
⎦
⎥

⎡

⎣
⎢

⎤

⎦
⎥⎢ ⎥−

− −

−⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. E4-3)

Because
 

Fy

Fe( )FTB

= 50.0 ksi

98.6 ksi
= 0.507 < 2.25,

 
use AISC Specification Equation E3-2.

Fn( ) Fy( )FTB = 0.658
Fy

Fe

= 0.658 0.507( ) 50 ksi( )
= 40.4 ksi

⎡
⎣⎢

⎤
⎦⎥

⎡⎣ ⎤⎦
�

(AISC Spec. Eq. E3-2)

Fn( )FTB = 40.4 ksi > Fn( )FB = 28.8 ksi; therefore, use Fn = Fn( )FB = 28.8 ksi.

Pn = FnAg

= 28.8 ksi( ) 13.2 in.2( )
= 380 kips

cPn = 0.90( ) 380 kips( )
= 342 kips

ϕ

Required Flexural Strength, Including Second-Order Effect

In the following calculations, the available strength in compression of the eccentrically loaded member is referred to as ϕcPn ecc. 
Note that this replaces Pu used in Equation 7 as well as in the interaction equations later.

The required moment in the member, including a second-order effect, is calculated as follows.

Pe1x =
2EIx

Lc1x( )2

=
2 29,000 ksi( ) 36.5 in.4( )

12 ft( ) 12 in./ft( )[ ]2
= 503 kips

π

π

�

(AISC Spec. Eq. A-8-5)

Use Equation 7 to calculate B1x as follows.

B1x =
Pe1x

Pe1x cPn  ecc
1.0

= 503 kips

503 kips - cPn ecc
1.0

ϕ

ϕ

≥

≥
−
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Use Equation 1 to calculate the total load eccentricity.

e = 0.5tpl + y

= 0.50( ) 0.50 in.( ) +1.09 in.

= 1.34 in.
1 ft

12 in.
= 0.112 ft

⎛
⎝

⎞
⎠

�

(1)

Recall that, Pu = ϕcPn ecc as described before. Therefore,

Mux =B1xPue

= B1x( ) cPn  ecc( ) e( )

= 503 kips

503 kips− Pn ecc
cPn ecc( ) 0.112 ft( )

 =
56.3 cPn ecc( )
503 cPn ecc

 kip-ft

⎛
⎝⎜

⎞
⎠⎟ϕ

ϕ
ϕ

ϕ

ϕ

− �

(5)

Check the Appropriate Interaction Equation for Combined Forces

Assume
 

Pu

cPn
= cPn ecc

cPn
0.20,.20

ϕϕ
ϕ ≥

 
and apply the LRFD version of AISC Specification Equation H1-1a as follows. Set the interac-

tion equation equal to unity (1.0) to find the member available eccentric axial compressive strength. Note that ϕc = ϕb = 0.90 
and Muy = 0. Also, recall that, ϕcPn = 342 kips, ϕbMnx = 37.0 kip-ft, and Pu is replaced by ϕcPn ecc.

cPn ecc

cPn
+ 8

9

Mux

bMnx
+

Muy

b cMny
= cPn ecc

Pn
+ 8Mux

9 bMnx
= 1.0

ϕϕϕ
ϕ

ϕ ϕ
ϕ⎛

⎝⎜
⎞
⎠⎟

Insert values of available strengths and replace Mux with its equivalent found earlier.

cPn ecc

342 kips
+

8
56.3 cPn ecc( )
503 cPn ecc

9 37.0 kip-ft( ) = cPn ecc

342 kips
+

1.35 cPn ecc( )
503 cPn ecc

= 1.0

⎡
⎣
⎢ ⎤

⎦
⎥

ϕ ϕ
ϕ

ϕ
ϕ

ϕ
−

−

This is a quadratic equation with a root ϕcPn ecc = 149 kips (solution details not shown).

Check the value of B1x using Equation 7.

B1x =
503 kips

503 kips cPn ecc

= 503 kips

149 kips

= 1.42 >1.0     o.k.

ϕ−

503 kips−
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Check the assumption that
 

Pu

cPn
= cPn ecc

cPn
0.20

ϕϕ
ϕ ≥ .

Pu

cPn
= Pn ecc

cPn

= 149 kips

342 kips

= 0.436 > 0.20     o.k.

ϕ ϕ

Had this assumption turned out to be incorrect, the solution would be repeated using AISC Specification Eq. H1-1b instead of 
AISC Specification Eq. H1-1a. All assumptions made earlier were proven correct. Therefore, the available eccentric compres-
sive strength of the WT7×45 compression member is ϕcPn ecc = 149 kips.

As a check, calculate the compressive strength of the gusset plate assuming that flexural buckling does not apply. See AISC 
Specification Section J4.4(a) and Equation J4–6.

The gross area of the plate is

Ag( )pl = b( ) t( )
= 14.5 in.( ) 0.50 in.( )
= 7.25 in.2

Pn( )pl = Fy Ag( )pl

= 50 ksi( ) 7.25 in.2( )
= 362 kips �

(AISC Spec. Eq. J4-6)

cPn( )pl = 0.90( ) Pn( )pl

= 0.90( ) 362 kips( )
= 326 kips >149 kips     o.k.

ϕ

Design Example 2

Given:

The WT7×30.5 compression member shown in Figure 6 is ASTM A992/A992M steel, braced at the ends and connected at 
each end with a 10 in. × 2 in. gusset plate of ASTM A572/A572M Grade 50 steel. Lcx = Lcy = Lcz = Lb = L = 10 ft. Assume an 
adequate bolted or welded joint exists between each gusset plate and the member. Determine the available eccentric axial com-
pressive strength of the member using AISC Specification provisions for the ASD method.

Fig. 6.  Design Example 2 detail.
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Solution:

From AISC Manual Table 1-8, the geometric properties for a WT7×30.5 are:

A = 8.96 in.2	 d = 6.95 in.	 bf = 10.0 in.	 tf = 0.645 in.	 bf /2tf = 7.75	 d/ tw = 18.5	 Ix = 28.9 in.4	 Sx = 5.07 in.3 

rx = 1.80 in.	 y = 1.25 in.	 Zx = 9.15 in.3	 Iy = 53.7 in.4	 ry = 2.45 in.	 J = 1.09 in.4	 Cw = 2.29 in.6

Beam Action

Check the section element width-to-thickness ratios using the limits given in AISC Specification Table B4.1b.

For Case 10(3), the flange element compact limit is:

pf = 0.38
E

Fy

= 0.38
29,000 ksi

50 ksi
= 9.15

λ

Because λf = bf / 2tf = 7.75 < λpf = 9.15, the flange element is compact.

Because the web is in tension for flexure, there is no need to check width-to-thickness ratio for flexure.

Lp = 1.76ry
E

Fy

= 1.76( ) 2.45 in.( ) 29,000 ksi

50 ksi

= 104 in.
1 ft

12 in.
= 8.67 ft

⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. F9-8)

Lr = 1.95
E

Fy

IyJ

Sx
2.36

Fy

E

dSx

J
+1

= 1.95
29,000 ksi

50 ksi

53.7 in.4( ) 1.09 in.4( )
5.07 in.3( )

2.36
50 ksi

29,000 ksi

6.95 in.( ) 5.07 in.3( )
1.09 in.4( )

+1

= 1,816 in. 
1 ft

12 in.
= 151 ft

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

⎛
⎝⎜

⎞
⎠⎟

�

(AISC Spec. Eq. F9-9)

Note that AISC Specification Commentary Section F9, Tees and Double Angles Loaded in the Plane of Symmetry, states, “For 
most shapes, the length, Lr, is impractically long.”

Lp = 8.67 ft < Lb = 10 ft < Lr = 151 ft

Inelastic lateral torsional buckling governs. Provisions of AISC Specification Section F9.2(a)(2) and Equation F9-6 apply to 
calculating Mn. But first calculate Mpx as follows.
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Mpx = FyZx < 1.6My� (AISC Spec. Eq. F9-2)

My = FySx

= 50 ksi( ) 5.07 in.3( )

= 254 kip-in.
1 ft

12 in.
= 21.1 kip-ft

⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. F9-3)

Mpx = FyZx

= 50 ksi( ) 9.15 in.3( )

= 458 kip-in.
1 ft

12 in.

= 38.1 kip-ft, but must be 1.6My = 1.6( ) 21.1 kip-ft( ) = 33.8 kip-ft

⎛
⎝

⎞
⎠

≤

Therefore, use Mpx = 33.8 kip-ft.

Mnx = Mpx Mpx My( ) Lb Lp

Lr Lp
1.6My

= 33.8 kip-ft( ) 33.8 kip-ft( ) 21.1 kip-ft( ) 10.0 ft 8.67 ft

151 ft 8.67 ft
= 33.7 kip-ft <1.6My = 33.8 kip-ft

≤

⎛
⎝

⎞
⎠

⎛
⎝⎜

⎞
⎠⎟

⎡⎣ ⎤⎦
−
−

−−

− −
−
−

�

(AISC Spec. Eq. F9-6)

Therefore, Mnx = 33.7 kip-ft and Mn/Ωb= (33.7 kip-ft)/(1.67) = 20.2 kip-ft.

Column Action

Check the section element width-to-thickness ratios using the limits given in AISC Specification Table B4.1a.

For Case 1(5), the flange element nonslender limit is:

r f = 0.56
E

Fy

= 0.56
29,000 ksi

50 ksi
= 13.5

λ

Because
 

f =
bf

2tf
= 7.75 < r f = 13.5,λλ

 
the flange element is nonslender.

For Case 4, the web element nonslender limit is:

rw = 0.75
E

Fy

= 0.75
29,000 ksi

50 ksi
= 18.1

λ

Because
 

w = d

tw
= 18.5 > rw = 18.1,λλ

 
the web element is slender.
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Flexural Buckling Strength

AISC Specification Section E3 applies.

Lcx

rx
= 10 ft( ) 12 in./ft( )

1.80 in.
= 66.7 < 200 o.k.

Lcy

ry
= 10 ft( ) 12 in./ft( )

2.45 in.

= 49.0 < 200 o.k.

Use
 

Lc

r
= 66.7.6.7

In the following equations, subscripts FB and FTB are used to distinguish between values calculated for flexural buckling and 
flexural-torsional buckling, respectively.

Fe( )FB =
2E

Lc

r

2

=
2 29,000 ksi( )

66.7( )2

= 64.3 ksi

π

π
⎛
⎝

⎞
⎠

�

(AISC Spec. Eq. E3-4)

Because
 

Fy

Fe( )FB

= 50.0 ksi

64.3 ksi
= 0.778 < 2.25, use AISC Specification Equation E3-2.

Fn( ) Fy( )FB = 0.658
Fy

Fe

= 0.658 0.778( ) 50 ksi( )
= 36.1 ksi

⎡
⎣⎢

⎤
⎦⎥

⎡⎣ ⎤⎦

�

(AISC Spec. Eq. E3-2)

Flexural-Torsional Buckling Strength (AISC Specification Section E4 applies)

Fey =
2E

Lcy

ry

2

=
2 29,000 ksi( )

49.0( )2

= 119 ksi

π

π
⎛
⎝⎜

⎞
⎠⎟

�

(AISC Spec. Eq. E4-6)

From the AISC Shapes Database V16.0 (2023b), H = 0.915 and ro = 3.17 in. Alternatively, AISC Specification Equations E4-8 
and E4-9 can be used to calculate H and ro

2.
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Calculate Fez as follows.

Fez =
2ECw

Lcz
2 +GJ

1

Agro
2

=
2 29,000 ksi( ) 2.29 in.6( )

10 ft( ) 12 in./ft( )[ ]2
+ 11,200 ksi( ) 1.09 in.4( ) 1

8.96 in.2( ) 3.17 in.( )2

= 136 ksi

π

π⎛
⎝⎜

⎞
⎠⎟

⎡

⎣
⎢

⎤

⎦
⎥⎢ ⎥⎪

⎨
⎪

⎪⎧ ⎫
⎬
⎪⎩ ⎭

�

(AISC Spec. Eq. E4-7)

Calculate (Fe)FTB as follows.

Fe( )FTB =
Fey + Fez

2H
1 1

4FeyFezH

Fey + Fez( )2

= 119 ksi +136 ksi

2 0.915( )
1 1

4 119 ksi( ) 136 ksi( ) 0.915( )
119 ksi +136 ksi( )2

= 97.8 ksi

⎡

⎣
⎢

⎡

⎣
⎢

⎤

⎦
⎥

⎤

⎦
⎥−−

⎛
⎝

⎞
⎠ − −
⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

�

(AISC Spec. Eq. E4-3)

Fy

Fe( )FTB

= 50.0 ksi

97.8 ksi

= 0.511< 2.25

AISC Specification Equation E3-2 applies.

Fn( ) Fy( )FTB = 0.658
Fy

Fe

= 0.658 0.511( ) 50 ksi( )
= 40.4 ksi

⎡
⎣⎢

⎤
⎦⎥

⎡⎣ ⎤⎦
�

(AISC Spec. Eq. E3-2)

(Fn)FTB = 40.4 ksi > (Fn)FB = 36.1 ksi

Therefore, Fn = (Fn)FB = 36.1 ksi.

Effective Area

Recall that
 

w = d
tw

= 18.5 > r( )
w = 18.1.λλ

 
Therefore, the web element is slender.

r
Fy

Fn
= 18.1( ) 50 ksi

36.1 ksi

= 21.3

λ

�

(AISC Spec. Eq. E7-2)

= 18.5 < r
Fy

Fn
= 21.3λ λ

AISC Specification Equation E7-2 applies. The stem is fully effective; de = d = 6.95 in. and Ae = A = 8.96 in.2

Pn = Fn Ag

= 36.1 ksi( ) 8.96 in.2( )
=  323 kips

Pn = 323 kips 1.67

= 193 kips

Ω



158 / ENGINEERING JOURNAL / SECOND QUARTER / 2026

Required Flexural Strength, Including Second-Order Effects

In the following calculations, the available strength in compression of the eccentrically loaded member is referred to as  
(Pn ecc)/Ωc. Note that this replaces Pa used in Equation 12 as well as in the interaction equations later.

The required moment in the member, including second-order effects, is calculated as follows.

First, calculate B1x.

Pe1x =
2EIx

Lc1x( )2

=
2 29,000 ksi( ) 28.9 in.4( )

10 ft( ) 12 in./ft( )[ ]2
= 574 kips

π

π

�

(AISC Spec. Eq. A-8-5)

and

B1x =
Pe1x

Pe1x 1.6Pa

= 574 kips

574 kips 1.6
Pn ecc

b

= 359 kips

359 kips
Pn ecc

b

Ω

Ω
−

−

−

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠ �

(12)

Use Equation 1 to calculate the total load eccentricity as follows.

e = 0.5tpl + y

= 0.50( ) 0.50 in.( ) +1.25 in.

= 1.50 in. 
1 ft

12 in.
= 0.125 ft

⎛
⎝

⎞
⎠

�

(1)

Recall from Equation 11 that

Max = B1xPae

= 359 kips

359 kips
Pn ecc

b

Pn ecc

b
0.125 ft( )

=
44.9

Pn ecc

b

359
Pn ecc

b

kip-ft

⎛
⎝

⎞
⎠Ω

Ω

⎡

⎣

⎢⎢
⎤

⎦

⎥⎥
⎢ ⎥

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

−

−

Ω

Ω
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Check the Appropriate Interaction Equation for Combined Forces

Assume
 

cPa

Pn
= c

Pn

Pn  ecc

c
0.20,

Ω Ω
Ω

≥⎛
⎝

⎞
⎠  

and apply the ASD version of AISC Specification Equation H1-1a as follows. Set the inter-

action equation equal to unity (1.0) to find the member available eccentric axial compressive strength. Note that Ωc = Ωb = 1.67 

and May = 0. Also, recall that, Pn/Ωc = 193 kips, Mnx/Ωb = 20.2 kip-ft, and Pa is replaced by
 

Pn ecc

bΩ
⎛
⎝

⎞
⎠
.

Pa

Pn

c

+ 8

9

Max

Mnx

b

+
May

Mny

b

= cPa

Pn
+ 8

9
b Max

Mnx
+ 0 = 1.0

⎛
⎝

⎛
⎝

⎛
⎝

⎞
⎠

⎞
⎠

⎞
⎠

⎛
⎝

⎞
⎠

Ω Ω Ω

Ω Ω⎡

⎣
⎢
⎢

⎤

⎦
⎥⎢ ⎥
⎥

or

c

Pn

Pn  ecc

b
+ 8

9
b Max

Mnx
= 1.0

ΩΩ
Ω

⎛
⎝

⎛
⎝

⎞
⎠

⎞
⎠

Insert values of available strengths and replace Max with its equivalent found earlier.

Pn ecc

b

193 kips
+

8
44.9

Pn ecc

b

359
Pn  ecc

b

kip-ft

9 20.2 kip-ft( ) =

Pn ecc

b

193
+

1.98
Pn  ecc

b

359
Pn ecc

b

kip-ft

= 1.0

⎛
⎝

⎞
⎠

⎛
⎝

⎛
⎝

⎞
⎠

⎞
⎠

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

⎛
⎝

⎞
⎠

⎡

⎣

⎢
⎢

⎤

⎦

⎥
⎢ ⎥
⎢ ⎥

⎥

⎡

⎣

⎢
⎢

⎤

⎦

⎥
⎢ ⎥
⎢ ⎥

⎥
Ω Ω

Ω

Ω

Ω

Ω

−

−

This is a quadratic equation with a root
 

Pn ecc

b
= 81.5 kips

Ω  
(solution details not shown).

Check the value of B1x using the equation developed previously.

B1x =
359 kips

359 kips
Pn ecc

b

= 359 kips

359 kips 81.5 kips

= 1.29 >1.0     o.k.

Ω

−

− ⎛
⎝

⎞
⎠

Check the assumption that
 

cPa

Pn
= c

Pn

Pn ecc

c
0.20⎛

⎝
⎞
⎠
≥

Ω
ΩΩ

.

cPa

Pn
=

Pn  ecc

b

193 kips

= 81.5 kips

193 kips

= 0.422 > 0.20     o.k.

⎛
⎝

⎞
⎠ΩΩ

Had this assumption turned out to be incorrect, the solution would be repeated using AISC Specification Eq. H1-1b instead of 
AISC Specification Eq. H1-1a.
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All assumptions made earlier were proven correct. Therefore, the available eccentric compressive strength of the WT7×30.5 
compression member is Pa = 81.5 kips.

As a check, calculate the compressive strength of the gusset plate assuming that flexural buckling does not apply. See AISC 
Specification Section J4.4(a) and Equation J4-6.

Ag( )pl = b( ) t( )
= 10.0 in.( ) 0.50 in.( )
= 5.00 in.2

Pn( () )pl pl= Fy Ag

= 50 ksi( () )5.00 in.2

= 250 kips 

Pn

c
= Pn

1.67 plpl

= 250 kips

1.67
= 150 kips > 81.5 kips

Ω
⎛
⎝

⎛
⎝

⎞
⎠

⎞
⎠

DEVELOPMENT OF EQUATIONS  
FOR THE DESIGN TABLE VALUES

Development of the equations for the available compressive 
strength of eccentrically loaded WT compression mem-
bers, ϕcPn ecc (LRFD) or (Pn ecc)/Ωc (ASD), including a 
second-order effect, based on the AISC Specification Sec-
tion H1.1 provisions follows.

LRFD Method

Given the dominance of the axial force and that the bend-
ing moment present in the member is due to the load eccen-
tricity, it is expected that in a majority of cases, the ratio  
Pu/ϕcPn ≥ 0.20.

When
 

Pu

cPn
0.20,≥

ϕ  
the LRFD version of AISC Specifica-

tion Equation H1-1a applies as follows.

	

Pu

cPn
+ 8

9

Mux

bMnx
+

Muy

bMny
1.0

ϕ ϕ ϕ
≤

⎛
⎝⎜

⎞
⎠⎟ �  

� (AISC Spec. Eq. H1-1a)

To obtain the available compressive strength of the eccen-
trically loaded member, set the preceding interaction equa-
tion equal to 1.0. At the same time, note that there is no 
bending about the y-axis of the member; therefore, Muy = 0. 
AISC Specification Equation H1-1a then simplifies to the 
following.

	

Pu

cPn
+ 8

9

Mux

bMnx
= 1.0

⎛
⎝⎜

⎞
⎠⎟ϕϕ �

(13)

Recall from Equation 5 that,

	 Mux = B1xPue� (5)

Replace Pu with ϕcPn ecc in Equation 5.

	 Mux = B1x cPn ecc( )eϕ � (14)

Substituting Mux from Equation 14 and replacing Pu with 
ϕcPn ecc into Equation 13, we obtain the following.

cPn  ecc

cPn
+ 8

9

B1x cPn  ecc( )e
bMnx

cPn  ecc( ) 1

cPn
+ 8B1xe

9 b Mnx

=

=

1.0

ϕ
ϕϕ

ϕ
ϕ

ϕ ϕ
⎛
⎝

⎞
⎠

⎡
⎣⎢

⎤
⎦⎥

� (15)

Equation 15 is simplified to the following.

	
cPn ecc( ) 9 bMnx +8B1xe Pnc

9 cPn bMnx
= 1.0

ϕϕ
ϕϕϕ

⎛
⎝⎜

⎞
⎠⎟ �

(16)

or

	
cPn ecc =

9 cPn b Mnx

9 bMnx +8B1xe cPnϕ ϕ
ϕ ϕ ϕ⎛

⎝⎜
⎞
⎠⎟ �

(17)

Simplify Equation  17 using ϕb  = ϕc  = 0.90 to obtain the 
following equation, which is in terms of nominal strengths 
only. Note that this is still an LRFD equation.

	
cPn ecc =

8.1PnMnx

9Mnx +8B1xPne
ϕ

�
(18)



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 161 

When
 

Pu

cPn
= cPn ecc

cPn
< 0.20

ϕϕ
ϕ

, the LRFD version of AISC

Specification Equation H1-1b applies, and the following 
equation is developed.

	
cPn ecc =

1.8PnMnx

Mnx + 2B1xPne
ϕ

�
(19)

ASD Method

A process similar to the one used for the LRFD method 
leads to the following equations for the eccentric available 
compressive strength of the member (details not shown).

When
 

cPa

Pn
=

c
Pn ecc

c

Pn
0.20,

Ω
Ω

Ω
⎛
⎝

⎞
⎠
≥

	

Pn ecc

c
= PnMnx

1.67Mnx +1.48B1xPne
⎛
⎝

⎞
⎠Ω �

(20)

When
 

c
Pn  ecc

c

Pn
0.20,

Ω
Ω

⎛
⎝

⎞
⎠

<

	

Pn  ecc

c
= PnMnx

0.835Mnx +1.67B1xPne
⎛
⎝

⎞
⎠Ω �

(21)

Values of Pn and Mnx are calculated based on the appro-
priate provisions of the AISC Specification as listed in 
Table 1.

DEVELOPMENT OF THE DESIGN TABLE

Equations developed earlier are summarized in Table  2. 
These equations were used in the development of the pro-
posed design table (Table 4).

Note that e, Pn, Pe1x, and Mnx are all known values.  
The only unknown in the equations of Table  2 is the 
desired available compressive strength, ϕcPn ecc (LRFD) or  
(Pn ecc)/Ωc (ASD).

Equations for ϕcPn ecc or (Pn ecc)/Ωc are all a function of 
B1x, which itself is a function of the available eccentric axial 
load ϕcPn ecc or (Pn ecc)/Ωc. Therefore, equations of Table 2 
are all quadratic equations in terms of available strengths 
ϕcPn ecc or (Pn ecc)/Ωc. For example, the quadratic equation 
for case 1 of Table 2 is as follows.

9Mnx cPn ecc( )2 cPn  ecc( ) 9MnxPe1x +8ePnPe1x+8.1PnMnx( )
+8.1PnMnxPe1x = 0

ϕ ϕ−

� (22)

with

cPn ecc =
9MnxPe1x + 8ePnPe1x+8.1PnMnx( ) ± 9MnxPe1x +8ePnPe1x +8.1PnMnx( )2 4 9Mnx( ) 8.1PnMnxPe1x( )

18Mnx
ϕ

−

� (23)

Given the complexity of the quadratic equations for 
ϕcPn ecc or (Pn ecc)/Ωc such as Equation 22 and its solution, 
Equation 23, it was decided to use an iterative process to 
find the available strengths ϕcPn  ecc or (Pn  ecc)/Ωc using a 
spreadsheet. The procedure used is as follows.

1.	Calculate ϕcPn  ecc or (Pn  ecc)/Ωc using the equation for 
case 1 (LRFD) or 3 (ASD) from Table  2; initially, use 
B1x = 1.0.

2.	Use the value of ϕcPn  ecc or (Pn  ecc)/Ωc found in step 1 
to calculate a new B1x using Equation 7 (LRFD) or 12 
(ASD).

3.	Use this new value of B1x in the equation for case 1 
(LRFD) or 3 (ASD) from Table 2 to calculate a new value 
for ϕcPn ecc or (Pn ecc)/Ωc.

4.	Use the value of ϕcPn ecc or (Pn ecc)/Ωc found in step 3 
to calculate a new B1x using Equation 7 (LRFD) or 12 
(ASD).

5.	Repeat this process until the values of ϕcPn ecc or  
(Pn ecc)/Ωc and B1x stabilize.

If calculations resulted in
 

cPn  ecc

cPn
< 0.20

ϕ
ϕ

 
(LRFD) or

c
Pn ecc

c

Pc
< 0.20

⎛
⎝

⎞
⎠Ω

Ω

 
(ASD), equations in case 2 (LRFD)

or case 4 (ASD) of Table  2 were used as appropriate. In 
the worst-case scenario, seven iterations were used in 
the spreadsheet to calculate the tabulated ϕcPn  ecc or  
(Pn  ecc)/Ωc values with the largest difference between 
ϕcPn ecc or (Pn ecc)/Ωc of the last two iterations being 0.68%.

Tabulated member strengths were calculated in the 
spreadsheet for effective lengths of 0 to 40 ft at 1 ft incre-
ments. However, the design table skips some unbraced 
lengths due to limited space per page as is the case in AISC 
Manual tables.

Table 4 values follow the practice of using three signifi-
cant figures. For more information on this topic as well as 
on the use of interpolation between tabulated values see the 
section titled Using the Manual Tables in Part 2 of the AISC 
Manual.
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Table 1.  Applicable Limit States and Appropriate Provisions/Equations of the AISC Specification1

Limit State2 AISC Specification Provisions AISC Specification Equation

Flexure3

Yielding F9.1 F9-1 to F9-3

Flange local buckling4 F9.3(a)(2) F9-14

Lateral torsional buckling F9.2(a)(1) to F9.2(a)(3) F9-6 to F9-11

Compression

Flexural buckling E3 E3-1 to E3-4

Stem local buckling5 E7.1 E7-1 to E7-5

Flexural-torsional buckling E4(b) E4-1, E4-3, and E4-5 to E4-96 
1	For WT shapes made from column section listed in AISC Manual Table 4-1a.
2	For Fy = 50 ksi.
3	Stem in tension for flexure.
4	Only WT7×49.5, WT7×45, WT6×32.5, and WT4×15.5 have noncompact flange elements under flexural compression. There are no WT shapes among those 

under consideration with slender flange elements under flexural compression.
5	Only WT7×30.5, WT7×26.5, WT7×24, WT7×21.5, and WT6×20 have slender stems under axial compression. There are no WT shapes among those under 

consideration with slender flange element under axial compression.
6	Values of ro and H are listed in the AISC Shapes Database, but not in AISC Manual Table 1-8.

Table 2.  Equations for Calculating the Available Eccentric Axial Compressive Strength of WTs

Case Axial Load Ratio,
 

Pr

Pc
Equation

LRFD Methoda

1
	

cPn ecc

Pnc
0.20≥

ϕ
ϕ 	 	

cPn ecc =
8.1PnMnx

9Mnx + 8B1xPne
ϕ

�
(Eq. 18)

2
	

cPn ecc

cPn
< 0.20

ϕ
ϕ

	 	
cPn ecc =

1.8PnMnx

Mnx + 2B1xPne
ϕ

�
(Eq. 19)

ASD Methodb

3

	

c
Pn

Pn

ecc

c
0.20≥

Ω
Ω ⎛

⎝
⎞
⎠

	
	

Pn ecc

c
= PnMnx

1.67Mnx +1.48B1xPne
⎛
⎝

⎞
⎠Ω �

(Eq. 20)

4

	

c
Pn ecc

c

Pn
< 0.20

Ω
Ω

⎛
⎝

⎞
⎠

	
	

Pn ecc

c
= PnMnx

0.835Mnx +1.67B1xPne
⎛
⎝

⎞
⎠Ω �

(Eq. 21)

a

 
B1x =

Pe1x

Pe1x cPn eccϕ−  
LRFD (Eq. 7: Pu replaced with ϕcPn  ecc)

b

 

B1x =
Pe1x

Pe1x 1.6
Pn ecc

c
−

Ω
⎛
⎝

⎞
⎠  

ASD (Eq. 12: Pa replaced with Pn  ecc/Ωc)
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ESTABLISHING THE GUSSET PLATE 
DIMENSIONS FOR DEVELOPMENT  

OF THE DESIGN TABLE

For the purposes of connection design, it was decided that 
the gusset plate width will be the same as bf, the flange 
width of the connected WT. Larger plate widths may be 
selected with no adverse effects.

It is convenient to use a standard such as a multiple of the 
WT’s flange thickness, tf, for the plate thickness in devel-
oping Table 4.

In the first round of calculating the available strengths, 
a gusset plate thickness of tpl = 1.5tf was used, where tf is 
the thickness of the WT flange. This is a similar approach 
to the development of AISC Manual Table 4–12, Available 
Strength in Axial Compression, Eccentrically Loaded Sin-
gle Angles, where tpl = 1.5t was used with t being the thick-
ness of the angle.

Using tpl = 1.5tf resulted in plate thicknesses that were 
unreasonably large. The fact is that load eccentricity sig-
nificantly reduces the available strength of WT compres-
sion members. Therefore, the tpl = 1.5tf assumption resulted 
in considerably overdesigned plates. Further, a larger plate 
thickness results in a larger eccentricity (see Equation  1) 
and leads to a lower available compressive strength of the 
member.

Several plate thicknesses were tried in the spreadsheet to 
calculate the available compressive strength while ensur-
ing that the plate had sufficient compressive strength to 
resist the applied load. This process involved taking the 
largest available strength of each member and calculating 
the required plate thickness to resist this load using Fy = 
50 ksi and assuming that the gusset plate is as wide as bf of 
the WT. In the end, it was determined that a standard plate 
thickness tpl = 0.6tf works for all shapes. The calculated val-
ues of plate thicknesses were then rounded up to practical 
plate thicknesses considering availability.

The thickest plate needed based on the preceding 
approach is 3w in. (for WT7×436.5), which still meets the 
thickness limitations of plates available in the preferred 
material specification (A572/A572M Grade 50 steel) per 
AISC Manual Table 2–5.

LIMITATIONS OF UNBRACED LENGTHS

As discussed earlier under the section titled “Clarification 
of Laterally Unbraced Lengths for WT Compression Mem-
bers,” the laterally unbraced length for flexural buckling 
about the y-axis, Ly, and the laterally unbraced length for 
lateral torsional buckling, Lb, are equal (Ly = Lb).

Further, all equations of Table 2 include Pn, the nominal 
concentric compressive strength of the member. Pn itself 
depends on both Lcx and Lcy. Therefore, it was assumed in 
the development of the table that Lcx = Lcy. Otherwise, the 

table would be three-dimensional. In summary, the val-
ues of Table 4 assume that Lcx = Lcy = Lcz = Lb. Note that 
based on the member end connections, Kx = Ky = Kz = 1.0. 
Therefore, laterally unbraced lengths and the correspond-
ing effective lengths are equal, namely, Lcx = Lx, Lcy = Ly, 
and Lcz = Lz.

There is no interaction between the member strength for 
flexural torsional buckling about x-axis versus the y-axis 
and z-axis buckling. The values of Table 4 are all based on 
Lcx which governs member strength in all cases.

ASSUMPTIONS MADE IN THE DEVELOPMENT 
OF THE DESIGN TABLE VALUES

The following is a list of assumptions made in the develop-
ment of the design table.

1.	 WTs considered are those made from W-shapes 
ordinarily used as columns per AISC Manual Table 4–1a 
(some very large shapes excluded).

2.	 ASTM A992/A992M (Fy = 50 ksi) steel is used for WT 
shapes.

3.	 The width of the gusset plate was taken as the flange 
width, bf, of the connected WT shape. Wider plates may 
be used without adverse effect.

4.	 Plates are of A572/A572M Grade 50 steel.

5.	 The gusset plates have a thickness of about tpl = 0.6tf, 
where tf is the thickness of the flange of the WT 
member. Plate thicknesses used and identified at the top 
of each column in Table 4 were rounded up to the next 
practical available plate thickness.

6.	 The compression load is applied at the mid-width of 
the flange of the WT and at mid-thickness of the gusset 
plate.

7.	 No transverse loads are applied between the member 
ends.

8.	 The member is braced against lateral displacement at 
the ends only.

9.	 There is no relative lateral translation of the member 
ends (Plt = Mlt = 0) and thus no P-D effect.

10.	There is no bending about the y-axis of the member.

11.	Based on the end connections described earlier, the 
member will act as pinned at the ends for flexural and 
flexural-torsional buckling limit states (Kx = Ky = Kz = 
1.0).

12.	Unbraced lengths are identified as follows.

a.	 For flexural buckling, Lcx and Lcy, ft (mm).

b.	 For flexural-torsional buckling, Lcz, ft (mm).
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c.	 For lateral-torsional buckling, Lb, ft (mm).

d.	 Lcx = Lcy = Lcz = Lb, ft (mm).

13.	Design of the member end connections, including 
bolted or welded joints between the gusset plates and 
the flange of the WT compression member, is not 
addressed in this article. It is assumed that the designer 
will establish appropriate designs for those components.

14.	Member weight is not accounted for in the development 
of the design table as is the case with AISC Manual 
tables.

OBSERVATIONS FROM THE DATA

Variation of Nominal Flexural Strength (Mn) and 
Nominal Compressive Strengths (Pn)

The nominal flexural strengths, Mn, of the WT members 
considered over the unbraced lengths 0 ft ≤ Lb ≤ 40 ft do not 
change significantly (Figure 7). But their nominal concen-
tric compressive strengths, Pn, follow the typical pattern of 

singly symmetric compression members with considerable 
change of strength over the range of the unbraced lengths 
with flexural-torsional buckling governing over very short 
unbraced lengths.

Generally, the values of Lr for WT flexural members are 
unusually large. Among the WT members considered in 
this study, the smallest value of Lr is 89.5 ft, which is far 
larger than any practical unbraced length. This is consistent 
with AISC Specification Commentary Section F9, Tees and 
Double Angles Loaded in the Plane of Symmetry, which 
states, “For most shapes, the length, Lr, is impractically 
long.” Therefore, it can be concluded that elastic lateral tor-
sional buckling limit state does not govern the design of any 
of the WT shapes and for the range of unbraced lengths (0 ft 
≤ Lb ≤ 40 ft) considered in this study.

Per AISC Specification Equation F9-6, the slope of the 
chart for the nominal flexural strength, Mn, over the range 
Lp < Lb ≤ Lr of the WTs considered is very shallow. In all 
but a few cases (WT7×213 to WT7×436.5), the slope of 
this portion of the chart is less than 0.10 kip-ft/ft. In other 
words, while the nominal flexural strength, Mn, remains 
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Fig. 7.  Variations of Pn and Mn versus unbraced length for a WT7×45.
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constant over the range Lb ≤ Lp, it does not change consid-
erably over the range Lb > LP either. Table 3 provides five 
examples over the range of heavy to light WT sections.

The largest change in Mn among all members over 0 ft ≤ 
Lb ≤ 40 ft is WT7×21.5 with Mn = 26.5 kip-ft at Lb = 0 ft and 
Mn = 22.5 kip-ft at Lb = 40 ft with a change in Mn of 17.8% 
(Figure  8). Based on the preceding discussion, it can be 
stated that for the WT shapes considered and for unbraced 
lengths used (0 ≤ Lb ≤ 40 ft), the values of the nominal flex-
ural strength, Mn, are significantly less dependent on the 
unbraced length Lb than values of Pn are dependent on Lc.

The available strengths of WTs listed in Table 4 are func-
tions of nominal flexural strength, Mn, and nominal (concen-
tric) axial compressive strength, Pn, with the assumptions 
that Lcx = Lcy = Lcz = Lb. Under these circumstances, the 
available strength in compression based on Lcx governs for 
all shapes and values of unbraced length considered.

Variation of Available Eccentric Axial Compressive 
Strength versus Effective Length

The general shape of the charts for the available eccen-
tric axial compressive strengths of WTs is similar to those 

Table 3.  Sample Variation of Mn Over the Range 0 ≤≤ Lb ≤≤ 40 ft

Shape

(kip-ft)

Lb == 0 ft Lb == 40 ft Change (%)

WT7×436.5 873 868 0.576

WT7×199 251 248 1.21

WT7×96.5 96.0 94.4 1.69

WT5×24.5 15.9 15.1 5.29

WT4×15.5 8.53 7.89 8.11
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166 / ENGINEERING JOURNAL / SECOND QUARTER / 2026

of members subject to concentric axial load. The avail-
able strength is reduced as the effective unbraced length 
increases. Further, the strength charts have similar cur-
vature to concentrically loaded members—concave down 
over shorter unbraced lengths and concave up for larger 
lengths indicating inelastic and elastic flexural buckling. 
Figure 9 shows charts of the available eccentric axial com-
pressive strengths of a number of WT members with rela-
tively light to relatively heavy weights over the slenderness 
ratio range Lc/r ≤ 200.

Cost of Eccentricity

As expected, there is a cost for applying the axial compres-
sive load eccentrically to WT members. The load eccen-
tricity causes bending moment in the member, reducing 
its remaining available strength in axial compression. For 
example, an 8-ft-long WT7×185 has an available concen-
tric compressive strength ϕcPn = 2,080 kips. However, for 
the same conditions, the available eccentric axial compres-
sive strength is 589  kips, resulting in a ratio of available 
eccentric to concentric axial compressive strength of 0.283, 
reflecting a severe penalty due to the eccentricity.

Figure 10 shows the charts for available axial compres-
sive strengths for concentric and eccentric loads applied 
to a WT7×185 compression member. Figure 11 shows the 
variation of the ratio of the available eccentric to concentric 
axial compressive strength of a WT7×185 over unbraced 
lengths between zero and 40 ft.

The cost of eccentricity is related to the member size and 
its unbraced length with it being considerably higher for 
heavy shapes with short unbraced lengths. In such cases, 
the high axial compressive strength causes large bending 
moments due to load eccentricity, leaving less available 
compressive strength for an eccentric load.

As observed from Figure 9, the ratios of eccentric to con-
centric available compressive strengths ranges from a mini-
mum of 26.9% to 60.1% for a WT7×185, with the lowest 
values belonging to smaller unbraced lengths. For all mem-
bers considered, the ratios of the available eccentric to con-
centric axial compressive strength ranged from a minimum 
of 0.184 to a maximum of 0.876. As the slenderness ratio 
increases, the effect of eccentricity is reduced, and flexural 
buckling strength becomes more dominant.
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Table 4

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT7××
lb/ft 436.5[h] 404[h] 365[h] 332.5[h] 302.5[h] 275[h]

tpl (in.) 3ww 322 344 3 2ww 222

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 933 1400 871 1310 769 1150 708 1060 652 977 603 904

1 932 1400 870 1300 768 1150 707 1060 650 975 602 902

2 930 1390 868 1300 766 1150 705 1060 648 972 600 899

3 926 1390 864 1300 762 1140 701 1050 645 967 596 894

4 920 1380 858 1290 757 1140 696 1040 639 959 591 886

5 913 1370 851 1280 750 1130 689 1030 633 950 584 877

6 905 1360 842 1270 742 1110 681 1020 625 938 576 865

8 884 1330 821 1230 722 1090 661 994 605 909 556 836

10 858 1290 796 1200 698 1050 637 959 581 875 532 801

12 828 1250 766 1150 670 1010 609 919 553 835 505 762

14 794 1200 733 1110 639 964 579 874 524 791 476 719

16 758 1150 697 1050 606 915 547 827 492 745 445 674

18 721 1090 660 999 571 864 513 777 460 697 413 627

20 681 1030 622 943 535 812 479 726 427 648 382 580

22 641 973 583 885 500 759 444 675 394 600 350 533

24 601 913 544 827 464 706 410 624 362 551 320 487

26 561 854 506 770 429 652 377 575 332 506 292 445

28 522 794 468 713 396 603 348 530 305 465 268 409

30 485 738 434 662 367 559 321 490 281 429 246 376

32 451 687 403 615 340 518 297 454 260 397 227 347

34 420 641 375 572 316 482 276 421 241 367 210 321

36 392 599 350 534 294 449 256 391 223 341 194 297

38 367 560 327 499 274 419 239 365 208 317 181 276

40 344 525 306 467 256 392 223 341 193 296
Properties

Ag, in.2 129 119 107 97.8 89.0 80.9

rx, in. 2.84 2.75 2.62 2.52 2.43 2.34

ry, in. 4.89 4.82 4.69 4.62 4.55 4.49

rx/ry 0.581 0.571 0.559 0.545 0.534 0.521
ASD LRFD [h] Flange thickness is greater than 2 in. Special requirements may apply per AISC Specification Section A3.1d.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 169 

Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT7××
lb/ft 250[h] 227.5[h] 213[h] 199[h] 185[h] 171[h]

tpl (in.) 222 244 2 2 1ww 1ww

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 546 819 509 763 487 731 455 683 437 656 405 608

1 545 817 508 761 486 729 454 681 436 653 403 605

2 543 814 506 758 484 725 452 678 433 650 401 602

3 540 809 502 754 480 721 449 673 430 646 398 598

4 534 802 497 746 475 713 443 666 425 638 393 590

5 528 793 490 737 468 703 437 656 418 629 387 581

6 520 781 483 725 460 692 429 645 410 617 379 570

8 501 754 463 698 441 664 411 618 391 589 361 544

10 478 720 441 664 418 630 388 586 369 557 339 512

12 452 683 415 627 392 593 364 550 344 520 316 477

14 424 642 388 587 365 553 338 511 318 482 291 441

16 395 599 359 545 337 511 311 471 291 442 265 403

18 366 555 331 502 309 469 284 431 264 402 240 365

20 336 511 302 459 281 427 257 391 238 362 215 328

22 306 466 274 417 254 386 232 353 214 326 193 295

24 279 425 249 379 230 350 209 319 193 294 174 266

26 255 388 226 345 209 318 190 290 175 267 158 241

28 233 356 207 316 190 290 173 264 159 243 143 219

30 214 327 189 289 174 266 158 242 145 221 130 199

32 197 301 174 266 160 244 145 222 132 203 119 182

34 182 278 160 245 147 225 133 204 122 186

36 168 257 148 227

38

40
Properties

Ag, in.2 73.5 66.9 62.7 58.4 54.4 50.3

rx, in. 2.26 2.19 2.14 2.10 2.05 2.01

ry, in. 4.43 4.38 4.34 4.31 4.27 4.24

rx/ry 0.510 0.500 0.493 0.487 0.480 0.474
ASD LRFD [h] Flange thickness is greater than 2 in. Special requirements may apply per AISC Specification Section A3.1d.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT7××
lb/ft 155.5[h] 141.5[h] 128.5 116.5 105.5 96.5

tpl (in.) 122 122 144 144 144 1

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 382 573 350 525 333 499 304 456 279 418 268 402

1 380 570 348 522 330 495 301 452 276 414 265 397

2 378 567 346 518 328 492 299 449 274 411 262 393

3 375 563 343 515 325 488 296 445 271 407 259 389

4 370 556 338 508 321 482 293 440 268 403 256 385

5 364 547 332 499 314 473 287 431 262 394 251 377

6 356 535 325 488 307 462 279 420 256 385 244 367

8 338 509 307 463 289 436 262 396 239 361 227 343

10 316 477 287 433 268 406 243 367 221 334 209 316

12 292 442 264 400 246 373 222 337 201 305 189 287

14 268 406 241 366 223 339 201 305 181 276 169 258

16 243 369 218 332 201 305 180 273 162 246 150 228

18 219 333 195 297 178 272 159 242 142 217 131 200

20 195 297 174 265 158 241 140 214 126 192 115 176

22 174 266 155 237 141 215 125 190 111 170 102 156

24 157 239 139 212 126 192 111 170 99 152 90.7 139

26 141 216 125 191 113 173 100 153 89.0 136 81.1 124

28 128 196 113 173 102 156 90.0 138 80.2 123 72.9 112

30 116 178 103 158 92.4 141 81.5 125 72.5 111

32 106 162 93.9 144

34

36

38

40
Properties

Ag, in.2 45.7 41.6 37.8 34.2 31.0 28.4

rx, in. 1.96 1.92 1.88 1.84 1.81 1.78

ry, in. 4.20 4.17 4.13 4.10 4.07 4.05

rx/ry 0.467 0.460 0.455 0.449 0.445 0.440
ASD LRFD [h] Flange thickness is greater than 2 in. Special requirements may apply per AISC Specification Section A3.1d.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT7××
lb/ft 88 79.5 72.5 66 60 54.5

tpl (in.) 1 1 ww ww ss ss

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 248 372 226 339 218 327 202 304 191 287 175 262

1 244 366 222 333 213 320 198 297 186 279 169 254

2 241 362 219 329 210 315 195 292 183 274 166 249

3 239 359 217 325 208 312 192 289 181 271 164 246

4 236 355 214 321 205 308 190 285 178 268 161 242

5 232 348 210 316 202 303 187 281 175 263 158 238

6 225 339 204 307 196 295 182 274 171 258 155 234

8 209 316 190 286 181 273 168 254 158 238 143 216

10 192 290 173 262 164 249 153 231 143 216 129 196

12 173 263 156 236 147 223 137 208 127 194 115 174

14 155 235 139 211 130 198 121 184 112 171 101 153

16 137 208 122 186 114 173 106 161 97.6 149 87.1 133

18 119 182 106 162 98.5 150 91.8 140 84.3 129 75.0 115

20 105 160 92.9 142 85.9 131 80.0 122 73.3 112 65.1 100

22 92.4 141 81.9 125 75.5 115 70.3 108 64.3 98.3 57.0 87.2

24 82.1 126 72.7 111 66.8 102 62.2 95.2 56.7 86.8 50.3 76.9

26 73.3 112 64.8 99.2 59.5 91.0 55.4 84.8 50.4 77.2 44.6 68.3

28 65.9 101 58.2 89.1 53.3 81.5 49.6 75.9 45.1 69.1 39.9 61.1

30

32

34

36

38

40
Properties

Ag, in.2 25.9 23.4 21.3 19.4 17.7 16.0

rx, in. 1.76 1.73 1.71 1.73 1.71 1.68

ry, in. 4.02 4.00 3.98 3.76 3.74 3.73

rx/ry 0.438 0.433 0.430 0.460 0.457 0.450
ASD LRFD [h] Flange thickness is greater than 2 in. Special requirements may apply per AISC Specification Section A3.1d.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT7××
lb/ft 49.5[f] 45[f] 41 37 34 30.5[c]

tpl (in.) ss 22 ss ss 22 22

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 161 242 153 229 139 209 127 190 120 180 109 163

1 155 233 145 218 135 203 123 184 115 173 104 155

2 151 227 141 212 134 200 121 181 113 170 102 153

3 149 224 139 209 132 199 120 180 112 168 101 151

4 147 221 137 206 131 196 118 178 111 166 99.3 149

5 145 217 134 202 129 193 116 175 109 164 97.7 147

6 142 213 132 198 126 189 114 172 107 161 95.8 144

8 132 199 123 186 117 176 106 160 100 150 90.0 136

10 119 180 111 168 107 161 96.3 146 90.3 137 81.5 123

12 105 160 97.7 149 95.9 146 86.3 131 80.7 123 72.7 110

14 92.0 140 85.1 130 85.3 130 76.5 116 71.3 108 64.1 97.5

16 79.4 121 73.2 112 75.1 114 67.0 102 62.3 95.0 55.9 85.3

18 68.3 104 62.7 95.9 65.4 100 58.2 88.9 53.9 82.4 48.3 73.8

20 59.3 90.6 54.3 83.0 57.0 87.1 50.6 77.4 46.8 71.6 41.9 64.0

22 51.9 79.3 47.4 72.5 50.0 76.5 44.4 67.9 41.0 62.7 36.6 56.0

24 45.7 69.9 41.7 63.8 44.2 67.6 39.2 60.0 36.1 55.3 32.2 49.4

26 40.5 62.1 36.9 56.6 39.3 60.2 34.8 53.3 32.1 49.1 28.6 43.8

28 35.2 53.9 31.1 47.7 28.6 43.9 25.5 39.1

30 31.6 48.5 28.0 42.9 25.7 39.4 22.9 35.1

32

34

36

38

40
Properties

Ag, in.2 14.6 13.2 12.0 10.9 10.0 8.96

rx, in. 1.67 1.66 1.85 1.82 1.81 1.80

ry, in. 3.71 3.70 2.48 2.48 2.46 2.45

rx/ry 0.450 0.449 0.746 0.734 0.736 0.735
ASD LRFD [c] Shape is slender for compression with Fy = 50 ksi; tabulated values have been adjusted accordingly.

[f] Shape exceeds compact limit for flexure with Fy = 50 ksi; tabulated values have been adjusted accordingly.

Note: Heavy line indicates Lc/ry equal to or greater than 200.
Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT7×× WT6××
lb/ft 26.5[c] 24[c] 21.5[c] 168[h] 152.5[h] 139.5[h]

tpl (in.) 22 22 aa 2 2 1ww

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 96.0 144 87.6 131 80.2 120 379 569 343 515 327 490

1 92.2 138 83.4 125 75.4 113 378 567 342 513 325 488

2 90.9 137 82.3 124 74.1 111 376 564 341 511 324 486

3 90.0 135 81.4 122 73.3 110 373 559 337 506 320 481

4 88.8 133 80.4 121 72.4 109 368 552 333 499 316 474

5 87.3 131 79.1 119 71.3 107 362 544 327 491 310 465

6 85.4 129 77.4 117 69.8 105 355 533 320 481 303 455

8 79.9 120 72.7 110 65.7 99.2 337 508 303 457 286 431

10 73.0 110 66.5 101 60.3 91.2 317 478 284 429 266 402

12 65.7 100 59.8 90.8 54.3 82.4 295 446 263 398 245 371

14 58.4 88.9 53.2 80.9 48.1 73.2 271 411 241 365 223 339

16 51.4 78.3 46.8 71.4 42.2 64.3 247 375 218 331 201 306

18 44.7 68.3 40.7 62.2 36.6 55.9 223 339 196 298 180 273

20 38.8 59.4 35.3 54.0 31.7 48.4 200 304 175 266 160 243

22 34.0 52.0 30.9 47.3 27.7 42.3 180 274 157 239 143 218

24 30.0 45.9 27.2 41.7 24.3 37.3 162 247 141 215 128 195

26 26.6 40.8 24.2 37.0 21.6 33.0 146 224 127 195 115 176

28 23.8 36.4 21.6 33.1 19.2 29.5 133 203 116 177 104 159

30 21.4 32.7 19.4 29.7 17.2 26.4 121 185 105 161 94.8 145

32 111 170

34

36

38

40
Properties

Ag, in.2 7.80 7.07 6.31 49.5 44.7 41.0

rx, in. 1.88 1.88 1.86 1.96 1.90 1.86

ry, in. 1.92 1.91 1.89 3.47 3.42 3.38

rx/ry 0.979 0.984 0.984 0.565 0.556 0.550
ASD LRFD [c] Shape is slender for compression with Fy = 50 ksi; tabulated values have been adjusted accordingly.

[h] Flange thickness is greater than 2 in. Special requirements may apply per AISC Specification Section A3.1d.

Note: Heavy line indicates Lc/ry equal to or greater than 200.
Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT6××
lb/ft 126[h] 115[h] 105 95 85 76

tpl (in.) 122 122 144 144 144 1

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 306 460 281 421 268 403 243 364 219 329 208 313

1 305 457 280 419 267 400 241 362 217 326 206 309

2 303 455 278 417 265 397 239 359 216 323 204 307

3 300 450 275 413 262 393 237 355 213 320 202 304

4 295 443 270 406 257 386 232 349 209 314 198 298

5 289 435 264 398 251 378 227 341 204 307 193 290

6 282 424 258 388 244 368 220 331 198 298 186 281

8 265 400 242 364 228 344 204 309 183 276 172 259

10 246 371 223 337 209 317 187 283 167 253 155 235

12 225 341 204 308 190 288 169 256 150 227 138 210

14 203 309 183 279 170 258 150 228 133 202 122 185

16 182 277 163 249 150 228 132 201 116 177 106 161

18 161 246 144 220 131 200 115 176 101 154 91.5 140

20 143 218 127 194 116 177 101 154 88.7 135 79.9 122

22 127 194 113 173 103 157 89.4 137 78.3 120 70.3 107

24 114 174 101 154 91.3 140 79.5 122 69.5 106 62.2 95.2

26 102 156 90.8 139 81.8 125 71.1 109 62.1 95.0 55.4 84.9

28 92.3 141 81.9 125 73.6 113 63.9 97.9

30 83.7 128

32

34

36

38

40
Properties

Ag, in.2 37.1 33.8 30.9 28.0 25.0 22.4

rx, in. 1.81 1.77 1.73 1.68 1.65 1.62

ry, in. 3.34 3.31 3.28 3.25 3.22 3.19

rx/ry 0.542 0.535 0.527 0.517 0.512 0.508
ASD LRFD [h] Flange thickness is greater than 2 in. Special requirements may apply per AISC Specification Section A3.1d.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT6××
lb/ft 68 60 53 48 43.5 39.5

tpl (in.) 1 ww ww ss ss 22

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 189 284 178 267 158 237 149 223 137 206 130 195

1 187 280 175 262 155 232 145 218 133 200 125 188

2 185 277 173 260 153 230 143 214 131 197 123 184

3 183 274 171 257 151 227 141 212 129 194 121 182

4 179 270 168 253 149 223 139 208 127 191 119 179

5 174 262 163 245 144 217 135 203 124 187 116 175

6 174 262 158 238 138 209 129 195 119 180 112 169

7 167 252 151 228 132 200 123 186 114 171 106 161

8 159 241 144 217 126 190 117 177 108 163 101 152

9 151 229 136 206 119 180 110 167 101 154 94.7 143

10 143 217 129 195 112 170 104 157 95.1 144 88.6 134

11 135 205 121 184 105 159 96.8 147 88.8 135 82.5 125

12 127 193 113 172 98.0 149 90.1 137 82.5 126 76.5 116

13 119 180 106 161 91.2 139 83.6 127 76.4 116 70.7 108

14 111 168 98.4 150 84.5 129 77.2 118 70.5 108 65.0 99.2

15 103 157 91.1 139 78.0 119 71.1 108 64.8 98.9 59.7 91.1

16 95.2 145 84.2 129 72.1 110 65.5 100 59.7 91.2 54.9 83.8

18 82.1 125 72.5 111 61.9 94.6 56.1 85.7 51.0 78.0 46.8 71.5

20 71.5 109 62.9 96.2 53.6 82.0 48.5 74.2 44.1 67.4 40.3 61.6

22 62.7 95.9 55.1 84.2 46.9 71.7 42.3 64.7 38.4 58.7 35.0 53.6

24 55.4 84.7 48.5 74.3 41.3 63.2 37.1 56.9 33.7 51.6 30.7 47.0

26 49.2 75.3 43.1 66.0

28

30
Properties

Ag, in.2 20.0 17.6 15.6 14.1 12.8 11.6

rx, in. 1.59 1.57 1.53 1.51 1.50 1.49

ry, in. 3.16 3.13 3.11 3.09 3.07 3.05

rx/ry 0.503 0.502 0.492 0.489 0.489 0.489
ASD LRFD Note: Heavy line indicates Lc/ry equal to or greater than 200.

Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT6××
lb/ft 36 32.5[f] 29 26.5 25 22.5

tpl (in.) 1212 1212 1212 aa 22 aa

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 120 180 110 164 97.9 147 94.3 141 86.9 130 81.4 122

1 115 172 104 156 93.8 141 89.3 134 83.6 125 77.5 116

2 112 169 101 152 92.2 138 87.6 131 82.4 124 76.3 115

3 111 166 100 150 90.9 137 86.3 130 81.4 122 75.3 113

4 109 164 97.9 147 89.4 134 84.8 128 80.1 120 74.1 111

5 106 160 95.8 144 87.4 132 83.0 125 78.4 118 72.5 109

6 103 156 93.3 141 84.3 127 80.9 122 76.0 114 70.5 106

7 98.0 148 89.0 134 80.1 121 76.9 116 72.5 109 67.5 102

8 92.6 140 84.0 127 75.7 115 72.6 110 68.8 104 63.9 96.6

9 86.9 132 78.8 119 71.2 108 68.1 103 64.9 98.3 60.2 91.1

10 81.2 123 73.5 112 66.5 101 63.6 96.5 61.0 92.5 56.4 85.5

11 75.6 115 68.3 104 61.9 94.1 59.1 89.9 57.1 86.7 52.7 80.0

12 70.0 107 63.2 96.2 57.4 87.3 54.7 83.3 53.2 80.9 49.0 74.5

13 64.6 98.4 58.2 88.7 53.0 80.7 50.5 76.9 49.4 75.3 45.4 69.2

14 59.3 90.5 53.4 81.5 48.7 74.4 46.4 70.8 45.8 69.8 42.0 64.0

15 54.4 83.0 48.9 74.6 44.7 68.2 42.4 64.8 42.3 64.5 38.7 59.0

16 49.9 76.3 44.9 68.6 41.1 62.7 38.9 59.5 38.9 59.4 35.5 54.2

18 42.5 65.1 38.2 58.4 35.0 53.5 33.1 50.6 33.2 50.8 30.2 46.2

20 36.6 56.0 32.8 50.2 30.1 46.0 28.4 43.5 28.6 43.8 26.0 39.8

22 31.8 48.7 28.5 43.6 26.1 40.0 24.6 37.7 24.9 38.1 22.6 34.5

24 27.8 42.7 24.9 38.2 22.9 35.1 21.5 33.0 21.8 33.5 19.8 30.3

26 19.3 29.6 17.4 26.7

28

30
Properties

Ag, in.2 10.6 9.54 8.52 7.78 7.30 6.56

rx, in. 1.48 1.47 1.50 1.51 1.60 1.59

ry, in. 3.04 3.02 2.51 2.48 1.96 1.95

rx/ry 0.487 0.487 0.598 0.609 0.816 0.815
ASD LRFD [f] Shape exceeds compact limit for flexure with Fy = 50 ksi; tabulated values have been adjusted accordingly.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT6×× WT5××
lb/ft 20[c] 56 50 44 38.5 34

tpl (in.) aa 1 ww ww ss ss

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 72.3 108 144 215 137 206 123 184 112 168 101 151

1 68.4 103 142 213 136 203 121 181 110 165 98.1 147

2 67.3 101 140 211 134 201 119 179 108 163 96.5 145

3 66.4 100 138 207 131 197 117 176 106 160 94.7 142

4 65.3 98.2 134 201 127 191 113 170 103 155 91.7 138

5 63.9 96.2 128 193 122 183 108 163 97.9 148 87.2 131

6 62.3 93.9 123 185 116 174 103 155 92.4 140 82.2 124

7 60.1 90.7 116 175 109 165 96.6 146 86.6 131 76.9 116

8 56.8 85.8 109 166 102 155 90.3 137 80.6 122 71.3 108

9 53.4 80.8 102 155 95.2 144 83.9 127 74.6 113 65.8 100

10 49.9 75.8 95.5 145 88.2 134 77.5 118 68.5 104 60.3 91.7

11 46.6 70.7 88.5 135 81.2 124 71.2 108 62.6 95.4 54.9 83.7

12 43.2 65.8 81.6 124 74.5 113 65.1 99.2 56.9 86.7 49.7 75.8

13 40.0 61.0 74.9 114 67.9 104 59.2 90.3 51.6 78.7 45.0 68.7

14 36.9 56.3 68.7 105 62.1 94.8 54.1 82.5 46.9 71.7 40.9 62.5

15 33.9 51.8 63.2 96.4 56.9 86.9 49.5 75.6 42.9 65.5 37.4 57.1

16 31.1 47.6 58.3 89.0 52.5 80.2 46.0 70.4 39.6 60.5 34.7 53.1

18 26.5 40.5 49.9 76.3 44.7 68.4 39.1 59.9 33.5 51.3 29.3 44.9

20 22.7 34.8 43.2 66.1 38.5 58.9 33.6 51.5 28.7 44.0 25.1 38.4

22 19.7 30.2 37.7 57.7

24 17.3 26.4

26 15.2 23.3

28

30
Properties

Ag, in.2 5.84 16.5 14.7 13.0 11.3 10.0

rx, in. 1.57 1.32 1.29 1.27 1.24 1.22

ry, in. 1.94 2.67 2.65 2.63 2.60 2.58

rx/ry 0.809 0.494 0.487 0.483 0.477 0.473
ASD LRFD [c] Shape is slender for compression with Fy = 50 ksi; tabulated values have been adjusted accordingly.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT5××
lb/ft 30 27 24.5 22.5 19.5 16.5

tpl (in.) 1212 1212 1a1a 1212 aa aa

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 93.6 140 84.5 127 81.1 122 73.0 109 66.9 100 58.8 88.2

1 90.5 136 81.1 122 77.2 116 70.6 106 63.9 96.0 55.0 82.6

2 88.9 134 79.5 119 75.5 113 69.5 104 62.8 94.4 54.0 81.0

3 87.2 131 77.9 117 73.9 111 68.2 103 61.7 92.7 53.0 79.6

4 84.9 128 75.9 114 72.0 108 66.3 100 60.1 90.5 51.7 77.8

5 80.5 121 72.2 109 68.8 104 63.0 95.0 57.5 86.7 50.1 75.6

6 75.7 114 67.7 102 64.3 97.2 59.3 89.5 54.0 81.5 47.5 71.7

7 70.5 107 62.9 95.3 59.6 90.3 55.3 83.7 50.2 76.1 44.2 66.9

8 65.2 99.0 58.0 88.1 54.8 83.2 51.2 77.7 46.4 70.4 40.8 61.9

9 60.0 91.1 53.2 80.8 50.0 76.1 47.1 71.5 42.5 64.6 37.4 56.9

10 54.7 83.3 48.4 73.7 45.3 69.1 43.0 65.5 38.8 59.0 34.1 52.0

11 49.7 75.7 43.8 66.8 40.9 62.4 39.1 59.7 35.2 53.6 31.0 47.2

12 44.8 68.4 39.4 60.1 36.6 56.0 35.4 54.0 31.7 48.4 27.9 42.7

13 40.5 61.8 35.5 54.3 33.0 50.4 32.0 48.8 28.6 43.6 25.1 38.4

14 36.7 56.1 32.2 49.2 29.8 45.6 29.0 44.3 25.8 39.5 22.7 34.8

15 33.4 51.1 29.3 44.8 27.1 41.4 26.4 40.3 23.5 35.9 20.6 31.6

16 30.5 46.7 26.7 40.9 24.7 37.8 24.1 36.9 21.4 32.8 18.8 28.8

17 28.0 42.9 24.5 37.5 22.6 34.6 22.1 33.8 19.6 30.0 17.2 26.4

18 25.8 39.5 22.5 34.5 20.7 31.8 20.3 31.1 18.0 27.6 15.8 24.2

19 23.8 36.4 20.8 31.8 19.1 29.3 18.7 28.7 16.6 25.4 14.6 22.3

20 22.0 33.7 17.3 26.6 15.3 23.5 13.4 20.6

21 12.5 19.1

22

23
Properties

Ag, in.2 8.84 7.90 7.21 6.63 5.73 4.85

rx, in. 1.21 1.19 1.18 1.24 1.24 1.26

ry, in. 2.57 2.56 2.54 2.01 1.98 1.94

rx/ry 0.471 0.465 0.465 0.617 0.626 0.649
ASD LRFD Note: Heavy line indicates Lc/ry equal to or greater than 200.

Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Table 4 (continued)

Available Strength
Axial Compression, kips

Eccentrically Loaded WT-Shapes

Shape WT4××
lb/ft 33.5 29 24 20 17.5 15.5[f]

tpl (in.) ss ss 22 aa aa aa

Design
Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn Pn//ΩΩc ϕϕcPn

ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD ASD LRFD

L c
x 

== 
L c

y 
== 

L c
z 

== 
L b

, f
t

0 91.2 137 81.2 122 69.5 104 63.3 95.0 56.1 84.2 50.8 76.2

1 89.8 135 79.6 119 67.8 102 61.0 91.6 53.6 80.4 47.9 71.9

2 88.4 133 78.3 118 66.5 100 59.7 89.7 52.3 78.6 46.7 70.2

3 85.3 128 75.6 114 64.2 96.6 58.1 87.4 50.8 76.5 45.4 68.3

4 81.1 122 71.7 108 60.5 91.2 54.7 82.5 48.1 72.6 43.5 65.6

5 76.2 115 67.2 101 56.3 85.0 50.7 76.6 44.4 67.1 40.1 60.6

6 70.8 107 62.2 94.1 51.7 78.3 46.3 70.2 40.5 61.3 36.5 55.3

7 65.2 98.8 57.0 86.5 47.0 71.3 41.9 63.6 36.5 55.4 32.8 49.9

8 59.5 90.4 51.8 78.7 42.3 64.3 37.5 57.1 32.5 49.5 29.3 44.5

9 53.8 81.9 46.7 71.1 37.7 57.5 33.3 50.8 28.7 43.8 25.8 39.4

10 48.3 73.7 41.7 63.6 33.4 50.9 29.3 44.8 25.2 38.5 22.6 34.6

11 43.2 65.9 37.2 56.7 29.6 45.2 25.9 39.6 22.2 34.0 19.9 30.5

12 38.8 59.3 33.3 50.9 26.4 40.4 23.1 35.3 19.7 30.2 17.7 27.1

13 35.0 53.5 30.0 45.8 23.7 36.2 20.6 31.5 17.6 27.0 15.8 24.2

14 31.7 48.5 27.1 41.5 21.4 32.7 18.5 28.4 15.8 24.2 14.2 21.7

15 28.8 44.1 24.6 37.7 19.3 29.6 16.7 25.6 14.3 21.9 12.8 19.6

16 26.3 40.2 22.4 34.3 17.6 26.9 15.2 23.3 12.9 19.8 11.6 17.7

17 24.1 36.9 20.5 31.4

18

19

20

21

22

23
Properties

Ag, in.2 9.84 8.54 7.05 5.87 5.14 4.56

rx, in. 1.05 1.03 0.986 0.988 0.968 0.969

ry, in. 2.12 2.10 2.08 2.04 2.03 2.02

rx/ry 0.495 0.490 0.474 0.484 0.477 0.480
ASD LRFD [f] Shape exceeds compact limit for flexure with Fy = 50 ksi; tabulated values have been adjusted accordingly.

Note: Heavy line indicates Lc/ry equal to or greater than 200.Ωb = 1.67 ϕb = 0.90

Ωc = 1.67 ϕc = 0.90

Fy == 50 ksi
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Design Example 3 Using Table 4

Given:

Member of Design Example 1; WT7×45, pin-connected and braced at the ends using 142  in. × 2 in. gusset plates, LRFD 
method, Lcx = Lcy = Lcz = Lb = L = 12 ft. Determine the available eccentric axial compressive strength using Table 4.

Solution:

From Table 4; for a WT7×45, at Lcx = 12 ft, ϕcPn ecc = 149 kips. This is the same value calculated in Example 1 earlier.

Design Example 4 Using Table 4

Given:

Member of Design Example 2; WT7×30.5, pin-connected and braced at the ends using 10  in. × 2 in. gusset plates, ASD 
method, Lcx = Lcy = Lcz = Lb = L = 10 ft. Determine the available eccentric axial compressive strength using Table 4.

Solution:

From Table 4; for a WT7×30.5, at Lcx = 10 ft, (Pn ecc)/Ωc = 78.5 kips. This is the same value calculated in Example 2 earlier.

USING THICKER GUSSET  
PLATES THAN RECOMMENDED

The gusset plate thickness recommended in this paper for 
eccentrically loaded WT compression members are about 
tpl = 0.6tf, rounded up to the next practical and readily avail-
able plate thickness. Recommended plate thicknesses are 
listed at the top of each column in Table 4.

Plate thicknesses recommended in Table 4 may seem low. 
For instance, a recommended plate thickness of 2.50 in. for 
connecting to a WT7×250 with a flange thickness of tf = 
3.50  in. may appear inadequate. The designer may feel it 
is conservative to use a thicker gusset plate for the connec-
tion than recommended. While this may be true for the gus-
set plate strength, a thicker plate increases load eccentricity 
(see Eq. 1), resulting in a decrease in the WT compression 
member’s available strength.

It is noted that plate thicknesses recommended are based 
on plate compressive strength assuming that plate flexural 
buckling does not apply and Fn = Fy. See AISC Specifica-
tion Section J4.4(a) and Equation J4-6.

IMPACT OF αα ON THE AVAILABLE STRENGTH 
BASED ON THE LRFD AND ASD METHODS

Ordinarily, the ratio of the available strength of a member 
in LRFD and ASD is 1.50, namely,

	
Rn = 1.50( ) Rn

Ω
ϕ ⎛

⎝
⎞
⎠ 	

(24)

This ratio was checked for all values of Table 4. The 1.50 
ratio holds for most, but not all cases in Table 4. The values 
of this ratio for shapes and unbraced length considered in 

this study ranged from 1.49 to 1.54. This variation is due to 
the role of α in the B1x equation for LRFD and ASD. Fur-
ther discussion of this subject is beyond the scope of this 
paper.

SYMBOLS

B1	 Multiplier to account for P-δ effects, determined 
for each member, and each direction of bending of 
the member (B1x and B1y) in accordance with AISC 
Specification Appendix 8, Section 8.1.2

B2	 Multiplier to account for P-Δ effects, determined 
for each story of the structure and each direction 
of lateral translation of the story (B2x and B2y) in 
accordance with AISC Specification Appendix 8, 
Section 8.1.3

Cm	 Equivalent uniform moment factor, assuming no 
relative translation of the member ends, for bending 
in each direction (Cmx and Cmy)

Lc1	 Effective length in the plane of bending (Lc1x and 
Lc1y), calculated based on the assumption of no 
lateral translation at the member ends, set equal to 
the laterally unbraced length of the member unless 
analysis justifies a smaller value, in. (mm)

Max	 Required moment including P-δ effect using ASD 
load combinations, kip-in. (N-mm)

Mlt	 First-order moment using LRFD or ASD load 
combinations, due to lateral translation of the 
structure only, kip-in. (N-mm)
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Mntx	 First-order moment about x-axis using LRFD 
or ASD load combinations, with the structure 
restrained against lateral translation, kip-in. 
(N-mm)

Mnx	 Nominal strength in flexure based on the limit 
states of yielding, flange local buckling, and lateral 
torsional buckling, kip-in. (N-mm)

Mr	 Required second-order flexural strength, kip-in. 
(N-mm) 
= Mu (LRFD) 
= Ma (ASD)

Mux	 Required moment including P-δ effect using LRFD 
load combinations, kip-in. (N-mm)

P	 Axial compressive load, kips (N) 
= Pu (LRFD) 
= Pa (ASD)

Pa	 Axial compressive force using ASD load 
combinations, kips (N)

Pe1	 Elastic critical buckling strength of the member 
in the plane of bending (Pe1x and Pe1y), calculated 
based on the assumption of no lateral translation at 
the member ends, kips (N)

	 =
 

2EI

Lc1( )2
π

�
(AISC Spec. Eq. A-85)

Plt	 First-order axial force due to lateral translation 
of the structure only using LRFD or ASD load 
combinations, kips (N)

Pn	 Nominal concentric compressive strength based on 
the limit states of flexural and flexural-torsional 
buckling in interaction with local buckling, kips 
(N)

Pn ecc	 Nominal eccentric compressive strength based on 
the limit states of flexural and flexural-torsional 
buckling in interaction with local buckling, kips 
(N)

Pnt	 First-order axial force with the structure restrained 
against lateral translation using LRFD or ASD load 
combinations, kips (N)

Pr	 Required second-order axial strength using LRFD 
or ASD load combinations, kips (N) 
= Pu (LRFD) 
= Pa (ASD)

Pu	 Axial compressive force using LRFD load 
combinations, kips (N)

e	 Load eccentricity along the y-axis of the applied load 
measured from the centroid of the WT section, in. (mm) 

0.5tf += y

tf	 Thickness of the flange of the WT-section, in. 
(mm)

tpl	 Thickness of the gusset plate, in. (mm)

y	 Distance along the y-axis from the centroid of the 
WT-section to the outside of the flange, in. (mm)

Ωb 	 Safety factor for flexure (ASD) 
= 1.67

Ωc	 Safety factor for compression (ASD) 
= 1.67

α	 = 1.0 (LRFD) 
= 1.6 (ASD)

ϕcPn ecc	 Available strength in axial compression for an 
eccentrically loaded WT member using LRFD load 
combinations, kips (N)

Pn ecc

cΩ
	 Available strength in axial compression for an 

eccentrically loaded WT member using ASD load 
combinations, kips (N)

ϕb	 Resistance factor for flexure (LRFD) 
= 0.90

ϕc	 Resistance factor for compression (LRFD) 
= 0.90

REFERENCES

AISC (2005a), Specification for Structural Steel Buildings, 
ANSI/AISC 360-05, American Institute of Steel 
Construction, Chicago, Ill.

AISC (2005b), Steel Construction Manual, 13th Ed., 
American Institute of Steel Construction, Chicago, Ill.

AISC (2022), Specification for Structural Steel Buildings, 
ANSI/AISC 360-22, American Institute of Steel 
Construction, Chicago, Ill.

AISC (2023a), Steel Construction Manual, 16th Ed., 
American Institute of Steel Construction, Chicago, Ill.

AISC (2023b), AISC Shapes Database, Version 16.0, 
American Institute of Steel Construction, Chicago, Ill., 
https://bit.ly/3AS6RqW.

ASTM (2020), Standard Specification for High-Strength 
Low-Alloy Columbuam-Vanadium Structural Steel, 
ASTM A992/992M, ASTM International, West 
Conshohocken, Pa.

ASTM (2021), Standard Specification for Structural Steel 
Shapes, ASTM A572/572M, ASTM International, West 
Conshohocken, Pa.



182 / ENGINEERING JOURNAL / SECOND QUARTER / 2026

Gordon, M.E. (2010), “Tables for Eccentrically Loaded WT 
Shapes in Compression,” Engineering Journal, AISC, 
Vol.  47, No.  2, pp.  91–100, https://doi.org/10.62913/engj 
.v47i2.979.



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 183 ISSN 2997-4720

Flexural Buckling Curves of High-Strength,  
Wide-Flange Steel Columns
SHAHRIAR QUAYYUM

ABSTRACT

Rolled shapes using structural steel with a specified yield strength, Fy, of 65 ksi or higher are considered an alternative solution to built-up 
shapes using conventional steel grades. However, major evidence exists that current design rules (e.g., AISC 360, Eurocode 3) are likely 
overly conservative for these higher-strength steels with Fy ≥ 65 ksi—particularly at yield strengths of 80 ksi and above when employed as 
structural steel columns—due in part to assumptions regarding residual stresses. In order to understand the extent of these conservative 
predictions and explore if alternative design provisions could be provided to engineers utilizing specific shapes and high-strength materials 
grade, this study presents comprehensive nonlinear finite element analyses of rolled W-shape columns made from ASTM A992 (Fy = 50 ksi) 
and A913 Grade 80 (Fy = 80 ksi) steels. The models incorporate validated multiaxial residual stress distributions, geometric imperfections, 
and nonlinear material behavior, and are benchmarked against experimental data.

Column flexural buckling curves are developed for a range of cross-sectional geometries and slenderness ratios and compared to predic-
tions from AISC 360 and Eurocode 3 for both major and minor axis buckling. For A992 (Fy = 50 ksi), the AISC column curve overestimates 
the buckling strength for heavier sections and underestimates it for more slender or lightly built shapes, reflecting shape-dependent diver-
gence. For A913 Grade 80 (Fy = 80 ksi), simulation results are generally close to AISC predictions, with a 5–14% increase in buckling strength 
observed, depending on the section geometry and slenderness. The findings generally support the use of AISC 360-22 but suggest refine-
ment might be needed for heavier or high-strength rolled shapes in the inelastic buckling range. The results also highlight the potential need 
for shape- or grade-specific column curves. Future experimental validation will be essential to confirm these trends and guide potential 
updates to design standards.

Keywords:  high-strength steel, finite element analysis, flexural buckling, initial imperfection, residual stresses, rolled shape, W section.

INTRODUCTION

Rolled shapes using high-strength structural steel (HS3) 
with a specified yield strength, Fy, of 65 ksi (450 MPa) 

or higher can provide improvements in cost, speed, sim-
plicity, footprint, performance, and embodied carbon con-
tent when applied in lower stories of high-rise buildings 
and other non-stiffness-controlled structural members such 
as long span trusses. These hot-rolled shapes are desirable 
when considering alternative solutions such as built-up 
shapes using conventional steel grades. Several exam-
ples exist in the United States today, where high-strength 
rolled shapes were selected for columns. A notable exam-
ple of high-strength, rolled-shape application is the 320 S. 
Canal project (Union Station Tower) in Chicago, which uti-
lized ASTM A913 (2019b) Grade 80 wide-flange columns 
in the tower’s upper perimeter framing. This marked the 
first documented use of Grade 80 rolled shapes in a U.S. 
building project, enabling more compact section sizes and 

a 20% steel tonnage reduction in upper-story framing. 
Such applications underscore the growing demand for opti-
mized column design provisions for rolled HS3 products. 
The readers are also referred to HS3 Ad Hoc Task Group 
Report on High Strength Steel (AISC, 2019) for other exam-
ples. High-strength rolled shape columns have also been 
used in several major structures worldwide, particularly in 
high-rise buildings and large infrastructure projects, that 
showcase how rolled-shape columns (mainly wide-flange 
beams, H-sections, and hollow structural sections) are 
incorporated into modern high-strength steel structures to 
enhance load-bearing capacity, seismic performance, and 
overall efficiency. Reports have shown that for larger load 
applications, rolled high-strength steel shapes can save up 
to 46% of the fabrication cost compared to Gr. 50 built-up 
members (ArcelorMittal, 2019).

Currently, select producers are capable of rolling plates 
with a specified yield stress up to 130  ksi using quench-
ing and tempering processes. Hot-rolled wide flange shapes 
with a specified yield stress up to 80  ksi made by the 
quenched and self-tempering (QST) process are also avail-
able, while other hot-rolled shapes with a specified yield 
stress of 65 ksi or greater are also available. Although sev-
eral U.S.-based steel producers are capable of producing 
these HS3 products, a lack of guidance and standards has 
seemingly kept designers from implementing HS3 into their 
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building designs, which has, in turn, limited the produc-
tion of the material (Stall et al., 2024). While high-strength 
steel is still more expensive on a per-ton basis, the cost pre-
mium for rolled shapes with Fy = 65 ksi is generally modest 
(5–10%), whereas for Fy = 80 ksi, the premium may range 
from 10–20%, depending on section availability, produc-
tion methods, and regional market conditions (AISC, 2019; 
ArcelorMittal, 2020). Although high-strength steel may 
have a higher unit cost, its use can reduce total material ton-
nage and fabrication effort, leading to potential cost savings 
at the system level, particularly in long-span or high-rise 
applications.

High-strength rolled shape steel columns, particularly 
those specified under ASTM A572 (2021b) Grade 65 and 
A913 Grades 65, 70, and 80, have become increasingly 
viable for structural applications due to advances in QST 
manufacturing. These grades offer enhanced strength and 
comparable ductility to conventional steels, enabling poten-
tial reductions in member size, weight, and embodied car-
bon. However, design provisions such as those in AISC 
360, Specification for Structural Steel Buildings (2022b), 
hereafter referred to as AISC 360, have not yet been recali-
brated to fully reflect the unique residual stress patterns and 
imperfection behavior of these modern high-strength mate-
rials. While previous studies on welded and cold-formed 
high-strength steel (e.g., S690 plates, rectangular HSS, box 
sections) have contributed to understanding flexural buck-
ling behavior in high-strength applications, those findings 
may not directly translate to rolled W-shape columns, where 
residual stress magnitudes, distributions, and geometry 
differ substantially. A more targeted evaluation of design 
curve applicability is therefore needed for high-strength 
rolled shapes, particularly those produced to ASTM A913 
specifications.

The hot-rolled wide flange shapes that have been used 
in U.S. building construction to date are high-strength 

low-alloy (HSLA), including the use of the QST process 
with specified yield strengths up to 80 ksi (550 MPa). These 
products are readily available for supply to projects in the 
United States and across the world, although domestic pro-
duction of rolled shapes exceeding Fy = 65 ksi is currently 
limited to a small number of producers. These products are 
permitted for use in steel buildings per AISC 360 (2022b), 
Section A3.1a (Listed Materials), and shown in Table A3.1. 
Hot-rolled wide-flange shapes listed in Table  A3.1 with 
Fy values of 65  ksi (450 MPa) or greater are duplicated 
here in Table  1. As shown in Table  1, ASTM A913 is a 
quenching-and-self-tempering (QST) processed specifica-
tion developed specifically for rolled structural shapes in 
Grades 65, 70, and 80. ASTM A572 is a general-purpose, 
high-strength low-alloy steel specification applicable to 
plates, bars, and shapes, but it does not require QST pro-
cessing. ASTM A709 (2018b) is a bridge steel specification 
that integrates requirements from A913 or A572, depending 
on the grade and intended application. For instance, A709 
Grade 70W (QST) corresponds to A913 Grade 70 with 
additional requirements for notch toughness and weldabil-
ity. This study focuses exclusively on wide-flange shapes 
produced to ASTM A913 Grade 80.

AISC 360-22 allows the usage of the materials shown 
in Table 1 with a specified Fy of 65 ksi to be used without 
any special limits or considerations, including designing by 
inelastic analysis (AISC 360-22, Appendix 1). The allowable 
use of inelastic analysis infers these steels possess adequate 
static ductility when designing within the prescribed limits 
of AISC 360, including utilizing limits on cross-sectional 
geometrical limits and component slenderness.

For materials listed in AISC 360-22 with a specified 
yield stress greater than 65  ksi (in Table  1, this would 
include A913/A913M Gr. 70 and Gr. 80 material), there are 
both explicit prescribed limitations when using these mate-
rials (such as prohibition to use them if plastic hinging is 

Table 1.  Materials Listed in AISC 360-22, Table A3.1, with Fy ≥≥ 65 ksi

Specified Yield Stress 
(Fy)

Standard Designation of  
Listed Material in AISC 360-22

Steel Type and  
Production Process

65 ksi (450 MPa)

ASTM A572/A572M Gr. 65 [450], Type 1, 2, or 3 High-strength low-alloy (HSLA) steel

A709/A709M QST 65 [QST 450]
HSLA steel produced by quenching  
and self-tempering process (QST) 

A913/A913M Gr. 65 [450]
HSLA steel produced by quenching  
and self-tempering process (QST)

70 ksi (485 MPa)
A709/A709M QST 70 [QST 485]

HSLA steel produced by quenching  
and self-tempering process (QST) 

A913/A913M Gr. 70 [485]
HSLA steel produced by quenching  
and self-tempering process (QST)

80 ksi (550 MPa) A913/A913M Gr. 80 [550]
HSLA steel produced by quenching  
and self-tempering process (QST)



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 185 

expected based on inelastic analysis per Appendix 1, Sec-
tion 1.3.2a) and design rules that likely do not apply to these 
materials in the same way as lower strength materials. How-
ever, major evidence exists that current design rules (e.g., 
AISC 360-22, Eurocode 3, Part 1-1) are likely overly con-
servative for these high-strength steels when employed as 
structural steel columns, due in part to assumptions regard-
ing residual stresses (Ban et al., 2013; Shi et al., 2012; Li et 
al., 2016; Stroetmann and Penner, 2024).

The column design curve adopted in Eurocode 3, Part 1-1 
(CEN, 2005a), are based on the Perry-Robertson formula-
tion, with calibration performed using an extensive experi-
mental database assembled by the European Convention for 
Constructional Steelwork (ECCS). The curve families (des-
ignated by imperfection factors α) reflect the effect of geo-
metric imperfections and residual stresses across different 
cross-section types. These include cold-formed, hot-rolled, 
and built-up shapes, with the choice of α determined by 
member type and fabrication method. Based on these con-
ditions, Eurocode 3 (EC3) provides a family of five column 
buckling curves (a0, a, b, c, d), with each curve tailored 
to different residual stress distributions, imperfection sen-
sitivities, and section types. Curve a0, for example, reflects 
high-quality hot-rolled sections with low imperfection 
amplitudes, while curves c and d are reserved for fabricated 
or cold-formed members more prone to geometric variabil-
ity. This multiplicity of curves allows Eurocode 3 to better 
reflect the diverse behaviors of different steel column types.

In contrast, AISC 360, Chapter E, adopted a single uni-
fied column design curve for simplicity and conservatism, 
which was developed based on calibration studies primar-
ily using mild steel grades such as ASTM A36 (2019a) and 
A572 Grade 50. These calibrations—originally developed 
through the Structural Stability Research Council (SSRC) 
and summarized in its Guide to Stability Design Criteria 
for Metal Structures (Galambos, 1998)—assumed ideal-
ized residual stress patterns (e.g., ±0.3Fy for flanges and 
webs) and geometric imperfections representative of con-
ventional rolling and fabrication processes from the 1960s 
to 1980s. The development of this column curve is based on 
assumptions regarding initial out-of-straightness and resid-
ual stress distributions, as outlined in Appendix 1 of AISC 
360. However, modern high-strength rolled shapes (e.g., 
A913 Grade 80) produced by QST processes tend to exhibit 
reduced residual stress magnitudes (relative to Fy) and more 
uniform geometric tolerances due to tighter production con-
trols. As a result, application of the existing AISC curve—
originally intended as a single conservative envelope—may 
be overly restrictive for such shapes, especially in the 
inelastic slenderness range where residual stresses and geo-
metric imperfections play a dominant role. In this study, the 
validity of these assumptions is assessed for high-strength 
rolled W-shape columns by explicitly modeling residual 

stress distributions and initial imperfections in finite ele-
ment (FE) simulations. The resulting buckling strengths are 
then compared to those predicted by Chapter E to evaluate 
whether the current design curve remains appropriate for 
A913 Gr. 80 shapes, or if modification may be warranted.

The primary objective of this study is to investigate the 
flexural buckling behavior of wide-flange rolled steel col-
umns fabricated from both conventional mild steel [ASTM 
A992 (2020), Fy = 50 ksi] and high-strength structural steel 
(ASTM A913 Grade 80, Fy = 80 ksi). Finite element mod-
els are developed to incorporate validated residual stress 
distributions, initial geometric imperfections, and nonlin-
ear material behavior. The simulated minor and major axis 
buckling responses are used to evaluate the accuracy and 
applicability of the current AISC 360-22 column design 
provisions across a range of cross-sectional geometries and 
slenderness ratios. The inclusion of A992 serves as a ref-
erence baseline to benchmark current design performance, 
while the comparison to A913 Gr. 80 highlights potential 
deviations that may warrant refinement of existing design 
curves for high-strength rolled W-shape columns. As men-
tioned before, AISC 360 and Eurocode 3 design column 
curves are rooted in decades of experimental and analyti-
cal research and are the result of rigorous reliability-based 
calibration procedures (e.g., the SSRC Column Curves for 
AISC and Perry-Robertson-based methods for EC3). These 
were based on extensive databases covering a wide range of 
geometries, materials, and imperfections, providing statis-
tically defensible strength predictions across broad design 
applications. The current study does not attempt to replicate 
this statistical calibration effort but, instead, uses validated 
finite element simulations to assess how the EC3 and AISC 
360 curves compare when applied to A913 Gr.  80 (Fy  = 
80 ksi) wide-flange sections.

PRIOR RESEARCH ON HIGH-STRENGTH STEEL

Numerous experimental and numerical studies have exam-
ined the flexural buckling behavior of high-strength steel 
members. Much of the prior work has focused on built-up 
or welded sections fabricated from plate products such as 
S690 (Fy = 690 MPa or 100 ksi) steel, which can exhibit dif-
ferent residual stress profiles and imperfection sensitivities 
compared to rolled shapes. Studies have also investigated 
cold-formed hollow structural sections (HSS), including 
square and rectangular tubes formed from high-strength 
strip steel. These sections often behave differently due to 
the cold-forming process and are governed by different 
design provisions.

Rasmussen and Hancock (1995) investigated the flex-
ural buckling capacity of 12 welded H-sections and 13 box 
sections with yield strengths of 100 ksi and higher. They 
found that the Australian, American, and British standards 
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were conservative, and they suggested using buckling curve 
a instead of curve c in European standards for minor axis 
buckling when using HS3. Li et al. (2012) conducted 12 
tests on welded box and H-sections and confirmed that 
buckling curve a is more accurate than curve c in European 
standards, and certain European buckling curves may be 
overly conservative for high-strength steel columns. Ban et 
al. (2013) tested six welded box and H-sections made from 
140 ksi steel, evaluating their buckling behavior and sug-
gesting modifications to existing design curves. They rec-
ommended buckling curve a in European standards for 
these columns. In addition, their study suggested a revised 
imperfection factor for European standards with further 
validation. Khan et al. (2013) investigated 15 welded box 
sections, focusing on composite columns, and recom-
mended using buckling curve a in European standards for 
composite high-strength steel and high-strength concrete 
(HSC) sections. Wang and Gardner (2013) tested eight 
hot-finished rectangular HSS columns with yield strength 
of 100  ksi and recommended using AISC 360 as-is or 
Eurocode 3, Part  1-1, with some modifications. Ma et al. 
(2015) investigated welded H-sections made from S690 
steel, assessing the applicability of existing design stan-
dards to slender columns. Their study concluded that Euro-
code 3, Part  1-1, underestimates buckling resistance and 
AISC 360 better matches actual failure loads. Somodi and 
Kövesdi (2016, 2017) studied the flexural buckling behav-
ior of 12 cold-formed rectangular HSS columns made of 
100 and 140 ksi steels. Their study suggested that curve b 
in European standards should be used for columns made 
of 70–100 ksi steel and curve a should be used for 140 ksi 
steel columns. Additional tests on six welded box-sections 
indicated that curve c is conservative, recommending curve 
a for 70–140 ksi steel columns.

More recently, Sun et al. (2020), presented experimen-
tal and numerical studies on the flexural buckling of S690 
high-strength steel welded I-section columns. Comparisons 
with European (Eurocode 3, Part  1-2), American [ANSI/
AISC 360 (2016)], and Australian [AS 4100 (2020)] stan-
dards showed that Eurocode 3, Part 1-2 (CEN, 2005b) and 
AS 4100 were overly conservative in predicting buckling 
resistance, whereas AISC 360-16 provided reasonable 
predictions, but with some overestimated resistances for 
intermediate and long columns. The authors proposed an 
improved design approach that modifies the EC3 buckling 
curve, leading to safer and more accurate resistance predic-
tions. Ferreira Filho et al. (2022) studied the flexural buck-
ling resistance of S690 high-strength steel welded I-section 
columns and beam-columns. The research includes experi-
mental testing, numerical modeling, and an evaluation of 
current design standards (Eurocode 3, AISC 360, AS 4100). 
The results of the study indicated that EC3 was overly con-
servative, underestimating buckling resistance, whereas 

AISC 360 was more accurate but slightly overestimated 
resistance in some cases. AS 4100 results were also conser-
vative, similar to Eurocode 3. Hence, the authors proposed 
a revision of buckling curves in EC3 to better reflect welded 
I-section column behavior.

Yun et al. (2023) investigated the flexural buckling 
behavior of homogeneous and hybrid welded I-section col-
umns across a range of steel grades (S235 to S960). The 
research includes residual stress analysis, experimental 
testing, finite element modeling (FEM), and evaluation 
of current design standards. Eurocode 3, Part  1-1 (CEN, 
2005a), and AISC 360 were assessed. The results from 
the study demonstrated that EC3 was too conservative for 
high-strength steels, underestimating buckling resistance, 
whereas AISC 360 performed better but was inconsistent 
for lower steel grades. Based on the responses, the study 
suggested revising EC3 buckling curves to reflect the effect 
of steel grade on buckling resistances, which improved 
accuracy and consistency. Stroetmann and Penner (2024) 
investigated the buckling resistance and residual stress dis-
tributions in welded box columns made from high-strength 
steel (S460 to S960). The research aims to reassess EC3 
(CEN, 2005a, 2005b) buckling curves for HSS columns. 
It was observed that current EC3 underestimates buckling 
resistance for high-strength steel columns, and hence, the 
study suggested revision of buckling curves for welded box 
sections in EC3. These findings indicate that current design 
standards (AISC 360, EC3) for HS3 flexural buckling may 
be overly conservative as indicated in Figure  1 and may 
need revision to prevent overly conservative and uneco-
nomical designs.

In Figure 1, the critical buckling strength is normalized 
by the yield stress, Fcr/Fy and plotted in the vertical axis, 
and the nondimensional slenderness ratio λ is plotted in the 
horizontal axis, which is given by Equation 1 as follows:

	
= 1 Lc

r

Fy

E
λ

π 	
(1)

In this plot, comparisons are made among the experimen-
tal responses, AISC 360, and EC3 high-strength column 
buckling curves. This figure clearly demonstrates that the 
column buckling strengths predicted from the design stan-
dards are overly conservative. The EC3 column buckling 
curve a is comparable with the AISC 360 column curve, 
and EC3 column buckling curve a0 is showing the most rea-
sonable prediction of the experimental buckling strengths. 
Note that the addition of curve a0 in EC3 was done because 
it was noted that relatively higher-strength steels are gener-
ally used in tubular profiles, resulting in higher resistances 
(Beer and Schulz, 1975). As a result, it is anticipated that 
the a0 curve will represent the experimental responses bet-
ter than the other EC3 curves. Also note that most of the 
experimental data plotted in Figure 1 are based on tests on 
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welded H, I, and box sections that may not behave similar to 
rolled shapes. While valuable in understanding the broader 
behavior of high-strength steel columns, the findings from 
these prior studies may not be directly transferable to 
hot-rolled W-shape columns produced via QST. Therefore, 
while it is important to acknowledge the broader literature 
on high-strength steel members, the present study focuses 
specifically on rolled W-shape sections produced to ASTM 
A913 standards (Grade 80), where residual stress distribu-
tions, material hardening, and geometric imperfections dif-
fer substantially from built-up or cold-formed sections.

FINITE ELEMENT MODELING

Three-dimensional (3D) nonlinear finite element mod-
els are developed for wide-flange rolled-shape columns 
using the finite element analysis (FEA) software ANSYS 

(ANSYS, 2023). The finite element models include geomet-
ric and material nonlinearities. The simply supported col-
umns are modeled and discretized by 20-noded solid brick 
elements (SOLID 186). It is defined by 20 nodes having 
three degrees of freedom at each node: translations in the 
nodal x, y, and z directions. This type of element has plas-
ticity, hyperelasticity, stress stiffening, creep, large deflec-
tion, and large strain capabilities. A typical finite element 
mesh of a column along with the boundary conditions for 
simulating major and minor axis buckling is shown in Fig-
ure  2. The fillet present in the rolled shapes is not mod-
eled and the cross-sectional area, moment of inertia, and 
radius of gyration are calculated without consideration of 
the fillets. The x-axis corresponds to the longitudinal col-
umn axis, and the y- and z-axes are in the plane of the cross 
section. The y-axis is parallel to the web, and the z-axis is 
parallel to the flanges. All the column configurations for 
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Fig. 1.  Comparison of the experimental results (Rasmussen and Hancock, 1995; Li et al.,  
2012; Ban et al., 2013; Khan et al., 2013; Wang and Gardner, 2013; Ma et al., 2015; and Somodi  

and Kövesdi, 2016, 2017) on HS3 columns and the normalized flexural buckling curves.

	 	 	
	 (a)  FE mesh	 (b)  Minor axis buckling	 (c)  Major axis buckling 

Fig. 2.  A typical finite element mesh of a wide flange column with boundary conditions for minor and major axis buckling.
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the present investigation are simply supported. The column 
is pin-supported at the bottom, and the same boundary con-
dition is applied at the top with the exception that vertical 
translation is permitted [Figures 2(b) and 2(c)]. For major 
axis buckling, the column is restrained against minor axis 
deflections by translational supports along the length as 
shown in Figure 2(c).

Material Model

In the finite element modeling of columns, it is important 
to use the characteristic yield stress related to the grade of 
steel and the shape of the material stress-strain curve. It has 
been demonstrated that the yield plateau and strain harden-
ing have an influence on short columns with low slender-
ness (Snijder et al., 2014; Jönsson and Stan, 2017); however, 
for slender columns, no significant difference is seen, 
with respect to differences in strain hardening or having a 
yield plateau (Moghadam, 2015; Jönsson and Stan, 2017). 
Most of the studies in the literature demonstrated that an 
elastic-perfectly plastic material model can reasonably pro-
vide the code-specified column buckling responses (Snij-
deret al., 2014).). In this study, column buckling responses 
are investigated for ASTM A992 steel and A913/A913M 
Gr. 80 high-strength steel to understand the applicability 
of AISC 360-22 column curves in predicting the column 
buckling strength. The nonlinear material properties of 
ASTM A992 steel and A913/A913M Gr. 80 structural steel 
in ANSYS are incorporated using the multilinear kinematic 
hardening model with the initial elastic modulus, Poisson’s 
ratio, and stress-strain data obtained from the uniaxial ten-
sion tests.

The multilinear kinematic hardening model is a rate- 
independent plasticity model that accounts for the effect of 
plastic deformation on the Bauschinger effect (Bauschinger, 
1886). The constitutive equations are based on a von Mises 
yield function, associated flow rule, and a kinematic hard-
ening rule. An overview of the multilinear kinematic hard-
ening model is given below to show different features of the 
model. The yielding is determined by von Mises criterion:

	
f ( ) = 3
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where σ is the stress tensor, α is the current center of 
the yield surface in the total stress space, s is the devia-
toric stress tensor, a is the current yield surface center in 
the deviatoric space, and σ0 is the initial size of the yield 
surface. The associated flow rule is used to calculate the 
rate-independent plastic strain increments:
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The kinematic hardening rule is based on backstress evolu-
tion, which defines the translation of the yield surface. The 
general form is as follows:

	
da = 2

3
Cd p adpε γ−

	
(4)

where C is the initial kinematic hardening modulus, γ is 
hardening parameter that controls how backstress saturates, 
and dp is the plastic strain rate. The multilinear approach 
approximates nonlinear hardening behavior using piece-
wise linear segments, instead of using a smooth curve. The 
total backstress is computed as:

	
da = dai
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n
∑

	
(5)

where each ai follows a linear hardening rule with its own 
modulus.

The uniaxial tension test data for ASTM A992 was 
obtained from the tests performed by Morrison (2015) as 
shown in Figure 3(a) along with the fitted multilinear model 
in engineering stress-strain format for consistency with the 
original test data. However, for numerical implementation 
in ANSYS, the experimental data were converted to true 
stress-true plastic strain, which is the required input for-
mat for the multilinear kinematic hardening model. Simi-
lar to other conventional mild steel, A992 steel exhibited 
a yield plateau with a longer strain-hardening region and 
higher ductility. Additionally, it is important to note that the 
multilinear plasticity models in ANSYS Mechanical APDL 
do not accept negative slopes in the stress-strain input data. 
That is, the input curve must be nondecreasing in stress 
with respect to strain. For this reason, material softening 
cannot be captured directly in this model. As a result, the 
plasticity curves were truncated prior to the onset of insta-
bility and localization.

In the multilinear model, the elastic modulus of A992 
steel is taken as 29,000  ksi with yield stress and tensile 
strength of 50 and 67  ksi, respectively. Data from five 
uniaxial tension test coupons performed by a producer of 
A913/A913M Gr. 80 hot-rolled, wide-flange shapes were 
provided for the current study. The stress-strain data is 
presented in Figure 3(b) with the fitted multilinear model 
used in the simulations as well as the elastic-perfectly 
plastic (EPP) model for comparison. It is observed that  
A913/A913M Gr. 80 material does not exhibit a yield pla-
teau, and hence, the 0.2% offset method is used to calculate 
the yield stress of each coupon which, was found to be close 
to 80 ksi on average. The modulus of elasticity was com-
parable among the five tests performed, which is taken as 
29,000 ksi in the multilinear model. The strain-hardening 
region is very small, demonstrating a lower ductility. Simi-
lar observations were made in the study performed by Stall 
et al. (2024) for ASTM A656/A656M (2018a) Gr. 80 steel.
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Modeling of Initial Imperfection

Von Kármán (1907) identified out-of-straightness and out- 
of-plumbness as the most critical global imperfections 
affecting column buckling. Modern standards, including 
Eurocode 3, Part 1-1 (CEN, 2005a), and AISC 360-22, set 
limits on these imperfections, with Eurocode 3 being more 
conservative. The out-of-straightness imperfection ampli-
tude of L/1500 was adopted for the AISC  360 standard 
(Tide, 2001) for developing the column buckling curves, 
which is close to the average value determined statisti-
cally by Bjorhovde (1972), whereas Eurocode 3 adopted 
L/1000 as the out-of-straightness imperfection value (Beer 
and Schulz, 1975; Strating and Vos, 1975). These stan-
dardized values were established based on research con-
ducted between the 1960s and 1980s in the United States, 
Europe, and Japan. Experimental studies by Fukumoto and 
Itoh (1983) showed that the maximum out-of-straightness 
imperfection is usually exhibited by the IPE160 sections, 
which is in the range of L/1000, while hot-rolled tubular and 
welded wide-flange sections had smaller out-of-roundness 
imperfections, leading to better buckling performance. 
As a result, the assumption of L/1000 initial imperfec-
tion for all the available column sections is an overly con-
servative approach of including the out-of-straightness 
in the buckling strength calculation in Eurocode 3. Note 
that the unified column curve in AISC 360-22 is based on 
SSRC Column Curve, 2P, which assumes an initial out-of-
straightness of L/1500 for analytical purposes. However, it 
is important to note that AISC 360 itself does not prescribe 
fabrication or erection tolerances. Actual tolerances for 
out-of-straightness and out-of-plumbness are governed by 
AISC 303, Code of Standard Practice (2022a), which refer-
ences applicable ASTM standards in Section 11.2.2.1. For 
wide-flange rolled shapes, these standards typically specify 
a fabrication tolerance of approximately L/1000, indicating 
that the imperfections used in the design curve derivation 
are slightly more severe than typical fabrication practice.

Beyond global imperfections, local imperfections arise 
due to fabrication processes, with their shape and ampli-
tude varying by manufacturing method. While these imper-
fections were not directly studied in buckling experiments, 
their effects on flexural buckling resistance were included 
in statistical analyses alongside factors like boundary 
conditions, out-of-plumbness, and material properties 
(Bjorhovde, 1972; Fukumoto and Itoh, 1983).

For nonlinear buckling analysis to be accurate using 
finite element simulation, it is necessary to set an initial 
imperfection in the column being modeled along with the 
residual stress distribution. The shape of the geometric 
imperfection is based on the buckling mode belonging to 
the lowest eigenvalue from a linear buckling analysis. This 
usually results in a sinusoidal bow imperfection. The ampli-
tude defining the maximum deviation from the ideal geom-
etry is taken as L/1500 as used in AISC 360 for buckling 
simulation of the columns. The imperfections of the finite 
element model are established by first performing a linear 
buckling analysis on the perfect prismatic column model 
with given boundary conditions, then the relevant (displace-
ment) normalized global buckling mode is extracted. In the 
following nonlinear FE calculations, the imperfections are 
established by importing the normalized displacements 
of the lowest global buckling mode in the relevant plane 
of buckling as shown in Figure 4, multiplying this by the 
maximum imperfection magnitudes and updating the nodal 
coordinates of the model by adding the established nodal 
imperfections.

Modeling of Residual Stresses

Structural steel members develop residual stresses due to 
manufacturing and fabrication processes. Depending on 
size and welding procedure, the magnitude and distribution 
of these residual stresses can vary significantly in members. 
Hence, it is challenging to accurately predict the magnitude 
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	 (a)  ASTM A992 steel (data from Morrison, 2015).	 (b)  A913/A913M Gr. 80 steel (producer supplied data).

Fig. 3.  Uniaxial tension test data along with the fitted material models in engineering stress-strain format.
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and distribution of residual stresses in steel structural mem-
bers, which can substantially affect their structural per-
formances, including global and local flange-buckling 
strengths, seismic performances, and low-cycle fatigue 
responses. Residual stresses are either ignored or a simpli-
fied distribution is assumed in the analysis and design of 
structural members. Literature suggests that the presence 
of residual stresses can influence the sensitivity of beam 
design curve (Rossi et al., 2021) in the intermediate length 
range and can be crucial for structural steel columns and 
welded connections (Huber, 1956; Lamarche and Tremblay, 
2011; Mathur et al., 2012). The monotonic buckling strength 
and cyclic strength degradation of columns in a structural 
steel frame are substantially influenced by the initial resid-
ual stresses (IRSs) (Lamarche and Tremblay, 2011; Mathur 
et al., 2012).

Previous studies on the nonlinear buckling analysis of 
steel columns showed that the simplified linearized dis-
tribution of residual stresses yielded conservative results. 
However, most of the residual stress distribution for the 
rolled shapes available in the literature was developed in 
the 1970s based on ASTM A36 steel, and it is warranted 
that residual stresses be measured for high-strength steel 
rolled shapes. Jönsson and Stan (2017) pointed out that if 
the magnitude of residual stresses is wrongly assumed to 
be proportional to the yield stress, the column buckling 
capacity of steel columns found by finite element analysis 
will be underestimated for higher grades steel. A study by  
Boissonnade and Somja (2012) also demonstrated that plac-
ing different steel grades on the same buckling curve leads 
to an overly conservative design for high-strength steels. 
Hence, in this study, the multiaxial residual stress distri-
bution in the rolled shapes considered in the analysis is 

developed by using a sequentially coupled thermomechani-
cal analysis as presented in Quayyum and Hassan (2017). 
This computational scheme was validated against four 
W-sections using A36 steel (Quayyum and Hassan, 2017). 
In this study, the column buckling capacities are investi-
gated for A992 and A913/A913M Gr. 80 steels. Hence, it 
is important to understand the accuracy of the computa-
tional scheme in predicting the magnitude and distribution 
of residual stresses in W-shapes using these steels.

The numerical scheme for residual stress simula-
tion assumes that during the manufacturing of W-shapes, 
residual stress distribution observed in a W-shape primar-
ily develops during the cooling process after hot rolling  
(Alpsten, 1968). Hence, this study simulated only the evolu-
tion of residual stresses during the cooling process. In cool-
ing process simulation, the real-time temperature field in 
W-shapes during cooling after hot-rolling is calculated first 
by employing heat transfer analyses. The temperature field 
at each step of the heat transfer analysis is stored and used 
as an input in the residual stress analysis for calculating the 
evolution of stress and strain fields in the W-shapes dur-
ing the cooling process—that is, the heat transfer analy-
sis is sequentially coupled with thermomechanical residual 
stress analysis. The link between the heat transfer analysis 
and stress analysis is obtained through the temperature his-
tory, which is input as the thermal load in the residual stress 
analysis.

In the thermal analysis, the finite element models of the 
W shapes are discretized by 20-noded solid thermal ele-
ments (SOLID279). These elements have temperature as 
one degree of freedom at each node. The W-shapes are ini-
tially heated to a uniform temperature of 1300ºC, which is 
kept constant for 10 min before starting the air cooling. The 

          
	 (a)  Minor axis	 (b)  Major axis

Fig. 4.  Normalized displacements of the lowest global buckling mode from elastic buckling analysis.
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air cooling is simulated in thermal analysis by using a heat 
transfer coefficient, which includes convection, conduction, 
and radiation into the air. The material is considered homo-
geneous and isotropic throughout the cross section, and the 
material coefficients such as specific heat, thermal conduc-
tivity, and heat transfer coefficient are defined as a function 
of temperature. The simulation of the heat transfer from 
the surface of the W-shapes largely depended on the heat 
transfer coefficient, which includes the effect of convec-
tion, conduction, and radiation. The density of the material 
is assumed constant. Enthalpy of the material is defined as 
a function of temperature in order to account for the phase 
transformation (Comini et al., 1974). In the thermal finite 
element analysis, a uniform temperature of 25°C is assigned 
to all nodes as the initial boundary condition and the refer-
ence temperature for thermal strain calculations. At each 
time step, heat transfer is applied to each node of the solid 
model surface, and then the solid model surface loads are 
transferred to finite element model. At each time step, the 
material properties are assigned as a function of nodal tem-
perature. The temperature distribution of a W12×87 section 
is presented in Figure 5 at different stages of the cooling 
process.

This shows that the W-shapes are not uniformly cooled; 
the cooling is faster at the edges of the beam and at the 
mid-depth of the beam web compared to the flange-web 
junction area. The cooling rate is slightly reduced when 
the phase transformation temperature (650°–760°C) has 
been reached, owing to phase transformation heat. After 
the phase transformation region, the cooling rate increases 
almost to the rate at the inception of phase transformation 
and continued cooling with progressively reduced rates to 
reach the room temperature.

The residual stress analysis uses the temperature his-
tory from the thermal analyses as an input. The nodal tem-
perature history at each of these steps shall be considered 
thermal load for the corresponding node from a structural 
model in this analysis. Therefore, it is necessary to match 
the number of meshes and nodes for stress analysis with 
those applied in a temperature analysis. This is accom-
plished by changing the element types from thermal sol-
ids (SOLID279) to structural solids (SOLID186) by using 
the ETCHG command available in ANSYS. For the con-
stitutive model chosen, the temperature-dependent mate-
rial properties for structural steel are required for the 
residual stress analysis. Note that material and geometri-
cal nonlinearities are incorporated into the residual stress 
computation. The essential material properties required in 
the analysis are density, initial yield stress, elastic modu-
lus, Poisson’s ratio, and thermal expansion coefficient. It is 
assumed that the density remains constant while the other 
material properties are dependent on the temperature. The 
initial yield stress, the elastic modulus, and the multilin-
ear kinematic hardening model parameters are determined 
from the monotonic stress-strain responses of ASTM A992 
steel at various temperatures obtained from Hu et al. (2009) 
as shown in Figure 6. For details of the material properties 
and model parameters, the readers are referred to Quayyum 
and Hassan (2017).

In the thermomechanical analysis, 25ºC is consid-
ered as the reference temperature for thermal strain cal-
culations, and the nodal temperatures at each time step 
from the thermal analysis are read to calculate the corre-
sponding stresses and strains at the time step by using the 
temperature-dependent structural material properties of 
steel. The simulated residual stress contours for a W12×87 

          
	 (a)  15 minutes	 (b)  45 minutes	 (c)  105 minutes 

Fig. 5.  Temperature distribution (in K) during cooling of W12×87 section from initial 1300°C reheat temperature.
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section is plotted in Figure 7 at different stages of cooling. 
It is observed that the residual stresses are initially tensile 
in the web that turns compressive with the progression of 
cooling. On the other hand, the residual stresses are initially 
compressive in the flange-web junction but turn tensile with 
the progression of cooling. The residual stresses stabilized 
after 2 hr of cooling. The simulated residual stresses after 
cooling to ambient temperature at the beam mid-length are 
compared to the measured values from Lamarche and Trem-
blay (2011) in Figure 8. The simulation results show that the 
computation scheme is able to predict the residual stresses 
in the web and flanges of W12×87 section with good accu-
racy. This further validates that the computational scheme 
previously validated for A36 steel can also be applicable 

to determine the residual stresses in W-shapes with A992 
steel. The residual stresses predicted by the model proposed 
by Galambos and Ketter (1959) are also plotted in Figure 8 
for comparison purposes. It is observed that the flange 
and web stresses are underpredicted by the Galambos and  
Ketter model (1959). Note that the web stress is assumed 
tensile in the Galambos and Ketter (1959) model, whereas 
the measured stress in the web is both tensile and compres-
sive. This is also true for many other shapes (Fujita, 1955; 
Huber, 1956; Alpsten, 1968). Based on this observation, 
this study considered residual stress distribution obtained 
from the finite element simulation as the initial stress state 
in the wide flange column shapes for buckling strength 
calculations.
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Fig. 6.  Monotonic stress-strain response of ASTM A992 steel at various temperatures (Hu et al., 2009).

   
	 (a)  15 minutes	 (b)  45 minutes	 (c)  2 hours

Fig. 7.  Longitudinal stress contour (in ksi) of hot-rolled W12×87 section at various instances after the start of cooling.
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In order to investigate whether the computational scheme 
can predict the residual stresses in rolled wide-flange 
shapes made of A913/A913M Gr. 80 steel, the experimen-
tal data from Spoorenberg et al. (2013) is obtained for a 
W14×808 quenched and self-tempered (QST) section. This 
section is provided by ArcelorMittal (2020) with a yield 
stress around 80  ksi, and the residual stresses were mea-
sured by the sectioning method. The computational scheme 
as discussed earlier is used to simulate the residual stresses 
in a W14×808 section. However, material properties of 
A913/A913M Gr. 80 steel are not available for elevated tem-
peratures. As a result, the thermal material properties, such 
as specific heat, thermal conductivity, enthalpy, and heat 
transfer coefficient, and some of the structural material 

properties, such as Poisson’s ratio, density, and thermal 
expansion coefficient of A913/A913M Gr. 80 steel, are con-
sidered the same as used in the simulation of A992 steel. 
On the other hand, the elastic modulus and the stress-strain 
data for 80 ksi steel are obtained from the study performed 
by Huang et al. (2018) as shown in Figure  9, where they 
investigated the elevated temperature material properties of 
Chinese Q550 steel.

These stress-strain data were fitted with a multilinear 
model to incorporate the nonlinear material properties in 
the simulation at different temperatures. Similar to W12×87 
consisting of A992 steel, it is observed that the residual 
stresses in W14×808 are initially tensile in the center of 
the web, which turns compressive with the progression of 
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cooling. On the other hand, the residual stresses are ini-
tially compressive in the flange-web junction, which turns 
tensile with the progression of cooling. Because of thicker 
flanges, the residual stresses stabilized almost after 12 hr 
of cooling. The simulated residual stresses after cooling to 
ambient temperature at the beam mid-length are compared 
to the measured values from Spoorenberg et al. (2013) in 
Figure 10 along with a comparison with the Galambos and 
Ketter (1959) model. The simulation results show good 
agreement with the measured values; hence, in the simula-
tion of the buckling curves for rolled W-shapes using A913/
A913M Gr. 80 material, the simulated residual stress dis-
tribution is considered for the rest of the analysis in this 
study. Note that the prediction of the residual stress in the 
flanges using the Galambos and Ketter (1959) model is also 
in good agreement with the measured values; however, the 
web stress is not predicted well by the Galambos and Ket-
ter model. As mentioned before, the web stress is entirely 
considered as tensile stress in Galambos and Ketter (1959) 
model, whereas measured values show the presence of both 
tensile and compressive stresses in the web.

VALIDATION OF THE FINITE ELEMENT MODEL

The FEM simulated residual stress of W12×87 section 
shown in Figure  7 is used in the finite element buck-
ling analysis of a column with a 12  ft 2  in. length under 
displacement-controlled monotonic axial compression. The 
initial residual stresses are considered as the initial stress 
state of the column, and the nodal coordinates of the model 
are updated by adding the established nodal imperfections 

from elastic buckling analysis. Figure 11(a) shows the global 
buckling of column about its minor axis from the analysis 
considering the presence of the simulated residual stresses. 
Note in Figure 11 that when residual stress is included in 
the analysis, the initiation of global buckling occurs simi-
larly as in the experiment (Lamarche and Tremblay, 2011), 
whereas, without residual stress the column remains elas-
tic until buckling initiates. Moreover, simulated responses 
show local buckling at the mid-height of the column which 
was also observed during the experiment as shown in Fig-
ure 12 (Lamarche and Tremblay, 2011).

Consequently, simulated responses of axial load ver-
sus axial displacement [Figure  13(a)] and axial load ver-
sus lateral deflection [Figure 13(b)] are compared well to 
the experimental responses (from Lamarche and Tremblay, 
2011) when residual stress is included in the analysis. These 
results demonstrate the excellent simulation of the buck-
ling strength if FEM simulated multiaxial residual stress is 
included in the analysis, and overprediction of about 10% 
is obtained if residual stress is not included in the analy-
sis. Once the global buckling is initiated, the lateral deflec-
tion gradually increases, and the axial load decreases with 
the increase in axial displacement. The post-buckling 
responses with or without residual stress, however, are very 
similar to the experimental responses, especially when lat-
eral deflection becomes large [Figures 13(a) and 13(b)]. The 
validation of the numerical scheme indicates that the finite 
element modeling techniques described earlier can be uti-
lized further to develop column flexural buckling curves 
for rolled shapes using A992 and A913/A913M Gr.  80 
steels. An important modeling simplification in this study 
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	 (a)  Experimental response	 (b)  Simulated von Mises plastic strain contour

Fig. 11.  Experimental (from Lamarche and Tremblay, 2011) and simulated  
global buckling of W12×87 shape about minor axis under monotonic axial compression.

      
	 (a) Esperimental response	 (b)  Simulated von Mises plastic strain contour

Fig. 12.  Experimental (from Lamarche and Tremblay, 2011) and simulated flange  
local buckling at the mid-height of W12×87 shape under monotonic axial compression.
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is the omission of the k-area (fillet region between flange 
and web) in the finite element geometry. While this sim-
plification could influence the local residual stress distri-
bution, especially in thick or heavy sections subjected to 
minor axis loading, its impact was evaluated by comparing 
simulation results to measured residual stress patterns and 
buckling behavior. Specifically, the residual stress distri-
bution in the A992 W12×87 and A913 Grade 80 W14×808 
sections was predicted accurately despite excluding the 
k-zone geometry.

Furthermore, the flexural buckling strength of the 
W12×87 section matched well with reference results sup-
porting the validity of the modeling assumptions for global 
buckling behavior. While this simplification is justified for 
the scope of this study—focused on global flexural buck-
ling response—it is indeed possible that inclusion of the 

k-zone could be important in future studies concerned with 
local instability, stress concentration effects, or failure ini-
tiation at the flange-web interface.

FLEXURAL BUCKLING CURVES  
FOR A992 STEEL COLUMNS

Initially, column flexural buckling curves are developed 
based on the simulation for selected W-shapes using A992 
steel to recreate the past work on mild steel and charac-
terize the expected uncertainty between known column 
behavior and the current AISC 360-22 column curve. The 
W-shapes chosen for the analysis are presented in Table 2 
with their corresponding height-to-width ratio, h/b, flange 
thickness, tf, width-to-thickness, bf/2tf, and web slender-
ness, h/tw, ratios. The shapes are chosen for a wide range 
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Table 2.  Cross-Sectional Properties of the W-Shapes Investigated for Column Flexural Buckling Using A992 Steel

Column Designation h//b tf (in.) bf//2tf h// tw

Analysis Performed

Minor Axis Major Axis

W14×808 1.23 5.12 1.82 3.04 x

W14×605 1.20 4.16 2.09 4.39 x

W12×336 1.25 2.96 2.26 5.47 x x

W14×426 1.12 3.04 2.75 6.08 x x

W14×257 1.03 1.89 4.23 9.71 x

W14×193 0.99 1.44 5.45 12.8 x x

W14×145 0.96 1.09 7.11 16.8 x x

W12×87 1.03 0.81 7.48 18.9 x x

W14×82 1.42 0.855 5.92 22.4 x x

W14×53 1.71 0.66 6.11 30.9 x



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 197 

of these ratios so that the analyses can capture their effect 
on the flexural buckling resistance of the columns. The col-
umns are analyzed up to a slenderness ratio, KL/r, of 200. 
Finite element analyses are performed on these shapes by 
changing the slenderness ratio of the column using different 
column lengths, and the buckling strengths are determined 
for different slenderness ratios about both minor and major 
axes using A992 steel with a yield stress of 50 ksi. Because 
the column is considered pin-connected at both ends, the 
effective length factor K is taken as 1.0. To make the col-
umn curves comparable between different W-shapes having 
different radii of gyrations about the minor and major axes, 
and different yield strengths of steel, the critical buckling 
strength, Fcr is normalized by the yield stress, Fy, which 
is the same as the reduction factor χ in Eurocode 3, and it 
is plotted against the relative slenderness ratio λ as given 
by Equation 1. Note that the initial geometric imperfection 
is taken as L/1500 at the mid-height of the column to be 
comparable with the AISC 360 column curve, and for each 
of the shape, the simulated residual stresses are considered 
as the initial state of stress. Figure 14 shows column buck-
ling curves about minor and major axes for six sections of 
Table 2 made of A992 steel along with their design curves 
as given by AISC 360 (2022) and Eurocode 3 (CEN, 2005a).

From these figures, it is observed that the simulated col-
umn flexural buckling curves for the sections presented in 
Table 2 about the major axis are close to the AISC 360 and 
EC3 column design curves. The simulated flexural buck-
ling resistances are on the AISC 360 column curve for 
small (λ < 0.5) and large (λ > 1.5) slenderness ratios, indi-
cating that for the local and elastic buckling range, the AISC 
360 column buckling curve agrees well with the simulated 
responses. For inelastic buckling range with intermediate 
slenderness ratios (0.5 ≤ λ ≤ 1.5), both the AISC 360 and 
Eurocode 3 column design curves underestimate the simu-
lated major axis buckling strengths of A992 sections. How-
ever, the degree of underestimation is more pronounced 
for Eurocode 3, which predicts lower strengths across the 
full slenderness range compared to AISC. For the sections 
studied, AISC 360 underestimates the simulated strength 
by approximately 5–10%, while EC3 underestimates by a 
larger margin, particularly in the intermediate slenderness 
range (0.5 ≤ λ ≤ 1.5).

Similar to major axis buckling, simulated minor axis 
buckling curves as shown in Figures 14 and 15 for the sec-
tions in Table 2 agree well with the AISC 360 and EC3 col-
umn design curves for small (λ < 0.5) and large (λ > 1.5) 
slenderness ratios, indicating that for the local and elastic 
buckling range, AISC 360 and EC3 column buckling curves 
agree well with the simulated responses. However, in the 
inelastic buckling range with intermediate slenderness ratio 
(0.5 ≤ λ ≤ 1.5), the AISC 360 column curve agrees well with 
the simulated column curve for nonheavy sections with  
tf ≤ 1.5 in. with bf/2tf ≥ 5.45, and h/tw ≥ 12.8 (e.g., W14×53, 

W14×82, W12×87, W14×145, and W14×193) and overesti-
mates the buckling capacity for heavy sections with tf > 
1.5 in. with bf/2tf < 5.45, and h/tw < 12.8 (e.g., W14×257, 
W14×426, W12×336, W14×605, and W14×808). The resid-
ual stress distribution pattern in all these sections is more 
or less similar, with tensile residual stresses at the center of 
the flange and compressive residual stresses at the edges 
of the flange [see Figures 8(a) and 10(a)], and compressive 
residual stress in the middle of the web and tensile residual 
stresses the ends of the web [see Figures 8(b) and 10(b)]. 
Since inelastic flexural buckling of columns is preceded by 
flange local buckling, the magnitude and distribution of the 
compressive residual stress in the flange plays a substan-
tial role in the flexural buckling strength of the columns. 
For lighter W-shape sections, the maximum compressive 
residual stress in the flange is relatively small compared to 
the higher residual stresses typically developed in heavier 
sections. For example, in the W14×82 column section, the 
maximum compressive stress on the flange is ∼8.6 ksi [Fig-
ure 16(a]), whereas for a W14×426, the maximum compres-
sive stress on the flange is ∼23.3 ksi [Figure 16(b]).

Moreover, the maximum compressive stress develops at 
the center of the web for a W14×82 section, whereas the 
compressive stress is maximum at the edge of the flange 
and at the center of the web for a W14×426 section. As a 
result of high compressive residual stresses on the flange, 
the heavier shapes develop local instability earlier than the 
nonheavy shapes followed by global instability. The AISC 
360 column curves were developed based on the Galam-
bos and Ketter (1959) residual stress model considering a 
linear distribution of residual stresses with a magnitude of 
0.3Fy tensile at the center of the flange and −0.3Fy com-
pressive at the edges of the flange and uniformly distrib-
uted tensile residual stress throughout the depth of the web. 
The simulated compressive residual stresses on the flange 
of heavy shapes are substantially higher than those con-
sidered in the Galambos and Ketter (1959) model. Addi-
tionally, both tensile and compressive residual stresses are 
observed on the web of the section from the simulation, 
which is not considered in the Galambos and Ketter (1959) 
model. As a result, the flexural buckling strengths of the 
heavier columns are less than the AISC 360 column curve 
for 0.5 ≤ λ ≤ 1.5, which is typically the inelastic buckling 
range. For example, within the relative slenderness range 
between 0.5 and 1.5, the AISC 360 column curve overesti-
mates the column buckling capacity of A992 steel columns 
by 12% for the W14×426 section. This is consistent with 
the findings of ECCS Technical Committee 8 (2008), where 
they confirmed that residual stresses in larger hot-rolled 
sections increase disproportionately due to slower cooling 
rates, lowering their buckling resistance. As noted from 
Figure 1, EC3 column buckling curves are overly conser-
vative for all the sections in the intermediate slenderness 
ratios. Eurocode 3 Part 1-1 (CEN, 2005a), considers these 
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Fig. 14.  Column flexural buckling curves for A992 steel sections.
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Fig. 15.  Column flexural buckling curves about the minor axis for A992 steel sections.

        
	 (a)  W14×82	 (b)  W14×426

Fig. 16.  Simulated longitudinal residual stress contour (in ksi) of A992 steel sections.
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variations in the residual stresses and geometric imperfec-
tions based on the geometry of the shapes by incorporat-
ing the imperfection factor. EC3’s five different buckling 
curves, a0, a, b, c, and d depend on the section’s h/b ratio 
and flange thickness, tf. As per EC3, the W14×426 section 
belongs to column curve b with an imperfection factor of 
0.34. The corresponding column curve developed based 
on the EC3 is plotted in Figure 14(e) for section W14×426, 
where it is observed that the EC3 column curve accounted 
for this reduction in the buckling strength in the inelastic 
buckling range; however, the EC3 curves are overly conser-
vative compared to the simulated responses and AISC 360 
column curves. Based on the responses using A992 steel, it 
is demonstrated that the finite element models developed in 
this study provide reliable column buckling capacity pre-
diction for rolled shapes; hence, the models are further uti-
lized to investigate the column buckling capacity of rolled 
shapes using A913/A913M Gr. 80 steel.

FLEXURAL BUCKLING CURVES FOR  
A913/A913M GRADE 80 STEEL COLUMNS

In this section, comparisons are made between the simu-
lated column buckling curves using A913/A913M Gr. 80 
steel and AISC 360 (2022b) and EC3 (CEN, 2005a) column 

design curves to understand how effectively the AISC 360 
column design curve predicts the flexural buckling capac-
ity of high-strength steel rolled shape columns. Finite 
element analyses are performed on 17 W14 and 2 W12 sec-
tions as shown in Table  3, using the validated finite ele-
ment model with multilinear kinematic hardening material 
model and L/1500 bow imperfection. Residual stresses are 
incorporated by using the sequentially coupled thermo
mechanical analysis as discussed in the “Modeling of 
Residual Stresses” section for all the shapes using A913/
A913M Gr. 80 steel. The residual stress distribution for six 
of the shapes of Table 3 using A913/A913M Gr. 80 steel are 
presented in Figure 17. While all listed W-shape sections 
were modeled using A913 Grade 80 material properties, not 
all are currently produced in accordance with ASTM A913 
due to QST process limitations, which require a minimum 
flange and web thickness to achieve proper self-tempering. 
In particular, lighter sections such as W14×82, W14×68, 
W14×53, and W12×87 may not meet this requirement and 
are not typically available from producers offering A913 
Grade  80. These shapes were included in the numerical 
study for comparative and parametric analysis purposes 
only to explore the sensitivity of flexural buckling strength 
across a broader geometric spectrum.

Table 3.  Cross-Sectional Properties of W-Shapes  
Investigated for Fy == 80 ksi Steel Column Buckling Curves

Column Designation h//b tf (in.) bf//2tf h//tw

W14×808 1.23 5.12 1.82 3.04

W14×605 1.20 4.16 2.09 4.39

W14×500 1.15 3.50 2.43 5.21

W14×426 1.12 3.04 2.75 6.08

W14×342 1.07 2.47 3.31 7.41

W14×257 1.03 1.89 4.23 9.71

W14×211 1.00 1.56 5.06 11.6

W14×193 0.99 1.44 5.45 12.8

W14×176 0.97 1.31 5.97 13.7

W14×145 0.96 1.09 7.11 16.8

W14×132 1.00 1.03 7.15 17.7

W14×120 0.99 0.94 7.80 19.3

W14×90 0.97 0.71 10.2 25.9

W14×82 1.41 0.855 5.92 22.4

W14×68 1.40 0.72 6.97 27.5

W14×53 1.94 0.66 6.11 30.9

W12×87 1.03 0.81 7.48 18.9

W12×336 1.25 2.96 2.26 5.47
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	 (a)  W14×808	 (b)  W14×605

        
	 (c)  W14×426	 (d)  W14×257

        
	 (e)  W14×82	 (f)  W12×87

Fig. 17.  Simulated longitudinal residual stress contour (in ksi) of A913 Gr. 80 steel sections.
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Note that European research has suggested that 
high-strength steels, such as S460 (yield stress of 460 
MPa or 65 ksi), have different residual stress distributions, 
strain-hardening behavior, and imperfections sensitivity 
compared to lower-grade steels. As a result, Eurocode  3 
proposed separate curves for high-strength steel S460 
based on the cross-section type (I-section, box, circular, 
etc.), the buckling mode (minor/major axis), and the fab-
rication method (rolled vs. welded). In addition, study by  
Snijder et al. (2014) demonstrated that the EC3 buckling 
curves for S460 high-strength steel columns can also be 
used to predict the buckling strength of S500 (yield stress 
of 72 ksi) high-strength steel columns. Figures 18, 19, and 
20 present comparisons of the simulated column buckling 
curves with the AISC 360 and EC3 design column curves 
for the sections shown in Table 3 for buckling about both 
the minor and major axes.

Based on the observations of the simulated column buck-
ling curves using A913/A913M Gr. 80 steel, it is noted that 
the simulated column curves show differences from the 
AISC 360 and EC3 column design curves within the relative 
slenderness values of 0.3–1.5 for buckling about the minor 
axis and within relative slenderness values 0.5–2 for buck-
ling about the major axis, which is typically the inelastic 
buckling range for the columns. For smaller and larger rela-
tive slenderness ratios, the simulated column curves agree 
well with the AISC 360 and EC3 column curves, which 
are typically the compression yielding and elastic buckling 
range of the columns. From the simulated column curves, it 
is observed that both the AISC 360 and EC3 column design 
curves underestimate the major axis buckling capacity for 
all the sections analyzed. The percent increase in the simu-
lated buckling strength compared to the AISC 360 column 
design curve varies between 3 and 14% depending on the λ 
values, h/b ratio, and the flange thickness of the sections as 
shown in Figures 21, 22, and 23.

Sections with h/b ≥ 1.12 and flange thickness tf more than 
3 in. such as W14×808, W14×605, W14×500, and W14×426 
sections show less of an increase in the buckling capacity, 
whereas sections with h/b < 1.12 and flange thickness tf 
less than 3 in. such as W14×193, W14×145, W14×120, and 
W14×90 demonstrate a substantial increase in the buckling 
capacity compared to the AISC 360 column design curve. 
For example, at λ = 0.5, 0.75, and 1, the percent increase in 
the simulated major axis buckling capacity vary between 3 
and 8% for sections with flange thickness more than 3 in., 
as shown in Figures 21–23. On the other hand, the percent 
increase in the simulated major axis buckling capacity vary 
between 8 and 14% for sections with flange thickness less 
than 3  in. at λ = 0.5, 0.75, and 1.0. For sections W14×53, 
W14×68, and W14×82, the simulated column buckling 
curves do not show a significant increase in the buckling 
capacity, even though the flange thickness is less than 1 in.

These sections have a higher h/b ratio, which is in the 
range of 1.4–1.94. The simulated column buckling curves 
about the minor axis are compared with the AISC 360 and 
EC3 column curves in Figures  18–20. It is observed that 
for heavy sections with h/b ≥ 1.12 and tf ≥ 3  in. such as 
W14×808, W14×605, W14×500, and W14×426, the AISC 
360 column curve overestimates the buckling capacity that 
depends on the λ values, h/b ratio, and the flange thick-
ness of the sections. This is mostly observed in the inelastic 
buckling range with λ values between 0.4 and 1.5. These 
heavy shapes develop high compressive residual stresses 
in the flanges, and as a result, the thicker the flange, the 
higher the overestimation for heavy sections with h/b  ≥ 
1.12 and tf ≥ 3 in. Nevertheless, the overestimation is in the 
range of 2–8% depending on the h/b ratio and the flange 
thickness of the sections as shown in Figures  21−23. For 
sections with h/b < 1.12 and tf < 3 in, the AISC 360 column 
design curve underestimates the buckling strength of A913/
A913M Gr. 80 columns between λ values of 0.3 and 1.5, 
and it is observed that as the h/b value and the flange thick-
ness decrease, the difference between the simulated col-
umn buckling strength about the minor axis and the AISC 
360 column design curve increases. It is noted from Fig-
ures 21–23 that the AISC 360 column curve underestimates 
the buckling capacity about minor axis by 4–11%, depend-
ing on the flange thickness and h/b ratio of the section for λ 
values between 0.3 and1.5.

For sections with 1.00 ≤ h/b ≤ 1.12 and 1.56 ≤ tf ≤ 3.00 in., 
the simulated column buckling curves about the minor axis 
exhibit a 5% increase compared to the AISC 360 column 
curve, whereas for any sections with h/b  < 1.00 and tf  < 
1.56  in., the simulated column buckling curves about the 
minor axis are 5–11% stronger than the AISC 360 column 
curve. For sections W14×53, W14×68, and W14×82, the 
simulated column buckling curves do not show substantial 
increase in the buckling capacity even though the flange 
thickness is less than 1 in. These sections have a higher h/b 
ratio, which is in the range of 1.4∼1.94. On the contrary, for 
λ values between 0.4 and 1.5, EC3 column buckling curves 
underestimate the buckling capacity for heavy sections with 
h/b ≥ 1.2 and tf ≥ 4  in., such as for W14×873, W14×808, 
and W14×605 sections, even though EC3 has separate 
curves for 65 ksi high-strength steel. However, for sections 
with h/b < 1.2 and tf < 4  in., the simulated column buck-
ling curves about the minor axis agree well with the EC3 
S460 high-strength column curves in the inelastic buckling 
range. For elastic buckling range and compression yielding, 
the simulated column buckling curves about the minor axis 
agree well with both the AISC 360 and EC3 column curves. 
Moreover, note that the major axis buckling curves for all 
the sections analyzed are always higher than the minor axis 
buckling curves. This indicates that using the same design 
curve for major and minor axis buckling may underestimate 
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Fig. 18.  Column flexural buckling curves for A913/A913M Gr. 80 steel sections.
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Fig. 19.  Column flexural buckling curves for A913/A913M Gr. 80 steel sections.
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Fig. 20.  Column flexural buckling curves for A913/A913M Gr. 80 steel sections.
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Fig. 22.  Percent difference between the simulated and AISC 360 column buckling  
curves of ASTM A913 Gr. 80 W-shape sections for different flange thickness for λ = 0.75.
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Fig. 23.  Percent difference between the simulated and AISC 360 column buckling  
curves of ASTM A913 Gr. 80 W-shape sections for different flange thickness for λ = 1.0.
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the buckling strength of the columns about the major axis 
significantly, especially for high-strength steels.

This was accounted for in the development of col-
umn design curves for stainless steel in AISC 370 (2021), 
where separate buckling curves for minor and major axis 
are proposed. In summary, A913/A913M Gr. 80 steel col-
umns exhibit higher flexural buckling strength about both 
minor and major axes for intermediate slenderness values 
compared to the AISC 360 column curves. This increase 
in the flexural buckling strength is applicable for sections 
with h/b < 1.2 and tf < 3 in. and can range from 5–11% for 
minor axis buckling and 5–14% for major axis buckling. 
For heavy shapes, the AISC 360 column curve overpredicts 
the flexural buckling capacity by 2–8% due to the pres-
ence of high compressive residual stresses on the flanges 
as discussed in the “Modeling of Residual Stresses” sec-
tion. These results suggest that while the AISC 360 column 
design curve performs reasonably well for many cases, its 
direct application to high-strength steel columns such as 
A913/A913M Gr. 80 may lead to unconservative or overly 
conservative predictions depending on the section geome-
try. Therefore, potential modifications or refinements to the 
current design curve may be warranted to improve accuracy 
for high-strength applications.

A913/A913M GRADE 80 VS. A992 COLUMN 
FLEXURAL BUCKLING CURVES

Now let’s compare the simulated column buckling curves 
of the A913/A913M Gr. 80 steel columns with those of the 
columns made of A992 steel and also, how they compare 
with the AISC 360 column design curve. Figure 24 pres-
ents a comparison of A992 and A913/A913M Gr. 80 steel 
column buckling curves about both the minor and major 
axes with the AISC 360 column curve for several sections 
with different h/b ratios and flange thicknesses, namely, 
W14×426, W12×336, W14×193, W14×145, W12×87, and 
W14×82. It is observed that for λ = 0.5~2, the major axis 
buckling curves for A992 steel columns are 3–12% stronger 
than the AISC 360 column curves, whereas the major axis 
buckling curves for A913/A913M Gr. 80 steel columns are 
5–14% stronger than the AISC 360 column curves. The col-
umn buckling curves for A913/A913M Gr. 80 steel columns 
about the major axis is always 2–5% stronger than those of 
the A992 steel columns, regardless of the sectional dimen-
sions and λ values between 0.5∼2.0. On the contrary, the 
simulated buckling curves about the minor axis for A913/
A913M Gr. 80 steel columns are always stronger than the 
relevant column buckling curves for A992 steel columns 

between λ = 0.3∼1.5. For example, the minor axis buckling 
curves for W14×82 and W14×145 sections where the thick-
ness of the flange is less than 1.56 in., AISC 360 column 
design curve underestimates the buckling strength of A913/
A913M Gr. 80 columns by 5–11% between λ values of 0.3 
and 1.5, whereas, the buckling strength of A992 columns 
are predicted correctly by the AISC 360 column curve [see 
Figures  24(d) and 24(f)]; that is—the column buckling 
curves for A913/A913M Gr. 80 steel columns are 5–11% 
stronger than the column curves for A992 steel columns.

As the flange thickness increases to 2.96∼3.04  in. for 
W12×336 and W14×426 sections, the simulated column 
curves about the minor axis for A913/A913M Gr. 80 steel 
columns are 8–10% stronger than the corresponding col-
umn curve for A992 steel column between λ values of 0.5 
and 1.5 [see Figures 24(a) and 24(b)]. When the thickness of 
the flange is further increased to around 4.16 and 5.12 in. for 
W14×605 and W14×808 sections, respectively, AISC 360 
column design curve overestimates the buckling strength 
compared to both A913/A913M Gr. 80 and A992 steel col-
umns; however, the buckling strengths of A913/A913M 
Gr. 80 steel columns are still 8–16% stronger than the cor-
responding column buckling strengths of A992 steel col-
umns in the inelastic buckling range [see Figures 25(a)  and 
25(b)]. On average, for the sections considered in this study, 
the buckling strength of A913/A913M Gr. 80 steel columns 
about the minor axis is around 8–12% higher than that of 
A992 steel columns, and it depends on the h/b ratio and the 
flange thickness of the sections, which is consistent with 
the Eurocode 3, Part 1-1 (CEN, 2005a). In addition, Euro-
code 3, Part 1-1, dictated that high-strength steel columns 
exhibit higher flexural buckling strengths than conventional 
grade steel columns regardless of the sectional dimensions, 
which is consistent with the findings of this study where it 
is observed that A913/A913M Gr. 80 steel column possesses 
8–12% higher buckling strength about the minor axis and 
2–5% higher buckling strength about the major axis than 
the corresponding A992 steel column in the inelastic buck-
ling range for the sections considered in this study.

CONCLUSIONS

This study investigated the flexural buckling behavior of 
wide-flange rolled steel columns fabricated from both con-
ventional structural steel (ASTM A992, Fy  = 50  ksi) and 
high-strength steel (ASTM A913 Grade 80, Fy  = 80  ksi). 
A suite of nonlinear finite element simulations was con-
ducted incorporating measured material stress-strain 
behavior, realistic geometric imperfections, and residual 
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Fig. 24.  Simulated column flexural buckling curves for sections using A913/913M Gr. 80 and A992 steels.
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stress distributions obtained through sequentially coupled 
thermomechanical analysis. Simulated buckling responses 
were used to generate column curves over a broad range of 
slenderness ratios and section geometries, enabling direct 
comparison with the AISC 360-22 and Eurocode 3 (EC3) 
design curves.

Results for A992 columns show that the AISC 360-22 
unified column curve generally captures flexural buckling 
strength with reasonable accuracy in major axis buckling, 
with underpredictions of 5–10% in the intermediate slen-
derness range (λ = 0.5∼2.0). However, for minor axis buck-
ling of nonheavy sections with h/b ≤ 1.0 and tf ≤ 1.5 in., the 
AISC 360-22 column buckling curve agrees well with the 
simulated responses; however, for minor axis buckling of 
heavy sections with h/b > 1.0, tf > 1.5 in., AISC 360 overes-
timates capacity by 10–15% in the inelastic buckling range 
due to elevated compressive residual stresses on the flanges. 
In contrast, EC3 column curves were uniformly more con-
servative, particularly in the inelastic range. These findings 
suggest that for heavier W-shapes, particularly in minor 
axis buckling, some modification to the AISC 360-22 
design curve may be worthy of consideration to improve 
accuracy and prevent overestimation of capacity.

For A913 Gr. 80 columns, the AISC 360 curve remained 
acceptable overall, yet underpredictions of 5–12% about the 
minor axis and 5–14% about the major axis were observed 
depending on slenderness and section classification. In non-
heavy sections (h/b < 1.12, tf < 3 in.), the AISC 360 curve 
underpredicted buckling strength in the inelastic buckling 
range, while for heavier sections, it overpredicted capac-
ity. Additionally, the flexural buckling strengths of A913 
columns in the inelastic buckling range were consistently 
5–12% higher than those of A992 counterparts, espe-
cially in the minor axis direction. These trends indicate 
that the current AISC 360 curve performs acceptably for 

Fy = 80 ksi steel; nevertheless, it highlights a potential for 
material and section-specific adjustments to the AISC 360 
design curve in the inelastic buckling range when applied to 
high-strength rolled shapes and heavier sections. However, 
the moderate gains from developing a new curve specific to 
this grade may not justify the complexity, especially con-
sidering the results for Fy = 50 ksi already show a mix of 
under- and overpredictions. In that context, proposals for 
a new design curve for Fy = 80 ksi should carefully weigh 
the benefits of localized conservatism reduction against the 
risks of unconservative predictions in other regimes.

While the findings affirm the general applicability of 
the AISC 360-22 unified curve to both A992 and A913 
rolled shapes, they also reveal nuances in performance 
that depend on cross-sectional proportions, loading direc-
tion, and residual stress profiles. A single unified curve 
may not fully capture these effects, particularly for heavy 
or high-strength shapes with Fy ≥ 80  ksi buckling in the 
inelastic range. Although this study does not propose a 
new column curve, it highlights the potential limitations of 
the existing design provisions and lays the groundwork for 
further research. As such, future research should explore 
the viability of shape-dependent or strength-tiered column 
curves. Full-scale experimental validation will be essen-
tial to confirm these numerical trends and guide refine-
ment of design provisions. Collaboration between academic 
researchers and industry partners—including ongoing dis-
cussions within the AISC technical committees—will be 
vital to advancing the adoption of high-strength steel in 
design practice and improve the safety-efficiency balance 
in modern high-strength steel design.

Ultimately, this study underscores that while the current 
design provisions are generally effective, their limitations 
should be acknowledged, especially when applied to rolled 
shapes fabricated from emerging high-strength steels. 
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Fig. 25.  Simulated column buckling curves about the minor axis for sections using A913/913A Gr. 80 and A992 steels.
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Refinement—not replacement—of existing curves, with 
attention to shape, strength level, and directional sensitiv-
ity, appears to be a more realistic and impactful approach.

FUTURE TASKS

Future work may explore the development of column buck-
ling curves for high-strength hollow structural sections 
(HSS), which differ substantially from rolled W-shapes in 
both manufacturing process and residual stress behavior. 
Unlike ASTM A913, which applies to hot-rolled W-shapes, 
high-strength HSS products are typically fabricated from 
cold-formed and welded plate or strip materials governed 
by ASTM A500 (2021a) or ASTM A1085 (2015) speci-
fications. These differences affect geometric tolerances, 
residual stress distributions, and imperfection sensitiv-
ity. Accordingly, any extension of buckling curve calibra-
tion to high-strength HSS will require a tailored modeling 
approach that reflects these characteristics and production 
constraints.

While this study does not propose a new design equation, 
the validated numerical framework and consistent trends 
observed—particularly the underestimation of strength 
for A913 Gr. 80 rolled sections—form the basis for future 
reliability-based calibration. Future work will expand the 
simulation database to include additional W-shapes and 
HSS sections and will evaluate whether separate or mod-
ified buckling curves are warranted for A913 Gr. 80 or 
higher strength steels. The methodology will follow reli-
ability provisions in AISC 360, Appendix 1, and incor-
porate statistical variability in material properties and 
geometric imperfections.
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Evaluation of Seismic Design Parameters for  
Modular Metal Buildings in High Seismic Zones
MOHAMMAD T. NIKOUKALAM, SHAHABEDDIN TORABIAN, and BENJAMIN W. SCHAFER

ABSTRACT

The objective of this paper is to evaluate the seismic design parameters for modular metal building systems in high seismic zones in the 
United States using the FEMA P695 (ATC, 2009) methodology. Modular metal buildings, commonly used for large open spaces such as 
warehouses and data centers, combine traditional built-up tapered steel frames with intermediate gravity-only columns. A suite of archetype 
buildings with varying spans, heights, and number of modules was developed in collaboration with industry and analyzed using nonlinear 
static and dynamic procedures. High-fidelity shell finite element models, validated against component and shake table tests, capture key 
failure modes, including local and global buckling. Results from pushover and quasi-static cyclic analyses were used to calibrate nonlinear 
single-degree-of-freedom models for subsequent incremental dynamic analyses against the FEMA P695 earthquake suite. The study dem-
onstrates that modular metal buildings designed with a response modification factor R = 3.5 meet the FEMA P695 collapse performance 
criteria, provided that lateral bracing systems are designed to meet both strength and stiffness requirements of AISC 360. Buildings using 
traditional strength-only bracing exhibited limited ductility due to premature column buckling, whereas AISC-compliant bracing achieved 
stable post-peak response and improved collapse margins. A collapse drift limit of 6% is proposed based on system flexibility and observed 
behavior. The findings confirm the adequacy and applicability of current ASCE 7 ordinary moment frame provisions for modular metal build-
ing systems, with important implications for design practice in high-seismic regions.

Keywords:  metal buildings, seismic performance, nonlinear, incremental dynamic analysis, fragility.

INTRODUCTION

M etal building systems in the United States typically 
consist of I-shaped structural steel frames built up 

from plate and tapered (particularly in depth) to meet dom-
inant demands, secondary cold-formed steel purlins and 
girts connecting from frame to frame, diagonal rod bracing 
to provide diaphragm and cross-frame stiffness, and fin-
ished with walls of either steel sheeting or tilt-up concrete 
panels with roofs of through-fastened or standing seam 
metal panels. For long-span metal buildings, it is com-
mon to support the main frame periodically with gravity 
columns—creating a “modular” metal building system—
as opposed to shorter span systems without interior gravity 
columns known as “clear-span” metal buildings. It is com-
mon to utilize noncompact and slender sections within the 

tapered main frames to provide sufficient stiffness and nec-
essary strength. For seismic design (in the frame direction), 
metal building systems are typically categorized as ordi-
nary moment frames (OMFs) and thus are only required 
to meet the design provisions of AISC 360, Specification 
for Structural Steel Buildings (2016), hereafter referred to 
as AISC 360. Metal building systems have commonly per-
formed well in earthquakes, but there has been keen inter-
est over the last 20 years to better understand the seismic 
design of these systems (Uang et al., 2011; Smith, 2013; 
Hatch, 2014).

In particular, the experimental work led by Uang at the 
University of California–San Diego (UCSD) has provided 
important benchmarks for predicting the performance of 
metal building systems and components. Quasi-static cyclic 
tests on a 20  ft × 60  ft (6.1  m × 18.3  m) clear-span pri-
mary frame demonstrated elastic behavior up to approxi-
mately 2.5% drift, beyond which stiffness and strength 
degraded due to lateral-torsional buckling (LTB) in the col-
umn (Hong and Uang, 2006). Cyclic component testing of 
column-knee-rafter connections demonstrated that large 
drifts were accompanied by LTB in the rafter between 
brace points, along with flange local buckling (FLB), and 
the members could undergo multiple cycles and large drifts 
(beyond 6%) without fracture, but with strength loss. Com-
parisons of test results with AISC Design Guide 25, Frame 
Design Using Web-Tapered Members (Kaehler et al., 2011), 
demonstrated that accurate prediction of LTB capacity 
requires explicit consideration of bracing conditions.
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Finally, full-scale shake table testing of three clear-span 
metal buildings to evaluate seismic performance under 
varying configurations, including light and heavy wall 
cladding and mezzanines, was performed at UCSD (Fig-
ure 1) (Uang et al., 2011; Smith, 2013). The tests demon-
strated significant system overstrength, with all specimens 
remaining stable up to 150% of the Imperial Valley ground 
motion scaled to ASCE 7-16, Minimum Design Loads and 
Associated Criteria for Buildings and Other Structures 
(2016), design earthquake (DE) levels, and one specimen 
tested up to 300% DE without collapse. [Note: Maximum 
considered earthquake levels, (MCE) are 150% DE.] Maxi-
mum drift ratios experienced across the specimens varied 
from 3.5% to 5.4% and LTB, FLB, and panel zone buckling 
and yielding were observed in the specimens. The buildings 
with heavy wall attachments exhibited limit states at earlier 
drifts than those with light walls. None of the buildings col-
lapsed under the imposed excitations, and the tests stopped 
due to other experimental limitations on the shake table.

To complement the experimental findings, high-fidelity 
finite element modeling has become essential for evalu-
ating seismic performance, particularly in utilizing the 
FEMA P695, Quantification of Building Seismic Perfor-
mance Factors (ATC, 2009), procedure to validate seismic 
response modification coefficients (e.g., R). The second and 
third authors of this paper were part of a team that devel-
oped a peer-reviewed seismic modeling procedure for the 
seismic performance of clear-span metal buildings shak-
ing in the direction of the main frames (Meimand et al., 
2018; Moen et al., 2019). The overall approach utilized a 
high-fidelity, primarily shell, finite element model of the 

metal building system to characterize the nonlinear static 
hysteretic response of the frame and a nonlinear single 
degree of freedom model to perform the required incre-
mental dynamic analyses (IDA) across a suite of earth-
quakes to assess the predicted collapse margin ratio. The 
high-fidelity model incorporated all typical metal building 
details, including flange braces, metal roof panels, and rod 
bracing, and was validated against component testing of the 
main frame and the shake table tests at UCSD (Moen et al., 
2019). The peer-reviewed P695 study confirmed the appli-
cability of the OMF seismic response modification coef-
ficient R  =  3.5 for both traditional light walls and tilt-up 
heavy walls for clear-span metal buildings (Meimand et 
al., 2018; Moen et al., 2019). Highlights of the overall find-
ings from this work included (1) clear-span metal building 
systems are unique in that the gravity and lateral framing 
systems are combined and member depths and details are 
influenced prominently by both gravity and lateral demands 
in the same frame; (2) the period of metal buildings is typi-
cally longer than empirical expressions provided in ASCE 
7 (ASCE, 2016), and therefore, story drifts (even within 
the elastic regime) are often greater than conventional 
steel-frame building systems; and (3) the bracing connected 
between the purlins or girts and the main frame is critical to 
achieving a stable large lateral deformation response even 
as global (e.g., lateral-torsional) buckling initiates.

Beyond the United States, similar modeling efforts have 
been undertaken to investigate the seismic performance 
of both clear-span and modular metal building systems in 
Canada (Bagatini Cachuço, 2021; Bagatini Cachuço and 
Yang, 2021) and provide guidance on appropriate seismic 

Fig. 1.  Assembled specimen on shaking table (Smith et al., 2013).



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 215 

response modification coefficients for use in equivalent 
lateral force procedures in the National Building Code 
of Canada (NBCC). The analytical framework employed 
included shell finite element models of components (e.g., 
the column-knee-rafter segment) in ABAQUS (Simulia, 
2014) then utilized to calibrate a beam finite element model 
of the main frame implemented in OpenSees (McKenna et 
al., 2004). IDA was conducted on the OpenSees model for 
a suite of earthquake motions relevant to western Canada. 
The researchers performed a series of trial designs consid-
ering different levels of assumed ductility-based seismic 
force reductions (in Canada overstrength and ductility seis-
mic force reductions are separated into two parts) and con-
cluded that the ductility-based force reductions should be 
approximately 1.3 for metal buildings in western Canada.

The research reported herein uses the framework of 
Moen et al. (2019) to evaluate the seismic response mod-
ification coefficients for modular metal building systems 
in high-seismic regions in the United States. A series of 
modular metal building system archetypes are designed in 
collaboration with industry. A high-fidelity shell finite ele-
ment model of the archetypes is developed and exercised 
through modal analysis, geometric and material nonlinear 
static pushover analysis, and geometric and material non-
linear static cyclic analysis. A nonlinear single degree of 
freedom surrogate model is calibrated to the high-fidelity 
model and utilized for IDA across the FEMA P695 earth-
quake suite. Formal P695 evaluation is performed to assess 
the adequacy of the assumed seismic response modification 
coefficients. The scope is limited to modular metal build-
ings up to 45 ft (13.7 m) in eave height and with roof loads 
no greater than 20 psf (0.96 kN/m2) in high-seismic zones.

DESIGN OF MODULAR METAL 
BUILDING ARCHETYPES

A critical step in the assessment of seismic performance 
modification factors per FEMA P695 is the development 
of system archetypes. Previously, for clear-span metal 
buildings, four archetypes covering light and heavy walls 

and ranges of height-to-span for the main frames consis-
tent with known practice were developed (Moen et al., 
2019). For modular metal buildings, six archetypes were 
developed, as summarized in Table 1 and depicted in Fig-
ure  2. The buildings cover heights of 25  ft (7.6  m) and 
45 ft (13.7 m) and utilize either two or three modules with 
spans between the interior columns of 50  ft (15.2 m) and 
100  ft (30.4  m). The archetype buildings were designed 
and detailed by engineers at Metal Building Manufacturers 
Association (MBMA) member companies using their own 
internal design, detailing, and optimization software with 
the parameters defined in Table 1 and Table 2.

To ensure more sections of the frames are controlled by 
seismic demand, snow load combinations were not included 
in developing the frame designs because this leads to 
lower-weight design [see Moen et al. (2019) for influence 
of snow loads on seismic designs]. To ensure realistic sec-
ondary member sizes and eliminate site specificity, roof 
purlins, roof decks, diaphragms, girts, and lateral braces 
were designed against the U.S. average wind load for com-
ponents and cladding, which corresponds to a wind speed 
of 110 mph (177 kph), assuming wind exposure category B 
(ASCE, 2016); however, wind did not control design of the 
frame members (i.e., seismic controls the lateral demands). 
The modular archetype metal buildings are designed for the 
design earthquake (DE) per ASCE 7-16 (2016). The values 
taken for the spectral response acceleration parameter at 
short period, Ss, and for the spectral response acceleration 
parameter at a period of 1.0, S1, are based on recommenda-
tions provided in FEMA P695 (ATC, 2009).

NUMERICAL MODELING

This section describes the high-fidelity (primarily shell) 
finite element model used to predict the nonlinear lateral 
response of a modular metal building frame. The frame col-
umns and rafters as well as the purlins, girts, and sheeting 
are all modeled with shell finite elements (Figure 3). There-
fore, the model is capable of capturing local and global 
buckling of the rafters and columns; local, distortional, and 

Table 1.  Metal Building Archetypes Dimensions and Design Loads

Archetype
H

ft (m)
N ×× Span
N × ft (m)

Bay
ft (m)

Vr 
kips (kN)

AM1 25 (7.6) 2 × 50 (15.2) 25 (7.6) 17.6 (78.3)

AM2 25 (7.6) 3 × 50 (15.2) 25 (7.6) 25.6 (113.9)

AM3 45 (13.7) 2 × 50 (15.2) 25 (7.6) 18.6 (82.7)

AM4 45 (13.7) 3 × 50 (15.2) 25 (7.6) 26.6 (118.3)

AM5 25 (7.6) 2 × 100 (30.4) 25 (7.6) 33.8 (150.2)

AM6 45 (13.7) 2 × 100 (30.4) 25 (7.6) 34.8 (154.8)
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Fig. 2.  Schematic elevation view of modular archetype buildings.

global buckling (including stiffness loss) of the purlins and 
girts; as well as buckling and yielding of the panel zone. 
The model does not include consideration of fracture. The 
initial modeling protocols, as detailed further below in their 
current use, were developed for the study on clear-span 
metal building frames (Meimand et al., 2018; Moen et al., 
2019) and subject to peer review (see the Acknowledg-
ments for the peer review team details). The main frame 
(rafter) modeling was validated against quasi-static cyclic 
frame subassembly tests conducted using AISC 341-10, 
Seismic Provisions for Structural Steel Buildings (2010), 
protocol (Smith et al., 2013). The complete model was vali-
dated against three full-scale shake table tests conducted at 
UCSD (Uang et al., 2011; Smith et al., 2013).

All finite element modeling in this study is performed in 
ABAQUS (Simulia, 2014). Model generation was automated 

using MathWorks (2018) to get all geometrical and material 
properties of the archetypes and generate ABAQUS input 
files. The inputs include rafter and column sizes, taper-
ing, purlin and girt shapes, roof and wall panel sizes, main 
frame lateral bracing, lateral rod bracing, horizontal roof 
truss diaphragm, and the material properties of all associ-
ated parts.

The main frame is modeled with four-node S4R finite 
strain shell elements in ABAQUS, following mesh density 
guidelines defined in Schafer et al. (2010), which set a mini-
mum of four nodes per local buckling half-wavelength. The 
plate-to-plate connections at the web-to-flange juncture or 
stiffeners to other elements are provided by common nodes, 
or tie constraints, and the welds are not explicitly modeled 
herein.
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Table 2.  Archetype Design Assumptions

Summary of Demand Side (ASCE 7) Design Assumptions 

Building risk/occupancy category II

Roof slope 1:12

Roof dead load [psf (Pa)] 2.2 (105.3)

Self-weight [psf (Pa)] 2.5 (119.7)

Collateral load [psf (Pa)] 7 (335.2)

Roof live [reducible) (psf (Pa)] 20 (957.6)

Snow load [psf (Pa)] 0 (0)

Rain load [psf (Pa)] 0 (0)

Wind speed [mph (kph)] 110 (177)

Wind exposure category B

Seismic importance factor 1.0

Seismic design category D

Site class D

Fa, Fv 1, 1.7

Ss (g), S1 (g) 1.5, 0.6

SDS, SD1 1, 0.68

R, Ωo, Cd 3.5, 2.5, 3

Redundancy factor (ρ) 1.3

Design method Allowable stress design

Seismic load Equivalent lateral force procedure

Drift limit
No limit. Exterior walls accommodate frame drift (ASCE 7, Table 12.12-1,  
footnote c)

Summary of Capacity Side (AISC 360) Design Assumptions

Metal building frame seismic detailing 
specifications

OMF

Three-plate members; pinned base; no restriction on member compactness; no 
restriction on member splice locations; no restrictions on taper, pinch point, belly 
points; no special design of the panel zone

AISC 341 Seismic Provisions: 
overstrength conditions

AISC Design Guide 16 connection type, design knee connection with R = 1.0

Use Ωo forces only for column and base plate axial load, including anchor rods 
and welding.

Material Specified Fy = 55 ksi (379 MPa), Fu = 70 ksi (482 MPa)

Welding AWS D1.8 provisions, no protected zones

Anchor rods ASTM F1554 A36
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The pretensioned bolts of the end plate connections are 
not explicitly modeled, but the rafter (or column) end plate 
and the knee end plate are modeled to always stay in con-
tact, assuming that the precompression is not overcome 
during the simulations.

The imperfections are considered as distortional buck-
ling half-wavelength with the maximum web imperfection 
of δ = h/ 250, where h is the depth of the web, as shown in 
Figure 4(a). A global out-of-plane sweep in the main frame 
span of L/1000 is also included based on measurements 
taken in the UCSD cyclic subassembly tests (Smith, 2013).

Thermal self-equilibrating residual stresses are modeled 
in the main frames with the stress distributions shown in 

Figure 4(b). The stress magnitudes are chosen based on the 
suggestions from Prawel and colleagues (1974) and Kim 
(2010) for built-up steel members.

Purlins and girts are also modeled using S4R shell ele-
ments, with a cross-section node pattern extruded along 
the length. The purlins are connected to the main frames 
with numerical constraints that link a group of nodes in the 
web and the bottom flange of the secondary member to a 
group of nodes on the main frame flange. These constraints 
approximate a typical clip connection. The girts and pur-
lins are connected to the wall and roof panels by fasten-
ers, where the fastener connection is modeled as a rigid 
constraint between coincident nodes using the MPC beam 
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	 (I)  Flange distribution 	 (II) Web distribution

	 (a)  Cross-sectional geometric	 (b)  Thermal residual stress pattern (Kim, 2010) 
	 imperfection pattern

Fig. 4.  Mainframe cross-sectional geometric imperfection pattern and thermal residual stress pattern.

Fig. 3.  High-fidelity finite element model.
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in ABAQUS. Initial geometric imperfections and residual 
stresses from manufacturing are not considered for any sec-
ondary members.

Rod braces are modeled with B33 beam elements in 
ABAQUS, and multi-point constraint (MPC) connections 
are used on the web near the top flange. The brace angle 
cross sections are modeled with S4R shell elements, and 
the brace ends are numerically constrained to node groups 
in the main frame flange and the purlin.

Wall and roof steel deck sheathing are modeled using 
shell elements, where sidelaps and endlaps are assumed to 
be continuous. Screw-fastened roofs are evaluated in this 
study, and each panel-to-purlin and panel-to-girt screw 
connection is modeled with a single-node rigid MPC.

Yield stress of 55  ksi (379 MPa) and ultimate stress 
of 70  ksi (482 MPa) are used for all steel structural ele-
ments. An isotropic-kinematic plasticity model, where the 
von Mises yield surface both expands and shifts to include 
residual stresses that remain after elastic unloading (i.e., the 
Bauschinger effect), is considered in both static and cyclic 
models. All secondary structural elements, including pur-
lins, girts, and lateral braces, have a yield stress of 50 ksi 
(345 MPa) and an engineering strain hardening slope of 
0.25% with isotropic hardening, where E is the elastic mod-
ulus of the steel material.

The base of the main frame columns was modeled as 
pinned, consistent with typical anchor rod and baseplate 
details in metal building systems. To check this assump-
tion, the nonlinear spring model developed in Moen et al. 
(2019) was implemented for archetype AM2 with and with-
out degradation, and the resulting ductility and overstrength 
values were found to be similar to those obtained using the 
pinned-base model.

ANALYSIS AND EVALUATION  
OF ARCHETYPE BUILDINGS

Pushover Analysis

Prior to performing nonlinear cyclic or dynamic analyses, a 
pushover analysis of the high-fidelity metal building model 
is performed. This analysis is utilized to determine the 
period-based ductility parameter (μT) and the system over-
strength factor (Ωo) for each archetype per FEMA P695. 
Additionally, the pushover analysis helps check the accu-
racy of the model and identify the expected failure modes. 
The pushover response also aids in defining a drift-based 
collapse limit, as detailed later in the Incremental Dynamic 
Analysis section. The model is fully geometric and material 
nonlinear and therefore includes all large deformation (P-Δ 
and P-δ) effects.

Figure 5 provides the static pushover response in terms 
of base shear versus roof displacement for all archetype 
buildings. “Tall buildings” AM3 and AM4 have insuffi-
cient ductility for successful seismic performance. Both 
suffer greater than 20% strength loss at peak load, although 
they have sufficient strength (i.e., the peak strength is well 
in excess of the design strength). The observed post-peak 
response for AM3 and AM4 are provided in Figures 5 and 
6(a) and (c), respectively, and in both cases, one can observe 
that the girts are unable to brace the column rafter and 
that LTB in the column is occurring across multiple brace 
points. Consultation with the design engineers resulting in 
learning that the purlin and girt designs for AM3 and AM4 
followed historical practice of using 2% of the compres-
sive force (or flange force) in sizing the brace. AISC 360, 
Appendix  6, requires that both strength (often less than 
2%) and stiffness be supplied by the bracing system. In this 
case, a redesign was required using heavier (thicker) girts to 
meet the stiffness requirement.

The performance of the redesigned AM3 and AM4 
archetypes, designated as AM3R and AM4R, are provided 
in Figures 5 and 6(b) and (d). The overall response of the 
redesigned AM3R and AM4R results in adequate post-peak 
ductility and moves the limit state from LTB in the col-
umn to local buckling and yielding in the rafter. AM6 (the 
final tall building) was designed after AM3R and AM4R 
and also had the bracing provisions of AISC 360, Appen-
dix 6 applied in its design. Note, AM1, AM2, and AM5 (the 
shorter buildings) did not have the AISC 360, Appendix 6 
bracing provisions applied; however, they still performed 
well. Figure 5 provides the pushover response, and Figure 7 
provides the deformed shape and stress contours for AM1, 
AM2, and AM5. The initial limit state is rafter yielding and 
local buckling at the haunch, and detrimental column LTB 
does not occur until larger drifts. It is anticipated that simi-
lar strength but improved post-peak performance is possible 
in these archetypes if they were to be redesigned to AISC 
360, Appendix 6 bracing stiffness and strength provisions; 
however, given the performance was adequate as designed, 
the investigation of the overall performance proceeded 
without redesign and reanalysis on these archetypes.

Based on the nonlinear static pushover response, the 
resulting system overstrength (Ωo), ductility (μ), and 
period-based ductility (μT) for each archetype are summa-
rized in Table 3. The system overstrength is defined as:

	 o =Vmax VdesignΩ � (1)

where Vmax is the maximum base shear and Vdesign is the 
design base shear—that is, the lateral demand at the design 
earthquake (DE) level calculated using the ASCE 7-16 fun-
damental period, TASCE7. The ductility is defined as

	 μ = u yδ δ � (2)
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	 (a)  AM1	 (b)  AM2

	 	
	 (c)  AM3	 (d)  AM3R

	 	
	 (e)  AM4	 (f)  AM4R

	 	
	 (g)  AM5 	  (h)  AM6

Fig. 5.  Static pushover curve of archetypes (1 kip = 4.448 kN).
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	 (a)  AM3: 4.5% drift ratio	 (b)  AM3R: 4.7% drift ratio

	 	
	 (c)  AM4: 3.4% drift ratio	 (d)  AM4R: 3.6% drift ratio

(e)  AM6: 5.6% drift ratio

Fig. 6.  First failure mode in tall buildings [45 ft (13.72 m)] (1 ksi = 6.895 MPa).
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(a)  AM1: 4.9% drift ratio

(b)  AM2: 3.0% drift ratio

(c)  AM5: 3.3% drift ratio

Fig. 7.  First failure mode in short buildings [25 ft (7.62 m)] (1 ksi = 6.895 Mpa)
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Table 3.  Summary of System Overstrength (ΩΩo), Ductility,  
and Period-Based Ductility (μμT) Factors for Each Archetype.

Archetype
Overstrength Ductility

Period-Based 
Ductility

ΩΩo μμ μμT

AM1 2.27 1.67 1.86

AM2 1.99 1.49 1.57

AM3R 1.87 1.39 1.47

AM4R 1.65 >1.94* >1.98*

AM5 2.28 >1.48* >1.51*

AM6 2.00 1.47 1.62

Average 2.01 >1.57 >1.67

Archetypes Prior to Redesign of Bracing Stiffness per AISC 360

AM3 1.83 1.07 1.12

AM4 1.39 1.09 1.14
*	“>” indicates that the structure did not exhibit a 20% post-peak strength loss in the pushover analysis; the value is 

based on the last converged step and represents a conservative lower bound.

Table 4.  Sequence of Observed Behavior in Each Archetype

Archetype

Observed Behavior

Drift  
(%)

First  
Significant Behavior

Drift  
(%)

Second  
Significant Behavior

Drift  
(%)

Third  
Significant Behavior

AM1 4.9 Rafter Y and LB 5.1
Rafter and 
column LTB

8.0 Rafter and PZ Y

AM2 3.0
Rafter Y and LB 
Column LTB

4.2 Rafter and PZ Y 4.3 Column LTB

AM3R 4.7
Rafter Y and LB 
Column LTB

4.7 Column LTB 5.8 Rafter and PZ Y

AM4R 3.6 Rafter Y, LB, and LTB 3.8
Rafter LTB and 
purlin LB

6.0 Rafter and PZ Y

AM5 3.3 Rafter Y, LB, and LTB 4.9 Rafter and PZ Y 6.7 Purlin LTB

AM6 5.6
Rafter Y and 
LB Column LTB

5.8 Rafter and purlin LTB 6.8 Rafter and PZ Y

Archetypes Prior to Redesign of Bracing Stiffness per AISC 360

AM3 4.5 Column and girt LTB 5.6 Rafter and PZ Y 5.6 Column LTB

AM4 3.3 Column LTB 3.4 Girt LTB 4.7
Rafter Y Column LB 
and LTB

Note:  Y: yielding, LB: local buckling, LTB: lateral-torsional buckling, PZ: panel zone
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where δu is the ultimate roof drift displacement—that is, 
the roof displacement at 0.8Vmax—and δy is the yield roof 
drift displacement, defined as

	 y =Vmax keδ 	 (3)

where ke is the initial (elastic) stiffness of the building. The 
period-based ductility is defined as

	 μT = u y,effδ δ 	 (4)

where δu is the ultimate roof drift—that is, the roof dis-
placement at 0.8Vmax—and δy,eff is the effective yield roof 
drift displacement, defined in FEMA P695 as:

	
y,eff = Co

Vmax

W

g

4 2 max T,T1( )[ ]2δ
π

⎛
⎝

⎛
⎝

⎞
⎠

⎞
⎠ 	

(5)

where T is the fundamental period per ASCE 7-16, T1 is 
the fundamental period of the building models computed 
using eigenvalue analysis (see Frequency Analysis sec-
tion), W is the seismic weight of the building, g is the accel-
eration of gravity, Vmax is the maximum base shear of the 
building, and Co is the modal coefficient (which is 1.0 for a 
single-story structure like a metal building).

According to Table  3, the calculated overstrength fac-
tors are in the range of 1.6 to 2.3. According to the FEMA 
P695 procedures, the system overstrength, Ωo, is calculated 
as the maximum of the average from the different perfor-
mance groups, but not to exceed a maximum value of Ωo = 
3.0. Accordingly, from the archetype analysis summarized 
in Table 3, the design value would be set to Ωo = 2.0, gov-
erned by the average value of the performance group.

The nonlinear static pushover analysis provides a clear 
examination of the expected limit states. The sequence of 
failure modes observed in each archetype is presented in 
Table 4.

Major observations from the nonlinear static response 
include the following:

•	 In “short” archetypes [H = 25 ft (7.62 m)] AM1, AM2, 
and AM5, the post-peak response is primarily dominated 
by rafter yielding and local buckling at the haunch, 
followed by rafter span LTB at larger drift ratios in all 
three archetypes and minor column LTB in AM1 and 
AM2.

•	 In tall archetypes [45  ft (13.72 m)] with column lateral 
bracing designed per the strength-only (2%) method (i.e., 
AM3 and AM4), the post-peak strength degradation is 
dominated by severe column LTB [Figures 6(a) and (c)], 
followed by girt LTB due to the diagonal brace (kicker) 
force at the location of column lateral braces. The high 
sensitivity of AM3 and AM4 to column LTB results in 
significantly lower ductility than the other archetypes. 
These bracing designs do not meet the criteria of AISC 
360.

•	 In tall archetypes with column lateral bracing designed 
per AISC 360 (AM3R, AM4R, and AM6), the post-peak 
strength degradation is primarily dominated by rafter 
yielding and local buckling at the haunch followed by 
rafter span or minor column LTB [Figures 6(b), (d), and 
(e)]. The lower sensitivity of AM3R, AM4R, and AM6 to 
column LTB results in a more stable post-peak response 
and higher ductility than AM3 and AM4.

With these findings, it was concluded that application of 
the OMF criteria in seismic design of metal buildings must 
adhere to all provisions of AISC 360, including the bracing 
provisions, and that the design of braces for 2% of the com-
pressive force is not sufficient. Therefore, further analysis 
would only be conducted on AM3R and AM4R. As a result, 
in the analyses that follows AM3 and AM4 are replaced by 
AM3R and AM4R.

Table 5.  Summary of the Modal Analysis Results of the High-Fidelity Models  
and Period Evaluation of the Archetype Buildings per ASCE 7-16 Method

Archetype
Mass  

Participation Ratio
T1 
(s)

TASCE7 
(s)

TDesign 
(s)

T1
TASCE7

T1
TDesign

AM1 0.92 1.44 0.39 1.42 3.67 1.02

AM2 0.99 1.19 0.40 1.20 2.95 0.99

AM3R 0.96 2.02 0.61 1.98 3.31 1.02

AM4R 0.97 1.89 0.62 1.89 3.05 1.01

AM5 0.74 1.53 0.42 1.35 3.67 1.13

AM6 0.93 2.39 0.63 2.24 3.79 1.07

T1:	 First period of high-fidelity shell finite element model
TASCE7: 	Estimate period based on ASCE 7-16, Equation 12.8-7 (ASCE, 2016)
TDesign:	 Period estimate by metal building designer based on beam element approximation
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Frequency (Modal) Analysis

The natural periods and mass participation of the modu-
lar metal building archetypes are provided in Table 5. The 
natural period of the tall archetypes (AM3R, AM4R, and 
AM6) is between 2.02 and 2.39 s, while that of the shorter 
ones (AM1, AM2, and AM5) ranges from 1.19 to 1.89 s. 
The high-fidelity model and the beam element model used 
in the design agree strongly, while the empirical equa-
tions in ASCE 7-10 (ASCE, 2010) were found to assume far 
stiffer response than is typically realized in metal building 
frames.

Cyclic Analysis

The high-fidelity models are used to characterize the 
quasi-static cyclic response of the archetypes, including 
strength and stiffness degradation. Each archetype metal 
building is subjected to cyclic horizontal displacements 
per AISC 341 cyclic loading protocol at the knee level. The 
cyclic response is defined as the base shear versus drift ratio 
in Figure 8. The cyclic results generally follow the pushover 
backbone, but some minor cyclic degradation is observed 
in the archetypes. The quasi-static cyclic behavior is used 
to calibrate a nonlinear single-degree-of-freedom (SDOF) 
model utilized in incremental dynamic analysis and dis-
cussed in the following section.

Incremental Dynamic Analysis

The objective of the nonlinear incremental dynamic analy-
sis (IDA) is to determine the ground motion intensity cor-
responding to the collapse of the structure, per the FEMA 
P695 procedure. A collapse limit (e.g., drift limit) is 
required in the IDA procedure to estimate the probability 
of collapse and determine the acceptability of the seismic 
response modification coefficients utilized in design. Selec-
tion of the collapse limit for the modular metal buildings 
requires some care. In the available full-scale (clear-span) 
metal building shake table tests (Uang et al., 2011; Smith, 
2013), collapse was not observed up to 4% story drift, so 
a direct experimental collapse drift limit is unavailable. 
Moen et al. (2019) utilized a 4.5% collapse drift limit in 
their modeling, based on the observation that plastic strain 
accumulation in the rafter and panel zone would eventu-
ally lead to fracture (which was not included in the model). 
Modular metal building systems are flexible. Review of the 
pushover response of Figure  5  indicates that most of the 
archetypes are in the elastic or initial post-yield hardening 
response at 4.5% drift; therefore, such a limit for collapse 
would be inappropriate. An archetype-dependent collapse 
drift limit is possible; however, a simpler approach was 
selected here—the collapse drift limit was assumed to be 
6% for modular metal buildings. In all archetypes, except 
for AM2, the ultimate drift ratio (drift ratio corresponding 

to 20% strength loss) is greater than 6%. Plastic strain accu-
mulation does not initiate until the first significant nonlin-
ear response is observed, which is generally greater than 
4%; thus, the use of 6% recognizes the inherent flexibility 
of the modular metal building archetype but still limits the 
total plastic strain accumulation in the response.

A set of 22 pairs of ground motions (44 total) specified 
in Appendix A of FEMA P695 were used for the IDA. The 
IDA procedure starts by defining the median spectral inten-
sity of the far-field record set, ST, measured at the funda-
mental period of the structure, and then the far-field record 
set is scaled by α = SMT/ST, where α is the intensity factor 
and SMT is the spectral intensity corresponding to the max-
imum considered earthquake (MCE) at the fundamental 
period of the structure. The median collapse intensity cor-
responding to the spectral acceleration at the fundamental 
period of the building at which half of the ground motions 
cause collapse is referred to as ŜCT. IDAs are performed 
using the nonlinear SDOF modeling protocol introduced in 
the following section.

Computationally Efficient Nonlinear Dynamic 
Analysis Framework

The dynamic behavior of metal buildings, as a single-story 
moment frame with roof masses, can be represented by a 
single-degree-of-freedom (SDOF) dynamic system. The 
first mode mass participation ratio of previously studied 
clear-span metal buildings is between 76% and 83% (Moen 
et al., 2019). The first mode mass participation ratio of the 
modular metal building archetypes with 50 ft (15.2 m) mod-
ules (AM1–AM4R) are between 92% and 99% per Table 5. 
The longer span 100 ft (30.4 m) modules of AM5 and AM6 
have lower mass participation ratios, 74% and 93%, respec-
tively. The long rafter spans and short columns of AM5 are 
indicative of the potential for some higher mode response 
in this specific archetype; however, the nonlinear static 
response and observed failure mechanism is benign in this 
archetype as indicated by its high overstrength and ductil-
ity (see Figure 5 and Table 3), and the lower mass partici-
pation ratio for this archetype was deemed acceptable for 
the study.

A classical SDOF dynamic model can be represented by 
a lumped mass, m, spring stiffness, Kt, and damping, c, as 
shown in Figure 9. The dynamic properties—specifically, 
the period of vibration, T—can be selected so the SDOF 
model is consistent with what would be expected for the 
actual building. Strength and stiffness degradation and 
the period shift as the building experiences damage dur-
ing an earthquake are approximated by the nonlinear spring 
stiffness, Kt. A SDOF hysteretic material model may be 
matched to the cyclic hysteretic response of the high-fidelity 
model. With this high-fidelity to SDOF mapping, the SDOF 
cyclic response includes local and system-level responses, 
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	 (a)  AM1	 (b)  AM2

	 	
	 (c)  AM3R	 (d)  AM4R

	 	
	 (e)  AM5	 (f)  AM6

Fig. 8.  Quasi-cyclic and pushover response of archetypes (1 kip = 4.448 kN).
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including rafter lateral-torsional buckling and local buck-
ling and bracing from the secondary structural system (pur-
lins, girts, kickers, etc.).

The Pinching 04 material model in OpenSees is utilized 
for the nonlinear SDOF material hysteretic model. The 
Pinching 04 model includes the definition of four response 
points as illustrated in Figure  10 and additional parame-
ters to handle loading/unloading (pinching) and cyclic 
degradation. Here, the backbone points and other param-
eters are established such that the per-cycle and accumu-
lated error between the SDOF model and the high-fidelity 
model response are minimized, as illustrated for AM2 in 
Figure  11. This process is repeated for all studied arche-
types. The Pinching 04  model fitting parameters for all 
archetypes are presented in Appendix Table A.

The seismic mass, m, is assumed to be equal to the mass 
used to calculate the design seismic weight in an equivalent 
lateral force procedure. Matching the fundamental building 
period to the SDOF model is desirable so that elastic behav-
ior and the natural periods are consistent. The relationship 
among the mass, initial stiffness, and period of the building 
can be written as follows:

	 T1 = 2 m kiπ 	 (6)

where m is the seismic mass, ki is the initial stiffness of 
the building in the SDOF model, and T1 is the fundamental 
period of the SDOF model. Because the building period is 
determined by high-fidelity analysis, and the seismic mass 

m
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Fig. 9.  Metal building nonlinear SDOF model definitions.

1

2

3

4

Peak force

Residual force

Displacement

Fo
rc

e

Cyclic backbone
Four-point fitted
backbone

Fig. 10.  A four-point backbone fitted to the cyclic backbone is shown in the first quadrant.
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Fig. 11.  Quasi-static cyclic response of AM2: High-fidelity simulation and fitted response using  
Pinching 04 hysteretic model in OpenSees (McKenna et al., 2004) (1 kip = 4.448 kN; 1 in. = 25.4 mm).



ENGINEERING JOURNAL / SECOND QUARTER / 2026 / 229 

of the building is also defined in the seismic design of the 
building, an equivalent initial stiffness is required to match 
the actual building period to the SDOF model. Chapter 6 
of FEMA P695 (ATC, 2009) addresses this challenge by 
defining an effective yield roof drift displacement, δy,eff, 
as defined in Equation 5. For a single-story structure like 
a metal building, the modal coefficient Co is 1.0, and by 
assuming that the actual period of the building is larger 
than the ASCE 7 (2010) prediction (T1>T), Equation 5 can 
be simplified to

	 Vmax y,eff = 4 2m T1
2δ π 	 (7)

By further noting keq = Vmax/δy,eff, the equivalent initial 
stiffness for the SDOF model, keq, can be calculated as

	 keq = 4 2m T1
2π 	 (8)

This equivalent initial stiffness is used in the Pinching 
04 models.

The last term to consider in the SDOF dynamic equa-
tion is energy dissipation treated with the viscous damping 
ratio, ξ. For all simulations in this study, ξ = 2% is selected, 
corresponding to a low-intensity elastic response, assuming 
that energy dissipation from yielding, buckling, and dam-
age is accounted for in the hysteretic response.

IDA and Fragility Curves

Story-drift versus the earthquake spectral acceleration 
scale factor and the resulting fragility response for all 
archetypes are provided in Figures 12(I) and (II), respec-
tively. As an example, for AM5, the median collapse capac-
ity (from all 44 records) is ŜCT = 0.75 g [Figure 12(e) (II)], 
and the CMR = ŜCT/SMT = 0.75/0.59 = 1.27. Collapse fragil-
ity curves are also used to express this information, where 
the cumulative collapse probability is related to the ground 
motion spectral intensity. The discrete points in Figure 12 
are obtained directly from the collapse points of the IDA 
curve for each archetype. A lognormal distribution is fit to 
the data to get a smooth curve and obtain ŜCT.

Per FEMA P695, the fragility response should be modi-
fied with the spectral shape factor, SSF, to account for the 
spectral shape. The SSF is a function of the building funda-
mental period, T, and period-based ductility, μT, used to cal-
culate the adjusted collapse margin ratio as ACMR = SSF × 
CMR. For AM5, for example, ACMR = 1.17 × 1.27 = 1.48. 
Similar results are provided for all studied archetypes in 
Table 6.

SEISMIC PERFORMANCE ASSESSMENT  
PER FEMA P695 METHODOLOGY

Per FEMA P695 (ATC, 2009), the performance of a sys-
tem is judged by comparing the adjusted collapse margin 
ratios (ACMR) to the lower bound acceptable collapse mar-
gin ratios: AMCR10% or AMCR20% as specified in FEMA 
P695. The performance of a structural system is acceptable 
if, under the MCE ground motion, each archetype has a 
large enough collapse capacity such that the probability of 
collapse is less than 20% (ACMR > ACMR20%), and the per-
formance group must, on average, have less than 10% prob-
ability of collapse (ACMR > ACMR10%, where ACMR is the 
average ACMR of the performance group). The acceptable 
ACMRs are calculated by assuming the distribution of col-
lapse level spectral intensities is lognormal, with a median 
equal to ŜCT, and a standard deviation of βTOT, which rep-
resents the total uncertainty in the collapse behavior of the 
system calculated as

	 TOT = RTR
2 + DR

2 + TD
2 + MDL

2β β β β β 	 (9)

where βRTR is the record-to-record collapse uncertainty 
defined as

	 RTR = 0.1+ 0.1μT 0.4β ≤ 	 (10)

and βDR reflects the uncertainty in the implementation of 
design and quality assurance requirements, βTD demon-
strates the uncertainty in the quality and completeness of 

Table 6.  Summary of Archetypes Analyses Results: Collapse Drift Limit of 6% (R == 3.5, ΩΩo == 3, Cd == 3)

Archetype ΩΩo μT

SCT 

(g)
SMT 
(g) CMR SSF ACMR ACMR10% ACMR20% 

Check 
(Pass/Fail)

AM1 2.27 1.86 0.80 0.63 1.28 1.21 1.54 1.70 1.42 Pass

AM2 1.99 1.57 0.99 0.76 1.31 1.16 1.52 1.66 1.39 Pass

AM3R 1.87 1.47 0.79 0.45 1.78 1.16 2.07 1.65 1.39 Pass

AM4R 1.65 >1.98 0.85 0.48 1.79 1.23 2.20 1.72 1.43 Pass

AM5 2.28 >1.51 0.75 0.59 1.27 1.17 1.48 1.65 1.39 Pass

AM6 2.00 1.62 0.54 0.38 1.43 1.18 1.69 1.67 1.40 Pass

Average 1.75 1.67 — Pass
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	 (a)  AM1	 (b)  AM2	 (c)  AM3R

   

   
	 (d)  AM4	 (e)  AM5	 (f)  AM6

	 Fig. 12.  IDA and fragility curves for archetypes.
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the test data to characterize the structural behavior, and 
βMDL reflects the uncertainty in the accuracy and variabil-
ity of the structural modeling (ATC, 2009).

For the present study, βTOT was defined using Equation 9, 
and the assumed uncertainties were βDR = 0.20, βTD = 0.20, 
and βMDL = 0.10. βDR is low because the archetype buildings 
are designed professionally, and the designs are reviewed 
internally and by the MBMA seismic steering group. The 
test data-related uncertainty βTD is low since shake table 
test data are available for the underlying modeling protocol 
development. The modeling-related uncertainty βMDL is low 
because collapse characteristics, including local and global 
buckling, are represented well in high-fidelity and nonlin-
ear SDOF models.

The seismic response parameters, specifically, the median 
collapse intensity, ŜCT, the collapse margin ratio, CMR, the 
adjusted collapse margin ratio, ACMR, and acceptable col-
lapse margin ratios (AMCR10% and AMCR20%) are summa-
rized in Table 6. The index archetypes meet the individual 
and group acceptance criteria. Thus, the assumed design 
seismic response modification factor R = 3.5 (Table  2) 
is deemed to satisfy the minimum acceptance criteria of 
FEMA P695 for modular metal buildings with two and 
three spans with different heights and span widths.

DISCUSSION

High-fidelity simulations coupled with surrogate models 
can provide an effective means for evaluating metal build-
ing system seismic performance. Conventional design pro-
cesses provide acceptable outcomes in past experimental 
work and current P695-based modeling efforts but may 
still behave differently than expected by engineers. Drift is 
driven largely by LTB between and across brace points, not 
yielding. Modifying R in the initial design does not typi-
cally result in significantly different frame performance 
given the limited range in which lateral loads control the 
moment envelope and given that frames are fully opti-
mized to that moment envelope. Lateral performance of the 
frames in modular metal buildings is not markedly differ-
ent from clear-span buildings; however, they can be much 
more flexible. Innovative seismic systems and the necessity 
of the limits of current ASCE 7 code provisions (height, 
weight, etc.) could all now be efficiently explored using the 
developed models and protocols.

SUMMARY AND CONCLUSION

This study evaluated the seismic performance of modu-
lar metal buildings in high seismic zones using the FEMA 
P695 methodology. A representative set of archetype build-
ings, reflecting current industry design practices and incor-
porating ordinary moment frame (OMF) behavior with a 

response modification factor of R = 3.5, was developed and 
analyzed through modal analysis, nonlinear static pushover, 
quasi-static cyclic simulations, and incremental dynamic 
analyses (IDAs). High-fidelity finite element models, cali-
brated to experimental data from prior shake table and sub-
assembly tests, were used to capture the nonlinear behavior 
of the archetypes and to provide an accurate assessment 
of collapse performance, with fracture not explicitly mod-
eled. For the FEMA P695 evaluation, these high-fidelity 
models were further idealized into calibrated nonlinear 
single-degree-of-freedom (SDOF) systems, which formed 
the basis of the collapse assessment.

The results of this study confirm that modular metal 
buildings designed with R = 3.5 can meet the FEMA P695 
acceptance criteria, provided that lateral bracing systems 
for both columns and rafters are designed to satisfy the 
strength and stiffness requirements of AISC 360, Appen-
dix  6. In contrast, buildings designed with traditional 
strength-only (2%) bracing methods exhibited reduced duc-
tility and early onset of lateral-torsional buckling (LTB) in 
columns, which significantly compromised ductility. Rede-
sign of the lateral bracing to include adequate stiffness, in 
accordance with AISC provisions, resulted in improved 
post-peak behavior and increased system ductility.

The nonlinear static and dynamic analyses also showed 
that modular metal buildings remain largely elastic up to 
approximately 4% story drift and that ultimate drift ratios 
generally exceed 6%. Based on this observed performance, 
a collapse drift limit of 6% is proposed as more appropri-
ate for modular metal buildings than the 4.5% previously 
adopted in studies of clear-span metal buildings for use 
within the FEMA P695 evaluation framework only, and not 
as a prescriptive limit for design practice. The calibrated 
SDOF models used in this study were able to effectively 
reproduce the cyclic and collapse behavior of the arche-
types, enabling efficient implementation of the FEMA 
P695 framework.

Overall, the results confirm the applicability and ade-
quacy of the ASCE 7 seismic design provisions where 
modular metal buildings are categorized as ordinary 
moment frames when modern bracing design practices are 
employed. The study highlights the importance of meeting 
both strength and stiffness criteria in lateral bracing sys-
tems and provides a technical foundation for the continued 
use of R = 3.5 in the seismic design of modular metal build-
ings, within the scope of modular metal buildings up to 
45 ft (13.7 m) in eave height and with roof loads not exceed-
ing 20 psf (0.96 kN/m²).
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APPENDIX

Table A.  Pinching 04 Model Parameters for All Archetypes

Archetype

Parameter Unit AM1 AM2 AM3R AM4R AM5 AM6

ePf1  kips 23.6 29.4 17.4 27.1 41.8 43.2

ePd1  in. 8.6 5.2 12.2 11.4 6.9 18.4

ePf2  kips 31.6 47.4 30.6 36.1 58.5 56.5

ePd2  in. 11.6 8.4 21.6 15.2 10.9 24.0

ePf3  kips 39.4 50.2 35.1 45.1 69.7 71.1

ePd3  in. 14.6 11.7 25.5 19.3 17.7 30.0

ePf4  kips 31.2 23.3 16.0 36.7 50.0 41.4

ePd4 in. 26.7 17.6 43.6 35.3 20.0 54.7

eNf1  kips −24.1 −26.3 −21.5 −29.4 −29.9 −44.7

eNd1  in. −8.8 −4.7 −15.0 −12.3 −4.9 −18.9

eNf2  kips −28.8 −48.0 −28.4 −35.6 −60.6 −56.0

eNd2  in. −10.5 −8.6 −19.8 −15.0 −10.0 −23.7

eNf3  kips −39.6 −50.1 −35.6 −46.0 −67.9 −74.4

eNd3  in. −14.2 −11.5 −25.6 −19.2 −17.7 −30.4

eNf4  kips −16.7 −21.5 −12.1 −36.6 −50.0 −39.9

eNd4 in. −30.7 −15.9 −38.4 −32.6 −20.0 −53.8

rDispP − 0.705 0.667 0.648 0.751 0.656 0.533

rForceP − 0.917 0.863 0.857 0.834 0.757 0.979

uForceP − −0.615 −0.581 −0.564 −0.585 −0.617 −0.514

rDispN − 0.603 0.789 0.810 0.797 0.625 0.799

rForceN − 0.934 0.877 0.877 0.835 0.763 0.982

uForceN − −0.638 −0.631 −0.629 −0.609 −0.608 −0.631

dmgType − Energy Energy Energy Energy Energy Energy
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Steel Structures Research Update 

The Novel SnapLocX Column Splice
JUDY LIU

INTRODUCTION

R esearch on an innovative, rapid-assembly column 
splice is highlighted. The research is led by Dr. Jef-

frey Berman and Dr. Dawn Lehman, professors in civil and 
environmental engineering at the University of Washing-
ton, and by Reid Zimmerman, Technical Director at KPFF 
in Portland, Oregon. Dr. Berman and Dr. Lehman share 
interests in seismic performance and design of steel struc-
tures, performance-based seismic design, and innovative 
structural systems. Both are recognized for their expertise 
in large-scale experimental testing, analytical investiga-
tions, and synthesis of experimental-analytical research to 
advance the state of the art and of the practice. Their hon-
ors include distinguished teaching and outstanding paper 
awards from multiple organizations, including the Ameri-
can Society of Civil Engineers (ASCE). Mr. Zimmerman 
is active in code development for ASCE 7 and ASCE 41, 
including helping to lead efforts in resilient seismic design 
and functional recovery. An AISC grant supports this col-
umn splice research. The SnaplocX connection is intro-
duced, and highlights from work to date are presented.

MOTIVATION AND RESEARCH OBJECTIVES

This project arose from AISC’s Need for Speed initiative. 
AISC has supported research that aligns with the Need for 
Speed goal to “increase the speed of designing, fabricating, 
and erecting steel buildings and bridges by 50%” (AISC, 
n.d.). In 2022, AISC hosted a SpeedConnection competi-
tion and selected a few projects, including the SnapLocX 
research (Huber and Colsia, 2025).

The basic concept of the proposed column splice is to 
save construction time and labor with a “snap-and-lock” 
operation. The SnapLocX connection provides an alterna-
tive to the conventional bolted column-to-column splice 
(Figure 1). Columns arrive on site with snap-and-lock com-
ponents attached and do not require any field welding or 
field bolting. Locking plates are shop welded to the upper 
columns, and snapping plates are shop bolted to the lower 

columns (Figure 2). Shear keys in the snapping plates align 
with corresponding slots in the locking plates. With this ini-
tial condition, the upper column is lowered toward the lower 
column. In the intermediate condition, the snapping plates 
bend outward as the upper column is placed into position. 
In the final condition, the connection snaps into place, the 
snapping plates and shear keys then engage with the lock-
ing plates and shear key slots (Figure 3). The connection 
idea was conceived by Reid Zimmerman, who serves as a 
co-investigator and industry advisor to the project.

The primary objectives of this first phase of the 
multi-phase project were to demonstrate the feasibility of 
the SnapLocX splice and to provide a design methodology 
for an industry-ready connection. The research team fully 
developed the snap-and-lock connection using selected 
wide-flange sections. Considering the appropriate demands 
for column splices in gravity framing, including AISC 
Seismic Provisions for Structural Steel Buildings (2022a) 
requirements for gravity frame columns, they created 
design procedures utilizing mechanics principles, struc-
tural steel specifications (AISC, 2022b), OSHA’s Safety 
Standards for Steel Erection (OSHA, 2001), and ASCE/SEI 
7-22 design loads (2022). The team considered a range of 
column sizes, outlined the relative geometric requirements 
of the components, and demonstrated the procedure with an 
example design. They took the SpeedConnection concept a 
step further with sets of standardized designs and tabular 
design aids facilitating quick selection of SnapLocX com-
ponents for different pairings of column sections. In this 
manner, the research team has reduced design time as well 
as construction time.

THE SNAPLOCX CONNECTION

The SnapLocX connection’s snapping and locking plate 
assemblies and shear keys transfer shear and moment while 
compression is transferred through bearing of the col-
umn ends. Each assembly consists of multiple plates. The 
shear key, plates, bolts, and welds are sized to enable the 
snap-and-lock action of the connection and to resist the 
design loading, the latter being often controlled by the shear 
strength requirements from the AISC Seismic Provisions 
(2022a) for column splices that are not part of the seismic 
force-resisting system. By satisfying those shear strength 
requirements, the connection can be used in gravity fram-
ing in any part of the country.

Judy Liu, PhD, Research Editor of the AISC Engineering Journal, Professor, 
Oregon State University, School of Civil and Construction Engineering, Cor-
vallis, Ore. Email: judy.liu@oregonstate.edu
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Fig. 2.  Upper and lower columns with shop-attached connection plates.

Fig. 1.  Bolted column splice example.
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Fig. 3.  Initial, intermediate, and final conditions for the snap-and-lock assembly.
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The snapping plate assembly consists of an outer plate 
(OP), upper lock plate (ULP), inner plate (IP), bolts with 
disc springs, and a shear key (SK) (Figure 4). The ULP and 
shear key (SK) are welded to the OP (Figure 2). The top of 
the ULP is beveled at a 45° angle to help align the upper 
and lower columns and then push the OP outward for the 
snapping mechanism. An IP is welded to the lower column 
and sandwiched between the OP and lower column flange 
in a four-bolt connection. The upper pair of bolts utilizes 
disc springs—that is, Belleville washers—and are installed 
with a specified pretension. The disc springs work with the 
OP for the “snapping” mechanism. Additional details of 
the washers and other components are provided in Hinaus 
(2024).

The locking plate assembly consists of a lower lock plate 
(LLP) and a shim plate (SP) (Figure 4). The LLP is welded 
to the SP, which is directly welded to the upper column 
(Figure 2). The LLP has a slot for the shear key and a 45° 

angle bevel that bears on the matching bevel on the lower 
column IP.

COMPONENT DESIGN

SnapLocX connection design may be considered in two 
stages: (1)  column splice component design and detailing 
and (2) snapping assembly design. A brief overview of the 
component design and detailing is followed by highlights 
of the snapping assembly design. Additional details and an 
example design can be found in Hinaus (2024) and Berman 
et al. (2025).

Component design and detailing includes sizing of plates, 
bolts, and welds for demands and geometry. The shim plate 
thickness is determined by the difference in column depths. 
A minimum upper column depth is recommended to ensure 
sufficient contact area with the lower column for bearing 
capacity (Berman et al., 2025). The SnapLocX is currently 

	 (a)  At one flange	 (b)  Viewed from the side

Fig. 4.  SnapLocX column splice components.
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to be used for splicing columns of the same rolled series 
(e.g., W14× to a W14×). The inner plates (IPs) transfer the 
major axis column shear forces. The 45° angle bevel and 
bearing prevent relative movement of the IP and upper lock 
plate (ULP); the IP therefore resists the shear through its 
thickness. The minor axis shear is transferred from the 
upper column to the lower column through the shear key 
(SK), bearing on the shear key slot in the lower lock plate 
(LLP) and the bolts connecting the outer plate (OP) to the 
lower column. Bolts and welds are designed for the result-
ing demands. For example, the shear key force imposes an 
eccentric loading on the lower column bolt group. Mean-
while, major-axis flexural demands are resisted by a combi-
nation of column flange bearing in compression and transfer 
of tensile forces through the upper and lower column plates, 

welds, and bolts. Details of the load path and limit states are 
provided in Hinaus (2024).

The OPs are designed to accommodate the deformations 
during assembly. As the upper column is lowered into place, 
the outer plate bends and must be checked for yielding. The 
curvature in the outer plate is the largest when the upper 
lock plate (ULP) is at the leading edge of the lower lock plate 
(LLP) (Figure  5). The nonlinear elastic load-deformation 
behavior of the disc springs must also be considered. The 
research team developed a MatLab script to calculate the 
resulting moment, shear, and deformation demands along 
the outer plate (Hinaus, 2024).

Another unique consideration for the SnapLocX con-
nection is the snapping friction. During assembly, the nor-
mal force between the ULP and LLP creates a frictional 

Fig. 5.  Intermediate condition of column assembly with bending of the outer plates and deformation of the disc springs.
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resistance. The weight of the upper column should be large 
enough to overcome the friction so that it can drop and snap 
into place. The research team assumed a friction coefficient 
of 0.3 in their designs (Berman et al., 2025).

STANDARDIZED DESIGNS

The team has created a tabular process to facilitate design 
and fabrication of the SnapLocX column splices. The tables 
are based on sets of standardized splices for a range of 
potential W10, W12, and W14 sections. The column sizes 
were partitioned into groups corresponding to specific plate 
designs. Further refinement produced a selected number of 
plate designs that satisfy requirements for most potential 
column splices. This approach limits the number of unique 
plate designs needed for a building project, aiding in design 
and fabrication. The approach also allows for potential mass 
production of certain components that could reduce costs.

This tabular design process provides quick determina-
tion of plate combinations and properties for given col-
umn sections. First, the upper and lower column sizes are 
used to determine the plate combination and shim plate 
(SP) thickness. In Figure 6, the column pairing points to a 
cell with the SP thickness and a color corresponding to the 
plate combination (color key at the upper right). For exam-
ple, a W14×132 upper column with a W14×211 lower col-
umn requires plate combination D-5–5 and a 2-in.-thick 
shim plate. Figure  7 then provides plate design informa-
tion, including SP width. If the shim plate thickness from 

Figure 6 is marked with an *, the (*) SP width is used. There 
is no * in this case, and the SP width is 11 in. Plate D is to 
be used for the outer plate (OP), and Plate 5 will be used 
for the inner plate (IP) and lower lock plate (LLP). Addi-
tional tables (not shown here) provide the dimensions, as 
shown in Figure 8 for the LLP, for each plate letter or num-
ber (Hinaus, 2024; Berman et al., 2025).

SUMMARY AND FUTURE WORK

Phase 1 of the research has demonstrated feasibility and 
produced a design methodology for the rapid-assembly 
SnapLocX column splice. The “snap-and-lock” procedure 
saves construction time and labor at the acknowledged 
expense of additional fabrication cost. The designs satisfy 
requirements for gravity frame column splices. Standard-
ized designs limit the number of unique assemblies needed 
and reduce design time as well. With this first phase com-
plete, AISC notes that “this connection shows great prom-
ise in increasing the speed of steel construction” (Huber 
and Colsia, 2025).

Phase 2 research plans include SnapLocX mockups, 
experimental testing, and finite element modeling. The 
team will design and practice assembly of the column 
splices. Tests of full-scale specimens will be evaluated for 
strong- and weak-axis shear and flexural strengths. The 
experimental results, together with finite element analyses, 
will be used to support the proposed design methodology 
and identify any gaps in the procedure.

Fig. 6.  Sample SnapLocX design and shim plate assignment for W14 column combination.
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Phase 2 work may address questions about costs, toler-
ances, and alternative details. The savings in construction 
time might be offset by fabrication costs. The proposed 
mockups and collaborations with steel fabricators and erec-
tors may help to answer questions about the tradeoff between 
fabrication cost and erection time saved. The mockups for 
assembly and structural testing could also be used to inves-
tigate the impact of tolerances (e.g., for flange thickness 
and tilt) on construction and structural performance. Mean-
while, alternatives for the shear key could also be explored 
with consideration for fabrication costs and erection speed.
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Fig. 7.  Sample plate combination and shim plate width.

Fig. 8.  Design dimensions for the lower lock plate.
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