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Lateral Force Distributions in Braced-Moment Frames

RALPH M. RICHARD, ERIC KELDRAUK, and JAY ALLEN

ABSTRACT

Braced frames intended to resist wind and seismic loads traditionally have been analyzed and designed as trusses with all joints modeled
as pins, such that only the braces provide lateral force resistance. However, frames with gusset plate connections create a rigid joint zone
between frame beams and columns, effectively resulting in moment frame behavior, particularly at larger drift angles when braces have
yielded or buckled. Described herein are the force distributions for buckling-restrained braced frames (BRBF) subjected to story drift angles,
where the lateral resistance of the frame comprises both brace and moment frame action.

Keywords: force distribution, buckling restrained braced frames (BRBF), braced-moment frame.

INTRODUCTION

Braced frames are typically modeled and designed as
pinned connected truss members, wherein all lateral resis-
tance is provided by the braces. The design of the gusset
plates is subsequently based upon only the transfer of the
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brace forces to the pin connected beams and columns [Ver-
tical Bracing Connections—Analysis and Design, Design
Guide 29 (Muir and Thornton, 2014)]. This design ratio-
nale has proven acceptable for buckling-restrained braced
frames (BRBF) story drift angles at and below that which
induces yielding in the braces. However, at story drift
angles of approximately 0.0025 (1/400) rad, the braces
yield, as shown in the single-story frame pushover analysis
in Figure 1, and additional lateral displacement is resisted
by moment frame action (Walters et al., 2002). Designers
of braced frames often ignore the moment frame action or
mitigate it by introducing simple or semi-rigid connections
in the braced frame [AISC Seismic Provisions Commen-
tary Section F2.6b (2022a)]. Described herein is a rationale
that evaluates the moment frame action of the braced frame
to lateral loads after the braces yield.
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Fig. 1. Typical story shear distribution in a braced frame pushover analysis.
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Shown in Figure 2 is a braced frame with typical force
distributions using the equivalent lateral force method
given in ASCE/SEI 7, Minimum Design Loads and Asso-
ciated Criteria for Buildings and Other Structures (2022).
At approximately 0.0025 (1/400) rad, the frame behavior
transitions from an idealized braced frame to a combined
braced-moment frame, schematically shown in Figure 3,
with moment frame resistance resulting from the rigidity of
gussets at the beam-column connections. The gusset plates
serve a dual purpose of providing a rigid connection joint
in addition to transferring the brace force to the beams and
columns (Mahin and Patxi, 2002).

Story forces

Braced-Moment Frame Design Rationale 1:
Beam Hinge Mechanism

Figure 4(a) shows a braced-moment frame modeled for
analysis of the seismic force distribution as a combination
of the force distributions in a braced frame (b) and a moment
frame (c). The force distributions in the frames shown in (b)
and (c) are based on a seismic drift displacement that results
in yielding of the braces in frame (b) and inelastic action
in the top and bottom beams in frame (c) based on strong
column-weak beam frame design. The forces in frame (b)
are based on a pinned truss model with the braces at their
yield.

Story shears

0.250

0.250
0.375

0.625
0250

0.875
0.125

1.00
———
T

Base shear = 1.00

Fig. 2. Typical seismic force distribution in a braced frame using the equivalent lateral force procedure.

Braced story shear

T . AJANN
Braced story with chevron

or diagonal braces

Moment story shear
e

Moment story with
hinges in the beams

Fig. 3. Idealized single-story braced and moment frames for combined frame model.
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Story shear, V
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Fig. 4. Braced-moment frame modeled for analysis of the seismic force distribution
as a combination of the force distributions in a braced frame and a moment frame.
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The inelastic action in frame (c) is modeled as a four-
hinged frame with the hinges located in the beams at the
ends of the gusset plates as shown. For a story drift of A,
the story moment frame shear, V,, may be determined using
the virtual work equation by equating external virtual work
to internal work:

VinA= 4Mb9hinge )]

where M, is the beam hinge plastic moment, and Op;,g, is
the hinge rotation.

The plastic hinge rotation in terms of the story drift
angle, 0, is:

emﬂ=em=%? @

where the constant k; is defined in Appendix A and / is the
story height.

The beam hinge plastic moment, M}, is determined as
follows:

My, =M,k 3)

where k; is a material term that adjusts the pure bending
plastic hinge moment, M,, to account for axial-moment
interaction. The derivations of k; and k; are presented in the
appendix of this paper.

Combining the previous equations gives the story shear
for the moment story frame (c).

_AM,kiks
h

Vin @

Referencing Figure 4 and knowing the moment frame
story shear, V,,, the brace frame story shear, V,, is deter-
mined as:

V,=V-V, ®)

where V is the frame story shear. The design of the braces
is based upon their expected yield stress. This rationale
provides the forces in the braces, beams, and columns to
design the gusset plates based on a braced-moment frame
force distribution.

Braced-Moment Frame Design Rationale 2:
Column Hinge Mechanism

Figure 5(a) shows a braced-moment frame modeled for
analysis of the seismic force distribution as a combina-
tion of the force distributions in a braced frame (b) and a
moment frame (c). The force distributions in frames (b) and
(c) are based on a seismic drift displacement that results in
yielding of the braces in frame (b) and inelastic action in the
columns and top beam in frame (c).

The inelastic action in frame (c) is modeled as a four-
hinged frame with two hinges located in the column at the
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end of the bottom gusset plates and two hinges located in
the top beam at the ends of the gusset plates as shown. For
a story drift of A, the story moment frame shear, V,,, may
be determined using the virtual work equation by equating
external virtual work to internal work:

VmAZ 2Mheh,h +2Mceh,c (6)

where M, is the beam hinge plastic moment, and 6, is the
hinge rotation.

The plastic hinge rotations, 0, ;, and 6, ., in terms of the
story drift angle, 6, are:

Ak
05 = Ok; ) = —2

)

&w=9h¢=é%£ @®

where the constants k; ;, and k; . are member specific (see
Appendix A for derivation) and # is the story height.

The beam hinge plastic moment, M}, and column hinge
plastic moment, M., are determined as follows:

My, =M, k2 ©))
Mc = Mu,ckZ,c (10)

where k; , and k, . are member-specific material terms that
adjust the pure bending plastic hinge moments, M, ;, and
M, ., to account for axial-moment interaction. The deriva-
tions of k| and k; are given in Appendix A.

Combining equations gives the story shear for the
moment frame (c).

2
Vi = Z(Mu,bkl,bkz,b + M, ok k) (1)

Referencing Figure 5 and knowing the moment frame
story shear, V,,, the brace frame story shear, V,, is deter-
mined using Equation 5:

Vp=V—=Vn ®)

where V is the frame story shear. The design of the braces
is based upon their expected yield stress. This rationale pro-
vides the forces in the braces, beams, and columns that are
then used to design the gusset plates based on a braced-
moment frame force distribution.

Comparison of the Beam-Moment Frame Analysis
with Finite Element Analysis

Figure 6 shows the single-story frame used for compara-
tive results. The beams are W21x101, the columns are
W14x176, the braces are buckling-restrained braces
(BRBs) with a core area of 6 in., and the gusset plates are
18 in. x 18 in. Frame members and plates are ASTM A992/
A992M (ASTM, 2020) material with F, = 54 ksi and



v = 0.30 (Poisson’s ratio). The ANSYS finite element anal-
ysis (FEA) model is shown in Appendix B. The program
used the von Mises yield criterion and kinematic strain
hardening with the plastic modulus equal to 2% of the elas-
tic modulus of 29,000 ksi.

A 3.00 in. lateral displacement was applied to the top
beam for a 0.025 rad drift angle. Full plastic beam hinges
occurred with the hinging region at the ends of the gus-
set plates. The moment frame action determined by FEA
resisted 48% of the frame lateral force at the 0.025 rad drift
angle.
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(c) Moment frame force distributions

Fig. 5. Braced-moment frame modeled for analysis of the seismic force distribution
as a combination of the force distributions in a braced frame and a moment frame.
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For comparative purposes of the beam-moment frame
rationale with the FEA results, a lateral force of 1,200 kips
was applied at the midpoint of the top beam of the frame
shown in Figure 6. The properties of this frame are as
follows:

From AISC Steel Construction Manual Tables 1-1 and
2-4 (AISC, 2023), the geometric and material properties of
the beam and column are as follows:

Beam
W21x101

A, =29.8in.’
Z.,=253in’
d, =214 in.
F, =54 ksi (expected)
Column
W14x176

A. =51.8in2
Z..=320in?
d. =1521in.

F, =54 ksi (expected)

Frame and gusset geometry:

L =240 in. (working point length of the beam)

h =120 in. (working point story height of columns)
L,,=L,.= 18 in. (gusset length/height)

The beam axial yield load and pure bending plastic moment
are calculated as:

P,,=F,A,
= (54 ksi)(29.8 in.?)
=1,610 kips

M, ,=FZ,,

=(54 ksi)(253 in.%)
=13,700 kip-in.
The beam hinge length is calculated as the sum of the gus-

set length and the column halfwidth (i.e., the location of the
working point):

d.
Lh,h = Lp+7c

~18.0 in,+ 2210

=25.6 in.

The beam hinge rotation adjustment factor, &y, is calcu-
lated as:
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(from Eq. A-4)

2(25.6in.)
240 in.—2(25.6 in.)
=127

The axial load in the beam, P, is half the story shear
because the columns share the story shear equally. Conse-
quently, k; is calculated as:

_ 1,200 kips
2
=600 kips

B, 600 kips

P, 1,610 kips
=0.373>0.2

k. =2(1 . )
8 Py,b

- 3(1-0.373)

(from Eq. A-6)

=0.705

Using a strain hardening factor of 1.1, the moment capac-
ity of the beam hinge is calculated as:

My =1.1M,k,
=1.1(13,700 kip-in.)(0.705)
=10,600 kip-in.

The moment frame story shear is calculated as:
_ AMypky

=

_ 4(10,600 kip-in.)(1.27)

- 120 in.

=449 kips

Vin

This is 37% of the total frame shear of 1,200 kips, which
is in agreement with the 48% moment frame action deter-
mined by FEA.

The braced frame story shear is calculated as:

Vo=V =V ®)
=1,200 kips —449 kips
=751 kips

This is 63% of the total frame shear of 1,200 kips, which is
in agreement with the FEA 52%.



Evaluation of a Lopez Test Frame Using the
Column Hinge Mechanism

Shown in Figure 7 are the laboratory test frames designed
to evaluate BRBs in braced frames (Lopez et al., 2002,
2004). An analysis for force distributions in the chevron
frame is made here.

The properties of the beam and column are as follows:

Beam
W21x93

A, =273in?
Z.p=2211in>
d, =216in.
F, =54 ksi (expected)
Column
W14x176

A. =51.8in2
Z..=320in?
d. =1521in.

F, =54 ksi (expected)

240"

Frame and gusset geometry:
L =240 in. (working point length of the beam)
h =132 in. (working point story height of columns)

L,,=L,.=24in. (gusset length/height)

The beam axial yield load and pure bending plastic
moment are calculated as:

P, =F,A,
=(54 ksi)(27.3 in.%)
=1,470 kips

Mu,b = Fny,b

=(54 ksi)(221 in.%)

=11,900 kip-in.

The beam hinge length is calculated as the sum of the gus-
set length and the column half width (i.e., the location of the
working point):

Story shear/displacement

\ 120"

i Columns: W14x176

Beams: W21x101
Gussets: PL34x18"x1'-6"

HIS

Fig. 6. Single-story chevron test frame.
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d P, _ 600 Kips

Lyy=L,+=< b - R
b= Er T, P,, 1,470 kips
=240 in, 42210 =0.408>0.2
=31.6 in. kyp = %(1 - PPlJ (from Eq. A-6)
b
The beam hinge rotation adjustment factor, kyp, is calcu- 9 !
lated as: =2(1-0.408)
2L 8
kpp=1+—"0 (from Eq. A-4) =0.666
’ L-2L,,
2(31.6 in.) The column axial yield load and pure bending plastic

240 in.—2(31.6 in.) moment are calculated as:

=1.36 P =FA.

_ . .2
The axial load in the beam, P, is half the story shear = (54 ksi)(51.8 in.%)

because the columns share the story shear equally. Conse- =2,800 kips
quently, k; is calculated as: M. = F\Zs.
v 3
P, = 5 =(54 ksi)(320 in.”)
1,200 kips =17,300 kip-in.
S 2 . . .
— 600 kips The column hinge length is calculated as the gusset height

because the working point is at the bottom of the column:

(E) |Loading beam \ (E) |Loading beam \

L L
B e — _ B e -
I I

AN 7R

N 7
N
e |- é/ |-
7 \
% W21 &
| N _ 174} _ 1
\
] ,— CP-2 Unbonded
3 3 3 N brace I
=1 = =1 =
CP-1 Ur N . L
| braces | SSA N
\ (E) Reaction beam \(E) Reaction beam
Partial elevation. Setup for test 1. Partial elevation. Setup for tests 2 & 3.

Fig. 7. Laboratory test frames (Lopez et al., 2002, 2004).
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Lpe=Ly=240in.

The column hinge rotation adjustment factor, k; ., is calcu-
lated as:

kic.=1+ Lic
’ h— Ly,
~ 24.0 in
©132in.-24.0 in.
=1.22

The axial load in the column, P,, is evaluated by equating
the frame moment of the axial force to the moment of the
shear force [refer to Figure 3 of Lopez et al. (2002), for the
frame dimensions]:

P.(240 in.)= (1,200 kips)(244 in.)

P. =1,220 kips

Subsequently, k; . is calculated as:
P. 1,220 kips
P, 2.800 kips
=0.436>0.2

ke = 3(1 ~0.436)

=0.635

With two beam plastic hinges, two column plastic hinges,
and a strain hardening factor of 1.1, the moment frame
shear is:

_L1(2)

Vin T(Mu,hkl,ka,b +Mu,ck1,ck2,c)

_1102) [(11,900 kip-in.)(1.36)(0.666) +
132 in.

(17,300 kip-in.)(1.22)(0.635)
=403 kips

This is 34% of the total frame shear of 1,200 kips. This
distribution of the shear in this frame is within reasonable
agreement with the test results of V,, = 58% [refer to Fig-
ures 6 and 9 of Lopez et al. (2002)] in view of the stiffening
effects of the frame by the loading truss that was required
for testing.

SUMMARY

A rationale is presented herein for buckling-restrained
braced frames that includes the inherent moment frame
forces when the frame is subjected to seismic forces and
displacements. An evaluation of the distribution of the
story shear between the braces and the moment frame is
made using conventional plastic analysis of the moment

frame. This rationale may be used to optimize the story
shear distribution to mitigate the effects of the frame dis-
tortion forces when the frame is subjected to large seismic
and wind loadings. An evaluation of the lateral force dis-
tributions in a typical frame by FEA and in the simulated
Lopez test frame by the rationale presented herein showed
an agreement between the FEA and the laboratory test and
analytical model force distributions that supports the ratio-
nale presented herein.
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APPENDIX A
DERIVATION OF COEFFICIENTS

Derivation of &

A braced-moment frame with hinged beams is shown in
Figure A-1. Because the hinges are offset from the beam
ends, the hinge rotation, 0, exceeds the story drift angle, 6,
as shown in Figure A-2, where L is the beam length.

The hinge rotation is calculated as:

0,=0+ 261, (A-1)
L-2L,
= 9(1 + 2Ly )
L-2L,
=0k,
where
2L
ky=1+—"" (A-2)
L-2L,
L
CL-2L,

A generalized braced frame (i.e., chevron or diagonal)
may have moment hinge lengths, L, , and L ;, that differ
on either side of the member. For this case, k; differs on
each side of the member and is calculated separately for
each side as:

2L,
L—Lyq—Lpp
_ L+ Lh,a - Lh,b
L—Lpqa—Lpp

kig=1+ (A-3)

2Lh,;,
L—Lja—Lpp
_L-Lp,+Lyy
CL—Ly.—Lyy

kl,b =1+ (A-4)

The member shear is calculated by adding the working
point moments, which only differ by the factors k;, and
ki, and dividing by the member length. An effective k;
factor can be calculated as:

kl =kl,a + kl,b (A-S)
2
_ L
L- Lh,a - Lh,b
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This formulation can be used for all frame calculations
when member hinge locations relative to the working points
are known. Note that for the symmetric case where L; , =
Ly, = Ly, ky simplifies to the general case. When only one
hinge exists on a member, as with columns in the column
mechanism, setting one hinge length to zero provides an
accurate yet conservative result for the moment frame pro-
portion of the base shear.

Derivation of &,

The beam plastic moment capacity, M, is evaluated using
beam-column interaction equations given in AISC Speci-

fication Section H1 (AISC, 2022b). Assuming the beams

(with gross area, A, and strong-axis plastic modulus, Z,)
are in uniaxial bending, the moment capacity for a given
axial load, P, is found by rearranging the equations:

g(l—ﬁl, for 520.2
P

M 8 , P,
ky = VP = » ! » ? (A-6)
Y 1-—, for —<0.2
2P, P,
where
P, =FyA, (A7)
M, = Fny (A-8)
APPENDIX B

FINITE ELEMENT ANALYSIS RESULTS

Shown in Figure B-1 is the FEA model used to analyze the
Figure 6 truss. Beams, columns, braces, and plates were
modeled using 20-node hexahedrons. Fillet welds were
modeled using 10-node tetrahedrons. The BRB core area
yield stress was 42 ksi. This FEA model comprised approx-
imately 468,000 nodes and 96,000 elements (Richard et al.,
2017).



B s N
/ AN
/ AN
/7 N\
Ly Y N Ly
/ AN
/ AN
/ AN
/ AN h
/ AN
/ AN
/ AN
/ AN
TN T

Fig. A-1. Moment frame story geometry and plastic hinge mechanism.

Fig. A-2. Magnified view of plastic hinge rotation from Figure A-1.

ENGINEERING JOURNAL / SECOND QUARTER / 2024 / 69



P.0. Box 85170 20) 907-4683
ziﬁ:‘ ROM Englneeﬂng, Inc. Tucson, AZ 85728 g?(ip‘)radau@cex?:et Faribl
10:61:02

FE model using solid elements with BRBs

Fig. B-1. Finite element model of the frame shown in Figure 6.

70 / ENGINEERING JOURNAL / SECOND QUARTER / 2024




The Adoption of AISC 360 for Offshore
Structural Design Practices

ALBERT KU, FARREL ZWERNEMAN, STEVE GUNZELMAN, and JIEYAN CHEN

ABSTRACT

The offshore design standards for U.S. practices refer to AISC specifications when designing structural components with nontubular shapes.
The widely used APl RP-2A WSD standard (API, 2014) asks designers to use the 1989 AISC Specification (AISC, 1989a). The newly published
API RP-2A LRFD (API, 2019) and RP-2TOP (ANSI/API, 2019) ask designers to use the 2010 AISC Specification (AISC, 2010). Although the
2010 AISC Specification has been partially adopted by API, the current offshore practice is still primarily dominated by the 1989 AISC Speci-
fication. The key issue hampering the offshore community’s full adoption of the 2010 AISC Specification is the relative ease of accounting
for second-order effects in the 1989 AISC Specification. In 2019, API formed a Task Group dedicated to studying this issue, with the main
findings summarized in this paper. By illustrating the key code check process in two examples with an easy-to-understand format, this paper
aims at assisting the offshore structural engineers to better understand the latest AISC Specification. The authors also hope that this paper
will serve as a communication path between the offshore structural community and AISC for current and future standards’ adoption and

harmonization.

Keywords: offshore structural design, topsides structural design, API RP-2A, APl RP-2TOP.

INTRODUCTION

For the offshore industry, use of the 1989 AISC Specifica-
tion for Structural Steel Buildings (AISC, 1989a) together
with the 9th Edition Steel Construction Manual (AISC,
1989b) has been a long-held tradition. When the American
Petroleum Institute (API) issued the most recent working
stress design (WSD) standard—the API RP-2A WSD, 22nd
Edition (API, 2014), in 2014—use of the AISC Specifica-
tion for Structural Steel Buildings, ANSI/AISC 360, here-
after referred to as AISC 360, was explicitly discouraged in
both the Foreword and Section 6.1.1 of that API document.
The fundamental reason for API’s hesitation to adopt AISC
360 has been a lack of sufficient understanding on the new
frame stability provisions, and its associated second-order
analysis concept. It is our hope that this paper will benefit
other offshore structural engineers who wish to understand
the issues of transitioning from the 1989 AISC Specifica-
tion to AISC 360-16 (AISC, 2016).
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On AISC’s frame stability procedure, excellent references
can be found in AISC Design Guide 28, Stability Design
of Steel Buildings (Griffis and White, 2013), the summary
paper by Carter and Geschwindner (2008), the summary
note by Carter (2013), and the SSRC Stability Guide (Zie-
mian, 2010). The lead author of this paper found Carter and
Geschwindner (2008) to be particularly lucid and benefited
with a good understanding of the AISC 360 frame stability
process after reading that work. In this paper, we attempt
to follow the same style by giving simple examples with
clear explanations on the calculation process. In addition,
the comparison paper between the AISC Specification and
Eurocode 3 by Bernuzzi et. al. (2015) is also of note.

It should be noted that API did adopt a version of AISC
360 [AISC 360-10, which corresponds to the 14th Edition
Manual (AISC, 2011)] in 2019 with the publication of API
RP-2TOP (ANSI/API, 2019). The 2016 AISC Specification,
AISC 360-16, was not adopted because the 2TOP draft was
prepared before 2016. Although the API RP-2TOP docu-
ment adopts AISC 360-10, this AISC Specification and its
associated frame stability concept are still foreign to most
offshore structural engineers. Its relation to tubular struc-
tural designs, which form the core of API RP-2A WSD and
RP-2A LRFD, are also not well understood.

The first offshore platform was installed in 1948 in the
Gulf of Mexico. In the early years of offshore oil and gas
platform design, construction, and installation, there were
no specific standards applicable to this industry. Offshore
structural engineers had to rely on onshore steel structure
experiences and the standards as published by AISC. The
Ist Edition API RP-2A design standard, APl Recommended
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Practice for Planning, Designing, and Constructing Fixed
Offshore Platforms, was published in 1969 with 16 pages
(API, 1969). In the span of 45 years (1969-2014), there
would be 21 more editions of API RP-2A based on the
working stress design (WSD) concept, with the latest, API
RP-2A WSD 22nd Edition (2014), expanded to 310 pages.
Throughout these editions, the connection to AISC Speci-
fications has been important. The connection lies in the
adopted equations (for tubular member design use) and its
explicit requirement to use AISC Specifications for non-
tubular member designs.

API published its first LRFD-based RP-2A in 1993 (API,
1993), and in this standard, the connection to the 1986
AISC LRFD Specification (AISC, 1986) was referenced.
However, the use of this LRFD standard had been very
limited in the United States, and the offshore industry con-
tinued to be dominated by the WSD design practice. API
retracted the 1st Edition API 2A-LRFD in 2012 due to a
lack of technical maintenance. This standard was upgraded
and reissued in 2019 as the API RP-2A LRFD 2nd Edition
(API, 2019). Whether the use of this new LRFD standard
will be more widespread remains to be seen.

Fixed offshore structures are typically completely
braced, as shown on the left side of Figure 1. In some geo-
graphical areas with low seismicity, such as the Gulf of
Mexico, many jackets have a “portal bay” in between the
jacket and topsides (i.e., deck) as shown on the right side of
Figure 1. This can be due to installation requirements or a

—— Main deck

—— Production deck

——_Cellar deck

——Top of jacket

Mudline

Braced topsides

desire to reduce the wave load in the splash zone. This por-
tal bay will experience the second-order effect (P-A effect)
the most, when compared to other braced parts of the
structure. In addition, equipment support modules on the
topsides can be unbraced. Designers for these two types of
structure—namely, the jacket portal bay and the unbraced
equipment support module—should be keenly aware of the
latest AISC standard requirement related to frame stability.

From the authors’ point of view, the differences between
the AISC 1989 Specification and AISC 360-16 are primar-
ily in the beam-column code check, and the types of struc-
tural analysis required for that check. This is summarized
in Table 1. For code checks using the 1989 Specification,
the structural analysis should be first-order based. The
beam-column equation in the 1989 Specification contains a
magnification factor on the bending stress to represent the
second-order effect.

For code checks using AISC 360-16, the structural anal-
ysis should be second-order based. Because the structural
load demands obtained from the analyses already include
the second-order effect, the beam-column equations no lon-
ger require a magnification factor.

In AISC 360-16, three types of frame stability analysis
can be employed: the effective-length method (ELM), the
direct-analysis method (DM), and the first-order method
(FOM). A summary is shown in Table 2. The detailed
discussions on these methods will be postponed until the
examples are presented.

—— Main deck

—— Production deck

Unbraced ——Cellar deck
portal
frame —~—Top of jacket

Mudline

Unbraced portal frame between
lowest deck and jacket

Fig. 1. Braced offshore structure (left) and partially braced with portal bay (right).
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Table 1. Summary of the Beam-Column Check for the AISC 1989 and 2016 Specifications

AISC 1989 Specification

AISC 2016 Specification

Structural analysis method

First-order based

Second-order based

fa mefbx

Cmy fby

Beam-column unity
check equation

Rk
a (1__€)Fbx (1—]‘—6}
Fex F,

Second-order magnified

P9
B c

<1.00 ﬂ+§(ﬂ+ﬂ) <10@

Mex Moy

No magnification

Notes: (1): Only the buckling equation is shown
(2): For the P,/P; > 0.2 segment

In this paper, two examples are considered: a cantilever
beam-column and a two-dimensional structure with a portal
bay. In the cantilever example, two levels of horizontal load
are examined. Offshore structures are subjected to lateral
loads from wind, wave, and current, and they are checked
in combination with gravity loads. A lateral-to-vertical load
ratio of 2% is on the low side; the more typical ratio will
be 5% or higher. A structural member designed to the 5%
lateral-to-vertical ratio will have a higher bending code
check component (and lower axial component) than the
2% lateral-to-vertical case. Since the second-order effect is
strongly associated with the P-A effect, the 5% case with
the lower axial load will have a lower second-order effect.
This will reflect on their B, values to be discussed later.

In the cantilever example, unity code check values for
the 2% and 5% lateral-to-vertical load ratios are both exam-
ined. Although 5% is the more typical case for offshore
structures, in the 2D structure example, only the 2% case
will be given. This is due to the paper’s length limit, as
well as that the 2% case will generate higher second-order
effects. Consequently, these results are more interesting for
frame stability considerations. The code checks performed
in this paper are ASD or WSD checks with no additional
allowable stress increase. The cases examined are summa-
rized in Table 3.

CAPACITY EQUATIONS

Capacity equations can be found in the AISC Specifica-
tion, Section E for compression, Section F for flexure, and
Section H for beam-columns. In this section of the paper,
only the general forms of these equations are listed for the
purpose of explaining code check procedures. Refer to
AISC 360-16 (AISC, 2016) and the 1989 AISC Specifica-
tion (1989a), for equation details and associated notations.
In the following, the equation numbers from the original
references are also listed.

AISC 1989 Specification

The beam-column checks must satisfy the following two
equations, with the first equation related to buckling and
the second equation related to yielding. Both equations
need to be satisfied.

% + C’”ij LS C”;j‘f b <10 1)
@ 1-=-|F _Ja g Spec. Eq. H1-1
( F) " (1 Fe;)Fb}
o o T g )
0.6Fy  Fyx  Fiy Spec. Eq. H1-2

The allowable axial compression stress is:

(KLjr)’
1- — |y
2C; (KL/r)
T <1.0
F = §+3(KL/r)_(KL/:) ¢ 3)
3 8C, 8C¢ Spec. Eq. E2-1
2 KL/r
121tE2, (C/)>1'O
23(KL
(KL/r) ‘ Spec. Eq. E2-2
The allowable bending stress of /-shaped members is:
F, =0.66F, L,<L, @)
Spec. Eq. F1-1
L. is given by:
76b 20,000
L.=min L, &)
\/Fy (d/As) Fy Spec. Eq. F1-2

When the unbraced length is greater than L., the allowable
bending stress is:
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Table 2. Summary of ELM, DM, and FOM

Effective-Length Method (ELM) Direct-Analysis Method (DM)

First-Order Method (FOM)

A2nd
B, =—~<15 oP,
Limitation 27 At None" By<15 T’ <05
(A = average story drift) /
f;lr;a;ysw Second-order elastic Second-order elastic First-order elastic
, N; = 0.002Y;, minimum'® _ A Y,
Notional (Y; = gravity load applied at level - Ni= 0'002Y". N; =21\ - |Yi20.0042| —
lateral ' LRFD or 1.6 i the ASD (minimum lateral load if B, < 1.5; L o
loads® b or 1.5 imes e additive if B, > 1.5) additive®
load combinations)
Reduced EA" = 0.81,EA EI' = 0.8EI
. 1.0 when o, /P, < 0. .
Member Nominal EA, £/ @ 0 when of /F, < 0.5 Nominal EA, EI
stiffness T = (5)
4(0R/P)[1- (0P /Py)]
Buckling analysis from _ _
K factor APV/AISC guidance K=1.0 K=1.0
Notes: (1) Though DM can apply to high Bs, it is recommended to limit B, < 1.5 for offshore design as a rule.
(2) In DM, EA and EJ are reduced by 20% to represent cross-sectional premature yielding due to residual stress.
If axial load is high (o.P, /P,) > 0.5, cross-sectional stiffness is further reduced by 1.
(3) Minimum: if actual applied loads are greater, N; is ignored.
Additive: N; is applied regardless of actual lateral load.
(4) Notional lateral loads for ELM and DM are meant to represent initial out-of-plumbness.
Notional lateral loads for FOM are meant to represent second-order load effect with a first-order structural analysis.
(5) 1 can be taken as 1.0 in all members if additional notional loads of 0.001Y; are applied to lateral loads.
Table 3. Code Check Cases Performed in This Study
Cantilever 2D Jacket
H =5%P
AISC 1989 Specification N —
AISC 360-16 ELM N —

AISC 360-16 DM -

AISC 360-16 FOM -

H=2%P
AISC 1989 Specification N
AISC 360-16 ELM N

AISC 360-16 DM —

AISC 360-16 FOM —

ESES ESES
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( 2
Ly/r
3——( v/ T3) F, <0.60F,,
1530x10°C,
102x10°C, Lb 510><103cb
F,= / /
3
170x10°C, <060F, Ly [510x10°C,
(Lo/rr)’ T E
Spec. Eq. F1-6
Spec. Eq. F1-7
AISC 360-16

Beam-column checks must satisfy the following two equa-
tions. These two equations are in fact one equation but with
different slopes on the P-M interaction diagram:

M
ﬂ+8(M”‘ ’yj<1o LAY (7)
P, 9 M(x Mcy PL Spec. Eq. Hl-1a
M,
i+(%+JJs1.o, B 02 ®
2Pc Mcx Mcy PC Spec. Eq Hl-lb

The nominal axial strength is as follows:

b, = FcrAg ©
Spec. Eq. E3-1
Fy
F Fy
0.658% JF,, —<2.25
F, = ke (10)
F, Spec. Eq. E3-2
0.877F,, —e >2.25 Spec. Eq. E3-3

The nominal flexural strength is as follows:

M,=FZ,, L,<L,

-L,
C M,—0.75F,S, <M,,
M, = b{ B )(L -L H " an

2 2
_ Gm E2 \/1+0.078 Je (ﬂ) (12)
(Lo/1ss) Scho \ 715 Spec. Eq. F2-4

API RP-2A WSD (2014) Tubular Capacity Equations

In the second code check example, the 2D portal frame
jacket, the tubular portal frame columns will be checked
using the stability methods listed in Table 2, with the tubu-
lar capacity equations taken from API. The tubular beam-
column interaction equations are given by API RP-2A WSD

as:
a Cm \} bx b

Foo(y_Ja\p 6.20
F,e/
2 2
o+ foy
fa_ NIt foy g (14)
0.6F, F 6.21

The axial allowable stress is identical to Equation 3. The
tubular flexural allowable stress is as follows:

0.75F,, D 1500
t~ F
Fp ksi= (0 84—174FD) }’1500<2S3’000 (15)
S X
(072 0580 )y, 3.000 D _sqy 67
F, t 6.8

where D is the outer diameter and 7 is the thickness of the
tube. The similarities of beam-column interaction and axial
allowable stress between the API RP-2A WSD and the 1989
AISC Specification indicate that the API equations and its
frame stability method were formulated based on the 1989
Specification or prior.

Lp<Lp<Lr Spec. Eq. F2-1
F.,S:<M,, L,>L, Spec. Eq. F2-2
Spec. Eq. F2-3

DESIGN EXAMPLE 1

Given:

Perform the code checks for a cantilever W14x82 column 15 ft in length. Minor-axis column buckling is fully braced, with the
code check performed in the major-axis direction. Use K = 2.0, Cp, = 1.67, and C,, = 0.85. The loading is as follows:

P =300 kips (B =2%)
P =210 kips (B = 5%)
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Solution:

The geometric and material properties of the column are:

W14x82
Ag=24.0in’
I, =881 in*
S, =123 in.?
ry =6.06in.

E =29,000 ksi

The cantilever is schematically shown in Figure 2. The first-order moment, the second-order P-A moment, and the second-
order P-d moment are illustrated in the same figure for the H = 2%P case. Note that the moments as shown have been magni-
fied by the o factor. The purpose of this factor will be discussed in the following.

Load and Deflection Analyses

First-Order Load and Deflection
The first-order moment at the cantilever base is the top horizontal load multiplied by the height of the cantilever, M, = (BP)L.
For the H = 5%P case,
M, =5%(210 kips)(15 ft)
=158 kip-ft
For the H =2%P case,
M, =2%(300 kips)(15 ft)
=90 kip-ft

The selection of the axial loads, P, for these two cases is such that the unity checks result in approximately 0.90 for both cases.

Moment along column (kip-ft)
350 300 250 200 150 100 50 0

—— Add P-5 effect /| 14
—-— Add P-A effect 7| 13
-——-1st order /)

Magnified by a = 1.6 /

Distance to fixed end, x (ft)

\\
O-=NWHArOOIO N O

7///7//—>y PS5 + PA + HL

Fig. 2. Cantilever and moment distribution along member length.
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The cantilever top deflection, for the case of H = 2%P, can be calculated as:
a(pP) L
3EI
1.6(0.02)(300 kips)(15 ft)3
" 73(29,000 ksi)(881 in)
=0.731 in.

Ay =

Note that an o factor of 1.6 was used in the deflection calculation. This is due to the requirement that the second-order effect
needs to be assessed under the “factored” load. If LRFD is considered, oo = 1.0; o0 = 1.6 for ASD or WSD. The deflection of
0.731 in., although a first-order value, will be used to assess the second-order effect.

Second-Order Load and Deflection

Geometric nonlinear beam-column analysis provides the second-order deflection along the cantilever height (see McGuire et.
al., 2014):

= B sin (X—Px —Bx
y(x)_ (X_PCOS(\/OC_TL) (\/;) B (16)
EI

EI

The cantilever top deflection, for the case of H =2%P, is:

aP 1.6(300 kips)
\El (29,000 ksi)(881 in*)

=433%x107 in.”!

sin[(4.33%10 7 in.™")(15 ft) ]
Arpg =2%
(4.33x107 in. ") cos[ (4.33x 107 in.)(15 ft)]
=0.967 in.

—29%(15 ft)

Because the second-order base moment is the combination of B(0tP)L + (0lP)As,4, this moment is calculated to be:

i (0.02)(1.6)(300 kips)(15ft)+(1.6)(300 kips)(0.967 in.)
" 1.6

=114 kip-ft

Note that the deflection and second-order effect are assessed at the o.P level. The load and/or moment are first calculated under
this factored condition, and then divided by o for code checks.

The parameter B, is an important indicator of the intensity of the second-order effect. This has been implied in Table 2, in
which B, = 1.5 is used as a validity threshold on many of the frame stability calculation methods. B, is defined as the ratio
between second- to first-order frame deflections. Hence, for the case of H = 2%P, the B, factor is:
_DAona

A
_ 0.967 in.
0731 in.

=132

B,
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In lieu of performing a second-order structural analysis, AISC provides an approximate estimate of B, that requires only a
first-order structural analysis. This approximate formula is:

1

1— aPstory

By = a7

Pe story

where P, g,y is the estimate of story elastic critical buckling strength, expressed as:

HL
Peslory = Rm Alsz
_ 0,85 62%)(300 kips)(15 ft)
(0.731 in.)
= 2,010 kips

This is compared to the classical Euler buckling load for the cantilever:
‘(KLY

~ 1%(29,000 ksi)(881 in.*)

 [oasw)]’

=1,950 kips

This indicates that P, g, is a good approximation of P,. P, s, applies to frames with more complex geometries other than
cantilevers. It should be noted that P,y is a floor buckling concept—that is, when a floor with multiple columns reaches its
buckling capacity. When assessing frame stability, P, .- is more relevant as a capacity indicator than the individual column
P.,.
Substituting P, ,, into Equation 17,
B 1

: 1.6(300 kips)

(2,010 kips)

=1.31

B,

This is compared to the analytical B; of 1.32 calculated previously based on the deflection definition, and again this shows
good agreement. AISC 360-16, Appendix 8, also provides an approximation to the second-order loads as follows:

B =PB,+BP, (18)
M, = B\M,,, + BoM,,

P,; and M, are the member axial load and moment under only the vertical load, in which the subscript nt stands for “no-
translation.” Pj, and M}, are the member axial load and moment under only the horizontal load, in which the subscript /¢ stands
for “lateral-translation.” P,,, M,,, Py, and M, are all obtained from the first-order analysis.

P =By +BP,
=(300 kips)+1.31(0 kips)
=300 kips
M, = BiM; + BoM;
= B, (0 ip-ft) +1.31(0.02)(300 kips)(15 ft)
=118 kip-ft
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Table 4. First- and Second-Order Loads for the Cantilever Example

P, (Kips) | M (kips-ft) | B,
H =5%P
First order 210 158 -
Second order 210 185 1.21
H =2%P
First order 300 90 —
Second order 300 114 1.32

These are compared to the second-order analytical results of P, =300 kips and M, = 114 kip-ft from the previous calculations
based on actual loads. This close agreement demonstrates the usefulness of the B; — B, method.

Designers have the choice of using structural software to automatically calculate the second-order responses. The designer
can also opt for obtaining the first-order responses first and then applying the B; — B, method. This B; — B, method is quite
versatile and applies to structures with more complex geometries than a simple cantilever. However, for offshore structures
with several open frames (e.g., portal frame plus several unbraced topsides module-support structures), it may be difficult to
efficiently perform the B| — B, analysis method.

Even if the designers choose to perform a full second-order computer analysis, it is important for them to be aware of this sim-
plified B| — B, method in order to check their computer results. The first- and second-order loads required for further cantilever
code checks are summarized in Table 4.

Case of H=5%P

Code Check Using the 1989 AISC Specification

The following load demands at the cantilever base are taken from Table 4. Referring to Table 1, it is noted that the first-order
loads need to be used with the 1989 Specification check.

P, =210 kips

M, =158 kip-ft

The applied axial and bending stresses are then as follows:
_ 210 kips

24 in?
=8.75 ksi

_ 158 kip-ft
"~ 123in2
=15.3 ksi

The allowable axial and bending stresses are calculated using Equations 3, 4, and 6. The AISC Steel Construction Manual
(2017) provides many convenient charts and tables where these capacities can be efficiently evaluated. Hence, we will not pro-
vide the calculation details. The capacity values are directly provided here:

F, =228 ksi
Fb =30 ksi
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The following factored Euler buckling stress is also required for code checks:
12n°E

23(KL/r)’

~ 127 (29,000 ksi)

~23[(2.0)(15 )/(6.06 in)]”

=423 ksi

F/=

The 1989 Specification unity check value is thus calculated as:

fo, Cufy _875ksi 0.85(15.4 ksi)
F, . 22.8 ksi 75 ksi
(1_L,)Fh R FEITERLIR [T
I, 42.3 ksi
=0.932

Code Check Using the AISC 360-16 ELM

The load demands at the base of the cantilever are taken from Table 4. Note that the second-order loads need to be used with
AISC 360-16.

P, =210 kips

M, =185 kip-ft

The nominal axial and flexural strengths are calculated, based on Equations 9 and 11, to be P, = 927 kips and M,, = 579 kip-ft.
As mentioned earlier, standard charts and tables exist for fast capacity calculations; thus their details are not provided here. To
be used for ASD, these nominal strengths are reduced by the ASD safety factor, Q.:

927 kips
1.67
=555 kips

M,

Q.
579 kip-ft
167

= 347 kip-ft

M, =

Because P,/P. > 0.2, the AISC 360-16 unity check value is:
5+§(M,) _ 210 kips +§(185 Kip-ft)
P. 9\ M.) 555kips 9 (347 kip-ft)
=0.852

Case of H =2%P
Code Check Using the 1989 AISC Specification

The load demands at the base of the cantilever are taken from Table 4:
P, =300 kips
M, =90 kip-ft
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The applied axial and bending stresses are then calculated as follows:

300 kips

24 in?
=12.5 ksi

90 kip-ft
123 in.?
=8.78 ksi

The allowable axial and bending stresses, as well as the factored Euler stress, are identical to the H = 5%P case—that is:
F, =228 ksi
F, =30 ksi
F; =423 ksi

The 1989 Specification code unity check value is thus calculated as:

&_’_ Cunfy  12.5ksi 0.85(8.78 ksi)

= +
F, 3 22.8 ksi 8.75 ksi
1-d2F, =22 30 ki)
F, 42.3 ksi

=0.901

Code Check Using the AISC 360-16 ELM

The load demands at the base of the cantilever are taken from Table 4:
P, =300 kips
M, =114 kip-ft

As with the H = 5%P case, the nominal axial and flexural strengths are calculated, based on Equations 9 and 11, to be P, =
927 kips and M,, = 579 kip-ft. To be used for ASD, these nominal strengths are reduced by the ASD safety factor €2,:

927 kips
1.67
=555 kips

579 kip-ft
1.67
=347 kip-ft
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Table 5. Unity Check Ratios for the Cantilever Example

1989 Specification AISC 360-16
H=5%P 0.932 0.852 (-8.6%)
H=2%P 0.901 0.832 (-7.7%)

Note: % change is measured against the 1989 Specification UC value.

Because P,/Pc > (.2, the AISC 360-16 code check value is:
P. 8(M,\ 300kips 8 (114 kip-ft)
E.+§(MC): 555 kips 9 (347 kip-ft)
=0.832

Unity Check Summary for the Cantilever Example

The code unity check (UC) values for the cantilever example are summarized in Table 5. For the H = 5%P case, bending has a
larger UC component than axial force. For the H = 2%P case, the situation is reversed with the axial force having a larger UC
component than bending. However, this has only a minor effect on the relative UC between the 1989 AISC Specification and
AISC 360-16, as shown in Table 5. The AISC 360-16 UC values are lower than the 1989 Specification values by approximately
8%. This is first because the 1989 Specification flexural capacity is typically lower than AISC 360-16. The 360-16 flexure
strength considers the combination of torsional and warping rigidities, while the 1989 Specification only considers the larger
of the two. The second reason that 360-16 tends to be lower is due to the 8/9 factor in Equation 7. In the 1989 Specification
beam-column buckling equation, Equation 1, this factor does not exist.

DESIGN EXAMPLE 2

Given:

Perform code checks for the 2D jacket structure, as shown in Figure 3, at the top of a portal tubular column where the highest
bending moment occurs. The tubular column has the following geometric and material properties:

361in. X 1 in.
Ag=1101in

I =16,8511in*
S =936in.’

r =1231n.

E =29,000 ksi
F, =50 ksi

L =331t

The following parameters also apply to the column:

K =1.8 (AISC Manual, 9th Ed, ELM)
K =1.0 (DM, FOM)
C,=0.85

The column loading is as follows:

P =2,600 kips

q =4 kips/ft

Total vertical load V=P + 2q (74.7 ft)
Total horizontal load H = 2%V

The portal frame columns are tubular members; hence, API RP-2A provisions will be used in their design. The code checks
to be performed are thus not truly AISC Specification checks but are similar. In API RP-2A, the analysis approach and
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beam-column resemble the AISC Specification equations, but the tubular allowable stresses are taken from the API RP-2A

WSD provisions.

A Note on the K-Factor

A recently published paper by Ku et. al. (2020) discussed the various K-factor calculation procedures for portal frame columns.
For the 2D structure considered in this example, the portal column K-factor has the following values from different analysis

methods:
AISC Specification unbraced alignment chart: K =2.45
Ku et. al. (2020): K=1.69
ABAQUS FEM Solution: K=178
P/2 Pr2
| 17.5' 39.7" 17.5'
|
R R K
W24x146 W24x146
HI2
o y . )
o 2 = ‘,’So
S S A
X o & :
o 2 Q/.\ 24
N~
S o | N
o 1 1T 1T 1T TN/ T 1
W24x146 W24x146
= Critical UC
E sections 33
©
(32
20"x0.375"
0,
To
‘2
S
5
o
X
o 45'
™ N
A
\-Pr’b
N
l"l,
54' ‘

Fig. 3. Two-dimensional offshore jacket.
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Table 6. First- and Second-Order Loads for the 2D Jacket Example (H =2%V)
P, (kips) M, (kip-ft) B,
First order 1,650 642 —
Second order (ELM) 1,660 808 1.35
Second order (DM) 1,660 869 1.41
First order (FOM) 1,660 897 -

The AISC Specification unbraced alignment chart applies to a moment frame, which is completely unbraced throughout the
height of structure. For a jacket portal frame, it is combined with a braced topside from above and a braced jacket from below.
Thus, the assumption of a complete moment frame results in a K-factor that is too conservative. Ku et. al (2020) provides a new
analytical K-factor solution based on the braced-unbraced-braced configuration. This analytical solution was derived by using
slope-deflection equations coupled with stability functions that results in an improved K-factor estimate for portal columns. In
the following, K = 1.8 will be used in all code checks that require a K-factor (i.e., K # 1).

Load Analysis

The general-purpose finite element analysis software ABAQUS (2018) was used to determine the first- and second-order mem-
ber loads and joint deflections. Each of the portal frame columns is discretized into eight 2-node beam-column elements. Other
structural components of the 2D topsides and jackets are discretized with meshes of similar size.

The portal column loads from the ABAQUS analyses are shown in Table 6. For the second-order analysis, the external loads
need to be magnified by the o = 1.6 factor for response calculations. The member loads thus obtained are then divided by the o
factor for member code checks. In lieu of second-order analysis, the B; — B, method coupled with first-order structural analysis
can also be used to obtain the second-order loads. Accurate second-order loads similar to the Table 6 numbers can be obtained
from the B; — B, method; see IntelliSIMS (2019a, b).

First-Order Load

The first-order column loads are obtained from the first-order structural analysis using nominal EA and EI, with the external
loads given in Figure 3.

Second-Order (ELM) Load

The second-order ELM column loads are obtained from the second-order structural analysis using nominal EA and EI, with the
external loads given in Figure 3 multiplied by o = 1.6. After the second-order structural analysis, the resulting member loads
are divided by oo = 1.6 and used for design. With reference to Table 2, the ELM method can only be used when B, < 1.5. This is
confirmed by Table 6 in which the B, factor is calculated as 1.35. Also, from Table 2, a minimum notional load of 0.2%V needs
to be considered. Because the actual lateral load applied is 2%V, this minimum notional lateral load does not apply.

Second-Order (DM) Load

The second-order DM column loads are obtained from the second-order structural analysis using 0.8EA and 0.8E1, with the
external loads given in Figure 3 multiplied by o = 1.6. After the second-order structural analysis, the resulting member loads
are divided by o. = 1.6 and used for design. The following portal column axial load ratio is checked:

oP, _ 1.6(1,660 kips)
P, (50ksi)(110in.?)
=0.48<0.50

Hence, no further stiffness reduction of the portal columns is required; see Table 2. The minimum notional load of 0.2%V does
not apply since the actual lateral load is 2%V, for the case of B, < 1.5.

84 / ENGINEERING JOURNAL / SECOND QUARTER / 2024



First-Order FOM Load

The first-order FOM column loads are obtained from the first-order structural analysis using nominal EA and EI, with the
external loads given in Figure 3. An additional lateral load, N;, must be applied at the top of the portal bay. ; is calculated as:

Ni:Z.I(A)Y,-
L

1.1 in.
=2.1 3,200 ki
{33 ft J( ips)

=29.8 kips

where A is the first-order portal frame interstory drift under the external load in Figure 3, L = 33 ft is the portal column length,
and Y; is the total vertical load applied at the portal column bay. ¥; = V in this example. This lateral load, N, is “additive”; that
is, it needs to apply regardless of the magnitude of actual lateral load. From Table 2, N; also needs to be checked for:

N;= 0.0042£
o
N; =29.8 kips

: 3.200 ki
0.0042 %2 = 0.0042 3200 Kips)
o

=8.39 kips

which is satisfied.

Validity of the FOM method is limited to cases with member axial load oP,/Py < 0.50. This value was calculated earlier as
0.48; thus, the FOM method can be used. It has been mentioned earlier in this paper that the H = 5%V case is more likely to
be the norm for offshore structures, in which the axial load demand is less than the H = 2%V case. Because the H = 2%V case
just barely passed the FOM applicability threshold, it can be reasonably expected that the FOM method may be applicable to
most offshore structures. The offshore structural designers need to fully understand the various applicability conditions before
applying the different stability methods listed in Table 2.

Case of H=2%V

Code Check Based on the 1989 Specification
The load demands at the top of the portal column are taken from Table 6. Note that the first-order loads need to be used with
the 1989 Specification check.

P =1,650 kips; M, =642 kip-ft

The applied axial and bending stresses are then as follows:

P.

fa= A—g
_ 1,650 kips
~ 110in?
=15.0 ksi

M,

fo= S
642 kip-ft
~ 936in?
=8.23 ksi
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The allowable axial and bending stresses were calculated using Equations 3 and 15:
F,=23.1ksi
F, =36.6 ksi

The following factored Euler buckling stress is required for code checks:
., 12n°E
Fl=—=""
23(KL/r)
_ 121%(29,000 ksi)
23[1.8(33 /(123 in)]”
=45.0 ksi

The 1989 Specification unity check value is thus calculated as follows:

fo, Cufo  _ 15.0 ksi . 0.85(8.23 ksi)
F, ©\ . 23.1ksi 15 ksi
(1—L,)Fh 1— RS 36 6 ki)
F 45.0 ksi
=0.935

Code Check Using the AISC 360-16 ELM

The load demands at the top of the portal column are taken from Table 6. Note that the second order (ELM) loads are used.
b, =1,660 kips
M, =808 kip-ft

The allowable axial and bending stresses are identical to the 1989 Specification procedure, with the cross-sectional allowable
strengths as:

F, =23.1ksi
F, =36.6 ksi
P. =F,A,
=(23.1ksi)(110 in.%)
=2,540 kips
M,=F,S
=(36.6 ksi)(936 in.%)
= 2,860 kip-ft

Because P,/P. = (1,660 kips)/(2,540 kips) = 0.653 > 0.2, the 360-16 Specification code check value is:

P8 (M,)_ 1,660 kips 8 (808 kip-ft)
P 9l M,

2,540 kips 9 (2,860 kip-ft)
=0.904

Code Check Using the AISC 360-16 DM

The load demands for the portal column are taken from Table 6. Note that the second order (DM) loads are used:
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P. =1,660 kips
M, =869 kip-ft

The allowable axial and bending stresses for the DM method are as follows:
F,=26.9 ksi
F, =36.6 ksi

An important advantage of the DM method is that the K-factor can be taken as 1.0; see Table 2. This results in the axial allow-
able stress increase from 23.1 ksi to 26.9 ksi, illustrated in Figure 4.

Although the K-factor is reduced from 1.8 to 1.0, the increase in allowable stress is less dramatic. This is because for not-too-
slender members, the axial capacity is controlled by plastic buckling—that is, a transition region from elastic buckling to full
yield. In this region, the member capacity is less sensitive to the change of K-factors when compared to the elastic buckling
region.

The allowable cross-sectional strengths are calculated as follows:

P. =F,A,
=(26.9 ksi)(110 in.?)
=2,960 kips
M.=F,S
=(36.6 ksi)(936 in.”)
= 2,860 kip-ft
32
N 36" dia. x 1"
28 >N K=1.0, Fa=26.9 ksi ia. x
77777777 X —K=18
26 NG )
| \N )
= = -—-K=10
24 N K=18 Fa=230 ksl
N . ‘ N
B 22 |
= !
a 20 !
o8 3
2 |
$ 16 |
N |
o 14 3
g 12 w
_ |
b 10 i
8 |
6 SH
0
4 I
X
2 =
0 1

0 20 40 60 80 100 120 140 160 180 200
Slenderness, L/r

Fig. 4. Axial allowable stress comparison between ELM and DM.
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Table 7. Code Unity Check Ratios for the 2-D Jacket Example (H = 2%V)
UC Values
1989 AISC Specification procedure 0.935
AISC 360-16 ELM procedure 0.904 (-3.3%)
AISC 360-16 DM procedure 0.833 (-10.9%)
AISC 360-16 FOM procedure 0.842 (-9.9%)
Note: % change measured against 1989 AISC Specification UC.

Because P,/P. = (1,660 kips)/(2,960 kips) = 0.563 > 0.2, the AISC 360 DM code check value is:

P 8 ( M, ) _ 1660 kips 8 (869 kip-f)
M.

P9

2,960 kips 9 (2,860 kip-ft)
=0.833

Code Check Using the AISC 360-16 FOM

The load demands at the top of the portal column are taken from Table 6. Note that the first-order (FOM) loads are used.
P, =1,660 kips
M, =897 kip-ft

The allowable stress and the allowable cross-sectional strengths are identical to the DM case (note that K = 1):
P. =2,960 kips
M. =2,860 kip-ft

Because P,/P. = (1,660 kips)/(2,960 kips) = 0.563 > 0.2, the 360-16 FOM code check value is:
B8 (M) _ L660kips 8 (897 kip-ft)
P 9\ M) 2,960 kips * 9 (2,860 kip-ft)

= 0.842

UC Summary for the 2D Jacket Example

Code unity check values are summarized in Table 7. The comparisons are consistent with the cantilever example of Table 5,
with the AISC 360-16 ELM UC value slightly lower than the 1989 Specification value. The decrease in UC is slightly less
when compared to the cantilever example (=3.3% vs. —7.7%). This can be attributed to the fact that for wide-flange members,
the lateral-torsional buckling strength is almost always higher in AISC 360-16 than in the 1989 AISC Specification. For tubular
members, this difference does not exist.

Further UC reduction from ELM to DM/FOM is also observed in Table 7. Other examples studied in IntelliSIMS (2019a, b)
show similar trends. This can be attributed to the fact that the axial allowable stresses are higher in DM/FOM due to K = 1,
while the bending moment increase (from reduced EA and EI) is relatively low and not enough to offset the axial allowable
stress increase. The preceding observations apply to the relatively low B, range encountered for typical offshore structures.
DM and FOM results are similar, which can be anticipated because FOM is, in fact, a calibrated simplified method from DM.
Detailed explanations of this calibration can be seen, for example, in AISC Design Guide 28 (Griffis and White, 2013).
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PLANNED AISC-360 ADOPTION PATH

The API AISC-360 Adoption Task Group has generated two
technical reports (IntelliSIMS, 2019a, b) as well as training
material. Both the technical reports and the training mate-
rial were designed to raise the offshore industry’s aware-
ness on frame stability procedures between the 1989 and
2016 AISC Specifications. As discussed in the Introduc-
tion, although the API RP-2TOP has adopted AISC 360-10,
the relationship between the first- and second-order struc-
tural analyses and their distinctly matched beam-column
equations have not been fully explained in API RP-2TOP.

The tubular member design equations as contained in
APIRP-2A WSD and API RP-2A LRFD are based on meth-
odologies consistent with the 1989 AISC Specification. The
structural analysis is based on the first-order analysis, and
the beam-column equation uses a magnification factor for
the second-order effect. This governing practice for off-
shore structures is thus not compatible with AISC 360-16.
Therefore, although API RP-2TOP adopts AISC 360, the
offshore designers who wish to use RP-2TOP will need to
perform both the first- and second-order analyses and then
perform member checks in two separate groups (one group
for tubular members, and the other for wide-flange and
other nontubular members).

The path forward for the offshore structural industry is to
continue raising the awareness of the compatibility issue of
technical principles. In parallel, addendums and new revi-
sions for API RP-2A and RP-2TOP should be planned to
clarify the code check processes. It is envisioned that the
frame stability process for the API RP-2A standards will
be updated in the next revision for full compatibility with
AISC 360.

CONCLUSION

API has discouraged the use of AISC Specifications in the
past, and only recently (in 2019) partially adopted AISC
360-10 via the publication of API RP-2TOP for the topsides
(i.e., deck) designs. The adoption is partial, as RP-2TOP is
load and resistance factor design (LRFD) based and is tied
to the simultaneously published API RP-2A LRFD 2nd Edi-
tion. The traditional method of offshore structural design
for U.S. practices has been working stress design, and it will
continue to dominate in the foreseeable future. The latest
API RP-2A WSD has yet to adopt any AISC Specification
later than 1989.

In this paper, two examples were discussed in detail
regarding their load calculations and code check processes.
This paper should be helpful to offshore structural engi-
neers who wish to understand the AISC 360 frame stabil-
ity procedure. In general, the AISC 360 stability procedure

is easy to understand, and its three associated methods
(the ELM, DM, and FOM) are straightforward to apply in
practice. Structural code checks using the 1989 and 2016
AISC Specifications result in similar values, with the 1989
Specification slightly on the conservative side. This slight
advantage on economy, when switching to the AISC 2016
Specification, in terms of weight savings perhaps will be a
welcome news to a cost-conscious industry.

API formed a Task Group in 2019 assigned to study the
issues associated with AISC 360 adoption. In the immediate
future, this Task Group will likely be preparing addendums
and/or revisions to existing standards, with the objective of
eventual full compatibility with AISC 360.
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Investigation of Steel Plate Washer Thickness for
Column Anchor Rod Applications

PAUL A. COZZENS, GIAN ANDREA RASSATI, JAMES A. SWANSON, and
THOMAS M. BURNS

ABSTRACT

Since the 13th edition, the AISC Steel Construction Manual has included provisions regarding the recommended minimum plate washer
thickness used in a column base plate and anchor rod assembly. Each plate washer must have sufficient strength and stiffness to fully
develop the anchor rod to which it is fastened without succumbing to pull-through, flexural, or cracking failure. Laboratory tensile testing of
an anchor rod, nut, and plate washer assembly was conducted at the University of Cincinnati to study plate washer performance. This test-
ing investigated the capacity of ASTM A572/A572M Grade 50 (ASTM, 2021b) plate washers using the recommended minimum thicknesses
as listed in Table 14-2 of the 15th edition of the AISC Steel Construction Manual (2017), with anchor rods having %, 1, 1%, 2, and 22 in. diam-
eter. A total of 94 tests were conducted, after which the plate washers were visually assessed for signs of failure, including measurement of
permanent out-of-plane deformation. This assessment established that a 40% relative deformation in plate washers could reasonably be
judged as a failure threshold due to excessive deformation. Testing and assessment revealed that while 10 plate washers exhibited relative
deformations in excess of 40%, the recommended minimum plate washer thicknesses found in AISC Manual Table 14-2 were sufficient in
fully developing most anchor rods. The notable exception to the current minimum thickness recommendations were for washers in use with
anchor rods with diameters of 3, 1, and 1% in. made from Grade 105 steel. For these anchor rods, a thicker plate washer than that currently
specified is recommended. Testing also found that the anchor rod orientation and the variations of ultimate strength in individual anchor rods
did not appear to be significantly associated with the performance of plate washers in these tests.

Keywords: plate washers, pull-through failure, anchor rods, column baseplates, column base connections.

INTRODUCTION actual behavior of the connection to be quite different from
the anticipated behavior, which, in turn, could affect the
design assumptions. Although the plate washer plays a sig-
nificant role of the column base connection, there is a lack
of experimental research on the behavior and appropriate
thickness of plate washers. This lack of guidance regard-
ing column base connections has motivated recent research
conducted by Grilli and Kanvinde (2016) at the University
of California—Davis, who investigated column base con-
nections subjected to high seismic loads. This experimental
study focused on anchor bolts connected by a plate embed-
ded within a concrete footing to compare experimental
strength to that predicted by various models. Enhancing
knowledge surrounding the behavior of column base con-
nections, including the behavior of plate washers, will help
provide guidance in column base connection design and
limit the variance between actual and anticipated frame
behavior.

The connection of a column baseplate to the foundation
is critically important to the performance and behavior of
the framing system. The anchor rods that extend through
oversized holes in the steel baseplate are attached through
hardened nuts and plate washers covering those holes. The
column baseplate connection can be subjected to uplift
forces due to high seismic or wind loading conditions
that create an overturning moment, placing the anchor
rods in tension as the steel baseplate is restrained by the
plate washer (Figure 1). Excessive deformation of the plate
washer resulting in pull-through failure would cause the
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The stated purpose of AISC Design Guide 1, Base Plate
and Anchor Rod Design, is to provide guidance for engi-
neers and fabricators to design, detail, and specify column
base plate and anchor rod connections (Fisher and Kloi-
ber, 2006). This reference notes that plate washers can be
rectangular, square, or circular, although square washers
are the most commonly used because they are easily pro-
duced. Proper plate washer behavior should prevent pulling
through the hole of the column base plate. Recommended
minimum plate washer dimensions, based approximately
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Table 1. AISC Design Guide 1, Table 2.3 (Fisher and Kloiber, 2006)

Table 2.3. Recommended Sizes for Anchor Rod Holes in Base Plates

Anchor Rod Hole Min. Washer Min. Washer
Diameter, in. Diameter, in. Dimension, in. Thickness, in.
% 1% 2 Ya
7 1% Az %6
1 1%e 3 %

1% 2Ve 3 Y2
1% 2%e 372 Vi
1% 2% 4 %

2 3% 5 Y
2V 3% 5% 7

Notes: 1. Circular or square washers meeting the size shown are acceptable.

2. Adequate clearance must be provided for the washer size selected.

3. See discussion in Section 2.6 regarding the use of alternate 1%e-in. hole size
for 3%-in.-diameter anchor rods, with plates less than 1%-in. thick.

on a 3:1 ratio of rod diameter to washer thickness, are given
in Table 2.3 of Design Guide 1, shown here as Table 1. The
values in Design Guide 1 are an exact match to those given
in Table 14-2 of the 15th edition of the AISC Steel Con-
struction Manual (2017) shown in Table 2.

Adequate performance of the column base connection
depends on the plate washer, whose purpose is to cover the
oversized hole in the base plate while transferring any ten-
sion forces developed in the anchor rods. Since the second
edition of AISC Design Guide 1 was published, changes
have occurred to the materials that are commonly speci-
fied in base plate design. While ASTM A36/A36M (ASTM,
2019a) steel has been the most common plate material spec-
ified in practice for decades, this grade is now becoming
obsolete and is not explicitly addressed in the 16th edition

f e |
X \\
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[ eB
Gmax
T € VQmaxY
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Fig. 1. Anchor rod tension created by large moment
(Fisher and Kloiber, 20006).
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of the AISC Manual (AISC, 2023). Anchor rods are stan-
dardized in ASTM F1554 (ASTM, 2020) and are most
commonly specified as Grade 55, although Grades 36 and
105 are typically available (Carter, 1999; Tavarez, 2018).
An investigation into the behavior of steel plate washers of
varying thicknesses using anchor rods made from all three
grades of ASTM F1554 steel is needed to provide further
understanding of this critical element.

EXPERIMENTAL TESTING

The main objective for this study was to experimentally
evaluate a selected sample of ASTM A572/A572M Grade
50 (ASTM, 2021b) plate washers in conjunction with its
appropriately sized ASTM F1554 Grades 36, 55, and 105
threaded rods. This included loading the assembly of spec-
imens to failure, followed by a visual observation of the
plate washer failure modes and measurement of the plate
washer deformation normal to the tensile loading. A sec-
ondary objective was to observe the behavior of the F1554
anchor rods. This included noting discrepancies between
the minimum yield criteria and observed yield points; any
discrepancies between the minimum and maximum ulti-
mate tensile strengths; and the observed tensile strengths
for five diameters of anchor rod, ranging in size from % in.
to 2% in. diameter.

Experimental testing consisted of the tensile loading
of 90 sets of specimens, which included one plate washer
and one 48-in.-long fully threaded anchor rod. Rods of five
different diameters were tested (34, 1, 12, 2, and 2% in.)
to provide a representative sample of the diameters listed
in AISC Manual Table 14-2 (2017). For each of these five



Table 2. AISC Manual Table 14-2 (AISC, 2017)

TABLE 14-2
Recommended Maximum Sizes for
Anchor-Rod Holes in Base Plates

Anchor Rod Max. Hole Min. Washer | Min. Washer | Anchor Rod Hole Min. Washer | Min. Washer
Diameter, in. | Diameter, in. Size, in. Thickness Diameter, in. | Diameter, in. Size, in. Thickness
% 1%6 2 Ya 1% 2% 3z Ve
78 1%e 212 Y6 1% 2% 4 %
1 1%6 3 % 2 3% 5 %
1% 2% 3 Y2 212 3% 512 78

Notes: 1. Circular or square washers meeting the washer size are acceptible.
2. Clearance must be considered when choosing an appropriate anchor rod hole location, noting effects such as the position of the rod in the hole with

respect to the column, weld size and other interferences.

3. When base plates are less than 1% in. thick, punching of holes may be an economical option. In this case, %-in. anchor rods and 1%e-in. diameter punched
holes may be used with ASTM F844 (USS Standard) washers in place of fabricated plate washers.

anchor rod diameters, a total of 18 plate washers were tested
using combinations of three grades of steel for the anchor
rods (ASTM F1554 Grades 36, 55, and 105), two anchor
rod orientations (centered in the hole and offset in the hole),
and three plate washer thicknesses based on proximity to
the value given in Table 14-2. The anchor rod orientation
variable was used to study the potential effect that rod ori-
entation relative to the plate washer hole (centered versus
offset) may have on plate washer performance. In total,
six plate washers were tested per grade and rod diameter,
corresponding to 18 washers per rod diameter, and overall,
90 specimens were tested. Due to the lack of experimental
testing data, the plate washer thicknesses tested using vari-
ous combinations of anchor rods and steel grades always
used plate washer thicknesses, as well as thicknesses
greater than, and sometimes less than, those currently
recommended in the 15th edition of the AISC Manual in
Table 14-2, in order to explore the testing space. At the con-
clusion of this phase of testing, it was noted that five anchor
rods had not achieved their ultimate tensile strength as
specified in the ASTM standard. All five rods were Grade
105, and three of those five were 1Y% in. diameter. For this
reason, four more 1'%-in.-diameter Grade 105 threaded rods
were acquired along with four accompanying plate washers,
with % in. and % in. thicknesses, resulting in a total of 94
sets of specimens tested.

All testing occurred in the High Bay Structural Research
Laboratory at the University of Cincinnati. Testing was
conducted using a Tinius-Olsen Super L universal testing
machine shown in Figure 2. This testing apparatus has top
and bottom crosshead plates that are responsible for apply-
ing tension force to the assembly using a servo-controlled
hydraulic cylinder.

The experimental set-up consisted of two 1'2-in.-thick
ASTM A572/A572M Grade 50 reaction plates affixed to the
testing apparatus using four % in. high-strength bolts—one
to the top surface of the top crosshead and one to the bottom
surface of the middle crosshead. The bottom plate repre-
sented the configuration of a base plate in the anchor rod
assembly and had a hole diameter as found in AISC Manual
Table 14-2. Neither top nor bottom plate deformed signifi-
cantly during testing. To ensure that these plates did not
incur excessive damage during testing, while also fulfilling
the provisions regarding base plate hole sizes, the reaction
plates were changed for each rod diameter to a plate with an
appropriately sized hole. For the top reaction plate, the hole
was fabricated Y16 in. larger in diameter than the anchor
rods for the % in. rod, and % in. larger in diameter for all
other rod sizes. The bottom reaction plate was fabricated
with a central hole of the diameter given in AISC Manual
Table 14-2. The top and bottom reaction plates are shown in
Figure 3. Additionally, the bottom plates were detailed with
short-slotted mounting holes to allow the installation of the
plates so that the effect that anchor rod orientation (centered
versus offset) may have on plate washer behavior could be
investigated (Figure 4).

Each test included one ASTM F1554 anchor rod and one
ASTM AS572/A572M Grade 50 plate washer with ASTM
A563/A56M (ASTM, 2021a) Grade DH nuts fastening the
plate washer to the anchor rod and the reaction plates. An
ASTM F436/436M (ASTM, 2019b) washer was placed
between the top nut and reaction plate.

Once the test specimens were set in place, testing com-
menced with force and displacement measured over time.
The specimens were loaded at a predetermined rate of
displacement to ensure that only static force effects were
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Fig. 2. Tinius Olsen Super-L universal testing apparatus.

(a) Before testing (b) Bottom during testing (c) Top during testing

Fig. 3. Reaction plates.
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considered. These rates were 0.1, 0.25, 0.5, and 1.0 in./s.
Each test began at the lowest rate of displacement, with
the rate being increased after yielding was deemed to have
occurred, dependent on the stiffness and ductility of each
member. The specimens were loaded either to failure of the
anchor rod, or to the full capacity of the Tinius-Olsen Super
L universal testing apparatus, which has a maximum load
capacity of 400 kips. The only anchor rods that exceeded
this 400-kip capacity were those rods having a 2% in. diam-
eter and composed of Grade 105 steel. Once all test data was
recorded, it was compiled into force-displacement curves.

DEFORMATION AND VISUAL
ASSESSMENT OF PLATE WASHERS

Because there is no direct way during testing to measure
the deformation of the plate washers normal to the plane
of loading, the measurement of plate washer deformation
occurred after the tensile testing had been completed. The
deformation for each washer was measured using an elec-
tronic dial gauge having a 1 in. stroke affixed to a hand-
crafted wooden stage. The stage had a dowel rod that held
the dial gauge and was fastened to vertical posts at each
corner. A top brace was used to ensure the plumbness of the
posts and that the stage was horizontal. The apparatus was
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(a) Centered

inspected using a bubble level before each measurement of
tested plate washers as shown in Figure 5.

Prior to measuring the plate washer deformation, the
thickness of each washer was measured using a digital dial
caliper at the mid-point of all four sides, and the average of
these four thicknesses was recorded as the average thick-
ness of the washer after the test (Figure 6). In general, this
average thickness was found to be within 3% of the nomi-
nal washer thickness and averaged less than a 1% deviation
from the nominal value in the 94 plate washers measured.

Once the average measured thickness of the washer had
been determined, the washer was placed on the stage to
determine the location of the absolute minimum elevation
on the face of the plate washer. When the location of mini-
mum elevation had been found, the dial gauge was zeroed,
and the plate washer was moved along the stage, maintain-
ing contact between the stage and washer at all four cor-
ners. This allowed the point of maximum deformation on

the plate to be captured by the dial gauge and recorded.
Because the experimental testing in this study used plate
washer thicknesses ranging from % in. to 1'% in., a relative
deformation was used as a plate washer performance met-
ric. The relative deformation of each washer was calculated
as the percentage of absolute maximum deformation to
the average thickness of each plate washer tested. Figure 7

AR\
ST

(b) Offset

Fig. 4. Anchor rod orientations.
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Fig. 6. Measurement of thickness using dial caliper.
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shows this data distributed across the entire dataset, which
is found in the testing report prepared for the AISC (Coz-
zens et al., 2021). Further information is provided in the
Appendix. Most plate washers exhibited minor to moderate
relative deformation. Over half of those tested experienced
less than 10% relative deformation, and over three-quarters
exhibited less than 20% relative deformation. Of the 10
plate washers that deformed over 40%, nine of those were
the thinnest tested, with nominal thicknesses of Y4 or 3% in.

To establish the amount of deformation that constitutes
failure in a plate washer, a visual assessment of each plate
washer was conducted. Those plate washers with only a light
amount of deformation were placed in Category 0—Did
Not Fail. Plate washers that were judged to have sustained
severe deformation were assigned to Category 3—Clear
Failure. Two other categories were created (1—No Likely
Failure and 2—Likely Failure), and 92 plate washers were
visually assessed and placed into one of these categories.
Two tests that were at least three standard deviations away
from the visual classification’s mean were removed. Exam-
ples of plate washers assigned to each of these four catego-
ries are shown in Figures 8 through 11.

Coupling the visual assessment of plate washers with
the physical measurement and determination of relative
deformation established a lower bound of relative defor-
mation associated with failure. The results in Figure 12
show a clear delineation appearing between plate washers
assigned to Category 1 and those assigned to Category 2.

30

20

Number of Plate Washers

Considering the array of plate washer thicknesses evalu-
ated, the grades of steel anchor rods used, and the various
anchor rod orientations, there seems to be sufficient evi-
dence that a threshold for likely failure is apparent when the
relative deformation of a plate washer exceeds 40%.

ANCHOR ROD STRENGTH AND ORIENTATION

Based on the design principles established in the AISC
Specification for Structural Steel Buildings (AISC, 2016b),
plate washers are responsible for transferring the design load
of the anchor rods through the assembly. However, because
the anchor rods have significantly more ductility than the
plate washers, it is in the best interest of the structure to
ensure the failure of the anchor rods occurs before the fail-
ure of the plate washers. To establish a safe and conserva-
tive hierarchy of failure for the structure, the performance
of each plate washer was evaluated with respect to the ulti-
mate strength of the rod it was responsible for developing,
not its design strength. As previously mentioned, the testing
in this study has established that a failure threshold involv-
ing a plate washer can reasonably be associated with a rela-
tive deformation exceeding 40%. The relative deformation
of the plate washers in this study were determined after the
anchor rods had exceeded their ultimate strength, revealing
that 10 plate washers were considered to have failed.
Because inherent variation exists within all groups of test
specimens, this study considered the possibility that plate

m0%-5%

| 5%-10%

u10%-15%

15%-20%

m20%-25%

m25%-30%

m 30%-40%

m 40%-50%

> 50%

Categorics of Relative Deformation

Fig. 7. Distribution of relative deformation of plate washers.
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Fig 8. %in. plate washer, centered orientation visual Category 0—did not fail.

Fig. 9. 4in. plate washer, centered visual Category 1—no likely failure.

Fig. 10. Y in. plate washer, offset orientation visual Category 2—likely failure.
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Mesured Relative Deformation (%)
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Fig. 11. Y in. plate washer, offset orientation visual Category 3—clear failure.

0 =Did Not Fail
1 =No Likely Failure
2 = Likely Failure

3 = Clear Failure

1 2 3

Plate Washer Category by Visual Assessment

Fig. 12. Visual failure categories and measured relative deformation.
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Table 3. ANOVA Results Ratio of Ultimate Rod Capacity to Design Strength

Average Ultimate-to-Design Strength
Groups Ratio of the Anchor Rods (%) ANOVA Statistics
Relative deformation < 40% 154.62 Fiest Feritical Probability, p
Relative deformation > 40% 154.98 0.004 3.957 0.953
Table 4. ANOVA Results—Orientation of Anchor Rods
Average Relative Deformation
Orientation Groups of Plate Washer (%) ANOVA Statistics
Centered 16.49 Fiest Feritical Probability, p
Offset 20.71 0.495 3.957 0.484

washer failure may have resulted from an unusual variation
between the ultimate strength of individual anchor rods in
the group of anchor rods tested. To investigate this possi-
bility, a metric of experimental ultimate strength to design
strength of each anchor rod was calculated. This ratio was
then compared to the relative deformation of the associated
plate washer. A single-factor analysis of variance (ANOVA)
was performed on the specimens tested to evaluate the
mean ultimate strength to design strength ratio of each
anchor rod among two groups—the group of plate wash-
ers with a relative deformation greater than 40% (i.e., plate
washers that failed) and the group of plate washers with a
relative deformation less than 40% (i.e., plate washers that
had not failed). This tested a null hypothesis that there was
no significant difference in the mean value between the
groups using a level of significance of 0.05. The analysis
revealed that the mean value of the ratio of ultimate strength
to design strength of the failed group versus the nonfailed
group were almost identical (154.98 versus 154.62) as was
the coefficient of variation (8.1% versus 12%). Not surpris-
ingly, the ANOVA test revealed that the difference in the
mean value of the two groups was not significant, with the
probability, p, of observing sample results equal to 0.953,
which exceeds the stated level of significance. The ANOVA
results are shown in Table 3. This suggests that variations in
the ultimate strength of individual anchor rods, varying by
size and grade of steel, did not appear to have a significant
influence on plate washer performance.

Another aspect of this study considered the orientation of
the anchor rod relative to the plate washer. The experimen-
tal setup allowed for the installation of the plates so that the
anchor rod could be placed in a “centered” orientation or an
“offset” orientation (i.e., the rod placed to the edge of the
plate washer hole). Variations in the designed versus actual
location of anchor bolts are an anticipated occurrence and
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the tolerances governing these variations are found in the
AISC Code of Standard Practice (AISC, 2016a). As noted
earlier, each plate washer was systematically measured
after testing to determine its relative deformation.

The anchor rods that were loaded until failure were stud-
ied to determine if orientation of the anchor rod (centered
versus offset) had any apparent effect on the relative defor-
mation exhibited. Results showed that the mean value of
relative deformation for the offset specimens was higher
than the group of plate washers having the centered orienta-
tion (20.71% versus 16.49%). A single-factor ANOVA was
performed to statistically test a null hypothesis that there
was no significant difference in the mean value of the cen-
tered and offset groups using a level of significance of 0.05.
This test revealed that the difference in the mean value of
relative deformation for the two groups was not significant,
with the probability, p, of observing sample results equal
to 0.484, which exceeds the stated level of significance
(Table 4). Interestingly, of the 10 plate washers whose rela-
tive deformation exceeded the failure threshold of 40%,
seven of those were tested in the offset orientation. However,
the average relative deformation of those seven specimens
having an offset orientation averaged 74.2%, while the rela-
tive deformation of washers having the centered orientation
was 100.8%. This also supports the statistical finding that
anchor rod orientation is not significantly associated with
the relative deformation experienced by plate washers.

While the ultimate capacity and orientation of the anchor
rods seemed to lack significant association with plate
washer performance in this study, a review of the results
indicates that stiffness and thickness of the plate washers
are influential. As noted previously, only 10 plate wash-
ers of the 94 tested exhibited relative deformation above
the 40% failure threshold. Of the 10 considered to have
failed, six had thicknesses less than the minimum thickness



Table 5. Recommended Plate Washer Thickness—By Rod Diameter Only
Anchor Rod Diameter Recommended Plate AISC Manual 15th Ed. Specified

(in.) Washer Thickness (in.) Plate Washer Thickness (in.)
Y4 $Z) Ya
78 12 Y6

1 12 ¥

1% % 12

1% % 12

1% % %

2 % %

21 78 78

found in AISC Manual Table 14-2. Of the remaining four
plate washers that were judged to have failed, all had plate
thicknesses matching the minimum thickness found in
Table 14-2, but all were part of an assembly using Grade
105 anchor rods. This finding would appear to support the
concept of minimum plate washer thickness being associ-
ated with the specified grade of steel for anchor rods.

RECOMMENDATIONS

This experimental study considered the behavior of plate
washers in a column base connection using anchor rods of
various sizes and grades of steel. No plate washers ruptured
during testing, but 10 plate washers were unable to effec-
tively develop the ultimate strength of the anchor rods with-
out incurring significant deformations. No clear standard
exists currently that would define how much out-of-plane
deformation would constitute failure of a plate washer in
column base assembly. Based on post-test measurements of
the plate washers coupled with visual assessment, it can be
reasonably asserted that plate washers experiencing more
than 40% out-of-plane deformation relative to its original
average thickness can be judged to have failed.

Of the 94 plate washers tested, 10 showed significant
out-of-plane deformation exceeding the 40% relative defor-
mation threshold. Of these failed plate washers, six had
thicknesses less than that required in the 15th edition of the
AISC Manual Table 14-2, while the other four plate wash-
ers all were coupled with anchor rods using Grade 105 steel.
All minimum thicknesses of plate washers in AISC Manual
Table 14-2 are recommended based on the diameter of the
anchor rod only. Because anchors rods made from Grade
105 steel are designed to develop high tensile forces, if min-
imum plate washer thickness continues to be recommended
only based on anchor rod diameter, then the results of this
testing support the changes found in Table 5.

The washer thickness recommended for the 22-in.-
diameter rod is 78 in. because the ultimate strength of the
2 in. Grade 105 anchor rod specimens could not be fully
developed due to limitations of the testing equipment. This
recommendation of 7 in. is given tentatively until further
testing yields more information.

Although Grade 36 and Grade 55 are more common,
anchor rods made from Grade 105 steel may be necessary
when conditions warrant the need to develop large tensile
forces. As previously noted, 40% of the plate washers that
failed in this study had a thickness in line with the mini-
mum thickness specified in AISC Manual Table 14-2, but
were tested with Grade 105 anchor rods. Given the consid-
erable difference between loads carried by anchor rods of
the same diameter, but of different steel grades, it may be
valuable to include recommendations by the steel grade of
the anchor rod as well as the diameter. The recommended
minimum plate washer thickness given in such a format is
shown in Table 6.

CONCLUSION

In summary, this study has produced the first experimen-
tally developed values for the thicknesses of plate wash-
ers used in column baseplate and anchor rod applications.
The results have shown that ASTM F1554 Grade 36 and
Grade 55 anchor rods having diameters of 3, 1, 1%, 2, and
25 in. can be adequately developed using the currently
specified minimum plate washer thicknesses found in
Table 14-2 of the 15th edition of the AISC Steel Construc-
tion Manual (2017). The results also found that for ASTM
F1554 Grade 105 anchor rods, the minimum plate washer
thicknesses specified in the 15th edition of the AISC Man-
ual were not sufficient to develop the rods’ ultimate strength
without excessive deformations for anchor rods having %,
1, and 1% in., diameters. For anchor rods having %, 1, and
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Table 6. Recommended Plate Washer Thicknesses —By Diameter and Grade

Anchor Rod
Diameter (in.)

Grade of Steel

Recommended
Plate Washer
Thickness (in.)

AISC Manual 15th Ed.
Specified Plate Washer
Thickness (in.)

%

Gr. 36

A

Gr. 55

Y4

Gr. 105

¥

Y4

78

Gr. 36

¥

Gr. 55

¥

Gr. 105

Y2

%6

Gr. 36

¥

Gr. 55

Y8

Gr. 105

V2

Y8

1%

Gr. 36

Y8

Gr. 55

2

Gr. 105

%8

1%

Gr. 36

Y8

Gr. 55

V2

Gr. 105

%

1%

Gr. 36

%

Gr. 55

%

Gr. 105

3%

%

Gr. 36

%

Gr. 55

%

Gr. 105

34

%

212

Gr. 36

%

Gr. 55

34

Gr. 105

78

78
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1% in., diameters and made of Grade 105 steels, a plate
washer 4 in. greater in thickness than that currently given
in AISC Manual Table 14-2 was needed to develop the ulti-
mate strength of the rod without incurring a 40% relative
deformation or greater. The currently specified plate washer
thickness was found to be sufficient for the 2-in.-diameter
Grade 105 anchor rod, and the testing was inconclusive for
the 2%5-in.-diameter Grade 105 rod. Recommended mini-
mum plate washer thicknesses are provided for anchor rods
with 7, 1%, and 134 in. diameters using conservative esti-
mates based on the testing conducted. Additionally, it was
found that the anchor rod orientation and the potential vari-
ations of ultimate strength in individual anchor rods did not
appear to be significantly associated with the performance
of plate washers in these tests.

Future studies could investigate the performance of
plate washers under various conditions including the use of
welds, field modification of baseplate holes, and the effect
of the combination of shear and tension forces.
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APPENDIX

In this Appendix, tables reporting the measured plate
washer deformation data, the statistical distribution of rela-
tive deformation of the plate washers, and the measured
strengths of the threaded rods are presented.

Specifically, Table A-1 summarizes the deformation data
of the plate washers tested, reporting the nominal thickness,
the measured thicknesses at the mid-points of all four sides,
the maximum measured deformation, the average measured
thickness, and the percent deformation with respect to both
nominal and average measured thickness. Table A-2 con-
tains the binned relative deformation data that was used to
produce Figure 7.

Table A-3 summarizes measured data on the threaded
rods used during the tests, reporting plate washer orienta-
tion (1 = centered, 2 = offset) and its nominal thickness,
the rod diameter and grade, its minimum and maximum
tensile strength from ASTM F1554, the measured ultimate
strength, the minimum yield strength from ASTM F1554,
the calculated yield strength (using the 0.2% offset method),
and the calculated design strength. Values highlighted in
red do not meet some of the ASTM F1554 given limits.
Note that the threaded rods used in tests 73 through 78 are
consistently above maximum tensile strength, while those
in tests 79 through 82 are very close to the minimum tensile
strength. It is posited that the rods were mismarked (rod
ends are routinely color coded to indicate grade), and thus,
the Grade 36 set was really a Grade 55 (and, in this case, the
measured values would all be acceptable), and the Grade 55
set was really a Grade 36 (and, in this case, the measured
values would be closer to maximum tensile strength, with-
out surpassing it, as would be routinely expected).

The full set of data can be found in the testing report
submitted to AISC (Cozzens et al., 2021).
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Table A-1. Plate Washer Deformation Data

Test | Nominal % %
Number t t4 to i3 ts Amax tavg Deformed,ominal Deformed,e

1 0.500 0.505 0.495 0.505 0.491 - 0.499 - -
2 0.500 0.490 0.490 0.489 0.500 — 0.492 — —
3 0.375 0.375 0.376 0.380 0.370 0.024 0.375 6.32% 6.32%
4 0.375 0.375 0.376 0.372 0.372 0.016 0.374 419% 4.20%
5 0.250 0.245 0.246 0.247 0.255 0.062 0.248 24.88% 25.06%
6 0.250 0.242 0.244 0.248 0.254 0.027 0.247 10.76% 10.89%
7 0.500 0.490 0.491 0.502 0.510 0.015 0.498 2.96% 2.97%
8 0.500 0.492 0.501 0.491 0.510 0.086 0.499 17.16% 17.21%
9 0.375 0.369 0.376 0.377 0.375 0.025 0.374 6.67% 6.68%
10 0.375 0.375 0.375 0.369 0.379 0.018 0.375 4.85% 4.86%
11 0.250 0.263 0.248 0.248 0.245 0.051 0.251 20.52% 20.44%
12 0.250 0.242 0.266 0.248 0.249 0.069 0.251 27.64% 27.50%
13 0.500 0.505 0.495 0.505 0.491 0.025 0.499 5.02% 5.03%
14 0.500 0.490 0.490 0.489 0.500 0.046 0.492 9.22% 9.37%
15 0.375 0.375 0.376 0.372 0.376 0.047 0.375 12.53% 12.54%
16 0.375 0.375 0.375 0.374 0.376 0.046 0.375 12.16% 12.16%
17 0.250 0.250 0.252 0.242 0.240 0.177 0.246 70.68% 71.83%
18 0.250 0.241 0.239 0.246 0.248 0.169 0.244 67.44% 69.24%
19 0.500 0.490 0.499 0.493 0.493 0.058 0.494 11.58% 11.73%
20 0.500 0.492 0.492 0.492 0.495 0.059 0.493 11.70% 11.87%
21 0.375 0.374 0.492 0.374 0.375 0.038 0.404 10.11% 9.39%
22 0.375 0.369 0.370 0.368 0.370 0.045 0.369 11.92% 12.11%
23 0.250 0.239 0.245 0.252 0.245 0.240 0.245 96.12% 97.98%
24 0.250 0.248 0.243 0.250 0.253 0.271 0.249 108.36% 109.01%
25 0.500 0.488 0.489 0.493 0.501 0.044 0.493 8.88% 9.01%
26 0.500 0.490 0.492 0.491 0.490 0.053 0.491 10.60% 10.80%
27 0.375 0.371 0.373 0.368 0.370 0.063 0.371 16.80% 17.00%
28 0.375 0.372 0.366 0.372 0.369 0.039 0.370 10.32% 10.47%
29 0.250 0.249 0.250 0.245 0.245 0.342 0.247 136.80% 138.32%
30 0.250 0.245 0.245 0.245 0.241 0.339 0.244 135.48% 138.81%

(Table A-1 continues on the next page)
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Table A-1. Plate Washer Deformation Data (continued)

Test | Nominal % %
Number t t4 to i3 [ Amax tavg Deformed,ominal Deformed,e
31 0.750 0.741 0.744 0.737 0.746 0.020 0.742 2.72% 2.75%
32 0.750 0.739 0.736 0.737 0.747 0.014 0.740 1.85% 1.88%
33 0.500 0.494 0.495 0.498 0.492 0.070 0.495 13.96% 14.11%
34 0.500 0.495 0.491 0.503 0.500 0.068 0.497 13.54% 13.61%
35 0.375 0.373 0.373 0.374 0.375 0.132 0.374 35.07% 35.18%
36 0.375 0.375 0.374 0.375 0.373 0.233 0.374 62.16% 62.28%
37 0.750 0.749 0.749 0.750 0.749 0.023 0.749 3.03% 3.03%
38 0.750 0.751 0.751 0.750 0.749 0.029 0.750 3.91% 3.91%
39 0.500 0.496 0.490 0.486 0.498 0.076 0.493 15.24% 15.47%
40 0.500 0.490 0.491 0.490 0.496 0.078 0.492 15.60% 15.86%
41 0.375 0.372 0.370 0.370 0.378 0.063 0.373 16.77% 16.89%
42 0.375 0.372 0.374 0.374 0.381 0.196 0.375 52.37% 52.34%
43 0.750 0.757 0.749 0.749 0.752 0.027 0.752 3.57% 3.57%
44 0.750 0.750 0.750 0.750 0.751 0.017 0.750 2.24% 2.24%
45 0.500 0.499 0.501 0.493 0.496 0.074 0.497 14.86% 14.94%
46 0.500 0.497 0.497 0.500 0.493 0.096 0.497 19.28% 19.41%
47 0.375 0.372 0.375 0.373 0.373 0.168 0.373 44.85% 45.06%
48 0.375 0.372 0.374 0.370 0.376 0.068 0.373 18.00% 18.10%
49 1.000 1.000 1.005 0.999 0.999 0.022 1.001 2.18% 2.18%
50 1.000 1.001 1.001 1.000 0.999 0.017 1.000 1.68% 1.68%
51 0.750 0.752 0.752 0.751 0.750 0.036 0.751 4.79% 4.78%
52 0.750 0.752 0.752 0.750 0.751 0.043 0.751 5.73% 5.72%
53 0.500 0.490 0.490 0.492 0.501 0.178 0.493 35.52% 36.01%
54 0.500 0.488 0.487 0.498 0.491 0.189 0.491 37.72% 38.41%
1A 0.500 0.498 0.495 0.497 0.495 0.210 0.496 41.94% 42.26%
2A 0.500 0.495 0.495 0.497 0.496 0.069 0.496 13.70% 13.82%
3A 0.625 0.624 0.625 0.625 0.625 0.069 0.625 10.96% 10.96%
4A 0.625 0.624 0.623 0.626 0.625 0.067 0.625 10.72% 10.73%
55 1.000 0.998 0.997 0.991 0.998 0.010 0.996 0.96% 0.96%
56 1.000 1.000 1.000 1.001 1.001 0.014 1.001 1.40% 1.40%
57 0.875 0.880 0.881 0.880 0.886 0.017 0.882 1.93% 1.92%

(Table A-1 continues on the next page)
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Table A-1. Plate Washer Deformation Data (continued)

Test | Nominal % %
Number t t4 to i3 [ Amax tavg Deformed,ominal Deformed,e
58 0.875 0.885 0.880 0.880 0.883 0.019 0.882 2.13% 211%
59 0.750 0.753 0.754 0.756 0.754 0.011 0.754 1.40% 1.39%
60 0.750 0.755 0.756 0.753 0.752 0.047 0.754 6.32% 6.29%
61 1.000 1.000 1.000 0.998 0.998 0.017 0.999 1.69% 1.69%
62 1.000 1.002 0.999 0.999 1.002 0.060 1.001 5.98% 5.98%
63 0.875 0.883 0.884 0.880 0.881 0.033 0.882 3.73% 3.70%
64 0.875 0.881 0.881 0.882 0.879 0.059 0.881 6.72% 6.68%
65 0.750 0.753 0.753 0.754 0.757 0.051 0.754 6.73% 6.70%
66 0.750 0.753 0.753 0.753 0.757 0.051 0.754 6.81% 6.78%
67 1.250 1.253 1.252 1.253 1.262 0.040 1.255 3.22% 3.20%
68 1.250 1.253 1.256 1.253 1.263 0.044 1.256 3.53% 3.51%
69 1.000 1.003 1.000 1.000 0.998 0.080 1.000 7.96% 7.96%
70 1.000 0.997 0.960 0.999 0.999 0.055 0.989 5.45% 5.51%
71 0.750 0.752 0.753 0.754 0.752 0.122 0.753 16.20% 16.14%
72 0.750 0.754 0.754 0.755 0.756 0.140 0.755 18.68% 18.56%
73 1.000 1.000 1.000 0.999 1.002 0.061 1.000 6.11% 6.11%
74 1.000 1.000 0.999 0.998 1.001 0.046 1.000 4.59% 4.59%
75 0.875 0.883 0.886 0.889 0.887 0.102 0.886 11.61% 11.46%
76 0.875 0.883 0.883 0.883 0.882 0.078 0.883 8.94% 8.86%
77 0.875 0.882 0.882 0.880 0.886 0.075 0.883 8.58% 8.51%
78 0.875 0.882 0.883 0.886 0.882 0.108 0.883 12.33% 12.22%
79 1.000 1.000 0.999 1.001 1.003 0.032 1.001 3.22% 3.22%
80 1.000 1.003 1.002 1.000 1.000 0.044 1.001 4.39% 4.38%
81 0.750 0.755 0.755 0.755 0.757 0.055 0.756 7.36% 7.31%
82 0.750 0.7583 0.755 0.757 0.756 0.090 0.755 12.03% 11.94%
83 1.500 1.516 1.515 1.510 1.518 0.017 1.515 1.11% 1.10%
84 1.500 1.507 1.514 1.512 1.514 0.034 1.512 2.26% 2.24%
85 1.250 1.251 1.257 1.253 1.256 0.046 1.254 3.64% 3.63%
86 1.250 1.253 1.253 1.252 1.257 0.043 1.254 3.42% 3.41%
87 0.875 0.882 0.883 0.884 0.882 0.111 0.883 12.66% 12.55%
88 0.875 0.882 0.883 0.883 0.882 0.076 0.883 8.67% 8.60%
89 0.750 0.752 0.755 0.754 0.753 0.075 0.754 9.95% 9.90%
90 0.750 0.755 0.755 0.7583 0.754 0.125 0.754 16.71% 16.61%
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Table A-2. Statistical Distribution of Relative Deformation

Stat. 0%-5% 5%-10% 10%-15% 15%-20%
Min 0.96% | 0.96% 5.02% | 5.03% 10.11% | 10.47% 15.24% | 15.47%
Avg. 2.88% | 2.87% 7.23% | 7.33% 12.00% | 11.74% 17.04% | 17.13%
Median | 2.99% | 3.00% 6.73% | 6.74% 11.92% | 12.02% 16.79% | 16.94%
Max 4.85% | 4.86% 9.95% | 9.90% 14.86% | 13.61% 19.28% | 19.41%
28 0.96% | 0.96% | 19.5 | 5.02% | 5.03% | 18.5 | 10.11% | 10.47% | 10 |15.24% | 15.47%

1.11% | 1.10% 5.45% | 5.51% 10.32% | 10.73% 15.60% | 15.86%

1.40% | 1.39% 5.73% | 5.72% 10.60% | 10.80% 16.20% | 16.14%

1.40% | 1.40% 5.98% | 5.98% 10.72% | 10.89% 16.71% | 16.61%

1.68% | 1.68% 6.11% | 6.11% 10.76% | 10.96% 16.77% | 16.89%

1.69% | 1.69% 6.32% | 6.29% 10.96% | 11.46% 16.80% | 17.00%

1.85% | 1.88% 6.32% | 6.32% 11.58% | 11.73% 17.16% | 17.21%

1.93% | 1.92% 6.67% | 6.68% 11.61% | 11.87% 18.00% | 18.10%

213% | 211% 6.72% | 6.68% 11.70% | 11.94% 18.68% | 18.56%

218% | 2.18% 6.73% | 6.70% 11.92% | 12.11% 19.28% | 19.41%

2.24% | 2.24% 6.81% | 6.78% 12.08% | 12.16%

2.26% | 2.24% 7.36% | 7.31% 12.16% | 12.22%

2.72% | 2.75% 7.96% | 7.96% 12.33% | 12.54%

2.96% | 2.97% 8.58% | 8.51% 12.52% | 12.55%

3.03% | 3.03% 8.67% | 8.60% 12.66% | 13.61%

3.22% | 3.20% 8.88% | 8.86% 13.54% | 13.82%

3.22% | 3.22% 8.94% | 9.01% 13.70% | 14.11%

3.42% | 3.41% 9.22% | 9.37% 13.96% | 14.94%

3.53% | 3.51% 9.95% | 9.39% 14.86%

3.57% | 3.57% 9.90%

3.64% | 3.63%

3.73% | 3.70%

3.91% | 3.91%

419% | 4.20%

4.39% | 4.38%

4.59% | 4.59%

4.79% | 4.78%

4.85% | 4.86%

Table A-2. Statistical Distribution of Relative Deformation (continued)

Stat. 20%-25% 25%-30% 30%-40% 40%-50% >50%

Min 20.52% | 20.44% 27.64% |25.06% 35.07% | 35.18% 41.94% | 15.47% 52.37% | 52.34%

Avg. 22.70% | 20.44% 27.64% |26.28% 36.10% | 36.53% 43.40% | 17.13% 91.18% | 92.48%

Median | 22.70% | 20.44% 27.64% |26.28% 35.52% | 36.01% 43.40% | 16.94% 83.40% | 84.91%
Max 24.88% | 20.44% 27.64% | 27.50% 37.72% | 38,41% 44.85% | 19.41% 136.80% | 1338.81%

1.5 |20.52% |20.44% | 1.5 |27.64% |25.06% 3 35.07% | 35.18% 2 41.94% | 15.47% 8 52.37% | 52.34%

24.88% 27.50% 35.52% | 36.01% 44.85% | 15.86% 62.16% | 62.28%

37.72% | 38.41% 67.44% | 69.24%

70.68% | 71.83%
96.12% | 97.98%
108.36% | 109.01%
135.48% | 138.32%
136.80% | 138.81%
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Table A-3. Performance of Threaded Rods

ASTM
ASTM Specified Measured | Specified | Measured
Minimum | Maximum | Ultimate Design
Test Nominal t | Diameter Tensile Tensile Tensile Minimum Strength
Number | Orientation (in.) (in.) Grade (ksi) (Kips) (Kips) (kips) Yield (kips) | Yield (kips) (kips)
1 1 0.500 23.05 15.8
2 2 0.500 22.97 15.8
3 1 0.375 22.96 15.8
0.750 36 19.4 26.7 12.00 14.55
4 2 0.375 23.02 15.8
5 2 0.250 23.05 15.8
6 1 0.250 23.17 16.0
7 1 0.500 29.69 21.8
8 2 0.500 29.51 21.6
9 2 0.375 29.62 22.0
0.750 55 25.0 31.7 18.40 18.75
10 1 0.375 29.65 21.9
11 1 0.250 29.39 215
12 2 0.250 29.48 21.7
13 2 0.500 48.14 41.9
14 1 0.500 47.52 42.2
15 1 0.375 47.63 41.9
0.750 105 41.8 50.1 35.10 31.35
16 2 0.375 47.54 41.6
17 2 0.250 48.40 41.5
18 1 0.250 48.03 41.5
19 1 0.500 47.27 34.0
20 2 0.500 4710 35.2
21 2 0.375 47.21 35.2
1.000 36 35.2 48.5 21.80 26.40
22 1 0.375 4717 351
23 1 0.250 46.74 34.5
24 2 0.250 46.99 35.4
25 2 0.500 51.74 36.2
26 1 0.500 51.79 34.0
27 1 0.375 51.71 35.7
1.000 55 454 57.6 33.30 34.05
28 2 0.375 51.73 36.0
29 2 0.250 51.66 35.7
30 1 0.250 51.23 35.5
31 1 0.750 76.77 67.2
32 2 0.750 84.54 61.8
33 2 0.500 81.53 70.5
1.000 105 75.8 90.9 63.60 56.85
34 1 0.500 84.41 66.7
35 1 0.375 76.49 61.8
36 2 0.375 81.65 70.0

(Table A-3 continues on the next page)
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Table A-3. Performance of Threaded Rods (continued)
ASTM
ASTM Specified Measured | Specified | Measured
Minimum | Maximum | Ultimate Design
Test Nominal t | Diameter Tensile Tensile Tensile Minimum Strength
Number | Orientation (in.) (in.) Grade (ksi) (Kips) (Kips) (kips) Yield (kips) | Yield (kips) (kips)
37 1 0.750 104.10 7.7
38 2 0.750 113.85 81.8
39 2 0.500 104.35 82.2
1.500 36 81.5 112.4 50.60 81.50
40 1 0.500 113.66 71.8
41 1 0.375 103.67 72.8
42 2 0.375 113.66 814
43 2 0.750 119.61 84.3
44 1 0.750 119.63 84.5
45 1 0.500 119.58 83.2
1.500 55 105.0 133.0 77.30 78.75
46 2 0.500 119.82 84.0
47 2 0.375 119.72 84.0
48 1 0.375 119.95 83.3
49 1 1.000 190.61 184.4
50 2 1.000 174.63 143.0
51 2 0.750 191.50 143.6
1.500 105 176.0 216.0 148.00 132.00
52 1 0.750 174.27 168.1
53 1 0.500 191.58 166.1
54 2 0.500 17414 143.5
1A 2 0.500 197.84 158.0
2A 1 0.500 196.87 157.0
1.500 105.0 176.0 216.0 148.00 132.00
3A 1 0.625 197.45 157.2
4A 2 0.625 198.42 156.0
55 1 1.000 184.16 112.0
56 2 1.000 184.18 113.0
57 2 0.875 182.86 113.5
2.000 36 145.0 200.0 90.00 108.75
58 1 0.875 184.39 113.5
59 1 0.750 183.58 114.8
60 2 0.750 182.89 115.5
61 2 1.000 214.68 141.0
62 1 1.000 214.62 141.0
63 1 0.875 213.97 141.5
2.000 55 188.0 238.0 138.00 141.00
64 2 0.875 213.06 139.5
65 2 0.750 214.43 140.0
66 1 0.750 214.79 141.0

(Table A-3 continues on the next page)

ENGINEERING JOURNAL / SECOND QUARTER /2024 / 109



Table A-3. Performance of Threaded Rods (continued)

ASTM
ASTM Specified Measured | Specified | Measured
Minimum | Maximum | Ultimate Design
Test Nominal t | Diameter Tensile Tensile Tensile Minimum Strength
Number | Orientation (in.) (in.) Grade (ksi) (Kips) (Kips) (kips) Yield (kips) | Yield (kips) (kips)
67 1 1.250 325.24 276.5
68 2 1.250 309.77 271.0
69 2 1.000 312.46 284.0
2.000 105 312.0 375.0 262.00 234.00
70 1 1.000 323.59 273.0
71 1 0.750 316.23 284.0
72 2 0.750 311.86 284.0
73 1 1.000 340.31 321.0
74 2 1.000 336.91 318.0
75 2 0.875 355.52 2975
2.500 36 232.0 320.0 144.00 174.00
76 1 0.875 357.61 313.0
77 1 0.875 355.98 315.0
78 2 0.875 354.39 298.0
79 2 1.000 312.10 214.0
80 1 1.000 311.32 217.0
2.500 55 300.0 380.0 220.00 225.00
81 1 0.750 314.29 211.5
82 2 0.750 312.40 214.5
83 2 1.500 399.41 —
84 1 1.500 399.01 —
85 1 1.250 400.35 —
86 2 1.250 398.98 —
2.500 105 500.0 600.0 420.00 375.00
87 2 0.875 39717 —
88 1 0.875 388.71 -
89 1 0.750 389.34 -
90 2 0.750 385.88 —
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Steel Structures Research Update

Innovative Steel Deck System for

Highway Bridge Applications

JUDY LIU

INTRODUCTION

Ongoing research on innovative steel bridge decks is high-
lighted. This study, currently under way at the University of
Kansas, is led by Dr. William Collins, Associate Professor
in the Department of Civil, Environmental, and Architec-
tural Engineering. Dr. Collins’s research interests include
fatigue and fracture of metallic structures; bridge design,
fabrication, construction, and performance; and evaluation
and preservation of historic structures. Among Dr. Col-
lins’s accolades are the Robert J. Dexter Memorial Award,
a Fulbright Scholar Award to conduct fracture mechanics
research in Finland, and the AISC Milek Fellowship. The
four-year Milek Fellowship is supporting this research on
innovative steel deck systems for highway bridge appli-
cations—the first Milek Fellowship project to focus on
bridges. Selected highlights from the work to date are pre-
sented, along with a preview of future research tasks.

BACKGROUND AND MOTIVATION

Steel decks offer potential benefits but have seen limited use
on bridges. Low weight, inherent modularity, and improved
durability are among the advantages to using steel bridge
decks. High initial costs and challenges with connections
and other details are potential barriers to adoption.

Steel bridge decks are typically limited to specific appli-
cations. Data from the National Bridge Inventory (NBI)
shows that “steel decks are found on less than three percent
of the more than 600,000 highway bridges in the United
States” (FHWA, 2019). Steel orthotropic decks are most
often used on bridges that have self-weight as a major factor
in design. These include bridges with a weight constraint,
movable bridges, and long-span structures.

Advantages for steel bridge decks include their inherent
modularity and their relative light weight. Dr. Collins’s con-
versations with bridge owners reveal that they are interested
in deck systems that are easy to fabricate and suited to rapid
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construction. These discussions align with accelerated
bridge construction and other efforts to increase the speed
of designing, fabricating, and erecting steel structures (e.g.,
Mellon et al., 2021; Medlock et al., 2022). Modular con-
struction suits accelerated bridge construction methods,
and cost savings can be realized from the reduced construc-
tion time. Steel bridge decks are lighter than traditional
concrete and precast bridge decks (Mangus, 2005), poten-
tially resulting in reduced superstructure demand for new
structures and reduced or eliminated weight restrictions for
existing structures. A reduction in weight can also reduce
transportation and construction costs.

Steel bridge decks may be a viable option for improved
durability as well as performance of bridges in rural areas.
Steel decks would not have the issues seen with concrete
deck cracking and reinforcing steel corrosion (ASCE,
2017). Meanwhile, the inability to consistently meet mate-
rial specifications causes issues with concrete in rural areas
where mobile batch plants are commonly utilized.

Barriers to adoption of steel bridge decks include fabri-
cation requirements and high initial costs. Past issues with
orthotropic bridge deck performance motivated difficult
and expensive fabrication requirements (McQuaid and
Medlock, 2005). As a result, steel bridge decks are typi-
cally more expensive than their conventional cast-in-place
and precast bridge decks.

The potential benefits motivate the development of a steel
deck system to compete with traditional cast-in-place and
precast concrete bridge decks. In addition to cost savings
resulting from their light weight and inherent modularity,
steel decks could eliminate the need for cross frames and
further reduce costs. Steel decks oriented perpendicular
to the girder would help with load sharing and potentially
replace the cross frames as lateral bracing.

Initial cost, connections, and other details challenge the
development of a competitive steel bridge deck system,
and any fatigue-prone details must be addressed. Other
major considerations include drainage systems, selection
of toppings/overlays, barrier rails and their connections to
the deck, and panel-to-panel connections. Dr. Collins and
his team will address these challenges in their design and
evaluation of an innovative, lightweight, modular steel deck
system.
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PROPOSED RESEARCH
AND DELIVERABLES

Dr. Collins’s research team has a comprehensive plan to
develop a competitive steel deck system. The four-phase
plan seeks to create an easy-to-fabricate, lightweight, and
modular deck system; address potential barriers to imple-
mentation; and produce design recommendations and
specifications.

An overarching goal for the research is to develop a steel
deck system that is competitive with respect to fabrication
cost, life-cycle cost, and structural performance. An addi-
tional, expected benefit is the deck system’s suitability for
rapid construction of a variety of bridge spans and configu-
rations. Specific objectives are to:

1. Develop a steel deck system that is competitive with
conventional cast-in-place concrete decks for use in
highway bridges. The steel deck system should be
lightweight, modular, and easily fabricated from readily
available rolled sections.

2. Conduct a comparative life-cycle cost analysis for a
highway bridge utilizing the steel deck system and a
conventional, cast-in-place concrete deck.

3. Address potential barriers to widespread steel deck
adoption through development of critical details and
experimental evaluation. Details will include panel-
to-panel connections, girder-to-deck connections, and
barrier rail connections to the deck. Evaluation will
include experimental testing of some connections as well
as full-scale panel fatigue testing.

The research is organized into four phases, from literature
review to final deliverables. In Phase I, the team surveyed
existing steel deck options as well as systems proposed as
alternatives to concrete decks. Initial analyses on the two
most promising all-steel candidates informed the selection
of one steel deck system for further development. Phase 11
will be focused on design and cost comparison of a bridge
with an all-steel deck and one with a conventional cast-in-
place concrete deck. The life-cycle cost evaluations will
include estimates for fabrication, shipping, erection, sched-
uled inspections, and maintenance. In Phase III, the research
team will conduct analytical and experimental evaluations
of the proposed steel deck system. Finite element analysis
and a hot spot stress (HSS) approach will be used to study
fatigue behavior. The team’s plans include physical test-
ing of component-scale and full-scale panels, fatigue tests,
and proposed panel-to-panel connection details. Addi-
tional testing may be conducted on barrier rail-to-deck or
other connections. Phase IV will complete the research
with design recommendations and a final research report.
The team anticipates proposed changes to design codes
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and specifications. The research may impact the AASHTO
LRFD Bridge Design Specifications (AASHTO, 2020); the
FHWA Manual for Design, Construction, and Maintenance
of Orthotropic Steel Bridge Decks (FHWA, 2012); and/or the
AASHTO/AWS DL1.5 Bridge Welding Code (AWS, 2010).

LITERATURE AND EXISTING
SYSTEMS REVIEW

The team researched existing bridge deck systems and
design criteria. Their literature review summarized the
benefits and challenges for existing and proposed deck
systems. Additional considerations included bridge compo-
nents and details such as barriers and their connections to
the bridge deck.

Alternative Bridge Decks

The team explored existing concrete, timber, steel and poly-
mer decks. These alternatives present potential advantages
and disadvantages, often related to weight, cost, durabil-
ity, and performance. All provide a comparison and further
inform the development of a competitive steel bridge deck
system.

Cast-in-place and precast concrete decks may have issues
with weight, durability, and performance. As mentioned
previously, concrete decks are heavier than the steel decks
being considered, and the cast-in-place decks raise concerns
about durability and inconsistencies with concrete mixes in
rural areas. Precast concrete decks have advantages of con-
trolled casting and curing off site that can be performed
in advance and faster construction times with modular,
one-way slab, components that can use conventional steel
reinforcement or prestressing. However, the connections
between precast panels and panels to girders are cast-in-
place, adding time and cost to bridge construction.

Timber decks are lightweight but may see limited use
on highway bridges due to applicability, performance, and
maintenance. Timber decks are typically used for pedes-
trian bridges and low-volume, short-span vehicular bridges.
Different configurations over time have evolved from large
sawn stringers with transverse deck logs; to smaller, closely
spaced stringers; to longitudinal decks over transverse
spreader beams. Nail-laminated decks were once relatively
common, but they presented problems related to proper nail
placement, warping and nonuniform bearing of decks on
the spreader beams, and the resulting uneven load-sharing
and crushing of the wood around nails that adversely
affected load transfer. Prefabricated decks were developed,
moving from nail-laminated to glue-laminated (glulam)
members. A challenge with glulam decks is proper shear
transfer between adjacent panels. One solution involves
passing high-strength steel rods through holes in the deck



panels and post-tensioning the panels together. However,
the steel rods must be regularly retensioned due to creep
in the wood.

All-steel bridge deck systems such as open grid steel
decks and orthotropic decks are good options for temporary
structures and bridges needing lightweight decks (Mangus,
2005) but may suffer from poor user experience and high
cost. Ride quality and excessive noise are problems noted
for open grid decks. Safety concerns include loss of traction
on a wet deck surface. Meanwhile, historically poor fatigue
performance of orthotropic decks has resulted in stringent
design and fabrication requirements, leading to high costs
(McQuaid and Medlock, 2005).

Sandwich plate system (SPS) decks were explored but not
selected due to cost and durability concerns. The proprietary
SPS decks consist of a rigid polyurethane elastomer core
and two metal face plates—a steel-fiber reinforced polymer
(FRP) composite. In a comparative study, Kennedy et al.
(2002) found the performance of SPS decks to be compa-
rable to that of orthotropic steel decks. A benefit for SPS
decks is that less welding would be required, presumably
resulting in fewer fatigue issues. However, the long-term
durability of the SPS decks was in question. It should be
noted that all-FRP decks were also explored, given benefits
of their light weight and corrosion resistance (O’Connor,
2013). However, these decks raise concerns about long-term
durability and degradation of elements exposed to harsh
environmental conditions (Kassner, 2004).

Corrugated core steel sandwich panels (CCSSP) pres-
ent an interesting option with fabrication challenges. The
CCSSP decks consist of steel plates with a continuous
corrugated core or multiple single-wave channels. CCSSP
boast a high stiffness-to-weight ratio (Nilsson, 2017). The
panels are fabricated using laser beam welds (LBW) or
hybrid-laser arc welds (HLAW) depending on the core
configuration. Challenges to CCSSP deck adoption may
include obtaining or manufacturing the corrugated core and
finding a fabrication facility with the welding capabilities.

Bridge Decks Selected for Further Study

The team selected HSS sandwich panel and inverted WT
decks for further study. These two options aligned best with
the objectives for a cost-competitive, lightweight, modular
deck system utilizing primarily rolled sections. The poten-
tial benefits and challenges are summarized.

Selection of an HSS steel sandwich panel deck was based
on performance, production, and speed of construction.
Rectangular HSS shapes form the core of a sandwich panel
with top and bottom plates (Figure 1). Standard, hot-rolled
sections already meet ASTM specifications, thus reducing
quality-control concerns, and the use of standard shapes
facilitates deck production. The HSS were selected over
other shapes because of their relatively high shear resistance

and torsional rigidity. The structurally efficient HSS sand-
wich panel deck is envisioned as a prefabricated, modular
system that can be designed with minimal field connections
to the girders. Passarelli (2011) proposed a shop-welded,
field-bolted, grouted deck to girder connection.

Passarelli (2011) investigated laser beam welds (LBW)
and hybrid-laser arc welds (HLAW) for the modular HSS
panels and recommended HLAW based on the ability to
handle fit-up gaps between components and fatigue perfor-
mance. However, Pasarelli noted that neither weld process
is widely adopted. Also, welding within the closed spaces
of the sandwich panel creates challenges for fabrication and
inspection.

The inverted WT deck system is another selection based
on performance, production, and speed of construction.
This system uses inverted WT sections with a steel top
plate (Figure 2) and was originally developed by Paterson
and Hamadani (2021) for railway bridge applications. As
with the HSS deck, the use of standard shapes is expected
to facilitate production as a prefabricated, modular sys-
tem. The WTs are fillet-welded to the top plate. Prelimi-
nary models by Paterson and Hamadani demonstrated how
the WT deck system could be designed to satisfy current
design standards. In contrast to the HSS sandwich system,
the inverted WT deck is an open system, eliminating any
potential limitations for in-service inspections.
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Fig. 1. HSS sandwich panel deck.
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Fig. 2. Inverted WT deck.
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Design and Other Considerations

Design criteria and other considerations for construction
and in-service performance were gathered by the research
team. Deflection limits and maximum allowable fatigue
stresses for orthotropic decks were noted (FHWA, 2012).
The literature review included types, installation, and main-
tenance of wearing surfaces. Also considered were types of
barriers, their connections to the deck, and performance.
Review of these components and their details continues
throughout the project, with applicability to the proposed
steel deck system.

DECK SYSTEM
DEVELOPMENT AND ANALYSIS

The team analyzed the selected HSS and inverted WT decks
to inform the sizing of the plates and members. Preliminary
models were developed and parametric studies conducted.
Fatigue stress and deflection limits helped to define proper
member spacing and other dimensions.

The decks were sized to be modular and consistent ini-
tially with previous studies. For modular construction, the
preliminary 8-ft-wide panel could be delivered to site on
a standard truck. Based on Passarelli (2011), HSS8%x4x%i6
members were used with a %-in.-thick top deck plate and
¥i6-in.-thick bottom plate. For an inverted WT deck panel
with comparable depth and moment of inertia, WT8x20
members and a %-in.-thick top plate were used.

The top plate modeling and loading considered truck
wheel loads between members. This study used the front
axle load of 16 kips for the HS20 design truck, reduced as
appropriate for fatigue limit states (AASHTO, 2020). The
wheel loads were simply represented as two 8-kip concen-
trated loads spaced 6 ft apart. The top plate was modeled
as a three-span continuous deck with a 20 in. width corre-
sponding to the HS20 wheel area. For this initial evaluation,
a single concentrated wheel load was applied to the center
of the interior or end span. The HSS or inverted WT mem-
bers were modeled as simple supports with center-to-center
member spacing ranging from 8 in. to 48 in., in increments
of 4 in. Maximum top plate deflections and stresses were
recorded for both positive and negative moment regions.

HSS and WT member stresses and deflections were eval-
uated for the truck loading causing transverse moments in
the deck system. The team analyzed a single-span, simply
supported deck, and two- and three-span continuous decks.
The three deck configurations were loaded with one or more
truck axles in various configurations, and girder spacing for
these analyses ranged from 8 to 14 ft in 2 ft increments.
Positive and negative moment values were considered when
evaluating maximum stress and deflection demand.
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Top Plate Analyses

Five top plate thicknesses were evaluated along with mem-
ber spacing. The loading and resulting moment values dis-
cussed previously were used to determine the spacing and
plate thicknesses needed to satisfy stress and deflection
limits (FHWA, 2012). Top plate thicknesses of Y5, %, 3%,
7, and 1 in. were used for the elastic stress and deflection
calculations.

The resulting stresses and deflections were compared
for top plate thickness and member spacing for the HSS
and inverted WT decks. Figure 3 shows results for top plate
stress (ksi) versus member spacing (in.) for an inverted WT
deck configuration. A 33 ksi fatigue stress limit (FHWA,
2012) is marked with a dotted line. Top plates that are 7% in.
or thicker satisfy the limit for all member spacing cases
evaluated. Thicknesses of Y4, %%, and % in. exceed the limit
for member spacing of 20, 28, and 40 in., respectively. Top
plate stresses are slightly lower for HSS decks because of
the shorter clear span. For deflections, similar trends were
observed; the 7 in. and thicker top plates again satisfied the
limit for all member spacing values.

Member Analyses

The HSS and inverted WT members were evaluated primar-
ily for fatigue and serviceability. Yielding, local buckling,
and lateral-torsional buckling were also considered for the
14 ft girder spacing and original HSS8x4x¥is and WT8x20
members. Members used in both systems were adequate for
these limit states. The preliminary stress analysis focused
on a single member of the deck system, neglecting load
sharing that may occur. For the deflection analyses, addi-
tional member sizes were considered at nominal depths
ranging from 6 in. to 10 in., but with weights comparable
to that of the original WT8%x20 (20 Ib/ft). All members
satisfied the 10 ksi fatigue stress limit and the deflection
limit (FHWA, 2012) for the 8 ft girder spacing, and most all
members satisfied these limits for the 10 ft girder spacing.
At larger member spacing, an increased moment of inertia
due to the top and bottom plate thicknesses was needed for
the 12 and 14 ft girder spacing. Stresses and deflections in
the HSS deck panels were generally lower than those in the
WT. This was attributed to the presence of the bottom plate
in the HSS deck panel. Figure 4 shows the trends in deflec-
tion (normalized to the deflection limit) versus member
spacing for a 12 ft girder spacing. As expected, the decks
with deeper members satisfy the deflection limit for a wider
range of member spacing.

Panel Weight

Panel weight was also evaluated in a parametric study.
Member depth, member spacing, plate thickness, and girder
spacing were varied. Nominal member depths again ranged



from 6 to 10 in. for six different HSS and six WT sections.
Increments of 4 in. were used for member spacing ranging
from 8 to 36 in. Girder spacing of 8, 10, 12, and 14 ft were
used. For the HSS deck, top plate thickness was % in. for
member spacing up to 20 in. and then % in. for the others.
The inverted WT deck used % in. top plates for member
spacing up to 16 in., % in. for 20 to 28 in. spacing, and 7% in.
for the 32 and 36 in. spacing. The necessity for top plate
thickness differences between the systems was the result of
the difference between clear spacing and center-to-center
spacing for the different member profiles.

The resulting panel weights were compared for HSS,
inverted WT, and comparable reinforced concrete deck.
Figure 5 shows a sample graph of panel weight (Ib/ft) ver-
sus member spacing (in.) for 12 ft. girder spacing. The WT
panels are generally lighter than the HSS panels. Some
exceptions include panels with 6 in. WT sections and mem-
ber spacing corresponding to a larger top plate for the WT
panel. Larger member spacing, with heavier, but fewer
members, typically results in a lighter panel. The majority
of the panels evaluated are lighter than a comparable rein-
forced concrete deck—for example, 800 1b/ft for an 8-in.-
thick, 8-ft-wide panel.
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Top plate stress (ksi) vs. member spacing (in.) for an inverted WT deck panel.
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Evaluation and Selection HSS panels. The inverted WT is also a more open system
with open hot-rolled sections, providing easier access for
welding. For these reasons, the research team has moved
forward with the inverted WT deck system.

The analysis results and practical considerations motivated
the choice of the inverted WT deck system. Stress and
deflection results were similar for the HSS and inverted
WT deck panels. The WT decks tend to be lighter than the

Girder Spacing: 12 ft
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Fig. 5. Panel weight (Ib/ft) vs. member spacing (in.) for 12 ft girder spacing.

Fig. 6. Preliminary finite element model of a bridge with an inverted WT deck system.
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FUTURE WORK

Having addressed the first research objective, the team con-
tinues with work on the remaining objectives. The focus
will shift from a component level to a system level. Design
will be followed by a comparative life-cycle cost analysis of
bridges with steel deck and conventional, cast-in-place con-
crete deck systems. Wearing surfaces, barriers, and connec-
tion details will also be addressed. Future work is expected
to include finite element (Figure 6), fatigue, and life-cycle
cost analyses, as well as physical testing of some connec-
tions and full-scale deck panels.
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