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Strength of I-Girders with Narrow Panels  
Subjected to Concentrated Loads
Rolando Chacón and Luis B. Fargier-Gabaldon

ABSTRACT

This technical note deals with the strength of web panels under concentrated loads, with emphasis on girders with closely spaced transverse 
stiffeners (commonly referred to as narrow panels). A review of experimental data and data from simulations suggest that girders with closely 
spaced panels exhibit substantially higher strength to concentrated loads than that calculated in accordance with the AISC Specification for 
Structural Steel Buildings (AISC, 2016). A simple equation to account for a fraction of the excess in strength is proposed.

Keywords: patch loading, closely spaced stiffeners, web crippling, flange resistance.

INTRODUCTION

Concentrated loads often govern the design of built-up 
steel I-girders, for example when launching plate gird-

ers or lifting heavy structures. To optimize web thickness 
and to prevent failure, transverse stiffeners at a constant 
spacing along the axis of the member are often provided. 
The behavior of steel built-up I-girders subjected to concen-
trated loads has been studied experimentally and analyti-
cally over the past six decades by Bergfelt (1979), Roberts 
and Rockey (1979), Roberts (1981), Roberts and Markovic 
(1983), Elgaaly (1983), Shimizu et al. (1989), Lagerqvist and 
Johansson (1995), Roberts and Newmark (1997), Tryland 
et al. (2001), Graciano (2005, 2015), Carden et al. (2007), 
Chacón et al. (2010a, 2010b, 2012), Salkar et al. (2015), 
Kövesdi (2018), and Rodilla and Kowalkowski (2021a, 
2021b). Results from these investigations indicate that 
stocky webs exhibit local yielding, while slender or deep 
webs tend to buckle and fold (referred to as web crippling 
in the AISC Specification). In either case, the length on 
which the load is applied spreads out through the flange 
to a wider portion of the web that contributed to the load-
carrying capacity. The load length is the length of the web 
affected by the concentrated load in the absence of vertical 
stiffeners.

In this technical note, the behavior of beams with nar-
row panels failing in crippling and web yielding is investi-
gated. Other failures modes, including sidesway buckling 
of the web, are beyond the scope of this investigation. In 
beams with narrow panels, the nominal load length cal-
culated with the design equations exceeds the spacing 
between transverse stiffeners, a (Figure 1). In this techni-
cal note, experimental results and numerical simulations of 
girders with narrow panels subjected to concentrated loads 
are compared with the calculated strength in accordance 
with the AISC Specification for Structural Steel Buildings 
(AISC, 2016), hereafter referred to as the AISC Specifica-
tion. It should be noted that the AISC Specification does 
not differentiate between girders with narrow panels and 
girders with wide panels (in which the nominal load length 
is less than a).

AISC SPECIFICATION

The strength of the built-up I-girders under concentrated 
loads, Rn AISC, is the smallest calculated for web yielding 
(Equations  1 or 2) and web crippling (Equations  3, 4, or 
5). (Note that the AISC Specification equation number is 
also given for reference.) For web yielding, when the con-
centrated load is applied at a distance from the member end 
that is greater than the depth of the member, d,

 RnAISC = fywtw 5k + lb( )  
 (AISC Spec. Eq. J10-2) (1)

When the concentrated load to be resisted is applied at a 
distance from the member end that is less than or equal to d,

 Rn AISC = fywtw 2.5k + lb( )  
 (AISC Spec. Eq. J10-3) (2)
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(a) Load away from the end of the girder

  

( )0.5 ba − l

 (b) Girder cross section  (c) Load close to the end of the girder

Fig. 1. Built-up I-girder under concentrated loads (*nominal load length shown in absence of vertical stiffeners).

For web crippling, when the concentrated load to be 
resisted is applied at a distance from the member end that is 
greater than or equal to d/2,
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When the concentrated compressive load to be resisted 
is applied at a distance from the member end that is less 
than d/2, two additional equations 4 and 5 are given for web 
crippling,

For lb/d ≤ 0.2
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For lb/d ≥ 0.2
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 (AISC Spec. J10-5b) (5)

When the concentrated compressive force is a live load 
(e.g., during launching of a steel plate girder, or a steel shape 
that serves as the rail of an industrial crane), the location of 
the force changes over time, and it is not possible to have a 
stiffener at every potential force location. In this case, the 
design strength calculated with the force acting between 
transverse stiffeners will exceed the demand. Equations 1 
and 2 were proposed by Roberts (1981). In these equations, 
the term in parentheses may be interpreted as the nomi-
nal load length. For a concentrated load applied at a dis-
tance less than d from the end of the girder, a nominal load 
length equal to 2.5k + lb is inferred from Equation  2. In 
Equations 3 to 5, however, the load length is not explicit. 
Roberts (1981) already found that Equations 4 and 5 tend 
to underestimate the strength of girders with narrow pan-
els. He suggested that the calculated strength from these 
equations can be taken as the maximum concentrated load 
recommended under service conditions. Other design equa-
tions to estimate the strength at ultimate load for these cases 
have been proposed, including the Eurocode, EN1993-1-5 
(CEN, 2006), and the work of Chacón et al. (2013a, 2013b, 
2017). It should be noted that the design equations proposed 
by Roberts (1981) were derived from a set of experimental 
tests on simply supported single panels.
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linear response up to approximately 250 kN (56 kips) is 
observed. This load is referred to as F1 in Chacón et al. 
(2013a). At this load, the web starts to cripple, while the 
top flange remains elastic. A web folding mechanism was 
gradually observed from this point onward. For further load 
increases, the flanges and the stiffeners provided an addi-
tional load path allowing for some post-crippling capacity. 
A fraction of this post-crippling capacity, α∆F is provided 
by the reserve strength available in the loaded flange when 
the external load reaches F1. Results from this investigation 
suggest that strength calculated based on the AISC Specifi-
cation, Rn AISC, is a good approximation of the magnitude of 
F1, as shown in Figure 2. The additional strength beyond Rn 

AISC can be quantified and added, with certain assumptions. 
A database with test results from 62 steel built-up I-girders, 
some of which were collected by Lagerqvist (1994) and 
other specimens reported recently, was used to investigate 
the strength of beams with narrow panels. The measured 
strength, Ru, was normalized with respect to the strength 
calculated with Equations 2, 4, or 5, as shown in Figure 3. 
In addition, results from numerical simulations reported 
by Chacón et. al (2013a, 2013b, 2017) are included, and as 
it was done with the experimental data, normalized with 
respect to Equations 2, 4, or 5.

Data shown in Figure 3 suggest that Equations 2, 4, and 5 
tend to underestimate the capacity of steel built-up I-girders 
girders with narrow panels (mean strength ratio is equal to 
2.3).

There are at least two plausible and noncontradictory 
explanations for a fraction of the strength underestimation. 

TEST RESULTS AND  
NUMERICAL SIMULATIONS

Figure 2 shows the applied vertical load vs. displacement 
response of a typical built-up steel I-girder with closely 
spaced stiffeners tested by Chacón et al. (2013a, 2013b). 
The load length calculated for this girder, as defined, is not 
affected by the presence of vertical stiffeners. For girders 
with relatively closely spaced vertical stiffeners, the calcu-
lated load length may exceed the spacing between trans-
verse stiffeners (see Figure 1 and Table A.1 in Appendix A). 
When transverse stiffeners are provided, however, the por-
tion of the web resisting the concentrated load is bounded 
by the vertical stiffeners, and thus, the actual load length 
cannot exceed or extend beyond a. Multipanel built-up 
steel I-girders are more common in practice than single-
panel built-up I-girders. The majority of tests from which 
design equations were derived have single panels and, thus, 
do not provide relevant information for the case of con-
tinuous deep girders with closely spaced transverse stiff-
eners. The last column of Table A.1 shows the ratio of the 
measured-to-calculated strength for two girders with three 
panels and closely spaced stiffeners (the strength obtained 
with the AISC Specification). The measured strength of 
both girders exceeds the calculated strength by a factor of 
1.6. In this technical note, it is postulated that a fraction of 
the safety margin, or excess strength that is not captured 
by the current design equations, can be attributed to the 
reserve of strength in the loaded flange (that is engaged due 
to the presence of transverse stiffeners). Figure 2 shows a 
response curve of a tested specimen with three panels. A 

Fig. 2. Experimental and numerical results (beam VPL450, Chacón et al., 2013a).
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First, the contribution of the flange to the web crippling 
strength as reported by Chacón et al. (2013a, 2013b, 2017) 
is not accounted for (in the derivation of Equation 4, only 
the mechanism associated with web crippling was adopted). 
Second, for the case of failures associated with web yield-
ing, the AISC Specification requires a load length equal to 
2.5k + lb when the load is applied at a distance less than d 
from the end of the girder, regardless of the existence of 
stiffeners. In most cases, however, a bearing stiffener is 
present near the girder end [Figure 1(c)], leading to a sig-
nificant strength increase.

CONTRIBUTION OF THE FLANGES TO THE 
STRENGTH, ΔΔF

The term ΔF can be obtained from a collapse mechanism 
involving four plastic hinges on the loaded flange (Chacón 
et al., 2013b). At an external concentrated load equal to F1 
(Figure 2) the web is assumed to cripple and its capacity 
exhausts. It is postulated that the strength increase, α∆F, 
is resisted solely by the loaded flange (Figure 2). It should 
be noted that during the testing of the girder with narrow 

panels, a four-hinge collapse mechanism of the flange, as 
shown in Figure  4, is observed. The transverse stiffeners 
provide a load path to develop such hinges. Two plastic 
hinges develop in the vicinity of the flange-to-stiffener 
junction (outer hinges) while the other two plastic hinges 
develop under the applied load (inner hinges). The col-
lapsed mechanism is idealized in Figure 4.

The strength contribution provided by the flanges, ΔF, 
can be estimated from a mechanism of the flanges as shown 
in Figure 4. The cross-sectional area of the flange is equal 
to bf tf with length α between stiffeners, as shown in Fig-
ure 4. The reserve in flexural strength of the loaded flange 
at an applied external load corresponding to Rn AISC is equal 
to Equation 6.

 
Mp =

1

4
bf t f

2 fyf( )− σ
 

(6)

where σ can be taken as the peak flexural stress in the 
flange at the section under consideration, due to all loads 
acting on the plate girder (e.g., self-weight) when the mag-
nitude of the external concentrated load is at the onset of 
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Fig. 3. Strength ratio vs. web slenderness ratio (using the AISC Specification).
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Fig. 4. Postulation of a four-hinge mechanism.

by web panel yielding—that is, based on Equation 1 instead 
of Equation  2 (even when the load was applied at a dis-
tance less than d from the end of the girder). An average 
strength ratio equal to 1.8 is obtained, compared with 2.3 as 
obtained with Equations 2, 4, and 5. Once more experimen-
tal data become available of multipanel beams with narrow 
panels, a refined reliability analysis is recommended prior 
to introducing code changes (note that strength ratios range 
between 0.83 and 5.17, with only a few below 1.0). The pro-
posed methodology, however, provides additional tools to 
tackle design or rehabilitation projects with a better under-
standing of the mechanics.

CONCLUSIONS

The equations given in the AISC Specification for Struc-
tural Steel Buildings (AISC, 2016) to calculate the strength 
of girders under concentrated loads are safe, but they tend 
to be quite conservative when applied to beams with nar-
row panels. A fraction of the excess in crippling strength 
not captured by the current AISC Specification equations 
can be estimated by adding the term shown in Equation 11.

 
F =

bf t f
2

a lb
2 fyf i o( )−

−
− σσααΔ

 
(11)

When a bearing stiffener is present, a load length equal 
to 5k + lb seems reasonable to estimate the web yielding 
strength under concentrated loads.

Data Availability Statement

Some data, models, or code that support the findings of this 
study are available from the corresponding author upon rea-
sonable request.

web crippling, F1, which can be approximated to Rn AISC, as 
shown in Figure 2. The peak stress can be obtained from 
a linear elastic beam model (Chacón et al., 2017). Based 
on the principle of virtual work and the idealized collapse 
mechanism shown in Figure 4, the additional strength can 
be calculated as shown in Equation 7.

 
F =

4 Mpi +Mpo( )
a lb

Δ
−  

(7)

where Mpi and Mpo are the reserve in flexural strength of 
the inner and outer hinges. Incorporating Equation 6  into 
Equation 7, one obtains Equation 8.

 
F =

bf t f
2

a lb
2 fyf i o( )− −

−
σ σΔ

 
(8)

where σo and σi are the peak flexural stresses in the flanges 
(both positive) due to external loads for outer and inner 
hinges, respectively. This accounts for the contribution of 
flexural stresses as well. The proposed expression to esti-
mate the strength of the girder with narrow panels failing 
in crippling is given by Equation 9.

 Rn proposed = Rn AISC + FΔα  (9)

The term Rn AISC is obtained from Equations 4 or 5, ∆F 
is the contribution of the flanges calculated from Equa-
tion 8, and α is a correction factor determined empirically 
as shown in Equation 10.

 
= 1

d tw
1000

α −
 

(10)

Strength ratios calculated with Rn proposed are shown in 
Figure  5. Given that all girders had bearing stiffeners, a 
load length equal to 5k + lb was used for failures controlled 
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NOTATION

E Young’s modulus of steel

F1 patch load at which the response curve changes slope

F2 ultimate load capacity

Rtest measured strength

Qf Chord stress interaction parameter factor 1.0 for 
wide-flange sections and for HSS in tension

Rn AISC strength calculated in accordance with the AISC 
Specification

b panel width

bf flange width

d member depth

fyf flange yield stress

fyw web yield stress

k distance from outer face of flange to the web toe of 
fillet

lb bearing length of the patch load according to the 
AISC Specification

d tw

R
R

u
n 

p
ro

p
os

ed

Fig. 5. Strength ratio from tests vs. web slenderness ratio using proposed equations.

Table A.1. Tests on Girders with Closely Spaced Stiffeners (Chacón, 2013a)

Girder

tw fyw fyf dw b lb bf tf k Ru

Rn 
Eq. 2

Rn 
Eq. 4 Ru//Rn

in. psi psi in. in. in. in. in. in. kips kips kips

1VPL450 0.157 51.49 65.85 19.69 17.72 7.87 7.87 0.79 0.79 95.77 63.85 30.35 1.6

2VPL450 0.157 30.46 65.12 19.68 17.72 7.87 7.87 0.79 0.79 75.76 37.77 23.38 1.6

APPENDIX A EXPERIMENTAL RESULTS
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Internal Redundancy of Mechanically Fastened Built-
Up Steel Axially Loaded Two-Channel Members
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ABSTRACT

Previous research on large-scale fracture tests on mechanically fastened built-up steel members subjected to flexural or axial loads demon-
strated resistance to complete member fracture due to cross-boundary fracture resistance (CBFR). This paper builds on and expands that 
work through additional experimental and analytical research into behavior of two-channel mechanically-fastened built-up axial steel mem-
bers following fracture of a single component. Finite element based parametric studies were conducted to characterize the static load redis-
tribution behavior of axial members comprised of two channels, following a fracture event. FEMs were calibrated using experimental data 
obtained from full-scale testing. Simplified solutions were developed to estimate the after-fracture load capacity and the fatigue stress range 
in a remaining channel. The solutions are used to evaluate the internal redundancy of mechanically fastened built-up two-channel members. 
If this member type is found to be internally redundant during an evaluation, the developed solutions can then be used to reliably predict 
fatigue life of the member in the faulted state and establish the special inspection interval according to the relevant provisions of AASHTO.

Keywords: steel bridge, built-up steel members, nonredundant steel tension member, fracture critical member, internal redundancy, steel 
axial member.

INTRODUCTION

S ince the Surface Transportation and Uniform Relo-
cation Assistance Act of 1987 (Pub. L. 100-17, 101 

Stat. 132), the AASHTO Manual for Bridge Evaluation 
(AASHTO, 2018) requires that bridges containing fracture 
critical members (FCMs) receive a “hands-on” inspection, 
meaning the inspector must be within an arm’s length of 
any fracture critical component at least every 24  months 
(FHA, 1988). Fracture critical members have since been 
renamed nonredundant steel tension members (NSTMs) 
with an overhaul to the “National Bridge Inspection Stan-
dards” released in 2022 (FHA, 2022). NSTMs require the 
same level of inspection rigor as the FCMs, but the inspec-
tion interval may be shorter or longer, depending on a risk-
based evaluation. The cost of hands-on inspections can be 
strenuous on state transportation budgets due to the time 
required on the bridges, traffic control during inspections, 

and specialized equipment required (Connor et al., 2005). 
Furthermore, while hands-on inspections of NSTMs are 
intended to improve public safety, a study carried out for 
Indiana interstates revealed that overall congested crash 
rates increased by 24.1 times over uncongested crash rates 
and that 90% of the congested crashes in 2014 occurred 
with a traffic queue duration of ≥ 5  minutes (Mekker et. 
al., 2015). Traffic queues of this magnitude can result from 
several things, including closed lanes on bridges during 
inspections. Protecting the safety of the traveling public 
is multifaceted—it isn’t necessarily as simple as requiring 
more bridge inspection, particularly when one considers the 
probability of detection for very small defects intended to be 
found (Campbell et al., 2019). The approach to the nation’s 
bridge inspection program should be rational—considering 
all the economic and safety factors and correlating damage 
tolerance with inspector capabilities.

Previous research that carried out large-scale fracture 
tests on mechanically fastened built-up steel members sub-
jected to flexural or axial loads demonstrated resistance to 
complete member fracture due to cross-boundary fracture 
resistance (CBFR) (Hebdon et al., 2017; Lloyd et al., 2021). 
Additionally, Diggelmann et al. (2013) used shape charges 
to simulate fracture on the tension chord at midspan of the 
Milton-Madison deck truss approach span while the bridge 
was loaded with approximately 75 kips of sand placed on 
the middle third of the span. The chord was severed in two 
stages, the first of which cut one of the two built-up chan-
nels that made up the tension chord. Under the simulated 
live load, the researchers measured a global deflection of 
less than 8 in. After severing the remaining portion of the 
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Fig. 1. Plan view sketch of specimen showing locations of the torch cuts.

tension chord, the bridge remained stable, and research-
ers measured a total deflection of less than 2  in. This is 
remarkable for a bridge that was in service for 91 years and 
a member identified as fracture critical and then required to 
be treated as such for the last 34 of those years.

This paper summarizes the experimental and analytical 
research into the behavior of two-channel mechanically 
fastened built-up axial steel members following fracture of 
a single channel. Finite element–based parametric studies 
were conducted to characterize the static load redistribution 
behavior of two-channel axial members following the frac-
ture event. Finite element models (FEMs) were calibrated 
using experimental data obtained from full-scale testing. 
Simplified solutions were developed to estimate the after-
fracture load capacity and the fatigue stress range in the 
remaining channel. The solutions can be applied to analyze 
for internal redundancy of these member types. If a mem-
ber is found to be internally redundant, the simple solutions 
can then be used to reliably predict fatigue life of the mem-
ber in the faulted state and establish the special inspection 
interval according to the provisions of AASHTO (2018).

Research Objectives

The primary objectives of the experimental testing were 
to understand the static load redistribution behavior in 
the faulted condition and calibrate finite element models 
for parametric study. The parametric studies were used to 
develop simplified engineering solutions for the evaluation 
of internal redundancy. In this case, the faulted condition 
is defined as having one-half of the total cross section sev-
ered. Brittle fracture testing was not necessary to achieve 
the test objectives. Furthermore, previous work on the inter-
nal redundancy of built-up members unequivocally demon-
strated the inherent characteristic of mechanically fastened 
built-up members referred to as cross-boundary fracture 
resistance (CBFR) (Hebdon et al., 2017; Lloyd et al., 2021). 
CBFR provides brittle fracture arrest at component bound-
aries resisting total cross-sectional fracture. Therefore, in 
the present study, the fracture event was not necessary, and 
testing was performed by severing one-half of the unloaded 
chord using a cutting torch. Next, the specimens were stati-
cally loaded in the faulted condition. The first specimen, 
referred to as Specimen 1, was cut at location “B” (adjacent 
to the center gusset plate) as shown in Figure 1. The second 

was Specimen 2, which was cut at location “A” (mid-length 
between gusset plates), as indicated in the same figure. 
These locations were identified through analytical model-
ing to be the most severe cases in terms of secondary effects 
in the faulted member. Photographs of torch cuts can be 
seen in the insets for Figures 8 and 9.

Prior to cutting each specimen to simulate the after-
fracture faulted condition, they were loaded in the as-
delivered condition over several load cycles to ensure test 
setup and sensors were operating correctly. Data for the first 
several load cycles were discarded as part of the “shake-
down” of the setup. Shakedown load cycles were performed 
within the elastic range of the specimen ensuring proper 
seating of the bolted connections to the load frame. Note 
that multiple load cycles (or tests) were performed on each 
specimen to ensure repeatability of results, particularly in 
the elastic range of loading, each being numbered chrono-
logically as a different test number.

EXPERIMENTAL METHODS

The following sections discuss methods used for experimen-
tal research of after-fracture load redistribution behavior of 
axial steel tension members comprised of two channels. 
Full-scale laboratory experiments were performed on mem-
bers removed from a retired bridge taken out of service.

Condition of Test Specimens Removed from Service

The two specimens used for the experimental portion of 
the research on two-channel members were removed from 
an approach span of the Winona Bridge that was built in 
1940 carrying traffic over the Mississippi River near Win-
ona, Minnesota. Figure  2 shows the general condition of 
the specimens as they were delivered, after nearly 80 years 
in service. The condition of the rolled channels was gen-
erally sound with minor section loss resulting from corro-
sion. Figure 2 also shows a sketch of the cross section at 
one of the stay plates, which has the appearance of a box 
section; however, the stay plates were intermittent along 
the lengths spaced at a distance of 43  in. center-to-center 
(28  in. clear distance). The channels were C15×40 rolled 
channels, made continuous through the gussets. The cover 
plates were 14w  in. tall by a  in. thick and were spliced 
at the gussets. Moderate to severe pack rust was evident 
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Fig. 2. Winona Bridge specimens.

Fig. 3. (Left) Specimen 2 (whitewashed for testing) showing defects and section loss; (right) typical section loss of a stay plate.

attached. Figure  5 shows a top-down perspective of this 
area. The four hydraulic jacks pushed against the loading 
box, supported by the reaction columns putting the speci-
men into axial tension. Steel rollers were placed below the 
specimens and the reaction columns, allowing the entire 
load frame and specimen to undergo unrestricted strain 
without impeding their opposing relative displacements.

The two test specimens were removed from a deck truss 
span of the Winona Bridge, as shown by Figure 6. One came 
from the east truss line and the other from the west truss 
line. The specimens were approximately 65 feet long upon 
arrival and were cut to the final testing length of 740.5 in. 
(61.7 feet). Rivets were removed at each end and bolt holes 
were drilled for connection to the loading boxes. All con-
nections were bearing-type connection using 1-in.-diameter 
ASTM F3125/F3125M Grade A325 high-strength bolts 
(ASTM, 2019), thereby reducing the number of required 
bolts. To account for any movement or “shake down” in 
the connection, load was applied to ensure all connections 

between the channels and the cover plates along the top of 
the chords. The gusset connections for the mid-span tension 
chord sections were also in good condition with some minor 
corrosion damage. Figure 3 shows a portion of Specimen 2 
where cracks were identified in the cover plates resulting 
from pack rust that were present during all testing. It also 
shows typical section loss at the stay plates.

Load Frame and Specimen Preparations

A horizontally oriented, self-reacting load frame was 
designed and fabricated in-house with capacity for 1.5 mil-
lion pounds. In order to react against the large tension forces, 
two 60-foot-long W24×146 rolled wide flange beams were 
used as compression elements in the load frame. Load and 
reaction boxes (one at each end of the specimen) transferred 
load between the test specimen and the compression reac-
tion columns of the load frame. Figure 4 shows a specimen 
placed between the reaction columns with the loading box 
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Fig. 4. Load frame with specimen placed and ready for testing.

Fig. 5. Top view of loading frame and specimen connection.
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Fig. 6. Winona Bridge deck truss span—specimens removed from area shown by the dashed line.

direct measure of toughness, but rather a measure of energy 
absorption. However, using accepted correlation methods, 
such as the master curve method, fracture toughness can 
be estimated from CVN data. Table 1 compares the mod-
ern CVN impact energy requirements from Section 6 of the 
AASHTO LRFD Bridge Design Specification (AASHTO, 
2020) with the average of three CVN impact energy test 
results at the service temperature indicated. As a point of 
interest, the only category for which the historic steel would 
meet the modern specification is Zone 1 Nonfracture- 
critical. See the complete results of the material tests pro-
vided by Lloyd et al. (2019).

Load Test Results

Figure  7 shows a load-displacement plot for Specimen 1 
prior to being purposefully cut to simulate a partial mem-
ber failure. The line labeled “Nominal” is the calculated, 
or nominal, load-displacement curve based on a simple 
mechanics of materials equation for displacement of 
an axially loaded body (i.e., δ = PL/AE) using the gross 
cross-sectional area. The measured load-displacement rela-
tionship correlated well with the nominal estimation and 
indicated a linear-elastic response to the applied load. The 
peak load of 1150 kips surpassed the original design load 
for the member by 222% and effectively reached the upper 
bound capacity of the hydraulic jacks. This portion of the 
testing helped confirm proper loading and unloading cycles 
were being performed and that sensors were operating as 
desired. Next, load was removed and Specimen 1 was cut 
between the end stay plate and the L4 (center) gusset plate 

were fully seated. This process helped remove excess dis-
placements that could be wrongfully attributed to specimen 
elongation, particularly when the connections are designed 
as bearing connections and when, inevitably, some of the 
fasteners go into bearing before others.

Experimental Test Results

The following sections describe the experimental test 
results, including material testing and static load tests of 
the specimens in the faulted condition.

Material Testing

Prior to load testing, material samples were removed from 
the cover plate, channel web, and two gusset plates to test 
for Charpy V-notch impact (CVN) energy (for estimation 
of toughness), yield strength, tensile strength, and chemical 
composition. The material testing was performed according 
to requirements of ASTM E23 (2016a), ASTM E8 (2016b), 
and ASTM E415 (2017), respectively. The steel was found 
to be consistent with the standards of ASTM A7 that likely 
would have been specified at the time of construction of the 
Winona Bridge in the late 1930s.

Although some limited chemical specifications and ten-
sile capacity minimums were typically provided in early 
steel specifications, toughness was not. Toughness is the 
material property that quantifies the ability of a material 
to resist fracture in the presence of a notch or crack. Direct 
measurement of toughness requires costly testing and rela-
tively large piece of material. As a result, an economical 
alternative often used is the CVN test. These tests are not a 

Table 1. Comparison of CVN Impact Energy

Service Temperature 
(°F)

AASHTO  
Fracture-Critical 

(ft-lb)

AASHTO 
Nonfracture-Critical 

(ft-lb)

Average for  
Winona Channel  

(ft-lb)

Average for  
Winona Cover Plate  

(ft-lb)

70 (Zone 1) 25 15 16.0 18.2

40 (Zone 2) 25 15 10.0 10.7

10 (Zone 3) 25 15 6.8 6.0
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(location “B” as indicated on Figure 1) leaving only half of 
the original cross section intact. Several load cycles were 
applied to the member in this condition, including a final 
load cycle up to 800 kips, as plotted in Figure 8. The cal-
culated, or nominal, load-displacement curve has also been 
plotted and labeled for the linear-elastic portion of the load-
ing, which does not take into account the loss of half the 
cross section. In other words, the full cross-sectional area 
was used in the nominal estimate. The nominal, or unfaulted, 
member stiffness is used in this case to make a comparison 
back to Figure 7, demonstrating the change in stiffness as 
a result of the simulated fracture. The curve is based on 
the simple calculation of elastic displacement of an axially 
loaded body, as explained earlier. However, in this case, it 
is not an equitable comparison because the measured curve 
now represents the member in the faulted condition with 
only half of its cross section at location “B” (i.e., near the 
gusset plate). The specimen experienced approximately an 
18% reduction in axial stiffness in the faulted condition. 

This is without the benefit of system behavior one might 
expect for a member in a bridge where other members, 
bracing, etc., are connected to the faulted chord provided 
alternative load paths and additional stiffness. That is to say 
that in a real-world application, any loss of axial stiffness 
in the faulted member would result in the member shed-
ding some load to adjacent members. System behavior was 
observed by Diggelmann et al. (2013) during field testing 
of a deck truss bridge where explosives were used to sever 
half of a built-up channel member on the Milton-Madison 
Bridge. The load measured in cross members, as well as in 
the truss line opposite the severed member, were observed 
to increase slightly. This is an important observation simply 
because all evaluation methods developed in this research 
conservatively assume that the entire load originally car-
ried by the faulted member remains in the faulted member. 
However, minor load shed from the damaged member will 
help improve both strength and fatigue performance of a 
member in the faulted condition in real-world conditions.

Fig. 7. Load vs. displacement curve for Specimen 1 prior to severing half of the cross section showing predictable elastic behavior.



ENGINEERING JOURNAL / FOURTH QUARTER / 2023 / 203

slip in the final load cycle for Specimen 1 (see Figure 10). 
At the peak load, it can be observed that the specimen 
began inelastic deformation holding peak load momentarily 
through minor strain hardening before permanent deforma-
tion increased and began to shed load.

Note that the faulted specimen exceeded the original 
design load of 517 kips (obtained from the original design 
drawings) by 15–20% before the onset of yielding and was 
able to reach about 1.5 times the design load before onset 
of gross section yielding on the faulted section. This is 
remarkable considering that the specimen reached this load 
while also resisting flexural stress resulting from an after-
fracture second-order moment at the location of the failure.

Table  2 provides the “nominal” (based on published 
ASTM A7 material properties) and “predicted” (based on 
measured material properties) section capacity calculations 
for the specimen in the faulted state. Figure 8 plots results 
for Tests 12 (elastic range) and 13 (failure). It can be seen in 
Figure 8 that the onset of yielding occurred during Test 13 
at around 600 kips, which is notably less than the predicted 
gross section yield load on the faulted section of 754 kips. 
However, a yield load based on the faulted net section is 
approximately 625 kips. The initial onset of yielding prob-
ably began at the fastener holes, most likely the first set of 
rivets shared by the splice plate and cover plate or gusset 
plate. This is supported by the locations of observed rivet 

Table 2. Test Specimen Cross-Sectional Area and Capacity in the Faulted Condition

Specimen 1 
 (at Location “B”)

Specimen 2 
(at Location “A”)

Faulted gross area (in.2) 19.2 17.3

Faulted net area (in.2) 15.9 14.5

Nominal load at gross section yield (kips) 632 571

Predicted load at gross section yield (kips) 754 679

Nominal load at net section fracture (kips) 954 870

Predicted load at net section fracture (kips) 1070 972

Maximum test load (kips) 800 647

Fig. 8. Load vs. displacement curve for Specimen 1 (cut near gusset plate).
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Specimen  2 was also loaded several times in the 
unfaulted condition in order to perform a shakedown on the 
connections and ensure the specimen was seated into the 
load frame properly. Several additional static load cycles 
were applied on the faulted section up to a peak load of 
647  kips. A few of these have been plotted in Figure  9 
where cycles up to 300  kips remained linear-elastic and 
later cycles reaching loads of 600 kips or more produced 
permanent plastic deformation on the faulted section. The 
calculated nominal load-displacement curve of the member 
in the unfaulted condition has also been plotted as refer-
ence. In this case, the axial stiffness of the specimen in the 
faulted condition was reduced by 45% (within the elastic 
range of loading). This would have resulted in load shed 
to adjoined members in an actual structure. This is nota-
bly more loss as compared to Specimen 1, likely due to the 
fact that Specimen 1 had the benefit of mutiple members 
and plates within the vicinity of the failure (cross-member 
stubs connecting gusset plates, bracing, etc.) helping to 
provide stiffness and load transfer. Table  2 provides the 
“nominal” (based on published A7 material properties) and 
“predicted” (based on measured material properties) sec-
tion capacity calculations for the specimen in the faulted 
state. Similar to Specimen 1, Specimen 2 experienced what 
was likely a net section yielding at about 500 to 550 kips, 
which is less than the calculated gross section yielding load 

of 679 kips. The 550 kip load closely corresponded with a 
yield load calculated on the faulted net section of 565 kips. 
Once again, the faulted specimen was able to achieve loads 
in excess of the original design load (obtained from design 
drawings)—in this case, by just over 25%—in addition to 
resisting the after-fracture second order-moments induced 
by resdistribution of loads around the failure.

In both cases, the stay plates showed no sign of perma-
nent deformation at the peak loads. Figure 10 shows Speci-
men  1 after testing has been completed where localized 
damage is labeled, such as channel flange buckling, slip 
at the rivets, and rotation of the end stay plate. Slip at the 
rivets indicates that either the rivet has yielded, the plate 
has yielded locally at the rivet hole, or both. The in-plane 
rotation of the stay plate shown in the figure was indicated 
at the corner of the end stay plate where a small unpainted 
section of the channel was exposed. The stay plates resisted 
opening of the severed channel through horizontal in-plane 
shear action. This put part of the stay plate in tension and 
part of the plate in compression, the capacity of which 
would theoretically be controlled by the buckling capac-
ity of the plate. However, in both experimental cases, and 
as was later confirmed in the parametric study, the faulted 
member capacity was not limited by the stay plate thickness 
(and thus buckling capacity), which was found to have no 
effect on the internal redundancy analysis. The plates for 

Fig. 9. Specimen 2 load-displacement curves (cut at mid-panel).
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mesh. The global mesh size was 2  in. using the Simpson 
integration rule with five integration points through the 
thickness of the shells. Lattice bars were modeled using 
two-node linear beam elements (Abaqus designation B31) 
with a 12 in. mesh size. A shell element mesh convergence 
study was performed halving the mesh density to 1 in. ele-
ments and then doubling the mesh density to 4 in. elements 
at locations adjacent to the failure sites. It was found that 
the results were insensitive to the mesh size up to at least 
1 in. However, the 2 in. element size facilitated the integra-
tion of nodal forces at locations of interest without signifi-
cant increase in computational cost. 

Figure 11 is zoomed in on a gusset plate connection on 
the +60-ft-long specimen showing a typical mesh for the 
models. Rivets were not explicitly modeled. Although non-
linear connector elements were initially used that were 
calibrated to experimental single fastener shear test data 
obtained from Ocel (2013), no significant improvement to 
the stress outcomes was observed. Hence, the use of con-
nector elements to model rivets was not carried forward 
into the parametric study. Instead, plates and channels were 
connected using surface-to-surface tie constraints. Lattice 
bars were connected to channel flanges and at center points 
of lattice bar intersections using kinematic tie coupling con-
straints that allowed rotation about what would be the fas-
tener longitudinal axis.

For the benchmark FEM, an elastic-plastic isotropic 
material was defined for the channels and plates having 
a yield strength equal to the measured cover plate yield 
strength of Specimen  1 and 2. The modulus of elasticity 
was defined as 29,000 ksi and a Poisson’s ratio of 0.3. Fol-
lowing calibration of the shell element models, the material 
definition was simplified to linear-elastic for the parametric 
study.

Specimen 1 and 2 were a in. thick—a common thickness 
for riveted built-up members and which can be considered a 
typical minimum thickness for stay plates.

PARAMETRIC STUDY OF  
TWO-CHANNEL MEMBERS

Global behavior of two-channel members resulting from a 
single failed channel was investigated in a parametric study 
using the Abaqus software suite. The parametric study 
resulted in several simplified solutions intended to be used 
to calculate second order moments, which can be superim-
posed to estimate the live load stress range in the unbroken 
channel.

Two-Channel Member FEM Calibration 
and Specifications

Finite element models for the two-channel member para-
metric study were calibrated using the experimental test 
data from Specimen 1 and 2. Following FEM calibration, 
numerous three-dimensional member geometries were cre-
ated and evaluated using linear elastic, static implicit analy-
sis. The geometries studied included stay-plated members 
and double-latticed members with the intersection of the 
lattice bars connected. Single lattice bar configurations 
were not studied after research showed that lacing bars con-
tribute negligibly to load redistribution in the faulted condi-
tion. This is discussed in greater detail below. Concentrated 
loads were applied at reference points that were connected 
to the member cross section using kinematic coupling con-
straints, which uniformly distributed the load. Plates and 
channels were modeled using four-node doubly curved shell 
elements with reduced integration and hourglass control 
(Abaqus designation S4R) and a structured quadrilateral 

Fig. 10. Specimen 1 after testing showing signs of permanent deformation.
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Data collected during the laboratory testing of Speci-
mens  1 and 2 were compared to the benchmark finite 
element model to calibrate the model parameters and 
ensure accurate solutions. Strain, load, and displace-
ment sensors used during the experimental testing 
provided data for comparison. Figures 12 and 13 show load- 
displacement curves for each of the specimens compared 
to load-displacement results obtained from the benchmark 
FEM. While the load-displacement relationship was not 
necessarily the output of interest for purposes of the para-
metric study, it was considered a useful indicator of overall 
behavior and response to load in comparison of the labo-
ratory test results to the FEM results—particularly in the 
faulted condition. 

Figure 12 plots data for Specimen 2, where the member 
was cut at location “A” (midpoint between gusset plates). 
Several elastic load cycles were applied, followed by two 
large load cycles resulting in permanent plastic deforma-
tion. It can be seen in Figure 12 that the FEM results com-
pared relatively well with the laboratory results, particularly 
within the linear-elastic range up to about 400  kips. The 
FEM load-displacement curve showed reasonable nonlin-
ear behavior, as well. The same can be said for Figure 13 
comparing FEM results to Specimen  1, which was cut at 
location “B” (between the gusset plate and end stay plate). 
The goal of this benchmarking process was to simplify 
the FEM as much as possible while achieving reasonable 
and acceptable accuracy that could be carried forward into 
the parametric study. The lack of undue complexity of the 
model resulted in the divergence at peak loads seen in the 
plots. For example, at peak load, slip at rivets immediately 
adjacent to the failure site, slip at bolted connections used 
to attach the specimen to the load frame, in-plane rotational 

slip of the stay plate pairs closest to the failure site, as well 
as localized fastener hole deformation at extreme loads 
were observed. These sources of additional axial displace-
ment would not be captured by the simplified FEM but were 
not considered necessary for the objectives of the paramet-
ric study either, which focused on linear-elastic behavior 
in the faulted condition that would be used for fatigue-
based stress-range calculations and subsequent fatigue life 
estimates.

Strain gages were placed at several cross sections along 
the length of the test specimens. The benchmark FEM lon-
gitudinal stress results were within 10% or less of laboratory 
results at all critical areas, such as near the points of severed 
members, and within 15% or better at all other locations. 
Figure 14(a) shows a cross-sectional view of the benchmark 
FEM at the site of the “failure” of Specimen 2. Symbols are 
sketched at approximate locations where the strain gages 
were installed, corresponding to the stress plots in Fig-
ures 14(b)–(d). Figures 14(b)–(d) plot stress on the vertical 
axes and transverse position on the component on the hori-
zontal axes. Dashed lines are also sketched on Figure 14(a), 
corresponding to the path across which the stress outputs 
were obtained from the FEM. Figure 14(b) shows longitu-
dinal normal stress across the width of the cover plate. The 
triangle indicates the location of the strain gage, which was 
centered between the edges of the cover plate, as well as 
between the adjacent stay plates, directly across from the 
severed half of the member. Figure 14(c) shows longitudinal 
normal stress across the width of the channel flange. Two 
strain gages were installed on the flange: One (diamond) 
was located 12  in. from the edge of the flange, and the 
other (circle) was 2 in. from the edge. Both of these gages 
were centered between the adjacent stay plates directly 

Fig. 11. Typical 2 in. shell element mesh used for FEM validation and two-channel member parametric study.
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Fig. 12. Benchmark data comparing FEA results to lab test data for Specimen 2  
in faulted condition with severed member at mid-panel (Cut “A”, Fig. 1).

Fig. 13. Benchmark data comparing FEA results to lab test data for Specimen 1  
in faulted condition with severed member at mid-panel (Cut “B”, Fig. 1.)
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across from the severed half of the member. Figure 14(d) 
plots longitudinal normal stress across the width of the 
channel web. The square indicates the location of the strain 
gage, which was directly opposite the strain gage installed 
at mid-depth on the cover plate. The applied load was 300 
kips. All FEM results in this location were within 10% or 
less of laboratory measurements.

Figure  15 shows a rotated elevation view of the same 
FEM, where the severed half can be seen, along with the 
stress hotspots at the corners of the stay plates. The strain 
gage symbols have also been placed on Figure 15 to illus-
trate their approximate positions. Note that the cover plate 
gage (triangle) is out of view. Stresses in the intact half 
of the member resulted from the axial load applied to the 
member, as well as a secondary moment resulting from load 
redistribution around the discontinuity. Stay plates func-
tioned as load paths for the redistribution, carrying load 
through in-plane shear and helping resist opening of the 
severed half of the member. This caused the intact member 

to displace inward (toward the severed member). Out-of-
plane displacements of the FEM at the location of “failure” 
matched laboratory specimen measurements to within 5% 
at peak loads.

Pinned and fixed boundary conditions were also applied 
to the FEM to understand the effect it may have on the 
benchmark results. It was found that end boundary condi-
tions had a negligible effect likely due to benefits attrib-
uted to the member being continuous at the center gusset, 
meaning more than a single panel length. The influence of 
boundary conditions within the context of the parametric 
study is discussed in more detail later.

The benchmark shell element model, as described herein, 
was found to be acceptably accurate, particularly within the 
linear-elastic range. Stresses and displacements outputs at 
locations of highest interest were found to be within 10% of 
that measured in the laboratory tests and therefore, set the 
standard for finite element models used in the parametric 
study.

  
 (a) Isometric view of the FEM identifying (b) FEA vs. measured stress at inside 
 the approximate locations of the sensors cover plate surface [see Fig. 14(a)]

  
 (c) FEA vs. measured stress at top of (d) FEA vs. measured stress at inside 
 channel flange surface [see Fig. 14(a)] channel web surface [see Fig. 14(a)]

Fig. 14. Benchmark data comparing FEA results to measured data at the location of failure.
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Additional information on the design provisions of stay 
plates from AASHO 1935 is summarized by Lloyd et al. 
(2019).

The AREMA Manual for Railway Engineering, Chapter 
15, provides guidance on design of stay plates and lattice, as 
well (AREMA, 2017). It states that built-up members shall 
be connected by stay plates or lacing bars with end stay 
plates. It goes on to specify that tension members shall have 
stay plates sized to a minimum of two-thirds the lengths 
specified for stay plates on primary compression members. 
The angle of orientation of lacing bars, thickness of the lac-
ing bars, and fastener requirements was found to be similar 
to the requirements of the 1935 AASHO Standard Speci-
fications. Additional information on the design provisions 
of stay plates and lattice from AREMA is summarized by 
Lloyd et al. (2019). It was preferred to develop a simplified 
method of analysis that would be inclusive of all reasonable 
designs, including those that were designed per the 1935 
AASHO provisions and those designed per the AREMA 
provisions. Therefore, the parametric study included a range 
of models with size and dimensional aspects that enveloped 
the requirements of the 1935 AASHO Standard Specifica-
tions (AASHO, 1935).

Parameters Evaluated for Two-Channel Members

Lloyd et al. (2019) provide details as to the geometries 
considered in that parametric study within an appendix. 
The reader is encouraged to reference that report for more 
information. Many of the parameters evaluated for the two 
main types of members, stay-plated and laced, were similar. 
However, there were several parameters unique to each type 
of two-channel member. The parameters evaluated for stay-
plated members included:

• Boundary conditions: Fixed vs. pinned

• Channel section: C8×11.5, C15×40, and C15×50

• Channel spacing: From 2 channel depth to 2 times 
channel depth

Geometric Parameters Varied for Two-Channel Members

The parametric study was divided into four subgroups: con-
tinuous stay-plated, continuous laced, noncontinuous stay-
plated, and noncontinuous laced. Continuous stay-plated 
members are two-channel members where the channels 
are connected using intermittent stay plates (also known as 
batten plates) and made continuous through multiple panel 
points (or truss nodes). Continuous laced members are two-
channel members with the channels connected using lattice 
bars and made continuous through multiple panel points. 
The noncontinuous stay-plated members are two-channel 
members connected using intermittent stay plates and 
extending between two panel points, such as would be the 
case for a truss shear diagonal member. The noncontinuous 
laced members are the same as noncontinuous stay-plated 
members, except that the channels are connected using lat-
tice bars instead of stay plates. Each of these subgroups was 
studied for effects of equivalent applicable parameters but 
were divided into subgroups due to the differences in after-
fracture load redistribution behavior.

The modern AASHTO LRFD Bridge Design Specifica-
tion (AASHTO, 2020) is silent on the sizing and spacing 
of stay plates and lattice bars for built-up tension members. 
It does provide guidance on the design of built-up com-
pression members, including single-angle members. Many 
existing built-up members, however, were constructed long 
before the modern LRFD design specifications. The earli-
est AASHTO design specification that could be referenced 
for this work was The Standard Specifications for High-
way Bridges adopted by AASHO (now AASHTO) in 1935 
(AASHO, 1935). It provided design guidance for built-up 
tension and compression members. It states that separate 
segments of tension members composed of shapes may be 
connected by stay plates or end stay plates and lacing. End 
stay plates for tension members were required to be sized 
the same as for compression member intermediate stay 
plates. Intermediate stay plates of tension members were 
required to be sized at a minimum of three-quarters of that 
specified for compression member intermediate stay plates. 

Fig. 15. Benchmark FEM showing location of the severed half and stress hotspots at load equal to 300 kips.
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• Panel length—referring to the distance between two 
adjacent gusset joint centerlines: From 20 to 40 ft

• Stay plate thickness: From a to d in.

• Stay plate length: From 2 channel depth to 2 times 
channel depth

• Stay plate clear spacing: From 18 to 148 in.

• Gusset plate thickness (for noncontinuous only): From a 
to d in.

• Location of failures: Next to the gusset vs. centered 
between gussets at mid-panel

The laced members were always modeled with end stay 
plates. Based on results for the stay-plated members, the 
thickness and length parameters of the end stay plates were 
not varied. Additionally, results for the stay-plated mem-
bers also showed that gusset plate thickness for the non- 
continuous members had negligible effect and therefore 
was not varied for the laced members. The parameters con-
sidered for laced members included:

• Boundary conditions: Fixed vs. pinned

• Channel spacing: From 2 channel depth to 2 times 
channel depth

• Panel length—referring to the distance between two 
adjacent gusset joint centerlines: From 20 to 40 ft

• Lacing bar thickness: From 8 to w in.

• Lacing bar length: Dependent on lacing bar spacing and 
channel spacing

• Lacing bar spacing—referring to the distance between 
connecting rivets to the channel flange, which determined 
the lacing angle relative to the channel: From 2 channel 
depth to 2 times channel depth

• Location of failures: Next to the gusset vs. centered 
between gussets at mid-panel

Boundary conditions were found to have a significant 
effect on results for noncontinuous members, which is dis-
cussed in greater detail later. Three sizes of rolled channels 
were considered; however, not all sections were considered 
for all combinations of parameters. They are sketched to 
scale in Figure 16 to give a sense of relative sizes. C15×50 
is the largest rolled channel section currently available, so 
it was selected to learn if parametric effects varied between 
it and the next size smaller. C15×40 was chosen because in 
the authors’ experience, it is the most commonly used rolled 
channel section for tension elements in legacy bridges. It 
is noted that a C15×40 was used to construct the Winona 
Bridge from which the two test specimens were obtained 
for the present research. The C8×11.5 was selected as a 
channel that is most likely representative of the smallest 
useable size channel for bridges. While this size channel 
probably would not be found on railroad bridges, it could be 

Fig. 16. Channel sections included in the parametric study.
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noncontinuous two-channel members in the faulted condi-
tion. The applied end boundary conditions were effectively 
inconsequential for continuous members due to rotational 
stiffness provided by the continuity of the channels. Vary-
ing boundary conditions were modeled for each geometry, 
including a noncontinuous member with pinned ends, a non-
continuous member with fixed ends, a three-span continu-
ous member with pinned ends, and a three-span continuous 
member with fixed ends. It was observed that the percent 
Pe for the noncontinuous member with pinned boundary 
conditions differed as much as 10 times more than the same 
geometry with fixed boundaries. Continuous members had 
similar results to fixed noncontinuous members and were 
found to be insensitive to end boundary conditions. Con-
tinuity of the channels through the panel points provided 
rotational constraint that approached fixed boundary condi-
tions. No additional rotational constraints were added at the 
interior panel points of the three-span members. However, 
they did have displacement constraints simulating bracing 
points of connection that would exist on an actual bridge to 
prevent out-of-plane displacement.

Primary and secondary members—including chords, 
floor beams, diagonals, lateral braces, sway braces, and 
bearings—tie into panel points on a truss that are typically 
connected using gusset plates. Chords or diagonal members 
will contribute some level of restraint for the joint against 
rotation (in all three axes and against torsion), particularly 
under tension. Other members such as lateral bracing and 
sway bracing may also help to restrain against rotation of 
the gusset connection. Floor beams, often with full-depth 
connections, increase rotational constraint of the connec-
tion. In some cases, fixed bearings, or even guided expan-
sion bearings designed to only displace longitudinally, 
could offer further resistance to rotation for the gusset con-
nections at supports. The combined restraint provided by 
all these members is difficult to estimate without finite ele-
ment analysis of each individual bridge and member geome-
try, which would not be feasible for most bridge owners, nor 
was it the desired outcome of this research. However, the 
potential for there to be an effect of the rotational stiffness 

possible for short span highway bridges as shear diagonals 
or hangers.

Gusset plates were modeled for the noncontinuous mem-
bers, as discussed later. The thickness of the gusset plates 
was modeled as a and d in. to bound the limits of typical 
gusset plate thickness. The location of the failure within a 
member was also examined for the effect on results. Two 
locations were studied for all geometries, which included 
one at the mid-panel location centered between the gusset 
connections, and the other was adjacent to gusset plates 
located between the end stay plate and the gusset connec-
tion, thereby conservatively removing the benefit of the stay 
plate. This was considered for the continuous, as well as the 
noncontinuous types.

Definition of Eccentricity Parameter, e

Figure 17 illustrates the dimension “e” used in the post pro-
cessing of data from the parametric study. 2e represents the 
distance between the centroids of individual channels that 
make up a two-channel member cross section. For the pur-
poses of this paper, 2e is referred to as the “channel spac-
ing.” Hence, e is the distance from the unfaulted member 
centroid to the centroid of an individual channel within that 
cross section. The figure further illustrates how 2e for two 
members that are comprised of the same size of channels 
with the same web-to-web spacing, but in reversed orien-
tation, may differ from each other. The parametric study 
included some channels in both orientations. All results 
discussed in the following used the appropriate nominal 
moment, Pe, to normalize the second order moment result-
ing from failure of a single channel; where P is the total 
load in the member. In this way, a simplified method to 
calculate the resulting after-fracture, secondary moments in 
two-channel members as a percentage of Pe was developed.

Rotational Stiffness of Joints for Continuous and  
Noncontinuous Two-Channel Members

End boundary conditions were the most influential param-
eter affecting the resulting second-order moments in 

Fig. 17. Illustrations showing eccentricity “e” used in development of the simplified evaluation method for two-channel members.
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on the after-fracture behavior of two-channel members was 
obvious. It was clear that pinned conditions would not exist 
in actual bridges. However, it would be problematic to jus-
tify perfectly fixed conditions, as well.

Consider further that diagonal and vertical two-channel 
members are usually “deeply” connected into gusset plates; 
often they would be trimmed such that they fit tightly into 
the connection to within a few inches of the other inter-
secting primary members. An example of this is shown in 
Figure 18, which shows a removed railroad deck truss joint 
with diagonal two-channel members connected into the 
gusset plates to within a couple inches of the continuous 
tension chord. Due to the rotational stiffness of the con-
nection for reasons previously stated, it was suspected that 
most rotation experienced by a two-channel member would 
likely be due to local flexure of the gusset plates near or at 
the edges of the gusset plates. The plates themselves would 
behave as fixed toward the center of the connection. Thus, 
the concept was modeled by tying the channels to a set of 
gusset plates and then applying fixed boundary conditions 
to the free edges of the gusset plates. In this way, generous 
flexibility of the gusset plate was allowed while simultane-
ously providing a reasonable level of rigidity at the edge 
of the gusset plate modeling the interaction of intersecting 
members within the joint.

A pilot parametric study was carried out to determine 
how best to model the end boundary conditions of the non-
continuous members without overestimating joint rota-
tional stiffness. The parameters considered in the pilot 
study included the effective portion of the gusset plate, the 

member embedment depth into the gusset plate, the gus-
set length beyond the member, and the gusset plate thick-
ness. Figure 19 shows an illustration of these parameters. 
Two different effective areas of gusset were examined: a 
simple rectangular shape shown on the left and a Whitmore  
section-like shape shown on the right. The member embed-
ment depth was evaluated looking at depths ranging from 
half the channel depth to two times the channel depth. The 
gusset plate length beyond the member, labeled L on the 
figure, also ranged from half the channel depth up to two 
times the channel depth.

Figure 20 plots the results of the rotational stiffness para-
metric study. Green dots represent values resulting from 
mid-panel failures. Black dots represent values resulting 
from failures near the gusset connections, such as those 
labeled in Figure  19. The rectangular and Whitmore-like 
effective gusset plate shapes are both represented in the 
data. The chart on the left plots the percent of Pe on the 
vertical axis and the member embedment depth into the 
gusset plate, normalized by the channel depth, on the hori-
zontal axis. The chart on the right plots the same vertical 
axis and the gusset plate length, L, on the horizontal axis. 
By quadrupling the embedment depth, the percent Pe only 
increased by 2% for failures near the gusset plate and by less 
than 1% for mid-panel failures. By quadrupling the gusset 
plate length, L, the percent Pe increased by less than 1% for 
both failure locations. The final parameter considered was 
the thickness of the gusset plates. a-in.-thick gusset plates 
are the thinnest plates used in bridges. The thickest plate 
is unknown. Several noncontinuous models were analyzed 

Fig. 18. Example of deeply set diagonal members connected into a gusset plate.
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and comparable to the continuous members. It is believed 
that this method of analysis reasonably and conservatively 
simulates typical boundary conditions on actual bridges for 
the noncontinuous two-channel members, which has a sig-
nificant effect on the internal redundancy evaluation.

Results for Parametric Study of Two-Channel Members

The largest resulting second-order moments were always 
located in the intact member directly across from the loca-
tion of failure. The largest of these moments nearly always 
resulted from a failure between the gusset plate and end stay 
plate, particularly for stay-plated members. Figure 21 shows 
the plan view of several FEMs with exaggerated deflections 
to illustrate general behavior. Two failed at the mid-panel, 
(a) and (b), and two failed between the gusset plate and end 
stay plate, (c) and (d). Overall global behavior was relatively 

varying only the gusset plate thickness from a in. to d in. 
It was found that results differed by 3% or less.

The rotational stiffness study concluded that outcomes 
were insensitive to the shape of the gusset assumed to be 
engaging in rotational constraint, the member embedment 
depth, the gusset plate length L, and the gusset plate thick-
ness. As a result, noncontinuous FEMs were modeled in 
the primary parametric study using a-in.-thick rectangu-
lar gusset plates with embedment depths and gusset plate 
lengths equal to the channel depth.

Finally, when percent Pe results shown in Figure 20 were 
compared back to previous model results with varying end 
boundary conditions, it was observed that by adding the 
gusset plates to the noncontinuous members, percent Pe fell 
between results for pinned and fixed boundary conditions, 
more closely resembling that of fixed boundary conditions 

Fig. 19. Example of FEMs used to study gusset connection parameters: (left) rectangular gusset; (right) Whitmore gusset.

  

Fig. 20. Effects of the member embedment length (left) and gusset length, L (right).
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similar between these two member types when they had 
failures at the same location. Mid-panel failures allowed 
moment distribution along the length of the intact chan-
nel via lattice bars or stay plates helping to distribute load 
more gradually around the failure. Gusset-end stay plate 
failures, however, forced much of the resulting moment to 
be resisted within a more localized area. Deflections across 
the remainder of the member were relatively gradual, as can 
be seen in Figure 21(c) and (d).

Moments integrated at the mid-panel of members with 
gusset-end stay plate failures were found to be very small 
compared to moments at the end stay plate near the fail-
ure. Stay-plated members were also observed to experience 
localized reverse curvature at the edges of the stay plates 
that produced hot spots of stress and amplified moments, as 
shown amplified in Figure 22. All moments reported in the 

following sections were taken near the edges of stay plates, 
when applicable, to capture the largest resultant moment. 
The opening of the fracture plane was resisted through in-
plane shear in the stay plates. Laced members also benefited 
from in-plane shear resistance provided by end stay plates.

The size of the channel was found to have a negligible 
effect on outcomes. This makes sense when considering 
that loads were proportioned to the area of the member and 
that second-order effects resulting from load redistribution 
were a function of eccentricity created when half the mem-
ber was severed. Thus, a smaller channel carried propor-
tionally smaller loads and would be proportionally spaced, 
as well, causing similar behavior but on a smaller scale. 
This means that when the results were plotted as a ratio 
of the second-order moment (caused by the load redistribu-
tion) to the nominal moment, Pe, the results for the larger 

 (a) Laced with (b) Stay-plated with (c) Laced with (d) Stay-plated with 
 mid-panel failure mid-panel failure end failure end failure 
   near gusset near gusset

Fig. 21. Noncontinuous FEM results with deformations amplified 50 times for clarity.

Fig. 22. Close-up of stay-plated member with deformations amplified 50 times, showing reverse curvature of the channels.
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constrained displacements and rotational degrees of free-
dom. Hence, modeled rotational constraint would be similar 
to that found on real structures, though most likely stiffer 
since slip at the highest loads on a riveted connection would 
not be allowed with the tie constraint such as was observed 
to occur on Specimen 1 in the laboratory test. The conse-
quence of having stiffer stay plate connections is a larger 
localized transferal of moment into the intact channel. This 
means any difference in the FEM results caused by stiffer 
stay plate connections would have a conservative effect on 
the simplified solutions. However, it is important to keep 
in mind that laboratory testing showed that slip at the stay 
plates did not occur until near peak loads were reached, 
well beyond original design loads, and only for Specimen 1 
when cut near the gusset connection. Specimen 2 showed 
no evidence of yielding and very minor evidence of slip 
at completion of testing in the stay plates adjacent to the 
failure location. The effectiveness of the stay plates in load 
redistribution is directly dependent upon the rotational con-
straint. This implies that stay plates have a minimum length 
to remain effective, but anything equal to or greater than 
half the depth of the channels to which they are attached 
with a minimum of three fasteners will effectively redis-
tribute load. End stay plates were found to slightly reduce 
moments near the gusset connections for laced members 
but did not affect the secondary moment at the mid-panel 
location for mid-panel failures.

The number of stay plates within a given panel length was 
also studied and found to have a negligible effect. Smaller 
clear distances between stay plates resulting from increas-
ing the number of stay plates, produced stiffer sections of 
channel between plates. Tripling the number of stay plate 
pairs was found to increase results by only 2–5%.

Lacing bar thickness, length, and spacing were investi-
gated for their effect on laced two-channel members. Lat-
tice bars sizes ranged from 8 to w in. thick. Lattice fastener 
spacing ranged from half of the channel spacing to two 
times the channel spacing. Early design provisions limited 
the lattice spacing to about 45°, which would be equal to 
the channel spacing. The same provisions also called for a 
lattice thickness-to-length ratio of no more than 1/60. The 
parametric study varied this ratio from 1/169 to 1/28. It 
was found that these parameters all had negligible effects. 
One model was also analyzed in which the lattice bars were 
completely removed so that it only had the end stay plates. 
When the failure was at the mid-panel location of the mem-
ber, the resulting moment at the location of the failure was 
reduced by about half compared to the same geometry with 
lattice bars, but the moment at the end stay plate was unal-
tered. When the failure was located between the end stay 
plate and the gusset connection of the member without lat-
tice bars, the resulting moment at the mid-panel location 
was unchanged and the moment at the location of failure 
increased, going from 5% to about 9% of Pe. This behavior 

and smaller channel sections were nearly indistinguishable. 
This was the result for both continuous and noncontinuous 
members.

In addition to channel size, the spacing between chan-
nel pairs was studied. This parameter ranged from a spac-
ing equal to half the depth of the channel up to two times 
the depth of the channel. When resulting second-order 
moments were normalized by the theoretical moment, Pe, 
then it appeared that as the spacing increased, the result-
ing moment decreased. However, when the second-order 
moments were not normalized, and instead absolute mag-
nitudes were compared for geometries having different 
channel spacing, then it became clear that channel spac-
ing had negligible effect on the results. The larger theoreti-
cal moment (i.e., Pe) was simply reducing the ratio of FEA 
moment to theoretical moment, due to the larger eccentric-
ity, e.

This observation goes against the assumption that when 
one of the components fails the resulting second-order 
moment is equal to the original load times the faulted mem-
ber eccentricity. The present parametric study found that 
such an assumption would be overly conservative for any 
two-channel geometry; as the spacing between components 
increased, that assumption would become increasingly 
overly conservative.

The panel length, which refers to the distance taken from 
centerline of a panel point to centerline of the next panel 
point for continuous members, or the length of the chan-
nels themselves for noncontinuous members, was found to 
have negligible effect on the after-fracture moment. Due to 
the localized curvature of the channels at the edges of stay 
plates that generated hotspots in the intact channel, longer 
spans having similar clear distances between stay plates 
were observed to have negligible effect. For laced members 
there were negligible increases in the resulting moments 
with longer member lengths. For example, doubling the 
panel length in some cases increased the after-fracture 
moment by 2%.

The thickness and length of the stay plates had negligi-
ble effect on the results. The thickness of the plates ranged 
from a to d in. The lengths of the plates ranged from half 
the depth of the channel to two times the depth of the chan-
nel. This range included a mixture of end and intermedi-
ate stay plates that would have exceeded known minimum 
design provisions. However, the results were insensitive to 
these changes in stay plate parameters. Existing design pro-
visions also state that each plate must be fastened to the 
flanges of primary components with a minimum of three 
rivets per side. This type of connection would offer in-plane 
rotational constraint engaging the stay plates in resisting 
opening of the failed component as was observed during 
experimental testing. 

In the FEMs, the connection was modeled using surface-
to-surface tie constraints between shell elements, which 
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suggests that while the lattice may support some limited 
load redistribution, it is not critical to performance of the 
member in the faulted condition. This also suggests that 
even though the parametric study focused on double lattice 
with fastened intersections, less robust systems of lattice, 
such as single lattice, would not be expected to affect results 
significantly. This comparison suggests that the simplified 
method of analysis resulting from the parametric study can 
be used for laced members of all kinds—that is, double or 
single lattice configurations.

The final parameter studied was the location of the 
failure. It included the mid-panel location and a location 
between the end stay plate and the gusset plate connec-
tions. Figure 23 shows four examples, one from each of the 
locations for each type of member. Figure 23(a) is failed 
between the end stay plate and gusset plate on a laced mem-
ber. Figure 23(b) is failed between the end stay plate and 
gusset plate on a stay-plated member. Figure 23(c) shows 
the mid-panel failure for a laced member where the two lat-
tice bars that would have connected into the location of the 
failure have been removed to facilitate convergence of the 
finite element solution. This was done for all laced member 
mid-panel failure models. Figure 23(d) shows a typical mid-
panel failure for the stay-plated members. The resulting 
moment in laced members was not significantly affected 

by the location of the failure. This means that the resulting 
moment was always largest at the location of failure; how-
ever, the magnitude was not necessarily larger for mid-panel 
failures versus failures near the gusset plate. The same can-
not be said for stay-plated types. It was found that failures 
near the gusset connection for both continuous and non-
continuous stay-plated members resulted in moments that 
were two to three times larger than for the same geometry 
failed near mid-panel point. There were a few exceptions to 
this observation, so most models were analyzed two times, 
once with a failure at each location to ensure the worst-case 
scenario was captured for a given geometry. Plots of the 
percent of Pe in the following sections include results for 
both failure locations, which is the primary source of the 
data scatter.

Simplified Solution for Continuous Stay-Plated  
Two-Channel Members

Figure  24 compiles the results for all continuous, stay-
plated models analyzed. The vertical axis is the finite ele-
ment analysis moment divided by the theoretical moment, 
Pe. The horizontal axis is a combination of geometric prop-
erties used to correlate the results for the simplified solu-
tion. They offer simplistic inputs available to the engineer 
without refined analysis that can be readily taken from field 

   
 (a) Failure between the gusset plate (b) Failure between the end stay plate and 
 and end stay plate on a laced member gusset plate on a stay-plated member

   
 (c) Mid-panel failure on a laced member (d) Mid-panel failure on a stay-plated member

Fig. 23. Images depicting failure locations for stay-plated and laced two-channel members.
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where
MAF =  after-fracture moment resulting from failure of a 

channel in a two-channel member (kip-in.)

Pu =  total factored axial load (kips)

NSP =  number of stay plate pairs (1 pair equals the top 
and bottom stay plates at the same cross section) 
within the span of the member between the panel 
points

dCH =  depth of the channels (in.)

e =  distance measured from the centroid of the 
unfaulted two-channel member to the centroid 
of the intact channel in the faulted state (in.); see 
Figure 17.

The resulting after-fracture moment is inserted into Equa-
tion 5 to calculate the after-fracture net section stress used to 
determine the remaining fatigue life. The individual results 
of each FEM can be viewed in the appendix reported by 
Lloyd et al. (2019).

measurements or design drawings. The correlation includes 
the number of stay plate pairs (meaning a pair of plates 
located at the top and bottom of the member at the same 
cross section) within a single panel length, which includes 
the two end stay plate pairs and all intermediate stay plate 
pairs on the section of the member being evaluated, times 
the ratio of the channel depth to the channel spacing. The 
data plotted include all failure cases, both adjacent to the 
gusset plates and at the mid-section of the member. Fail-
ure cases closest to the gussets typically resulted in larger 
after-fracture moments, which is the primary cause for the 
scatter. The data show that an assumption of a secondary 
moment being generated equal to the axial load in the mem-
ber times the eccentricity of the faulted member, or Pe, is 
overly conservative. As can be seen in Figure 24, most data 
were less than 10% of the Pe moment, with the most extreme 
case being less than 25%. Due to the regression analysis 
producing an equation fit to the maximum moments, the 
use of Equation 1 will provide a conservative estimate of 
the after-fracture moment.

Regression analysis was used to conservatively fit a line 
to the maximum values. The line is defined by Equation 1, 
which can be used to calculate the second-order moment 
resulting from a failed channel in a continuous, stay-plated, 
two-channel member.

Fig. 24. Plot of results for continuous stay-plated two-channel members.
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Simplified Solution for Continuous Laced  
Two-Channel Members

Figure  25 compiles the results for all continuous, laced 
models analyzed. The vertical axis is the finite element 
analysis moment divided by the theoretical moment, Pe. 
The horizontal axis is a combination of geometric proper-
ties used to correlate the results for the simplified solution. 
The parameters plotted offer simplistic inputs available 
to the engineer without refined analysis that can be read-
ily obtained from field measurements or design drawings. 
These correlation parameters include the length in inches 
from the centerline of a panel point to the centerline of the 
next panel point divided by the lattice spacing, times the 
ratio of the channel depth to the channel spacing.

Regression analysis was used to conservatively fit a line 
to the maximum values. The line is defined by Equation 2, 
which can be used to calculate the second-order moment 
resulting from a failed channel in a continuous, laced, two-
channel member. The lattice bar configuration factor, γLB, 
accounts for the difference between single lattice bar and 
double lattice bars spacing. Equation 2 was derived using 
double lattice bar spacing. Based on results for members 

where the lattice was removed, the simplified method can 
be extended to single lattice configurations, as well. Thus, 
the lattice bar configuration factor reduces the spacing of 
single lattice bar members to an equivalent double lattice 
bar spacing such that the moment is not incorrectly dou-
bled for single lattice members. Finally, as can be seen in 
Figure 25, the maximum moment reaches a plateau of less 
than 14% of Pe for all modeled geometries, including the 
most extreme geometric cases studied (i.e., longest and 
narrowest member configurations). Therefore, Equation  2 
puts a practical limit on the moment of 0.15Pe. The data 
plotted include all failure cases (i.e., adjacent to the gusset 
plates and at the mid-section of the member). Unlike for 
stay-plated members, laced member failure cases closest to 
the gussets were not necessarily observed to produce larger 
after-fracture moments. Hence, the data scatter is reduced 
for laced member types. The data further illustrate that an 
assumption of a secondary moment being generated equal 
to the axial load in the member times the eccentricity of the 
faulted member, or Pe, is overly conservative. As can be 
seen in Figure 25, most data were less than 10% of the Pe 
moment, with the most extreme cases staying below 14%. 

Fig. 25. Plot of results for continuous laced two-channel members.
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the remaining fatigue life. The individual results of each 
FEM can be viewed in the appendix reported by Lloyd et 
al. (2019).

Simplified Solution for Noncontinuous Stay-Plated 
Two-Channel Members

Figure 26 compiles the results for all noncontinuous, stay-
plated models analyzed. The vertical axis is the finite ele-
ment analysis moment divided by the theoretical moment, 
Pe. Once again, the horizontal axis is a combination of 
geometric properties used to correlate the results for the 
simplified solution. Again, these parameters are based on 
input data that are readily available to the engineer with-
out refined analysis that can be easily obtained from field 
measurements or design drawings. It is the number of stay 
plate pairs (meaning a pair of plates located at the top and 
bottom of the member at the same cross section) along the 
entire length of the member, which includes each of the two 
end stay plate pairs and all intermediate stay plate pairs on 
the section of the member being evaluated, times the ratio 
of the channel depth to the channel spacing.

Regression analysis was used to conservatively fit a 
line to the maximum values. The line is defined by Equa-
tion  3, which can be used to calculate the second-order 
moment resulting from a failed channel in a noncontinu-
ous, stay-plated, two-channel member. The moment is lim-
ited to 0.35Pe, which is slightly above the maximum value 
observed for the continuous laced member geometries 

Due to the regression analysis producing an equation fit to 
the maximum moments, the use of Equation 2 will provide 
a conservative estimate of the after-fracture moment.
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where
LPL =  length of the panel measured between the center-

lines of two panel points (in.)

MAF =  after-fracture moment resulting from failure of a 
channel in a two-channel member (kip-in.)

Pu =  total factored axial load (kips)

SLB =  spacing of the lattice bars measured longitudinally 
between centerlines of fasteners connecting the 
lattice bars to a channel flange (in.)

dCH =  depth of the channels (in.)

e =  distance measured from the centroid of the 
unfaulted two-channel member to the centroid 
of the intact channel in the faulted state (in.); see 
Figure 17.

γLB =  lattice bar configuration factor; 1.0 for double lat-
tice, 0.5 for single lattice

The resulting moment is inserted into Equation 5 to cal-
culate the after-fracture net section stress used to determine 

Fig. 26. Plot of results for noncontinuous stay-plated two-channel members.
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studied, as can be seen in Figure 26. The maximum after-
fracture moments for the noncontinuous stay-plated mem-
bers were generally larger than those for the continuous 
stay-plated members by approximately 15–20%. The con-
tinuous stay-plated members benefited from the continuity 
across nodes through which they could distribute moment, 
whereas the non continuous types were forced to carry the 
entire after-fracture moment within the intact channel at the 
location of failure without benefit of continuity.
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where
MAF =  after-fracture moment resulting from failure of a 

channel in a two-channel member (kip-in.)

NSP =  number of stay plate pairs (1 pair equals the top 
and bottom stay plates at the same cross section) 
within the span of the member between the panel 
points

Pu =  total factored axial load (kips)

dCH =  depth of the channels (in.)

e =  distance measured from the centroid of the 
unfaulted two-channel member to the centroid 
of the intact channel in the faulted state (in.); see 
Figure 17.

The resulting moment is inserted into Equation 5 to cal-
culate the after-fracture net section stress used to determine 
the remaining fatigue life. The individual results of each 
FEM can be viewed in the appendix reported by Lloyd et 
al. (2019).

Simplified Solution for Noncontinuous Laced  
Two-Channel Members

Figure 27 compiles the results for all noncontinuous laced 
models analyzed. The vertical axis is the finite element 
analysis moment divided by the theoretical moment, Pe. 
The horizontal axis is a combination of geometric prop-
erties used to correlate the results for the simplified solu-
tion. They offer simple inputs that don’t require advanced 
analysis tools. It is the length (in.) of the channels, including 
the depth into the gusset plate at each end of the member, 
divided by the lattice bar spacing, times the ratio of the 
channel depth to the channel spacing.

Regression analysis was used to conservatively fit a line 
to the maximum values. The data plotted include all failure 

Fig. 27. Plot of results for noncontinuous laced two-channel members.
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Application of Parametric Study Findings for  
Two-Channel Members

The following describes implementation of the after-frac-
ture moments, previously explained, to calculate the after-
fracture net section stress resulting from failure of a channel 
in a two-channel member. 

After-Fracture Net Section Stress Calculation

Following calculation of the after-fracture moment that 
results from failure of one of the two channels, Equation 5 
is used to calculate the after-fracture net section stress. The 
equation combines the axial net section stress and second 
order flexural stress. The axial net section stress is the total 
factored load carried by the member in the unfaulted state, 
divided by the after-fracture net section. The flexural stress 
is the after-fracture moment calculated using one of Equa-
tions 1 to 4, as applicable for the member type, times the 
distance from the neutral axis to the point of interest, c, 
divided by the weak-axis moment of inertia, Iy, of the intact 
channel.

 
fAFN = Pu

AAFN
+ MAFc

Iy  
(5)

where
AAFN =  net section area of the member in the faulted 

state; this is equal to the net area of a single chan-
nel (in.2)

Iy =  principal axis moment of inertia about the weak 
axis of a single channel (in.4)

MAF =  after-fracture moment resulting from failure of a 
channel in a two-channel member (kip-in.)

Pu =  total factored applied tensile load (kips)

c =  distance from the centroid of the channel to the 
surface of stress calculation (in.)

fAFN =  factored total net section stress in the faulted state 
(ksi)

Guidance for Use of Simplified Solutions for  
Two-Channel Members

The simplified method of analysis was developed consider-
ing failures at mid-panel and near the gusset connections 
capturing the largest resulting moments for the geometries 
analyzed. This means that a single after-fracture moment 
calculation and net section stress calculation need to be per-
formed for each member. There is no need to repeat this 
calculation multiple times for different cross sections of the 
same member. Figures 28 and 29 illustrate two generic types 
of trusses where two-channel members could be used. Fig-
ure 28 shows a three-span continuous deck truss structure. 
Figure  29 depicts a single-span through-truss structure. 
Each figure has been highlighted with red and blue lines. 
The red lines indicate members that would be analyzed 

cases (i.e., adjacent to the gusset plates and at the mid-sec-
tion of the member). Unlike for stay-plated members, laced 
member failure cases closest to the gussets were not neces-
sarily observed to produce larger after-fracture moments. 
Hence, once again the data scatter is reduced for the non-
continuous laced member type. The data in Figure 27 fur-
ther illustrate that an assumption of a secondary moment 
being generated equal to the axial load in the member times 
the eccentricity of the faulted member, or Pe, is overly 
conservative. As can be seen, most data were below 10% 
of a theoretical Pe moment, with the most extreme cases 
staying below 14%. Due to the regression analysis pro-
ducing an equation fit to the maximum moments, the use 
of Equation 4 will provide a conservative estimate of the 
after-fracture moment. The line in Figure 27 is defined by 
Equation 4, which can be used to calculate the second-order 
moment resulting from a failed channel in a noncontinu-
ous, laced, two-channel member. The lattice bar configura-
tion factor, γLB, accounts for the difference between single 
lattice bar and double lattice bars spacing. Equation 4 was 
derived using double lattice bar spacing. Based on results 
for members where the lattice was removed, the simplified 
method can be extended to single lattice configurations, 
as well. Thus, the lattice bar configuration factor reduces 
the spacing of single lattice bar members to an equivalent 
double lattice bar spacing such that the moment is not incor-
rectly doubled for single lattice members.
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where
LPL =  length of the panel measured between the center-

lines of two panel points (in.)

MAF =  after-fracture moment resulting from failure of a 
channel in a two-channel member (kip-in.)

Pu =  total factored axial load (kips)

SLB =  spacing of the lattice bars measured longitudinally 
between centerlines of fasteners connecting the 
lattice bars to a channel flange (in.)

dCH =  depth of the channels (in.)

e =  distance measured from the centroid of the 
unfaulted two-channel member to the centroid 
of the intact channel in the faulted state (in.); see 
Figure 17.

γLB =  lattice bar configuration factor; 1.0 for double lat-
tice, 0.5 for single lattice

The resulting moment is inserted into Equation 5 to cal-
culate the after-fracture net section stress used to determine 
the remaining fatigue life. The individual results of each 
FEM can be viewed in the appendix reported by Lloyd et 
al. (2019).
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using either Equation 1 (stay-plated) or 2 (laced) for con-
tinuous members. The blue lines designate members that 
would be evaluated using either Equation 3 (stay-plated) or 
4 (laced) for noncontinuous members. Members that are not 
highlighted, or which appear black, are compression mem-
bers that would not need to be evaluated for internal redun-
dancy. Reversal zones that are subjected to both tensile and 
compressive live load stresses would also need to be evalu-
ated. Notice that the terminating bottom chord of each truss 
is evaluated using equations for noncontinuous members. 
Due to the lack of continuity beyond the abutment at each 
end of a truss, the last panel should be analyzed using equa-
tions developed for noncontinuous members.

CONCLUSIONS

This paper summarizes the experimental and analytical 
research into behavior of mechanically fastened built-up 
axial steel members comprised of two rolled channels fol-
lowing fracture of a single channel. Previously performed 
and reported-on fracture tests verified cross-boundary 
fracture resistance (CBFR) of axially loaded built-up steel 
members as evidence that these member types can avoid 
full cross-section fracture in service (Lloyd et al., 2021). 
Finite element–based parametric studies were conducted to 
characterize the static load redistribution behavior of two-
channel axial members following a fracture event. Finite 
element models (FEMs) were calibrated using experimental 
data obtained from full-scale testing. Simplified solutions 

were developed to estimate the after-fracture load capac-
ity and the fatigue stress range in the remaining channel, 
accounting for second-order moments. The solutions can be 
applied to internal redundancy evaluations. If a member is 
found to be internally redundant, the solutions can then be 
used to reliably predict fatigue life of the member in the 
faulted state and establish the special inspection interval 
according to the provisions of AASHTO (2018).

The research concluded that mechanically fastened built-
up axial members comprised of two rolled channels can 
possess sufficient strength and fatigue resistance after the 
failure of a single channel. After-fracture load redistribu-
tion behavior of two-channel members was found to result 
in a global out-of-plane flexural response in the surviving 
channel. Applied boundary conditions were significantly 
influential on some member types, driving separate sim-
plified solutions for continuous and noncontinuous two-
channel members. The derived solutions calculate the 
after-fracture, second-order moment carried by the surviv-
ing channel in combination with the original and redistrib-
uted axial loads. A verification exercise comparing results 
from the derived solutions back to full-scale experimental 
research predicted primary longitudinal stress to within a 
few percentage points of the measured values at locations 
of interest. As a result, it was concluded that the proposed 
method of analysis contained herein provides a simple, con-
servative, and efficient quantitative approach to perform the 
redundancy analysis and the prediction of the commensu-
rate special inspection interval.

Fig. 28. Sketch illustrating correct application of Equations 1–4 on continuous trusses.

Fig. 29. Sketch illustrating correct application of Equations 1–4 on simple span trusses.
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Tests and Strength Models
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ABSTRACT

Embedded column base (ECB) connections used in mid- to high-rise steel moment frames derive moment resistance through bearing of 
the embedded column and base plate against the concrete footing. Five large-scale tests on ECB connections are presented; these feature 
cantilever columns subjected to axial compression and cyclic lateral loading. The tests feature reinforcement details including (1) horizontal 
reinforcement bars attached to the column (either directly welded to the flanges or in the form of U-hairpins wrapped around the column), 
and (2) vertical reinforcement in the form of stirrups in the footing. These tests complement previous experiments that are nominally identical 
but without the additional reinforcement. The tests indicate that while the horizontal reinforcement enhances moment strength due to resist-
ing forces in the horizontal direction, it also produces a tension field that decreases the restraint to the rotation of the embedded base plate, 
ultimately reducing overall moment strength. The addition of vertical reinforcement in the form of stirrups mitigates this issue to an extent. A 
strength model considering these effects is proposed and shown to predict strength with good accuracy across a range of configurations, 
encompassing the different configurations of horizontal and vertical reinforcement. Limitations of the approach are discussed.

Keywords: base connection, moment frames, composite connection.

INTRODUCTION

Embedded column base (ECB) connections in seis-
mically designed steel moment frames (SMFs) are 

commonly used to connect the steel columns to concrete 
foundations for mid- to high-rise buildings. Unlike low-rise 
buildings for which exposed-type base plate connections 
[where a base plate is welded to the column with anchor 
rods attached to the foundation, see Figure  1(a)] are suit-
able, in mid- to high-rise frames, the embedment is required 
to resist large base moments and provide fixity through 
bearing of column flanges against concrete, as shown in 
Figure 1(b). The column is usually welded to a base plate 
resting on a thin concrete layer for leveling purposes. Face- 
bearing plates are often used on the top of concrete surface 
to transfer axial compression and facilitate the formation of 
a shear panel similar to composite beam-column connec-
tions (ASCE, 1994).

Significant research has been conducted on exposed-
type base connections, including large-scale experimental 
testing (Astaneh et al., 1992; Fahmy et al., 1999; Gomez et 

al., 2010; Kanvinde et al., 2015; Trautner et al., 2017; and 
Hassan et al., 2022), analytical (Wald, 2000), and com-
putational simulations for both component (Inamasu et 
al., 2021; Hassan et al., 2022), and frame (Falborski et al., 
2020), leading to the development of design considerations 
(Fisher and Kloiber, 2006; AISC, 2016; SEAOC, 2015). In 
contrast, research on ECB connections is sparse, with no 
experimentally validated strength characterization meth-
ods for design, and only limited finite element paramet-
ric studies (Pertold et al., 2000a, 2000b). Current design 
practice in the United States relies on adaptations of meth-
ods developed for other similar components such as com-
posite beam-column connections (ASCE, 1994) and steel 
coupling beams embedded in concrete shear walls (Mar-
cakis and Mitchell, 1980; Mattock and Gaafar, 1982; Har-
ris et al., 1993; Shahrooz et al., 1993). The AISC Seismic 
Design Manual (AISC, 2018) applies the method developed 
by Mattock and Gaafar (1982) for coupling beams to the 
design of ECB connections. These adaptations disregard 
or inadequately incorporate behavioral aspects specific to 
ECB connections including (1) the effect of concrete con-
finement, which is limited in a shear wall or a composite 
beam-column connection; (2) the presence of a base plate 
welded to the column section; (3) the presence of axial load; 
and (4) differences in reinforcing bar patterns. Other stud-
ies on similar connections (Cui et al., 2009; Richards et al., 
2018; Hanks and Richards, 2019) examined the effect of 
an overtopping slab-on-grade on top of an exposed-type 
column base connection. This type of connection (known 
as a blockout column base connection) is distinct from an 



226 / ENGINEERING JOURNAL / FOURTH QUARTER / 2023

ECB connection in fundamental behavioral characteristics, 
wherein the concrete embedment due to the floor slab is 
incidental and the primary mode of moment resistance is 
similar to exposed-type base plate connections. As a conse-
quence, behavioral characteristics of these connections are 
not readily applicable to ECB connections.

Previous experimental studies (Grilli et al., 2017) on 
ECB connections representative of U.S. construction prac-
tice—similar to that shown in Figure  1(b)—serve as the 
only test data available on the seismic performance of such 
connections. These five specimens featured wide-flange 
steel cantilever columns embedded within a concrete 
footing subjected to a cyclic lateral deformation history 
under a constant axial force (compression or tension). The 
specimens were designed with minimal longitudinal and 

transverse reinforcement such that observed failure modes 
and strengths were mainly associated with the concrete.

The results from this experimental program (Grilli et al., 
2017; Grilli and Kanvinde, 2017), provided insights into the 
fundamental physics of the ECB connections, including fail-
ure modes that informed the development of strength mod-
els suitable for the design of ECB connections. Figure 1(b) 
shows the two primary mechanisms of moment resistance, 
as outlined by Grilli and Kanvinde (2017): (1)  horizontal 
bearing stresses against the column flanges along with a 
complementary shear panel zone and (2)  vertical bearing 
stresses resisting uplift of the base plate. Figures 2(a) and 
(b) show post-test photographs illustrating the failure modes 
observed from two specimens in the experimental program 
(Grilli et al., 2017) with different embedment depths. In 

  
 (a) Exposed-type connection (b) Embedded-type (ECB) connection

Fig. 1. Column base connections and force transfer mechanisms. 

  
 (a) Horizontal bearing (b) Vertical bearing

Fig. 2. Experimental program (Grilli et al., 2017) damage patterns  
suggesting modes of failure/deformation governed by bearing mechanisms.
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Referring to this figure, the applied moment and shear are 
resisted through the development of bearing stress blocks 
on both sides of the embedded column flanges. Equation 1 
provides a closed-form solution for the moment capacity, 
obtained by solving for the force and moment equilibrium 
based on the assumed stress blocks. This equation is based 
on the work done by Mattock and Gafaar (1982) for steel 
coupling beams embedded in concrete shear walls:
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where
Le =  embedment depth of the steel column measured from 

the face of the foundation [as shown in Figure 4(a)]

bf =  width of the embedded section (column) flange, in.

bw =  width of concrete foundation perpendicular to the 
loading direction (bw is the thickness of the wall pier 
in the original equation), in.

ƒ ′c =  specified compressive strength of concrete, ksi
g

2
 =  distance from the top surface of the foundation to 

the inflection point of the column, in.

β1 =  factor relating the depth of the equivalent rectan-
gular stress block to the neutral axis depth, c, as 
defined in ACI 318-19 (ACI, 2019)

The term 
bw
bf

0.66⎛
⎝⎜

⎞
⎠⎟

 accounts for the effect of concrete con-

finement and the spread of compressive stress ahead of 
the column flange, such that the value 0.66 is calibrated to 
match experimental results by Mattock and Gaafar.

Referring to Figure  4(a), the values c/Le and k2 are 
assumed to be 0.66 and 0.36, respectively, as reported by 

summary, the singular study on ECB connections is lim-
ited by a relatively small data set and the examination of a 
single detail. Specifically, the test series included only one 
generic detail [similar to Figure 1(b)] without any reinforce-
ment attached to the column. As a result, the test data do not 
represent the effect of such reinforcement that is commonly 
used in practice.

Motivated by these issues, this paper presents a series 
of five large-scale experiments on ECB connections with 
attached reinforcement bars, representative of construction 
practice in the United States, along with a strength model. 
Figure  3 schematically illustrates the main features of 
the tested details developed in consultation with an over-
sight committee of practitioners and fabricators (see the 
Acknowledgments section). These details are similar to the 
one examined by Grilli et al. (2017), with the exception of 
reinforcement fixtures attached to the embedded column 
flanges. Two techniques for reinforcement attachment are 
examined—welded reinforcement bars to the column flange 
(deformed weldable bars commonly used in practice), as 
shown in Figure  3(a), and “U-bar hairpin” reinforcement 
bars (recommended by the AISC Seismic Provisions for 
steel coupling beams) anchored by the embedded portion 
of the column and alternating in direction to engage both 
column flanges, as shown in Figure 3(b).

CURRENT PRACTICE AND  
AVAILABLE STRENGTH MODELS

The AISC Seismic Provisions (AISC, 2016) and Design 
Guide  1 (Fisher and Kloiber, 2006) illustrate embedded 
base connections but do not provide or recommend strength 
models or design approaches. The only such guidance is 
available in the AISC Seismic Design Manual (AISC, 2018). 
Figure  4(a) illustrates the assumptions adopted by this 
approach, referred to hereafter as the AISC SDM Method. 

  
 (a) Welded reinforcement stud (b) U-bar hairpin

Fig. 3. Details under investigation for the experimental program.
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Mattock and Gaafar (1982). From the perspective of ECB 
connections, the following aspects of this method are 
problematic: (1)  It assumes that the entire moment is car-
ried solely by the bearing against the flanges (i.e., it does 
not consider the effect of the embedded base plate and its 
contribution to moment resistance); (2) the term reflecting 
the effect of concrete confinement is unbounded, which has 
the potential of overestimating the bearing stresses in con-
crete foundations, because footings are often significantly 
wider than the embedded steel section as compared to shear 
walls; and (3) several factors relating to the mechanics of 
the method (e.g., the ratio of the neutral axis location to the 
depth of embedment, c/Le, and consequently the value k2) 
have been particularized for simplification based on geo-
metrical aspects and constraints that are not necessarily 
analogous for the case of ECB connections [see Figure 4(a)].

Grilli and Kanvinde (2017) developed a strength model 
that presumes that the total applied base moment is resisted 
by two mechanisms [see Figure 4(b)]: (1) horizontal bearing 
stresses against the column flange—assumed to be rectan-
gular/constant in nature, accompanied by the formation of a 
shear panel action, and (2) vertical bearing stresses against 
the base plate that resist its rotation. The distribution of 
moments between these two mechanisms is determined 
through a semi-empirical equation that is inspired by the 
analytical solution to a beams-on-elastic foundations prob-
lems (Hetenyi, 1946), wherein the column is assumed to 
be a beam embedded in the elastic foundation. The details 
of these derivations are provided in Grilli and Kanvinde 
(2017); however, the equations are not as succinct as for the 
SDM approach.

Neither model accounts for the reinforcement attached 
to the column flanges (commonly used in practice), neither 
by ignoring its contribution (the AISC SDM model where 
the reinforcement is only prescribed for force transfer) nor 
by not accounting for its presence in the mechanical model 

through the equilibrium equations (as per Grilli and Kan-
vinde, 2017). This is problematic because the presence of 
additional reinforcement greatly influences the failure 
modes and the strength and stiffness of the connection. 
The next section presents an experimental program featur-
ing ECB connections with reinforcement attachments. The 
results from the tested specimens are then compared with 
the available strength models presented previously to sup-
port the development of an approach that overcomes the 
limitations of these existing models.

EXPERIMENTAL PROGRAM

Figure 5 illustrates the test setup, and Figure 6 illustrates 
the specimen detailing. Table 1 summarizes the test matrix 
along with key experimental results.

Test Setup

Figure 5 shows the test setup, including the specimen. Spe-
cific aspects of the test setup and specimens are outlined in 
the following:

1. All specimens featured wide-flange cantilever columns. 
The height of load application (9.5 ft above the surface 
of concrete) was assumed to be the inflection point in a 
first-story column. The columns were all ASTM A992/
A992M Grade 50 and were designed to remain elastic 
throughout the test.

2. Axial compression was introduced through a cross-beam 
assembly with two hydraulic jacks (shown in Figure 5) 
connected to tension rods and a freely rotating clevis. 
The axial forces did not introduce P-Δ moments.

3. The columns were placed on a plywood sheet with 1 in. 
thickness and the same plan dimensions of the lower 
base plate to reflect a supporting condition similar to a 

  
 (a) AISC Seismic Design Manual approach (b) Grilli and Kanvinde (2017) model

Fig. 4. Strength model assumptions.
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reinforcement (stirrups) through the length of the concrete 
pedestal. Parametric values of the test matrix were selected 
to reflect similarity with construction practice within the 
limitations of the test setup; specifically:

1. The column sections were selected to ensure failure 
in the connection rather than in the column. Thus, the 
columns are larger relative to the embedment depths 
in comparison to actual design cases in which the base 
would typically be stronger than the column.

2. Compressive axial loads were selected to be 10–20% of 
the axial yield capacity of a hypothetical column that 
would have an embedment depth similar to the ones used 
in the study; for more in-depth discussion of this, see 
Grilli et al. (2017).

3. The footing was similar to the specimens tested by 
Grilli et al. (2017) in terms of concrete dimensions and 
nominal reinforcement. All footings were provided with 
minimal longitudinal and transverse reinforcement. The 
column embedment depth, dembed, footing dimensions, 
and footing reinforcement are illustrated in Figure  6. 

thin unreinforced slab for erection purposes, rather than 
directly bearing on bare soil.

4. Face-bearing plates similar to stiffeners were provided at 
the top of the embedment region (see Figure 6), consistent 
with the design practice. These provide a load path for 
compressive forces rather than transferring it through the 
bottom base plate, which often rests in an unreinforced 
slab.

5. The pedestals were fastened to the laboratory floor with 
pretensioned threaded anchors at a distance of 4.5  ft 
from the column to minimize boundary effects on the 
stress distribution and failure modes in the vicinity of the 
column.

Test Matrix

Referring to Table  1, the following test parameters were 
varied: (1)  the configuration of the attached reinforce-
ment—deformed bar anchor versus U-hairpin, (2)  the 
cross-sectional area of the horizontal reinforcement, (3) the 
column size, and (4)  the addition of supplemental vertical 

Fig. 5. Wide-angle view of test setup.



230 / ENGINEERING JOURNAL / FOURTH QUARTER / 2023

This is illustrated for the U-bar hairpin details; however, 
similar detailing and dimensions are used for the welded 
reinforcement detail (Test  #1) previously shown in 
Figure 3(a).

4. Referring to Figure  6 and Table  1, reinforcement 
attachments details were installed in all specimens. 
All tests featured two rows of attached reinforcement 

bars (close to the face of the concrete footing). The 
attached reinforcement was fully developed in tension 
by providing an adequate tension development length as 
per ACI 318-19 (ACI, 2019). The location of the attached 
reinforcement was selected in accordance with the AISC 
Seismic Provisions and AISC Seismic Design Manual 
(AISC, 2016, 2018) such that (a)  the first region (top 
row) of the attached reinforcement coincided with the 

Fig. 6. Specimen detailing (see Table 1 for different parameters across the tests). 
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now presented, to facilitate the interpretation of quantita-
tive data, which is presented subsequently. In the following 
discussion, the terms “ahead of the column” and “behind 
the column” denote the compression side of the connection 
(i.e., in the direction of applied load) and the tension side of 
the connection, respectively.

Qualitative Discussion of Failure Modes

Referring to Figures  8(a)–8(c), all specimens followed a 
qualitatively similar damage progression, with some varia-
tions resulting from reinforcement detailing. During the 
initial stages of loading (applied drift less than 1%), minor 
cracks initiated at the corners of the column as shown in 
Figure 8(a). Following this, diagonal shear cracks formed 
on the sides of the block, accompanied by a vertical crack in 
the concrete behind the column flange, where the attached 
reinforcement produces tension. These cracks grew in 
width as loading progressed, with spalling of the concrete 
ahead of the column flanges. These vertical cracks behind 
the column reduce the uplift capacity of the base plate, as 
discussed later. As the applied drift increased, the diagonal 
shear cracks on the sides of the concrete block grew in width 
indicating the development of a shear panel. However, this 
did not control failure or the peak load. The final failure 
mode, which controlled connection strength, varied from 
one specimen to another, depending on the vertical rein-
forcement (or its absence). One of two scenarios occurred 
[shown photographically in Figures 8(b)–8(c)], these are:

1. In Tests 1, 2, and 3 (without the additional vertical 
reinforcement), final failure was accompanied by vertical 
breakout on the tension side of the connection. This 
failure mechanism is similar to anchor pryout failure 
modes in concrete (Anderson and Meinheit, 2005), which 
was observed in similar details by Grilli et al. (2017); see 
Figure 2(b). The pryout failure occurs when the moment 
resisting the uplift of the base plate reaches a critical 
value. This results in the formation of a breakout cone, as 
shown in Figure 8(b).

2. For Tests 4 and 5 (with additional vertical reinforce ment 
as shown in Figure  6), the presence of supplemental 
reinforcement mitigated the final tension breakout 
failure. Instead, the failure occurred at the interface of 
the vertical crack forming behind the column flanges, 
as shown in Figure 8(c), at a location between installed 
stirrups. No spreading of failure (i.e., cone formation) 
was observed for such tests.

In all tests, the peak moment was achieved between 2% 
to 2.5% drift. After this, strength deterioration was observed 
[see Figures  7(a)–(e)] as the breakout block of concrete 
started to separate from the remainder of the footing. A 
qualitatively similar response—in other words, pinched 
hysteresis with excellent deformation capacity and minimal 

longitudinal footing reinforcing bars closest to the face 
of the foundation, and (b)  the second region (bottom 
row) is placed at a distance no less than dcol/2 from the 
termination of the embedded length.

5. Test  1 included #4 (2-in.-diameter) weldable rebars 
(ASTM A706 Grade 60), arc welded directly to the 
flange [see Figure  3(a)], whereas Test  2 featured #4 
(2-in.-diameter) U-bar hairpin reinforcement (ASTM 
A615 Grade 60) wrapped around the column embedment 
(alternating in each row to engage the flanges in both 
loading directions). Test  3 featured bundled U-bar 
hairpins with a total of 4 #6 U-bar hairpins per row 
(w in. diameter). For Tests 4 and 5, supplemental vertical 
reinforcement/stirrups (shown in Figure 6) were installed 
to assess the effect on connection strength and failure 
modes.

6. Subsets of tests may be considered to isolate the effect 
of test variables. For example, Tests 1 and 2 provide a 
direct examination of the effect of different attachment 
techniques (i.e., arc welding versus anchoring/fixing), 
whereas Tests 2 and 3 provide an investigation of the 
effect of reinforcement area/size. In addition, Tests 2 
and 4 allow the investigation of the effect of vertical 
stirrups, whereas Tests 4 and 5 directly examine the 
effect of column width/size. The specimens from this 
program also allow for direct comparison with tests from 
the experimental program by Grilli et al. (2017), which 
featured otherwise similar column sizes and footing 
dimensions.

Standard cylinder tests were performed for all concrete 
pours as well as grout for all specimens. Coupon tests from 
the attached reinforcement (both welded studs and U-bar 
hairpins) used in the experiments were also conducted. 
Table  2 summarizes the results of ancillary tests for mea-
sured material properties that are used to interpret results.

Loading Protocol

For all test specimens, the axial compression was intro-
duced and held constant while the lateral deformation his-
tory (expressed in terms of column drift ratio) was applied 
as per the ATC-SAC protocol (Krawinkler et al., 2000). 
This protocol was applied until 6% drift amplitude was 
reached except for Tests  1 and 2, which were stopped at 
5% drift.

EXPERIMENTAL RESULTS

Figures 7(a)–7(e) show the moment-drift response of all the 
five specimens. Figures 8(a)–8(c) show photographs of dam-
age progression and failure modes for the tested specimens, 
whereas Table  1 shows key results. A qualitative assess-
ment of experimental response for the tested specimens is 
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Quantitative Analysis of Test Data

Table 1 summarizes key quantities measured in the experi-
ments. Two moment values were recovered for each test 
corresponding to maximum moment observed in each 
loading direction. These are denoted as Mmax+

test  and Mmax
test

−, 
such that the positive sign denotes the direction of the first 

strength degradation (i.e., less than a 20% drop in peak base 
moments at 4% drift)—was observed for all tests, except for 
Test 3 (with bundled U-bar hairpins), which showed a drop 
in load of roughly 40% after achieving capacity at around 
3% drift.

Table 2. Summary of Measured Material Strengths from Ancillary Tests

Test
Number of 
Samplesa

Yield 
Strength 

Fy
rebarb 
(ksi)

Ultimate 
Strength

Fu
rebar

(ksi)

Concrete 
Compressive 
Strength ffcc′′c

(ksi)

Grout 
Compressive 

Strength Fgrout
c

(ksi)

ASTM A706 Grade 60 reinforcement 2 71.2  94.2 – –

ASTM A615 Grade 60 reinforcement 2 65.0 102.5 – –

Concrete cylinders 5 – – 4.0 –

Grout cylinders 4 – – – 8.5
a Average values for tested samples are presented.
b Measured yield stress for ASTM A706 bars is based on the 0.2% offset method.
c Compressive strength for concrete and grout cylinders is measured on the day of full-scale test.

    
 (a) Test 1 (b) Test 2 (c) Test 3

    
 (d) Test 4 (e) Test 5 (f) Illustration of plotted quantities

Fig. 7. Moment-drift plots for all tests and a schematic illustration of plotted quantities.
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deformation excursion. Referring to Table 1 and Figures 7 
and 8, the following observations may be made:

1. The main observation is that the application of 
horizontal reinforcement (i.e., attached reinforcement 
to column flanges) significantly reduced the strength 
and stiffness relative to values observed by Grilli et al. 
(2017). Specifically, the specimens from Tests  1 and 
2 of the Grilli et al. (2017) test program (Test  1G and 
2G in Table  1) are nominally identical to Tests 1 and 
5 of this study except for the attachment of horizontal 
reinforcement. On average, the strengths observed in 
the specimens with horizontal reinforcement is 45–50% 
lower than that of their unreinforced counterparts [see 
Figure  8(d)]. This is counterintuitive and a somewhat 
disquieting observation. However, a closer evaluation of 
the underlying mechanisms and failure mode suggests 
that this may be attributed to the development of a 
tension field in the concrete behind the column due to the 
horizontal reinforcement that is in tension. This tension 
field reduces the resistance of the concrete to uplift of 

the base plate, significantly reducing overall connection 
strength.

2. A comparison of results from Tests 1 and 2 (welded rebar 
stud versus U-bar hairpin) indicates that the moment 
strength observed in both tests is very close (within 5%), 
while the load-deformation shows modest difference in 
terms of cycle-to-cycle degradation.

3. A comparison between Tests  2 and 4 provides a 
direct assessment of the effect of additional vertical 
reinforcement/stirrups. The stirrups increase the strength 
of the connection by 20%. This may be attributed to 
the fact that the vertical reinforcement mitigates the 
formation of the tension breakout cone, resulting in 
higher moment resistance.

4. Comparing Tests 4 and 5 (which are similar in terms of 
embedment depth, attached reinforcement, and stirrups, 
but differ in terms of column section and base plate 
geometry; see Table 1), the strengths are almost identical.

 
 (a) Below 1% drift for all tests (b) Failure mode for specimens  
  with no stirrups (Tests 1, 2, and 3)

 
 (c) Failure mode for specimens (d) Moment-drift curve showing the effect 
 with stirrups (Tests 4 and 5) of additional horizontal reinforcement

Fig. 8. Typical damage progression and behavioral insights.
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fb = fb

top = fb
bottom = 1.54 fc  

bw
bf

n

1.7 fc≤ ′′
⎛
⎝⎜

⎞
⎠⎟  

(2)

The term bw bf  accounts for the effect of confinement, 
wherein bw is the width of the foundation, and bf (in inches) 
is the width of the flange. The exponent, n, is calibrated 
based on experimental data to a value of n = 0.66 (Mattock 
and Gaafar, 1982). The value of bearing stress is capped 
by a value of 1.7 fc′, reflecting the maximum confinement 
of the concrete by the reinforcement and the surrounding 
concrete. Referring to Figure 9(c), the resultant compressive 
forces Ctop and Cbottom are defined as follows:

 Ctop = fb
top

1cbjβ  (3)

 Cbottom = fb
bottom

1(dembed c)bjβ −  (4)

In Equations  3 and 4, c (in inches) is the neutral axis 
depth, β1 = 0.85 is the factor relating the depth of the equiv-
alent rectangular stress block to c, and bj = (bf + B) 2 is the 
effective width of the joint panel, where B is the width of 
the lower base plate. Based on work by Grilli and Kanvinde 
(2017), this expression reflects the development of bear-
ing stresses over a width greater than the column flange 
because a portion of the concrete panel outside the flange 
is mobilized. The attached reinforcement is assumed to 
act in tension and compression in the case of the welded 
reinforcement bars, and only in tension in the case of the 
U-bar Hairpin, since the column can transfer force to it only 
by bearing against the wraparound segment of the U-bar. 
The reinforcement bars are assumed to be elastic-perfectly-
plastic and fully developed in tension (as per ACI 318-19), 
Frebar = Arebar Fy× . The resultant from each rebar row is 
directly added to the resultants from the stress distributions, 
and the moment resistance due to horizontal stresses, MHB, 
may be obtained by summation of the resultant moments at 
the top of foundation level, such that:

 V Ctop +Cbottom Frebar
top + Frebarbottom = 0−−  (5)

 

MHB = Ctop
1c

2
+Cbottom dembed

1 dembed c( )
2

Frebar
top drebar

top + Frebarbottomdrebar
bottom−

− − −ββ ⎡
⎣⎢

⎤
⎦⎥

 

(6)

In Equations 5 and 6, Frebar
top  and Frebar

bottom are the resultant 
forces from the engaged reinforcement rods, and drebar

top  and 
drebar
bottom are the distances from the rebar location to the top of 

the foundation surface for the top and bottom rebar, respec-
tively. Eliminating the term c, which is common to both 
Equations  5 and Equation  6 (through the resultant force 
terms Ctop and Cbottom), results in one expression relating 
the moment capacity due to horizontal bearing directly to 
the shear force:

5. The effect of additional attached horizontal reinforcement 
may be assessed through Tests  2 and 3, which differ 
only in terms of the cross-sectional area provided by the 
attached horizontal reinforcement. A 20% increase in 
moment capacity was observed in Test  3, which has a 
340% higher cross-sectional area of reinforcement.

6. All specimens with reinforcement attained very high 
deformation without significant loss in moment strength 
(i.e., 6% drift compared to about 3% for the specimens 
without reinforcement tested by Grilli et al., 2017).

PROPOSED MODEL FOR  
STRENGTH CHARACTERIZATION

Based on the observations from the experimental program, 
this section describes the development of a strength model 
for ECB connections. The model incorporates observations 
from all relevant test data on embedded connections to quan-
tify internal force transfer mechanisms and failure modes. 
Specifically, the model considers specimens from this study 
(with additional horizontal reinforcement), as well as those 
tested previously by Grilli et al. (2017) without such rein-
forcement, and provides a unified approach to character-
ize their strength. The proposed approach assumes that the 
various internal mechanisms act “in parallel,” similar to 
the development of a plastic mechanism within the connec-
tion. This is based on the observation (across all experi-
ments) that significant deformations are mobilized within 
the various mechanisms (horizontal and vertical bearing, 
as well as shear panel) such that the strengths from these 
may be considered additive. Furthermore, this results in a 
simplified model that also provides fairly accurate results. 
Figures 9(a)–9(d) schematically illustrate the internal stress 
distributions and force transfer mechanisms, whereas Fig-
ures 9(e)–9(f) illustrate failure modes corresponding to the 
vertical breakout/pryout limit states. Figure 10 includes a 
flowchart summarizing the process to determine the ECB 
connection capacity using the proposed model.

Moment Resistance Due to Horizontal Bearing Stresses

Referring to Figure 9(c), one fraction of the applied moment, 
MHB, and the entire shear, V, is resisted through the devel-
opment of bearing stresses on both sides of the embedded 
column flanges. A modified version of the previously dis-
cussed approach developed by Grilli and Kanvinde (2017) 
is used to estimate the moment resistance provided by the 
horizontal bearing mechanism while adding the contribu-
tion of horizontal reinforcement. The bearing stresses are 
idealized such that a uniform stress distribution is assumed 
for both the top stress, fb

top, and the bottom stress, fb
bottom, 

such that:
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MHB =
Frebar
top Frebar

bottom V( )dembed
2

Frebar
bottom Frebar

top +V( )2

4bj fb

1bjdembed
2 fb ( 1 2)

4
Frebar
top drebar

top + Frebarbottomdrebar
bottom

− −
−

−

− −
−ββ

  
 (7)

Equation  7 represents an interaction equation between 
the shear force, V, and the moment, MHB, such that for any 
given shear force V, the maximum moment may be deter-
mined using it. The equation assumes that the “neutral 
axis”—the transition in bearing stress direction—occurs 
between the upper and lower layers of horizontal reinforce-
ment. Further, it is noted that the moment determined in 
this manner is calculated at the elevation corresponding to 
the top of the footing.

Moment Resistance Due to Vertical Bearing Stresses

Referring to Figure 9(d), the base plate at the bottom of the 
embedment is subjected to bearing stresses on the lower and 
upper surfaces, resisting the moment transferred to the base 
through the column flanges, as well as the net axial force 
transferred to the base plate. The base plate is assumed to 
resist the total axial force (through upward bearing in the 
case of compressive load or downward bearing in the case 
of tensile load) in addition to the moment resisted through 
the vertical bearing mechanism, MVB. Observations from 
experiments suggest that although the face-bearing plate at 
the top of the foundation transfers axial compression into the 
footing, the separation between the column and the footing 
during lateral loading [see Figures 8(b)–8(c)] implies that a 
significant portion of this axial load is carried through the 

 
 (a) Overall mechanism (b) Moment resisted due to horizontal and vertical forces

 
 (c) Horizontal resistance mechanism  (d) Idealized vertical resistance mechanism

Fig. 9(a–d). Proposed model for strength characterization.
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(e) Tension breakout failure mode (vertical bearing)

(f) Shear/friction failure mode (vertical bearing)

Fig. 9(e–f). Proposed model for strength characterization.
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footing to the base plate at the bottom. The stress distribu-
tion on the base plate itself arises from a superposition of 
stresses due to axial forces and the moment, MVB (Grilli and 
Kanvinde, 2017), and idealized these stresses as a stepped 
distribution [see Figure 9(d)], to reflect the combination of 
axial force and bending resisted by them. The width, Y, of 
the two “outside” steps was 0.3N, whereas the middle step 
was 0.4N wide. This results in a stress distribution with 
values determined using Equations  8 and 9. Specifically, 
the stresses on the tension side, fVB

M fVB
P− , on the compres-

sion side step, fVB
M + fVB

P , and on the central portion may be 
related to the applied loading as follows:

 
fVB
M = MVB

N Y( ) Y B− × ×  
(8)

 fVB
P = P B N( )×  (9)

Under these stresses, critical failure mode in the lab 
specimens was observed to be the breakout/pryout of 
the concrete on the tension side of the connection. This 
assumes that the supporting material slab below the base 
plate can develop the bearing stresses, fVB

M + fVB
P , induced on 

the compression side without failure. Implications of disre-
garding vertical bearing failure on the compression side of 
the connection are discussed later. With this assumption, 
determination of the moment, MVB, requires estimation of 
the force, Ft, that results in a breakout/pryout type failure of 
the concrete above the base plate on the tension side:

 Ft = fVB
M fVB

P Y B(( )) ×−  (10)

Following the idealization of Grilli and Kanvinde (2017), 
this force is assumed to act at a location of Y/ 2 (i.e., 0.3N 2) 
from the edge [i.e., at the center of the outside step as shown 
in Figure 9(d)]. Utilizing the stress distributions in Equa-
tions  8–10, the following relationship may be obtained 
between the moment MVB and the force Ft.

 
MVB = Ft

PY

N
N Y( )− −⎛

⎝
⎞
⎠  

(11)

The magnitude of Ft may be estimated based on the 
failure mode, which in turn depends on the connection 
detailing. Based on the experimental results, three possible 
scenarios are now discussed.

Scenario 1: Breakout of concrete failure cone in the 
absence of attached horizontal reinforcement

This failure mode is applicable only when no horizontal 
reinforcement is attached (tests by Grilli et al., 2017); that 
is, the tension field produced by the reinforcement does not 
affect the development of such a cone. In such a case, as 
shown in Figure 9(e), the total breakout force may be cal-
culated as:

 
Ft = Ftbreakout = 

40

9

1

dcover
fc A35′

 
(12)

Equation 12 is based on the concrete capacity design (CCD) 
method proposed by Fuchs et al. (1995), such that dcover 
is the thickness of the material that must be ruptured for 
breakout, which is equal to dembed for tension breakout. The 
term A35 is the projected area of a 35° failure cone emanat-
ing from the edges of the stress block on the tension side of 
width 0.3N. The projected area A35 is shown in Figure 9(e) 
and is calculated using Equation 13:

 A35 = B + 3 dembed( ) 0.3 N +1.5 dembed( ) B 0.3N( )− ×   
 (13)

Once established this way, the moment resisted through ver-
tical bearing may be determined by using Equations 11–13.

Scenario 2: Breakout of concrete failure cone in the 
presence of attached horizontal reinforcement

As previously discussed, once reinforcement is attached 
to the column flanges, a tension field is created above the 
uplifting end of the base plate, reducing the resistance to 
vertical motion. Experimental data (from Tests 1–3 of this 
study) suggests that this resistance is negligible, such that 
the moment due to vertical bearing resistance may be con-
servatively assumed as zero (i.e., MVB = 0).

Scenario 3: Shear failure of concrete in the presence of 
horizontal reinforcement and vertical stirrups

The third scenario is associated with the presence of ver-
tical reinforcement/stirrups supplementary to the attached 
horizontal reinforcement. The intent of the stirrups is to 
increase the vertical bearing resistance by mitigating the 
breakout failure mode noted in Scenario  2. Referring to 
the test results and Figures 7(d)–7(e), the stirrups added a 
fair amount of vertical resistance while shifting the failure 
mode from a cone breakout into a direct shear failure at 
the weak point in the foundation [i.e., the cracked section 
between two stirrups as shown in Figure 8(c)]. For this, Ft 
may be estimated from the free-body diagram of the break-
out block shown in Figure 9(f). This requires the determi-
nation of the shear stress on the crack interface. Cracks 
occurring along the interface between the cement paste and 
the aggregate particles result in a rough surface that can 
transfer shear through aggregate interlocking, as shown in 
Figure 9(f). Vecchio and Collins (1986) developed a rela-
tionship between the shear stress transferred across the 
crack, νci, the crack width, w, and the compressive stress, fci 
(in psi), on the crack, such that:

 
vci = 0.18 vci,max + 1.64  fci 0.82 

fci
vci,max

−
 

(14)
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due to shear panel action by the time the connection capac-
ity is attained. The crack width, w, is determined from the 
bond-slip relationship at the reinforced concrete interface 
using the CEB-FIP Model Code (FIB, 1990). Using this 
approach, the crack width is:

 w = 2Ls sm cm( )ε ε−  (17)

where 2Ls is the maximum slip length and εsm and εcm are 
the average value of steel and concrete strains, respectively. 
The transfer length, Ls, is defined as:

 
Ls = 

fct Ac,eff

bond diτ ∑π  
(18)

where fct is the tensile strength of concrete (taken as 7.5 fc′ 
following the ACI 318-19 provisions); Ac,eff (in square 
inches) is the effective area of concrete Wblock × dembed [see 

where νci,max (in psi) is the maximum shear stress that can 
be transferred across a crack when its width is w (in inches), 
given by:

 

vci,max = 
2.16  fc

0.3+ 24w
a + 0.63

′
⎛
⎝

⎞
⎠  

(15)

In Equation 15, a (in inches) is the diameter of the coarse 
aggregate in the cracked concrete, taken as 0.75 in. Given 
that the crack, as shown in Figure 9(f), is subjected to ten-
sion, fci in Equation 14 is zero, and thus:

 vci = 0.18 vci,max (16)

The diagonal crack is assumed to have zero shear 
strength [vci

panel in Figure 9(f) at the right-hand side of the 
breakout block] because it has already opened completely 

Fig. 10. Flowchart illustrating the strength characterization process.
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Figure  9(f)] such that Wblock is the width of the concrete 
foundation block; τbond (in ksi) is the average bond strength 
along the transfer length, taken as 0.95 fc  ′  (ksi) based on 
canonical literature (FIB, 1990); and di represents the diam-
eters of bars crossing the considered crack. This includes 
the foundation main longitudinal reinforcement bars, shown 
in Figure 6, as well as the attached reinforcement, as shown 
in Figure 9(f). Once determined in this manner, the value of 
the upward force due to shear friction/aggregate interlock-
ing across the cracked section may be calculated as:

 Ft = Ftfriction = vci( () )Ac,eff  (19)

This value may then be substituted into Equation 11 to 
calculate the vertical moment capacity for the connection 
where vertical/stirrups reinforcement are provided. Once 
MVB has been determined using the appropriate scenario, 
the connection strength may be estimated using the pro-
posed unified model as:

 Mmax
Model = MHB +MVB (20)

It is noted here that the moment determined in this man-
ner reflects the moment at the elevation corresponding to 
the top level of the foundation, considering the statics used 
in determining MHB. Because the determination of MVB 
does not include any horizontal forces, it may be statically 
transferred from the bottom to the top of foundation.

RESULTS AND DISCUSSION

Table  1 summarizes the test-to-predicted ratios for the 
strength estimates Mmax

test Mmax
Model for all test data points 

using the methodology prescribed in the previous section. 
Also included in Table 1 are the test-to-predicted ratios for 
the connection strength calculated as per the AISC SDM 
model Mmax

test Mmax
AISC  SDM, which is the only model for which 

official design guidance exists. Figures  11(a) and 11(b) 
plot the test-to-predicted ratios from both models against 
the column embedment depth (normalized by the depth of 
the column, i.e., dembed dcol). Similar comparisons of test 
data to other models, including the variants of the Grilli 
and Kanvinde (2017) model are presented in Hassan et al. 
(2022). Referring to Table 1 and Figure 11, it is observed 
that:

• The average test-to-predicted ratio for the AISC SDM 
approach is 1.05 with a coefficient of variation (CoV) 
of 0.22, indicating that the method is conservative 
when considered across all the test data (although with 
large scatter). However, a closer inspection of the data 
indicates that the method is conservative for the generic 

details—that is, the Grilli and Kanvinde (2017) tests 
without horizontal reinforcement—because it does not 
incorporate the effect of vertical bearing (average test-
predicted ratio = 1.19). However, where vertical bearing 
is insignificant (i.e., tests from the current study without 
stirrups), the results are somewhat less conservative 
(average test-predicted ratio = 0.87), while for the cases 
with the stirrups, the method is fairly accurate, even 
if it does not consider the contribution from vertical 
bearing. This may be attributed to the empiricism of 
calibrated factors in the method, specifically unbounded 
confinement effect and the simplifications implicitly 
applied in the method based on the aforementioned 
discussion. There does not appear to be a significant 
trend in these results with respect to the embedment 
depth dembed dcol.

• The proposed model predicts the experimentally 
observed moment strengths with reasonable accuracy. 
On average, the test-to-predicted ratio Mmax

test Mmax
Model  = 

0.99 with a CoV  = 0.13 across all the test specimens, 
indicating significantly improved performance over the 
SDM approach. Additionally, the method represents 
the effects associated with each of the three scenarios 
outlined previously. Specifically, the approach results 
in the following average test-to-predicted ratios: 
(1)  Scenario 1—breakout of concrete failure cone in 
the absence of attached horizontal reinforcement—that 
is, for the Tests  1G–5G, the average Mmax

test Mmax
Model  = 

1.05, with a CoV of 0.13; (2)  Scenario 2—breakout 
of concrete failure cone in the presence of attached 
horizontal reinforcement—that is, for the Tests 1–3, the 
average Mmax

test Mmax
Model  = 0.92, with a CoV of 0.14; and 

(3) Scenario 3—shear failure of concrete in the presence 
of horizontal reinforcement and vertical stirrups—that 
is, for the Tests  4 and 5, the average Mmax

test Mmax
Model  = 

0.96, with a CoV of 0.08. Thus, the proposed method 
appears to provide excellent estimates of test response 
over the subsets of tests (corresponding to each scenario), 
indicating that it represents the physics and internal stress 
distributions. Moreover, there is no significant trend in 
this accuracy with respect to any of the test variables, 
including the embedment depth, dembed dcol as illustrated 
in Figure 11(b).

As per the proposed model, the connection strength,
Mmax

Model, is attained after significant inelastic deformation 
and damage have occurred. As a result, this may not be suit-
able for the design of the base connection (especially if a 
strong-base–weak-column design is followed as per current 
practice). A fraction of the ultimate strength could be used 
for design purposes. This fraction may be taken between 
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(a) AISC Seismic Design Manual method

(b) Proposed model

Fig. 11. Test-predicted ratios for all experiments from AISC SDM method and the proposed model plotted against dembed/dcol.
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0.7–0.8, which represents the ratio between the yield and 
ultimate moment as observed in tested specimens in this pro-
gram as well as in Grilli et al. (2017).

SUMMARY AND CONCLUSIONS

Embedded column base (ECB) connections are widely 
used in mid- to high-rise steel moment frames to resist 
base moments. Despite their prevalence, methods available 
to design and estimate their strength rely on approaches 
originally developed for components such as steel coupling 
beams embedded in concrete shear walls or composite 
beam column connections that are similar to ECB connec-
tions. While similar in some aspects, these components 
have significant differences from ECB connections that 
limit their applicability and accuracy. This study presents 
findings from five tests representative of ECB connections 
in the United States. These connections include horizontal 
reinforcement attached to the column flanges and comple-
ment previous experiments (conducted by Grilli et al., 2017) 
that did not include such reinforcement. Two techniques 
of attaching the reinforcement were examined, including 
reinforcement bars welded directly to the column flange 
or U-bar hairpins wrapped around the column. The tests 
from this study were considered collectively in developing 
behavioral insights, evaluating the existing strength charac-
terization approaches, and proposing a new one.

The main observation was that while the attachment of 
horizontal reinforcement increases moment strength due to 
the development of horizontal forces, it produces a tension 
field behind the column. This reduces the restraint the con-
crete provides to base plate uplift, in turn decreasing moment 
strength due to vertical bearing stresses. For the specimens 
tested in this study, the decrease in moment strength (due 
to vertical stresses) is greater than the increase in moment 
strength (due to the horizontal stresses), such that the net 
effect is detrimental. Introduction of vertical reinforcement 
in the form of stirrups mitigates this problem to an extent by 
changing the failure mode to shear-friction along a nearly 
vertical plane rather than concrete breakout. On the other 
hand, the attachment of horizontal reinforcement signifi-
cantly increases the rotational ductility of the connections 
(in the range of 0.06  rad) with respect to details without 
such reinforcement (in the range of 0.035 rad). These fac-
tors may influence detail selection in different contexts—
for example, seismic versus nonseismic.

A strength model is proposed to represent these various 
failure mechanisms. For the horizontal bearing mechanism, 
the model relies on a stress-block based approach similar to 
that outlined by Grilli and Kanvinde (2017). For the vertical 
bearing mechanism, the model considers three scenarios 
for concrete breakout on the tension side of the connection, 

depending on the type of reinforcement used, and appears 
to provide uniformly accurate strength predictions across 
the different tested configurations and test programs. These 
predictions are superior compared to the current approach 
adopted in the AISC Seismic Design Manual. From a 
design standpoint, the use of this model is likely to reduce 
conservatisms of the AISC SDM model, while providing 
adequate safety.

Despite the accuracy of the proposed approach and the 
improvement (with knowledge advancement) over the cur-
rent approaches for strength characterization and design of 
ECB connections, the model has numerous limitations. The 
model is only validated against 10 tests because these are 
the only available data on ECB connections. The proposed 
method considered different failure modes pertaining to 
the uplift/vertical resistance; however, other limit states 
associated with vertical bearing are also possible depend-
ing on the connection configuration, including (1) concrete 
breakout under the compression toe of the lower base plate 
(due to placement of the column on a thin layer of concrete)
or (2)  yielding of the base plate if not sufficiently thick. 
These may be resolved by using the internal force transfer 
mechanisms outlined in this study, albeit with consideration 
of force capacities associated with these other limit states; 
additional testing and calibration may be required for this 
purpose. Additionally, it is noted that the flexural defor-
mations of the column may result in separation between 
the column flanges and footing (especially if no horizontal 
reinforcement is provided—as noted by Grilli and Kan-
vinde, 2017). Under such conditions, the axial compression 
may not be effectively transferred to the footing through 
the face-bearing plates on the top of the footing. This may 
result in punching failure of the supporting slab under the 
embedded base plate if it is not adequately designed. This 
failure state was not possible in the test setup of this study. 
Finally, the approach presented here does not include a reli-
ability study to estimate or recommend ϕ factors. If the 
approach is used as is, then ϕ implicitly equals 1.0; this is 
similar to the current approach in the AISC Seismic Design 
Manual (2018).

In conclusion, it is emphasized that the response of these 
connections is controlled by nonlinear interactions between 
the various components (steel column/base, concrete, and 
reinforcement). As a result, it is challenging to develop a 
design method that explicitly satisfies equilibrium, com-
patibility, and nonlinear constitutive response of the vari-
ous components, while also being convenient to apply in a 
professional setting. Consequently, the method presented in 
this study is based on some simplifying assumptions. This 
implies that caution should be exercised in extrapolating 
the results of this study to details that are highly dissimilar 
from those examined in this study.
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INTRODUCTION

Ongoing research on adhesive steel-to-steel connections 
is highlighted. This study, currently under way at the 

University of Massachusetts–Amherst, is led by Dr. Kara 
Peterman, Associate Professor in the Department of Civil 
and Environmental Engineering. Dr. Peterman’s research 
interests include behavior of cold-formed and hot-rolled 
steel structures under service loads and extreme loads 
due to natural hazards. Among Dr. Peterman’s accolades 
for her teaching and research are the University of Mas-
sachusetts–Amherst College of Engineering Outstanding 
Teacher Award, the McGuire Award for Junior Researchers 
from the Structural Stability Research Council (SSRC), the 
AISC Terry Peshia Early Career Faculty Award, and the 
AISC Milek Fellowship. The four-year Milek Fellowship is 
supporting this research on the holistic design and behavior 
of adhesive steel-to-steel connections. The research team is 
partway through year two of the four-year study. Selected 
highlights from the work to date are presented, along with a 
preview of future research tasks.

BACKGROUND AND MOTIVATION

The research team seeks to fill knowledge gaps and realize 
the great potential for adhesive structural steel connections. 
Experience with adhesives exists primarily in aerospace, 
nautical, and automotive industries, with some in cross- 
laminated timber and concrete construction, and more 
limited work with structural steel. Potential benefits for 
adhered steel-to-steel connections include improved per-
formance of mechanical connections, connection flexibil-
ity, and reduction or elimination of stress concentrations.

A literature review highlights potential applications, 
anticipated benefits, and knowledge gaps. Applications 
related to the proposed research have included bridge retro-
fit, light-framed construction, and steel connections. Bridge 
retrofit work includes a Hu et al. (2006) study on adhered 
steel angles to mitigate out-of-plane, distortion-induced 
fatigue cracks. Two successful field tests on skewed bridges 

and large-scale laboratory tests demonstrated environmen-
tal durability and reductions in strains, with some loosening 
of the adhesives after millions of cycles of loading (Hu et 
al., 2006). In their investigation of bridge retrofit schemes 
using fiber-reinforced polymer (FRP) plates adhered to 
steel, André et al. (2012) observed debonding of the adhe-
sive from the steel and failure within the adhesive itself. 
Peterman et al. (2017) also observed failures between adhe-
sives and polymers in research on thermal break strategies 
for steel building systems. Serrette et al. (2006) explored 
cold-formed steel shear walls bonded to steel sheets or ori-
ented strand board. The shear walls were attached to the 
stud wall framing with adhesive and fasteners. Peak wall 
resistance and stiffness were increased, but energy dissipa-
tion decreased. The researchers pointed to the need for addi-
tional research on the adhesive and connection detailing 
(Serrette et al., 2006). Steel double-lap splice connections 
studied by Sadowski et al. (2010) utilized a rivet, adhesive, 
or a combination. The combined connection demonstrated 
increased connection strength, elastic stiffness, and ductil-
ity. Gasparini et al. (1990) investigated mechanical prop-
erties of adhered steel-to-steel connections, identifying 
research needs in behavior under sustained loading and 
tensile creep rupture. Ikegami et al. (1996) demonstrated 
variability in the behavior of adhesively bonded steel con-
nections (e.g., lap splices, butt joints), noting dependence 
on the curing process. Meanwhile, de Morais et al. (2007) 
demonstrated improved connection strength with increased 
adhesive thickness in lap splice and butt joint connections.

The literature review identifies lack of standards for 
adhesives in steel construction as well as research needs. 
More data are needed on adhered steel-to-steel connections, 
their limit states, and behavior (e.g., creep). Research must 
address adhesives used in combinations of connecting ele-
ments or as grout, fill encasement, or thermal break. Devel-
opment of systematic methods for performance evaluation 
will further advance adhered structural steel connections. 
Challenges include the need for a controlled environment, 
different adhesives for different applications, lack of speci-
fications, and varied mechanical performance based on 
curing.

PROPOSED RESEARCH AND DELIVERABLES

The research team is providing fundamental knowl-
edge needed to advance adhesives for slip-critical bolted 
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connections, prefabricated modular construction, bridge 
girder splices, and anchorage. Questions about installation 
procedure, structural behavior, creep performance, and per-
formance under elevated temperatures are being addressed. 
The proposed work synthesizes existing knowledge, lever-
ages the expertise of an industry advisory panel, identifies 
viable adhesives and applications, conducts experimental 
testing to address knowledge gaps in mechanical properties 
and structural behavior, and develops design recommenda-
tions (Figure 1).

Numerous opportunities exist for adhesives in structural 
steel construction. Adhesives may be integrated into bolted 
and welded connections and do not introduce stress concen-
trations or require any changes in the bolt or weld configu-
rations. Adhesives may allow greater control of connection 
failure mode and energy dissipation. Adhesives may also be 
used to fill connection gaps or as anchor rod grout or con-
nection encasement.

Research to address knowledge gaps and pursue opportu-
nities leads to five major deliverables. The first deliverable 
is the information about the structural behavior of adhered 
steel-to-steel connections. The second is the validation of 
adhesives for these connections. Validation is tied to the 
determination of performance objectives and minimum 
properties for the adhesives. The third deliverable is a set of 
recommendations providing guidance on selection, design, 
and detailing of connections with structural adhesives. 
Accompanying the design recommendations is the fourth 
deliverable, a centralized and searchable database of avail-
able structural adhesives. Finally, underlying the research 
outcomes is the fifth deliverable, the experimental data.

The experimental work plan is a systematic investigation 
at material, connection, and subsystem levels (Figure 2). 
Material-level testing addresses tension, compression, and 
creep. Double-lap splices and anchors will be explored in 
connection-level testing. At the subsystem level, steel deck 
diaphragms and steel-sheet sheathed cold-formed steel 
(CFS) shear walls will be tested.

Material-Level Testing

Material-level testing focuses on strength characteriza-
tion of the adhesives. The impact of curing methods and 
surface preparation on the mechanical properties will also 
be assessed. The research team plans to utilize available 
standards for adhesives and adapt standards as needed for 
tension, compression, and creep (Figure 2). Elastic yield 
strength and ultimate strength will be evaluated following 
ASTM D638, the test standard used for plastics (ASTM, 
2022). Tension coupons will be machined from properly 
cured adhesive stock. The team will assess impact of cure 
time, cure temperature, and surface preparation on adhe-
sives under tensile loading. Procedures such as ASTM 
D1002 (ASTM, 2019) for “Apparent Shear Strength of  
Single-Lap Joint Adhesively Bonded Metal Specimens by 
Tension Loading (Metal-to-Metal)” will be followed. Rel-
evant standards [ASTM D2293 (ASTM, 2002), ASTM 
D2294 (ASTM, 2016)] will be utilized for creep testing of 
lap joints (adhesives in shear) under tension and compres-
sion loading. The team expects to investigate three adhesives 
and two curing methods. The results for the material-level 
testing will lay the foundation for test phases to follow.

Industry Advisory Panel Centralized 
adhesive database

Viable adhesives for 
structural steel 

connec�ons

Mechanical property 
tes�ng of viable 

adhesives

Iden�fica�on of 
specific applica�ons

Full scale experimental 
tes�ng of connec�ons 

and sub-systems

Design recommenda�ons
• Guidance on selec�ng 

an adhesive
• Defini�on of 

performance 
objec�ves

• Development of an 
ASTM C881 equivalent

• Detailing and 
construc�on specifics

Task 1

Task 2a

Task 2b

Task 1

Task 1

Task 2

Task 3

Update database

Fig. 1. Research tasks and deliverables.
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walls and deck diaphragms, as well as the behavior of these 
subsystems.

LITERATURE REVIEW,  
DATABASE, AND TEST PLANNING

Work to date has included a literature review, database, test 
planning, and creep testing that is under way. The literature 
review has confirmed that there is ample information on 
aerospace, automotive, and naval uses, but not much related 
to building applications. Large-scale tests (e.g., Serette et al., 
2006; Hu et al. 2006) are also rare. The review has provided 
structural adhesives to populate the database, information 
on testing procedures, pointers to gaps in knowledge, and 
the groundwork for test planning.

For test planning, the literature has informed test pro-
cedures and properties of ideal adhesives. Ideal adhesives 
should include a high lap shear strength, long pot life or 
handling time to facilitate fabrication of joints, and low 
elongation at high loads. Ideally, the adhesives should also 
have a high glass transition temperature and a practical in-
service temperature range. The curing method should be 
appropriate for large-scale work, whether in the fabrication 
shop or in the field. Meanwhile, relevant test standards have 
been reviewed and work on prototypes completed.

The database utilizes an online web application designed 
for sharing computational documents. The Jupyter Note-
book features plots such as distributions of lap shear 
strengths and handling times for the adhesives in the data-
base. The “live” Notebook updates plots with any changes 
in the database.

Challenges experienced by the research team include 
variability in manufacturer information and curing meth-
ods. Not all manufacturers release the same information 
in their data sheets; the research team is missing infor-
mation for some adhesives. This introduces difficulties in 

Connection Testing 

Connection tests will further inform design guidance for 
applications such as adhered anchor rods, steel deck dia-
phragms adhered to steel joists, and steel-sheet sheathed 
cold-formed steel (CFS) shear walls. Double-lap splice con-
nections will be used to capture adhesive-steel interactions 
at a component level (Figure 3). Based on the literature and 
identified research needs, parameters will include thickness 
of the adhesive, combinations of adhesives with slip-critical 
bolts, and elevated temperatures. For the anchor rods, iso-
lated adhered anchor rod pull-out tests will be conducted 
(Figure 4). Adhesive thickness may again be a parameter. 
Where thickness is dictated by the available fill space, the 
test results will provide upper and lower bounds on perfor-
mance. These tests will use the same curing methods and 
adhesives as in the material-level tests. All specimens will 
be loaded with monotonic displacement control.

Subsystem Testing

The subsystem testing will focus on steel deck diaphragms 
adhered to steel joists and steel-sheet sheathed cold-formed 
steel (CFS) shear walls. The research team has chosen 
these subsystems to highlight the potential benefits of 
adhesives for prefabricated panels or modules for construc-
tion. Replacing or reducing the number of fasteners with 
adhesives may improve fabrication and installation time. 
Adhesives and methods will be chosen based on the mate-
rials and connection level testing. These experiments will 
leverage the existing cantilever diaphragm rig at UMass 
Amherst (Figure 5). Steel deck diaphragms will be adhered 
to steel joists as shown schematically in Figure 6. In its cur-
rent configuration, the rig is set for 15 ft by 15 ft specimens 
but can be modified to accommodate 10 ft by 10 ft speci-
mens. Expected research deliverables include information 
about the feasibility of adhered connections for CFS shear 

tension

compression

creep

double lap 
splice [shear]

anchor 
embedment

Steel deck 
diaphragm

steel-sheet sheathed
CFS shear wall

Material Connec�on Subsystem

• thin adhesive
• thick adhesive
• slip cri�cal
• elevated temp

Fig. 2. Material, connection, and subsystem levels of investigation.
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Fig. 3. Double-lap splice connection test configurations.

Fig. 4. Anchor rod pull-out test configuration.
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Fig. 5. Cantilever diaphragm testing rig at UMass Amherst.

Fig. 6. Steel deck diaphragm-joist subassembly.
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comparing adhesives. Different curing methods maximize 
different properties such as cure time, glass transition tem-
perature, strength, or in-service temperature range. Synthe-
sis of available products and methods continues.

COMPLEMENTARY RESEARCH EFFORTS

This research has also been informed by complemen-
tary work by the Virginia Department of Transportation 
(DOT) and the Federal Highway Administration (FHWA). 
Jason Provines, Virginia Transportation Research Council 
(VTRC), leads the DOT work focused on adhesives for gap 
filling and joint sealing at bridge girder ends. The adhe-
sive joints are primarily under compressive loading. Ryan 
Slein and Fang Wang are in Phase 2 of their research, 
having completed a Phase 1 experimental study compar-
ing performance of adhesive-enhanced bolted connections 
with conventional double-lapped shear bolted connections. 
Creep of adhesives and relaxation of bolt pretension were 
also investigated.

These groups shared research at a workshop hosted by 
UMass Amherst. Workshop outcomes included compari-
sons of adhesive selection processes and experimental 
protocols. The workshop highlighted the challenges in spec-
ifying adhesives for universal structural steel application. 
While the UMass and FHWA research teams had overlap-
ping research goals (primarily shear connections), and thus 
overlapping adhesive selection, the VTRC team focused 
on entirely on compression joints and examined a differ-
ent suite of structural adhesives. In translating research out-
comes to practice, and to meet this challenge, the UMass 
team will be working to establish acceptable performance 
criteria to be used under certain load conditions.

FUTURE WORK 

Work continues on the testing, database building, and 
design recommendation development. Looking ahead to 
one of the major deliverables, the research team expects to 
develop equations and recommendations that parallel exist-
ing guidance. For example, ASTM C881 (ASTM, 2020), 
“Standard Specification for Epoxy-Resin-Base Bonding 
Systems for Concrete,” provides performance objectives 
for adhesives for specific applications. Applications range 
from load-bearing applications to non-load-bearing seal-
ants. Each application type is defined along with perfor-
mance targets to be achieved in order for an adhesive to be 
rated for that application. The adhesive rating system will 
be informed by the experimental testing and guidance from 
the industry advisory panel.
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ERRATA

Application of AISC Specification Requirements for 
Second-Order Analysis and Stability Design
Rafael Sabelli, Allen Adams, and David Landis

Vol. 60, No. 3, 2023

Revise the bottom two rows in Table 1:

Table 1. Methods of Addressing Stability-Design Considerations

Stability-Design Consideration
Direct Analysis 

Method
Effective Length 

Method
First-Order  

Method

(a)  All deformations that contribute to the 
displacements of the structure

Analysis of model that includes all 
significant sources of flexibility

(b) Second-order effects 

System P-Δ effects 
(including P-δ effect  

on P-Δ)
Second-order analysis

Additional  
lateral load

Member P-δ effects
B1 amplifier or inclusion of member  
P-δ effect in second-order analysis 

B1 amplifier

(c)  Geometric 
imperfections (system)

Effect on  
structural response

Minimum notional 
load or modeling of 

imperfections
Minimum notional load

(c)  Geometric 
imperfections (member),

(d)  Stiffness reduction due  
to inelasticity, and

(e)  Uncertainty in strength 
and stiffness

Effect on  
structural response

Stiffness reduction
Effective  

length factor
Additional  
lateral load

Effect on  
member strength

Member strength formulae
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