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CLOSURE

Investigation on the Performance of a Mathematical
Model to Analyze Concentrically Braced Frame
Beams with V-Type Bracing Configurations

ALIREZA ASGARI HADAD and WILLIAM THORNTON

ABSTRACT

The discussion-paper published by Roeder et al. (2021), hereafter referred to as the responders for clarity, disputes the results published
by Hadad and Fortney (2020) and the chevron effect (CE) analysis method published by Fortney and Thornton (2015, 2017), based on the
responders’ earlier research results and their understanding of the behavior of chevron beams. This paper provides the reply to the disputed

topics.

WEAK BEAM VERSUS STRONG
BEAM MECHANISMS

According to the literature, there are two failure mecha-
nisms in chevron-braced bays: (1) a weak beam mecha-
nism in which the buckling of the compression brace causes
an unbalanced force to be applied on the beam and sub-
sequently the formation of plastic hinges in the beam and
where weak beams lead to considerable plastification in
columns, beams, and braces, irrespective of brace slender-
ness, and (2) a strong beam mechanism where buckling of
the compression brace is followed by yielding of the ten-
sion brace, the beam being sufficiently strong to remain
elastic despite the vertical unbalanced force applied to it
by the braces at mid-span. Chevron-braced frames (CBFs)
with strong beams and weak braces exhibit a more uniform
distribution of yielding with height than frames with weak
beams and strong braces.

The intention behind explaining the mentioned mecha-
nisms in the paper was to show the importance of chevron
beams in determining the behavior of V-bracing and X-
bracing CBF. The paper does not consider any mechanism
superior to the other one. Below is the exact statement from
the paper:
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“It is not evident from the data in the literature which
collapse mechanism is preferable.” (Hadad and Fortney,
2020; emphasis added)

Although the responders consider the weak beam mecha-
nism superior to the other failure mechanism based on their
earlier research (Sen et al., 2016), they can review the other
literature (Shen et al., 2015) to see how the weak beam
mechanism is challenged. D’Aniello et al. (2015) showed
the importance of chevron beam strength and stiffness in
determining the behavior of concentrically braced frames.
Thus, it is necessary to understand the actual demand on
chevron beams and design them accordingly before taking
a side on the controversial discussion about the desirable
behavior of chevron beams. Thus, the authors investigated
the performance of the CE method in the paper.

THE CHEVRON EFFECT ANALYSIS METHOD

The chevron effect (CE) method provides simple, closed-
form solutions for normal and shear forces in the beam at
the gusset to beam interface. There was no available infor-
mation on these forces on the beam section until the CE
analysis method (Fortney and Thornton, 2015, 2017) was
published. Designers require a method to design these
connections for buildings in a reasonable time frame. The
responders criticize the authors’ approach but provide no
alternate method. Figure 3 in the responders’ paper (Roeder
et al., 2021) showed a broken line in the chevron region,
which is exactly that part of the beam where the CE method
shows the actual shear force and bending moment distri-
butions. What do the responders propose for this region?
The responders should have calculated the beam shear force
demand for the connections in the analyzed frame using the
CE method. The question of whether a beam that is inade-
quate per the CE method nevertheless performs adequately
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seems obvious but is not addressed by the responders’
analyses. If the beams, selected using other criteria, have
sufficient strength per the CE method, their adequate per-
formance can be interpreted as supporting the CE method.

The finite element studies of Hadad and Fortney (2020)
were intended to verify the reasonable accuracy of the simple
closed-form solutions of the original two papers. That goal
was achieved. The results of the paper showed the chevron
effect can be reasonably analyzed with simple closed-form
equations without the use of finite element analysis. With
the addition of AISC Seismic Provisions Section F2.6c.4
(AISC, 2016), even a seismic special concentrically braced
frame (SCBF) design will likely be adequate.

It is worth noting that in buildings with composite floor
systems, very little axial force will be carried to the beam-
to-column connections. That is the reason Fortney and
Thornton (2015, 2017) focused on estimating the shear
force and bending moment distribution in chevron beams.
The responders’ considered the results of a bare 2D frame
model to show the importance of axial load in chevron
beams. The responders’ test model is probably not repre-
sentative of actual design conditions.

Figure 3 in the responders’ paper showed a beam with
axial forces. These can be handled by the CE method
because it looks at the whole beam, including the chevron
zone. The design shears and moments in the chevron region
may be bigger than the design values shown in Figure 3.

Additionally, the responders’ design relies on the fix-
ity of the beam-to-column connection. This fixity induces
shear in the beam that counteracts the chevron effect in the
elastic range of drift. For elastic systems, the brace force
direction (i.e., tension or compression) correlates with the
drift direction such that both reverse in unison, and the off-
setting of the beam-shear effects may be reliable. This cor-
relation between brace force direction and drift direction
likely holds for an SCBF. The large peak forces associated
with the initial buckling strength of the brace in compres-
sion may occur only once, or once in each direction. For
both of these peak-force conditions, the shear from the
beam fixity reduces the chevron-effect shear force within
the connection. However, for buckling-restrained braced
frames, such correlation between drift direction and brace-
force direction no longer holds after yielding of the braces.
As such, the beam shear from the moment-frame behavior
could be additive to the chevron shear. Recommendation to
ignore the chevron effect generally and not limited to the
specific configuration and system studied by the responders
is irresponsible and could lead to unanticipated and poten-
tially undesirable mechanisms in systems the responders
have not considered or analyzed. The responders’ failure
to examine, or even consider, the statics of the connection
results in their erroneous conclusion that the chevron does
not exist because, in the case they studied, it is offset by
another effect.
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The authors do believe the CE method is not the ultimate
method in the analysis of chevron configured brace frames,
and thus, they appreciate and encourage the discussions on
the CE analysis method and the efforts to further improve
its accuracy. However, the inclusion of the chevron effect
phenomenon, as confirmed by other researchers (Sabelli
and Saxey, 2021), is a necessity to understand the shear
force and bending moment demands on chevron beams.
Until more accurate and convenient methods are available,
the CE method is encouraged to be used in the analysis and
design of new structures.

FINITE ELEMENT ANALYSES TO INVESTIGATE
THE CHEVRON EFFECT METHOD

To evaluate the accuracy of the CE analysis method, the
authors studied the shear force and bending moment dis-
tributions along the whole length of the beams in a group
of beam-gusset assemblies through finite element analysis.
The beam length in Figures 7 to 11 of the original paper is
300 in. as presented in Table 1 (Hadad and Fortney, 2020).
The results published in the paper show:

* The existence of chevron effect and the success of the CE
analysis method in identifying the phenomenon through
its simple closed form solutions.

e The reasonable accuracy of the CE analysis method in
estimating the beam shear force and bending moment in
chevron beams, specifically in the beam-to-gusset plate
connection region, while it requires no finite element
analysis and a relatively small amount of time to be
performed.

Because the paper investigated the performance of the
CE analysis method that was introduced earlier (Fortney
and Thornton, 2015, 2017), the same modeling approach
was used in the finite element models (i.e., simply sup-
ported beams with gusset plate(s) in the middle carrying
the brace loads).

The responders believe the chevron beams in braced
frames should not be considered as simply supported beams
due to the relative rigidity in the connection region. They
also consider the gusset to be part of the beam increasing
its strength. It could be helpful if the responders reported
forces across section cuts at one or more chevron connec-
tions at the time of maximum shear force, such as shown in
Figure 1. Such section cuts would reveal whether the shear
force outside the connection region is offsetting the chevron
shear, whether the moment on Section 1 is less than that
determined based on brace axial forces (due to brace resist-
ing moment), whether the gusset reinforces the web (as the
proposed by the responders), or whether the distribution of
shear force between the two is better described by the CE
method.



Also, a reanalysis of the frame presented in the respond-
ers’ paper without moment connections at the roof beam,
perhaps with a beam that does not meet the required shear
strength as determined using the CE method, could improve
the discussion. The beam at the roof level in the responders’
analyses appears to be a heavy beam with moment connec-
tions. Are such measures required in order for a design that
does not consider the chevron effect to perform well?

Considering all the assumptions in the responders’ analy-
sis model, do the responders have a simple way of analyz-
ing braced frames based on these considerations or have
a complex finite element computer program is required?
Until such time as a simple closed-form solution calculation
method is available, the authors believe that the CE analysis
method, as verified by the paper, is adequate to produce an
acceptable design very quickly.

DUCTILITY FACTOR AND STRESS
DISTRIBUTIONS IN THE BEAM-TO-GUSSET
PLATE CONNECTION INTERFACE

The ductility factor is considered in the literature (Richard,
1986; Hewitt and Thornton, 2004) as one possible solution
to accommodate the stress concentrations in the design
of welds connecting gusset plates to beams. The authors
decided to examine the value of this factor based on the
results obtained from the chevron beam-gusset assemblies
studied in the research (Hadad and Fortney, 2019, 2020). To
do so, the authors compared the actual stress distribution
at gusset-to-weld interface versus the average of the stress
values. None of the stress values were calculated based on
CE method. The results clearly showed the factor needs to
be changed.

Fig. 1. Suggested sections that could be studied in the responders’ model.
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With respect to Figure 2 in the responders’ discussion, it
should be noted that this test was one of two tests that were
identical except for the weld sizes. The weld sizes in the
Figure 2 tests were sized for the gusset edge forces while
the identical test had the weld increased by the AISC duc-
tility factor of 1.25. In this second test the welds survived
the fracture of the brace with no cracks. The requirement
of AISC Seismic Provisions Section F2.6¢.4 (AISC, 2016)
is a direct result of the Figure 2 test, but did not explicitly
involve a chevron gusset.

The solution suggested by the authors to use the gus-
set plate shear strength in designing the weld connecting
the gusset plate to the chevron beam is obviously not the
only possible solution. It is just a suggestion by the authors.
Other researchers are highly encouraged to participate in
this effort and suggest better solutions.

CONCLUSION

The chevron effect analysis method is the pioneering
method in identifying the chevron effect in chevron con-
figured concentrically braced frames. The method provides
simple closed form solutions for structural designers to
estimate the shear force and bending moment distributions
along the chevron beam length without requiring them to
run computationally expensive finite element analyses. The
performed investigations showed the reasonable accuracy
of the method.

The authors appreciate the attention of the responders,
the reviewers’ helpful comments, and other structural engi-
neers and researchers for their feedbacks on the method
since it has been published. Such comments help the authors
in improving the chevron effect analysis method.
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Comparison of Simple and Advanced Methods of
Analysis in the AISC Specification for
Fire-Resistant Structural Design

RACHEL CHICCHI and AMIT H. VARMA

ABSTRACT

AISC Specification Appendix 4 (AISC, 2016b) provides criteria to aid structural engineers in structural design for fire conditions. It includes
an advanced method of analysis and a simple method of analysis. The simple method provides straightforward equations to determine
member capacities at elevated temperatures. However, determination of demands on the structure (forces and deformations) due to ele-
vated temperatures is less clear. This paper aims to minimize these gaps in knowledge. A comparison of these methods will be articulated
through the analysis of a 10-story office building. The building is a steel structure with perimeter moment frames and a composite floor
system that was designed for hazards in Chicago, lllinois. In order to conduct the advanced analyses, a three-dimensional (3D) finite element
method building model was developed using ABAQUS (2016). This model can simulate inelastic deformations, instability failures, connection
damage at elevated temperatures, and the effect of temperature on strength and stiffness of materials. The simple analyses were conducted
using SAP2000 (CSI, 2018), a commercially available structural analysis and design software. A comparison of results from each method of
analysis shows that for gravity framing members, the advanced method produced the longest fire-resistance rating. The fire-resistance rat-
ing determined from the simple method was more conservative, resulting in a shorter resistance rating. The simple method was also found
to be the most conservative approach for the moment-resisting frame members, making it a less desirable method for designing the lateral
system for fire than the prescriptive approach. Use of the simple method may be most advantageous for gravity framing applications only

and may be overly conservative for considerations of the lateral framing system.

Keywords: fire resistant design, steel, simple method, performance-based design.

INTRODUCTION

tructural design for fire conditions in the United States

has traditionally been conducted by architects and fire
protection engineers using a prescriptive approach. This
approach is based on standard furnace tests of components
and assemblies, which do not always correlate well with
realistic building behavior. Following the World Trade Cen-
ter collapse in 2001, structural fire engineering research
and design began to move toward a performance-based
approach that considers system-level response and design
fires specific to each building (occupancy, materials, venti-
lation, etc.). With this shift, structural engineers have a more
active role in the structural design for fire conditions. In an
effort to facilitate this shift in responsibility, the American
Institute of Steel Construction (AISC) authored and con-
tinues to update Appendix 4 of the AISC Specification
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(2016b), which provides guidance on structural design for
fire conditions. This appendix includes design guidance for
using advanced and simple methods of analysis.

Summary of Structural Design Approaches for Fire

Appendix 4 alludes to three primary methods of analy-
sis or design for fire: the advanced and simple methods
of analysis and the prescriptive method for design. The
advanced method incorporates several considerations in its
analysis. These include strength and stiffness deterioration
with increasing temperature, thermal expansions and large
deformations, second-order effects, inelasticity, and the
ability to simulate all potential limit states, among many
others. These analyses are performed in accordance with
AISC Specification Appendix 1.3.1 (2016b). This model-
ing approach is often used for large or complex structures
with irregularities in stiffness or geometry, though it is
becoming an increasingly prevalent approach for analyzing
regular buildings as engineers become more competent in
designing for fire.

The simple method of analysis is a member-based
approach that evaluates member adequacy using load and
resistance factor design. It allows the designer to employ
reasonable and conservative simplifying assumptions in
order to assess member adequacy without the detailed
modeling necessary for the advanced method. The simple
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method approach captures common limit states but does
not currently include all potential limit states. For example,
local buckling limit states and connection failure modes
are not currently considered in Appendix 4. The simple
approach also enables the designer to calculate the mem-
ber design strength at a specific temperature but does not
consider the member’s behavior over time or evaluate the
performance of the structure overall. The design equations
for the simple method were primarily based on work by
Takagi and Deierlein (2007), which showed close correla-
tion to ECCS (2001) and detailed finite element models that
were validated against physical test data.

The prescriptive approach of fire-resistance ratings
is based on standard furnace tests of short span mem-
bers. This approach does not specifically consider build-
ing geometries and loadings. The International Building
Code (ICC, 2018) specifies the required fire-resistance rat-
ing (FRR) based on the ASTM E119 (2015) standard for
structural members based on the size, number of stories,
use of space, and building importance. This rating is the
time (in hours) that an element or system can be exposed
to a standard fire before it reaches its critical temperature
or approaches collapse under applied loads. A database of
successfully tested assemblies is used to determine the fire-
proofing thickness required on each structural member in
order to achieve the necessary fire-resistance rating. The
forthcoming 2022 edition of the AISC Specification will
include more information about the prescriptive method,
including design applications.

While the prescriptive approach is used widely in the
U.S. building industry due to its simplicity and successful
performance history, the standard fire-tested assemblies do
not always translate well into real building behavior and can
be overly conservative, limiting design capabilities of the
structural engineer and architect. The advanced analysis
method provides a performance-based approach that allows
the design team and the owner to better understand build-
ing behavior, including anticipated extent of damage, due to
fire hazards. The simple method allows for a comparison of
design strength and resistance of individual members that is
typically less computationally and labor expensive than the
advanced method. These methods provide the potential for
optimization of structural framing and flexibility of design.

This paper discusses the analysis of a case study building
for a design fire using the simple and advanced methods
of analysis. The prescriptive method of design was used to
design the case study building and then the adequacy of the
design was evaluated and compared with the results of the
simple and advanced methods. The primary objectives of
this paper are to (1) provide practical recommendations for
the implementation of the simple method of analysis using
the SAP2000 (CSI, 2018) software and (2) provide a com-
parison between the results of each method.
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BACKGROUND

Existing studies have been performed that apply the
advanced analysis method to three-dimensional (3D) steel
building finite element models, including Agarwal and
Varma (2014), Fischer et al. (2019), Khorasani et al. (2019),
and Gernay and Khorasani (2020). These models are capa-
ble of capturing all potential limit states, including compos-
ite slab behavior, connection failure, and inelastic column
buckling. Two-dimensional models or single-compartment
3D models can also be modeled using the advanced method
but may not adequately consider slab continuity and bound-
ary conditions that are represented in a full building model.

In addition to previous research studies, the American
Society of Civil Engineers (ASCE) published performance-
based structural fire design examples that provide addi-
tional guidance on structural fire design using ASCE 7-16,
Appendix E (ASCE, 2016). This includes design proce-
dures, performance objectives, and recommendations gen-
erated by engineers at four different design firms across
the United States. Performance objectives are typically
determined in coordination with the owner, engineer, and
authority having jurisdiction (AHJ). These are metrics of
the intended performance of the structure under fire effects.
The code-minimum requirement (ASCE, 2016; ICC, 2018)
for performance is to maintain structural integrity for a
period of time in order to ensure safe and complete evacua-
tion of the building occupants. This period of time is known
as the fire-resistance rating. Higher levels of performance
may be required such as no collapse throughout the dura-
tion of the fire or extending the timeframe of structural
integrity (i.e., increasing the fire-resistance rating beyond
the code-minimum requirement).

FIRE ANALYSIS AND
DESIGN METHODOLOGY

An exemplar case study building will be used to dem-
onstrate the simple and advanced methods of analysis
and ultimately compare the results of each method. The
fire-resistance rating achieved from each method will be
compared as well as the demands determined from each
approach. The advanced method provides an indication
of the behavior of the system over time through a virtual
simulation, while the simple method typically evaluates a
design based on the peak demands of the structure. Thus,
direct comparison of demands between these two methods
is difficult if comparisons are not made at the same point in
time. For the purposes of this comparative study, member
demands were evaluated at a specific time (at 1 hr). One
hour is the building’s prescribed fire-resistance rating, and
the case study structure was design for this code-minimum
requirement.



When performing an analysis and design of a structure
under fire, the performance objectives established for that
design must be evaluated. If maintaining structural integ-
rity throughout the duration of the fire is a performance
objective, then consideration of demands and design
strength at all phases of the design fire ought to be consid-
ered. Consideration should also be given to the effects of
cooling, which could cause contraction (tensile forces) in
connections. Connection design using the simple method is
beyond the scope of this paper and requires further research
and understanding.

Analysis Considerations

Fire Types and Locations

AISC Specification Appendix 4 (2016b) indicates that
structural members should be designed for a design-basis
fire, which is a fire that captures the likely heating condi-
tions within the building based on fuel load densities and
compartment characteristics. Appendix 4 specifies three
types of design-basis fires: localized, post-flashover com-
partment, and exterior fires. After ignition and growth of
the fire, flashover may occur, which initiates a fully devel-
oped, or post-flashover, fire. Localized fires are those that
do not cause flashover due to either a lack of fuel or oxy-
gen. These fires typically develop temperatures much lower
than post-flashover fires. Post-flashover compartment fires
are fully developed fires where the temperature within the
compartment is presumed to be homogenous throughout.
Compartments are defined as areas within the building
that are bounded by fire-rated boundaries that can contain
the fire throughout its duration (NFPA, 2020). Exterior
fires occur when radiation and flames escape post-flash-
over compartment fires that could compromise structural
members outside of the compartment. Only post-flashover
compartment fires are being used in this study. Refer to the
Appendix 4 Commentary for additional resources for iden-
tifying fire curves for the other fire types.

Engineering judgment must also be used to determine
which critical locations within the building to analyze for
fire. Areas prone to progressive collapse under fire loading
should be considered; this may include members carrying
high loads and/or long spans. Consideration should also
be given to the likelihood of each fire event; for instance,
spaces with equipment that could malfunction and initiate
a fire should be considered. Also, areas with high fuel load
density should be evaluated, as well as areas less accessible
to firefighting measures.

Thermal Gradient

Thermal gradient is the change in internal temperature of a
structural member across its length and cross-section. The

assumptions regarding the design fire will influence the
thermal gradient of the structural member. It was assumed
that the fire is post-flashover; thus, a simplified one-zone
modeling approach is used, and temperatures are modeled
as constant along the length of the member. Localized fires,
or those simulated using more realistic fire conditions, may
invalidate this simplifying assumption.

Composite beams and steel columns may experience
different thermal gradients along their cross section. The
bottom flange of a composite beam is typically exposed to
a fire from all sides while the top flange is insulated by
the concrete slab on metal deck it connects to. This creates
a higher internal temperature in the bottom flange of the
beam than the top flange, creating a nonuniform thermal
gradient in composite beams. The simple method accounts
for this by applying a 25% reduction in steel temperature at
the top flange of the cross section relative to the remainder
of the cross section. When using the advanced method, the
temperature gradient is typically determined by conducting
heat transfer analyses to determine temperatures at differ-
ent locations along the cross section.

In this study, it was assumed for simplicity that the col-
umns were subjected to uniform heating from all sides. In
design, this assumption should be carefully considered. The
layout of the compartments and the location of the columns
within the compartment or at the exterior of the compart-
ment would influence the fire exposure assumptions for the
columns. For instance, for a column located in the center
of a compartment exposed to a post-flashover fire, uniform
fire loading is a reasonable assumption. However, if the col-
umn is located at the edge of a compartment where there
is a potential for one side (or corner) of the column to be
exposed to the fire and other sides to not be, a nonuniform
fire-loading scenario may want to be employed.

Nonuniform heating on gravity columns was studied by
Agarwal et al. (2014) and Choe et al. (2016). They found that
slender columns with heavy loading experienced premature
elastic buckling due to the thermal gradient; however, most
nonslender columns were minimally affected by the ther-
mal gradient. For these reasons, the columns in this study
were assumed to experience a uniform thermal gradient.

Fire Load Combination

Appendix 4 specifies the following load combination to be
used for fire analyses. This load combination also corre-
sponds to the load combination for extraordinary events in
ASCE/SEI 7 (2016).

12D + Ar+ 0.5L+0.2§ M

where D is the dead load, L is the live load, and S is the
snow load. The variable Ay is defined as the nominal forces
and deformations due to the design-basis fire, which can be
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simulated directly through the analysis. A dead load fac-
tor of 0.9 may also be used in Equation 1 in lieu of the 1.2
factor in situations where the dead load helps stabilize the
structure. Note that it may be preferable to use roof live
load instead of snow load for structural fire design since
the probability of snow load concurrently with fire is low.
Live load reduction (LLR) per ASCE/SEI 7 was not consid-
ered in the presented results. However, live load reduction,
which accounts for the reduced likelihood of the full live
load acting on the structure, can be helpful in reducing the
demands on the structure. Incorporating live load reduction
may be especially beneficial for evaluating column designs.
This load combination was used for both the simple and
advanced methods of analysis.

Case Study Building

The case study structure is a 10-story office building
designed to comply with U.S. building codes and stan-
dards: IBC (ICC, 2018), ASCE/SEI 7 (2016), and the AISC
Specification (2016b). The structure was designed for haz-
ard levels in Chicago, Illinois. It is a three-bay by five-bay
structure, with each bay measuring 25 ft (7.63 m) x 25 ft
(7.63 m). Each story height is 12 ft (3.66 m). The structure is
a traditional steel-framed building with a partially compos-
ite floor system. The lateral system is a perimeter moment
frame system using ordinary moment frames. Refer to Fig-
ure 1 for a typical framing plan. Triangles at columns indi-
cate moment connections.

Preliminary Design

The building was designed for a dead load of 65 pounds per
square foot (psf) and a live load of 50 psf. The composite
floor slab is a 3-in., 20-gauge (75-mm) composite deck with
2%5-in. (65-mm) lightweight concrete topping. The gravity
beams are W14x22 and the gravity girders are W18x35.
For simplicity, the gravity framing for the roof is the same
as the typical floors. The moment frame design was con-
trolled by a wind drift limit of /400, where L is the build-
ing height. Table 1 shows the moment frame and gravity
column member sizes.

The minimum fireproofing required for each member
was determined using the prescriptive method of design.
The case study office building is classified as building occu-
pancy B per IBC, which corresponds to a Type IB build-
ing. Type IB buildings require a 2-hr FRR on all framing
members; however, if proper control valves and initiating
devices are used in conjunction with the sprinkler system,
then the building can be reduced to Type IIA per IBC, Sec-
tion 403, which requires only a 1-hr FRR for all structural
members. The case study building was designed for a 1-hr
FRR per Type IIA construction.

Spray-applied fire-resistive material (SFRM) was selected
to protect the steel members and achieve the necessary
1-hr FRR. Fireproofing thickness, d,, for each structural
member was determined based on fire tests conducted by
Underwriters Laboratory (UL) (2018). These tests consist of
a limited number of individual components and assemblies

Fig. 1. Case study building framing plan.
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Table 1. Member Sizes Used in Case Study Building
Story N-S MF Beams N-S MF Columns E-W MF Girders E-W MF Columns Gravity Columns
9-10 W18x50 W14x53 W18x35 W12x45 W8x24
7-8 W21x83 W14x90 W18x50 W14x53 W8x40
5-6 W21x93 W14x109 W18x60 W14x99 W12x58
3-4 W21x111 W14x159 W18x71 W14x145 W14x74
1-2 W27x217 W14x311 W21x132 W14x283 W14x90

Table 2. SFRM Thicknesses per Prescriptive Approach
Member Size UL Assembly Thickness, d,, in. (mm)

W14x22 D902 Ve (18)

W18x35 D902 %e (15)
Beams

W18x60 D902 ¥ (13)

W21x93 D902 % (10)

W12x58 X772 e (18)
Columns W14x99 X772 %e (15)

W14x109 X772 %6 (15)

subjected to furnace tests per ASTM E119 (2015). Ruddy et
al. (2003) provide guidance to designers on how to use fire
test results to determine fireproofing thicknesses.

Heat transfer is a function of both the density and surface
area of a member. Therefore, wide flange members are cat-
egorized by a W/D value, where W is the weight per linear
foot and D is the perimeter of the member cross section
that is exposed to the fire. Thickness adjustment equations
provided in UL are used to convert the fireproofing thick-
ness of the tested beam or column to the necessary thick-
ness of the member being designed. Table 2 summarizes the
member sizes, UL assembly designations, and SFRM thick-
nesses determined for the structural members analyzed in
this project. Thicknesses were rounded to the nearest s in.
The composite deck is not fire protected, as it can already
achieve the fire-resistance rating without fireproofing per
UL Design D904.

Fire Hazard Selection

The temperature versus time profile of the design-basis
fire should account for fuel load, compartment dimensions,
thermal characteristics of the compartment (i.e., walls and
ceiling), and ventilation of the space (both natural and
mechanical). Standard fire curves such as ASTM E119
(2015), ISO 834 (2015), and Eurocode 1991-1-2 (CEN,
2002) are commonly used to define fire curves. As an
alternative to using standard fire curves, the designer may
choose to conduct computational fluid dynamics (CFD) or
physical fire tests. The National Institute of Standards and

Technology (NIST) also provides the Fire Dynamics Simu-
lator (FDS), which is a CFD program for simulating fire
conditions (NIST, 2013). Appendix 4 does not provide spe-
cific guidance on how to select the time-temperature fire
curve but provides references to assist in selection.

The Eurocode (CEN, 2002) parametric time-temperature
approach for determining fire time-temperature curves may
be preferable to the other standards because of its simplic-
ity, the ability to modify the curve based on specific build-
ing parameters, and the fact that it includes both a heating
and cooling portion. This cooling phase can be important
as it results in thermal contraction, which can produce large
tensile forces and fail connections. These parametric curves
assume that the compartment contains a fully developed
fire with uniform temperature through the space. These
curves are limited to compartments with rectangular enclo-
sures, floor areas less than 500 m2, ceiling heights less than
4 m, and no ceiling openings. Eurocode time-temperature
curves are calculated using three primary variables: the
thermal inertia of the enclosure, b, (J/mzsl/zK); opening
factor, O, (m'/z); and fire load density, ¢; 4, (mJ/mz). Euro-
code provides guidance on the determination of these val-
ues based on the building use, geometry, ventilation, etc.
Thermal inertia incorporates the density, specific heat, and
thermal conductivity of the walls, ceiling, and floor of the
compartment. The opening factor is calculated based on the
ratio of opening area to wall area. The fire load density is
based on the use of the space (i.e., the combustible materials
within the space), as well as the fire-fighting measures and
active fire suppression systems.
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Figure 2 shows the Eurocode parametric time-temperature
curve that was used for this study, denoted in the figure
as EN 1991-1-2. The parameters that generated this curve
are b = 1000 J/m*s”K, O = 0.032 m”, ¢, 4= 1600 mJ/m>.
These parameters were chosen because the corresponding
Eurocode curve approximately follows the ASTM E119 and
ISO 834 curves for 1 hr before beginning the cooling phase.
The prescriptive approach is based on physical testing using
ASTM E119 or ISO 834 fire curves. By selecting a design
fire that matches these curves, a reasonable comparison can
be made between the prescriptive approach and the results
of the simple and advanced analyses.

The design engineer should use engineering judgment
and consult with the owner and the AHJ when selecting
appropriate design fires for each building and compartment.
For instance, instead of analyzing only one fire scenario,
the designer may choose to analyze an array of fire curves
to account for a broader range of exposures. Additionally,
compartment fires are likely to vary among different areas
of the building based on openings (i.e., more openings
likely at exterior or corner compartments than interior com-
partments), changes in fuel load densities based on the use
of the space, and thermal properties of the compartment.

Fire Location Selection

For the purposes of this study, only compartment fires were
studied with the presumption that each bay of the structure
is an individual compartment. The fifth story (mid-height
of the structure) was analyzed because it is beyond the
reach of firefighting ladders and hoses, and the columns
are still exposed to large axial forces. Three compartments
were analyzed and are classified as compartments 5A (cor-
ner compartment), SB (exterior compartment), and 5C (inte-
rior compartment), as shown in Figure 3(a). Member sizes

for compartment 5A are shown in Figure 3(b), as this is the
compartment that will be presented in detail. Results from
compartments 5B and 5C are provided in the Appendix.

SUMMARY OF ANALYSES

For the advanced method of analysis, a three-dimensional
finite element model of the case-study structure was devel-
oped using ABAQUS (2016), a commercially available
finite element method (FEM) software. This nonlinear,
inelastic model can simulate inelastic deformations, insta-
bility failures, connection damage at elevated temperatures,
and the effect of temperature on material strength and stiff-
ness. The modeling approach was adapted from Agarwal
(2011). Heat transfer analyses were performed in order to
determine internal temperatures of structural members
throughout their cross section. Temperature gradients were
applied to the model in 5-min increments.

The simple method of analysis outlined in Appendix 4
allows the structural designer to consider and design for
thermal loads within the structure, much in the same way
that other loads (i.e., gravity, wind, seismic, etc.) are evalu-
ated. The demands and capacities of individual structural
members are determined in order to adequately design the
structure using load and resistance factor design (LRFD).
This procedure will be applied to the case study building
and explained in subsequent sections.

Even within the simple procedure, two different
approaches can be used. The first approach is an individual
member approach that evaluates individual members in iso-
lation. This approach assumes that the load effects (demands
or required strengths) can be assumed to be the same as the
ambient conditions. This simplifying assumption should
be used with caution and only with proper engineering
judgment. It can typically be reasonably applied to regular

Fig. 2. Fire time-temperature curves.
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gravity frames. Alternatively, the second approach evalu-
ates frame behavior. With this approach, stiffness reduc-
tions, thermal deformations, and appropriate boundary
conditions must be considered. This frame-level approach
may be more appropriate for irregular frames with discon-
tinuities. The frame-level approach for the simple method
was used throughout this paper using the analysis software,
SAP2000.

Modeling Approach
Elements and Connections

Advanced Method

The beams and columns were modeled using two-node
beam elements, which approximate 3D solid elements using
Timoshenko beam theory. The composite slab was a four-
node, reduced integration shell element. Only the concrete

(a) Compartment fire locations

above the flutes (2% in. thick) was modeled for conserva-
tism and simplicity. ABAQUS contains a built-in embed-
ded rebar option that was used to represent the metal deck.
The area of rebar matches the area of metal deck applied
only in the strong direction of the deck and was located
at the centroid of the shell element. There is no reinforc-
ing applied in the weak direction of the deck. The shear
studs, which transfer forces between the slab and beams,
were modeled using rigid connectors. A schematic of the
modeling approach is shown in Figure 4.

The moment frame connections were modeled as rigid
connectors. This simplification was made due to work
by Yang et al. (2009), which found through experimen-
tal testing that the tested moment connections main-
tained design strength up to 650°C and with only a 25%
reduction in stiffness. The shear tab (gravity) connec-
tions in the building were modeled using equivalent wire
connector elements that capture the axial force-axial

(b) Member sizes in compartment 5A

Fig. 3. Layout of compartment fires and member sizes.

Fig. 4. Schematic of modeling approach for composite floor system (Agarwal and Varma, 2014).
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Table 3. Individual Member Analysis—End Restraints
(@) (b) )
W14x22
member
Axial load
diagram
Axial load, F 310 kips 0 kips 59 kips

displacement-moment-rotation-temperature behavior, based
on work by Sarraj (2007) and Agarwal and Varma (2014). It
may be especially important to model this behavior so that
fracture during the cooling phase, when the steel contracts,
can be captured. Fischer et al. (2021) provide a research
review of simple shear connection research conducted by a
vast number of researchers.

Simple Method

Structural steel elements, such as beams and columns,
inherently want to expand when exposed to elevated tem-
peratures. This expansion may be partially resisted by the
adjacent members framing into the heated element. The
stiffness of the adjacent members and the rigidity of the
connections influence the level of restraint to which the
heated member is subjected. Therefore, if following a frame-
level analysis approach, it is imperative that these condi-
tions are modeled in order to accurately simulate member
behavior. This is illustrated in Table 3 for a W14x22 beam.
This member is 25 ft (300 in.) long and was modeled with
different end constraints using SAP2000, a commercially
available structural analysis and design software. Using
idealized pin constraints at both ends of the heated member
induced unrealistically high axial loads [Table 3(a)]. The
pin restraints do not permit any movement of the member
ends, resulting in very high reactions at these supports. The
axial force, F, induced on the beam due to a temperature
of 1306°F was found to be 310 kips using SAP2000. This
value can be verified using Equation 2, which is based on
the theory of thermal expansion:

F = EAOQAT 2

where E is the modulus of elasticity (4,692 ksi due to the
elevated temperature), A is the cross-sectional area of the
member (6.49 in.%), o is the coefficient of thermal expansion
(7.8 x 10_6/°F), and AT is elevated temperature (1,306°F).
If a roller is used to replace one of the pins, then all
thermally induced axial loads disappear because there
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is no restraint to prevent expansion [Table 3(b)]. Because
the structural response to fire is highly interdependent on
system behavior, analyzing members as individual compo-
nents in isolation is not recommended. Instead, modeling
of the structural system is suggested because it provides
reasonable modeling of end restraints. Table 3(c) shows
the thermally induced axial load for the simply supported
beam framing into W12x58 and W14x99 columns oriented
in their weak direction. The resulting axial load of 59 kips
demonstrates that the adjacent framing members provide
some level of restraint against thermal expansion. If the
columns were also exposed to elevated temperatures, the
axial load in the W14x22 beam would be influenced by
the reductions in column stiffness. Approach (c) is the pre-
ferred approach for modeling because Approach (a) with
pin-pin constraints results in overly conservative loads and
Approach (b) with pin-roller constraints does not account
for any axial loads.

As an alternative approach to Approach (c), individual
members could be modeled in isolation using spring con-
straints, but this would require determination of simpli-
fied spring constants that represent system behavior. It
was decided that modeling the structural system would be
simpler. In some cases, such as infill beams with regular,
orthogonal framing, Approach (b) may be deemed a reason-
able simplifying assumption. Engineer judgment is needed
in order to make such simplifications.

SAP2000 was used to model the primary steel mem-
bers (beams and columns) of the case study building and
determine member demands. The steel building was mod-
eled in 3D as shown in Figure 5. Member capacities were
calculated by hand using the Appendix 4 equations in
Section 4.2.4d. The models include geometric nonlinear
(P-delta) effects and linearly elastic material properties. In
addition to the load combination described in Equation 1,
global stability of the structure should be assessed. This
was achieved through notional loads that are 0.2% of the
gravity load, which are used to represent the allowable



out of plumb value of L/500 (where L is the height of the
structure) in accordance with the AISC Code of Standard
Practice (2016a). The direct analysis method, explained in
AISC Specification Section C2.2 (2016b), was used. This
includes a 20% reduction of stiffness (EI and EA) for all
members. For simplicity, T, was set equal to 1.0, and 0.1%
of additional gravity loading was applied as notional loads
in accordance with AISC Specification Section C2.3(c). In
lieu of using notional loads, initial imperfections can be
directly modeled in accordance with AISC Specification
Section C2.2a.

For simplicity, only the steel framing was modeled and
the composite slab was omitted. Designers may choose to
include the composite slab in the model, but then heat trans-
fer would also need to be conducted on the concrete slab.
Additionally, SAP2000 does not have a built-in composite
slab shell element, so engineering judgment would need

to be made in order to appropriately model the slab using
a simplified shell element with shell offsets, body con-
straints, or links. Main and Sadek of NIST (2013) recom-
mend a weak strip—strong strip approach that can be used
with relative ease of modeling.

Material Models

Advanced Method

The Eurocode (CEN, 2002) material models were used for
steel and concrete, including thermal properties of conduc-
tivity, specific heat, and coefficient of thermal expansion.
These codes provide stress-strain relationships at elevated
temperatures. These relationships will also be included
in the 2022 AISC Specification. Isotropic hardening was
incorporated into the steel model. The material model
for concrete is based on two failure mechanisms: tensile

Fig. 5. SAP2000 building model.
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Table 4. Steel Temperatures and Material Properties for the Simple Method
Steel
Temperature, E(T),° F/(T)
Member Size °F (°C) ke = E(T)/E® ksi ky = Fy(T)/F,? ksi

W14x22 1150 (621) 0.29 8,382 0.43 21.5

W18x35 1128 (609) 0.37 10,866 0.48 24.0
Beams

W18x60 993 (534) 0.50 11,513 0.67 33.5

W21x93 977 (525) 0.51 14,821 0.69 34.6

W12x58 898 (481) 0.58 16,895 0.80 40.2
Columns W14x99 869 (465) 0.61 17,654 0.85 42.2

W14x109 826 (441) 0.65 18,772 0.91 45.2
? ke and k, are determined based on Appendix 4, Table 4.2.1.
® E(T) and Fy(T) are calculated based on the relationship of E(T)/E defined by k., and Fy(T)/Fy defined by k.

cracking (using concrete damaged plasticity) and compres-
sive crushing. The concrete material model was based on
siliceous aggregates and lightweight concrete.

Simple Method

AISC Specification Appendix 4, Section 4.2.4d, provides
equations for calculating the nominal strength of members
at elevated temperatures due to tension, compression, flex-
ure, and shear. These equations reference the strength equa-
tions in the AISC Specification for ambient conditions, with
modifications to material properties in order to analyze and
design for elevated temperatures.

AISC Specification Appendix 4, Section 4.2.3, consists
of tables (Table A-4.2.1 through Table A-4.2.3) that contain
retention factors. These factors are used to modify mate-
rial properties at ambient conditions to represent material
properties at elevated conditions. The ambient values used
were based on ASTM A992 steel: F, = 50 ksi, F,= 65 ksi,
and E = 29,000 ksi. Table 4 shows calculated material prop-
erties based on the retention factors interpolated from the
Appendix 4 tables. The coefficient of thermal expansion,
a, is 7.8 X 10_6/°F (1.4 x 10_5/°C) for structural steel at
elevated temperatures, as provided in Appendix 4.

Heat Transfer

Advanced Method

Before member temperatures can be assigned to the FEM
building model, heat transfer analyses must be conducted.
ABAQUS was used to conduct 2D heat transfer analyses
of each structural member subjected to elevated tempera-
tures. The Eurocode time-temperature curves assume that
the compartment fire is a fully developed fire with uniform
temperature throughout the compartment, so temperature
is uniform along the length of the structural member and,
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therefore, there is no need to use 3D heat transfer. The cross
section of each member was modeled as a 2D part with the
fireproofing at the thickness determined from the prescrip-
tive method. In order to compare with the simple method
of analysis that requires a uniform temperature gradient,
this same assumption of uniform temperature was applied
to columns in the advanced model. Beams were modeled
with the composite slab. Thermal properties (specific heat,
thermal conductivity, and coefficient of thermal expansion)
for steel and concrete were taken from Eurocode. Thermal
properties of fireproofing were based on Design Guide 19,
Fire Resistance of Structural Steel Framing (Ruddy et al.,
2003) recommendations: specific heat of 0.18 Btu/Ib °F
(754 J/kg °C), thermal conductivity of 0.0013 Btu/hr ft °F
(0.135 W/m °C), and mass density of 18.3 pcf (293 kg/m®).
ECCS (1995) also provides thermal properties of fireproof-
ing, but these values were based on ambient-temperature
properties. Guidance on thermal properties of fireproof-
ing at elevated temperatures can be found in Carino et al.
(2005) and Kodur and Shakya (2013). SFRM properties
are temperature dependent, so incorporating temperature-
dependent SFRM properties in advanced analyses may
be more appropriate. For the purpose of comparison with
the simple method, the average values provided in AISC
Design Guide 19 were used in this study.

A film subroutine, which includes radiation and convec-
tive effects, was used to conduct the heat transfer analyses
per Cedeno et al. (2008). The program conducts thermal
transfer of heat from the fire to the structural component in
2D across the member cross section. Internal temperatures
are then recorded at integration points defined by ABAQUS
for standard cross-sectional beam elements. As shown in
Figure 6, five integration points (one at each flange edge and
one in the web midspan) are used for the wide-flange cross
section. ABAQUS linearly interpolates the temperatures
between the beam flanges and parabolically interpolates



along the web. Five integration points are also used for
the slab (shell element), resulting in a linear interpolation
of temperatures. Because only the concrete above the deck
flutes was modeled in the building model, temperatures
in the slab were recorded at points uniformly distributed
across that portion of the slab. Secondary beams were ana-
lyzed using the cross section shown in Figure 6, which con-
sidered the locations along the beam where the deck flutes
are connected to the top surface of the top flange. Design-
ers may want to also evaluate the locations along the beam
where the top surface of the beam is not directly attached
to the deck flutes. Girders were analyzed in a heat transfer
model that included the deck flute geometry.

Figure 7 shows how a W14x22 composite beam sub-
jected to the design-basis fire varies in temperature over
time. The steel reaches much higher temperatures than the
slab. Additionally, the top flange of the member reaches
lower temperatures than the web and bottom flange due to
the presence of the slab acting to insulate the top flange.
The time-temperature response of the interior gravity col-
umn is shown in Figure 8.

Simple Method

The AISC Specification Appendix 4 Commentary outlines
a simple approach for heat transfer known as lumped heat
capacity analysis. This one-dimensional analysis can be
used to calculate the internal temperature of steel members
assuming a uniform temperature distribution of the fire. For

each member subjected to the compartment fire, internal
steel temperatures were determined using the equation for
protected steel members assuming that Appendix 4, Com-
mentary Equation C-A-4-5, is satisfied:

Fig. 6. Temperature gradation and integration
points at composite slab with beam directly below.

Fig. 7. Time-temperature response of W14x22 composite beam with 1-hr FRR fire protection exposed to fire.
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AT = (TF - Tx)At (3)

where AT is the change in steel temperature, T is the
temperature of the fire, and 7 is the temperature of the
steel. The time step, Az, should not exceed 5 s. The ther-
mal properties of SFRM vary by manufacturer. In lieu of
manufacturer data, thermal properties were taken from
Design Guide 19. The values of density, p,, specific heat,
¢p» and thermal conductivity, k,, used for fireproofing were
the same values used in the advanced method. The specific
heat of steel, c,, varied with temperature and the values
were taken from the Eurocode.

The Appendix 4 Commentary also provides a heat trans-
fer equation for cases with unprotected steel, as well as an
alternative equation for protected steel when the thermal
capacity of the insulation is comparable to the steel ther-
mal capacity. The fireproofing thicknesses, d,, determined
from the prescriptive method, were used in the heat trans-
fer calculation in order to directly compare the prescriptive
and simple methods to one another. The resulting time-
temperature curve for a W12x58 column is shown in Fig-
ure 8. The Simple curve is the uniform temperature of the
W12x58 calculated using the lumped heat capacity equa-
tion. The Advanced curve shows the temperature deter-
mined through computational heat transfer analyses for the
advanced method. This temperature was recorded at the tip

of the column flange. This shows a reasonable relationship
between the simple and advanced methods of heat transfer
analysis.

Table 5 provides the internal temperatures calculated
using the lumped heat capacity analysis for each of the
members subjected to compartment fires after 1 hr of heat-
ing and at the peak temperature. Peak temperatures will
likely be used for analysis with the simple method, but this
study will record temperatures at 1 hr in order to compare
the simple and advanced methods. Table 6 provides a sum-
mary of the internal steel temperatures recorded at 1 hr
from the ABAQUS heat transfer analyses versus the simple
lumped heat transfer method. Temperatures for the bottom
flange, web, and top flange are recorded at locations 1, 3,
and 4 in Figure 6, respectively. Temperatures resulting from
the simple method tend to be conservatively higher than the
ABAQUS results. The bottom flange temperatures in both
methods are reasonably comparable.

Thermal Loading

Advanced Method

Temperatures determined from the heat transfer model were
recorded at the five integration points for the wide-flange
members, which were modeled as beam elements. Five
points were also recorded along the depth of the slab, which
was modeled as a shell element. These temperatures were

Fig. 8. Results of lumped heat capacity analysis for W12x58 column.
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Table 5. Member Temperatures Determined from Lumped Heat Capacity Analysis
Member Size Ts at 60 Min °F (°C) Ts Max °F (°C)

W14x22 1150 (621) 1276 (691)

W18x35 1128 (609) 1261 (683)

Beams

W18x60 993 (534) 1160 (627)

W21x93 977 (525) 1148 (620)

W12x58 898 (481) 1087 (586)

Columns W14x99 869 (465) 1063 (573)

W14x109 826 (441) 1027 (553)

Table 6. Steel Temperatures in Structural Members at 60 Min. (Simple Method vs. ABAQUS)
Steel Temperature, °F (°C) at 60 Min
ABAQUS

Member Size Simple Bottom Flange Web Top Flange

W14x22 1150 (621) 999 (537) 953 (512) 496 (258)

Beams W18x35 1128 (609) 1040 (578) 1049 (583) 511 (284)
W18x60 993 (534) 914 (508) 945 (525) 481 (267)

W21x93 977 (525) 913 (507) 986 (530) 508 (282)

W12x58 898 (481) 792 (440) 851 (473) 792 (440)

Columns W14x99 869 (465) 817 (436) 763 (406) 817 (436)
W14x109 826 (441) 759 (404) 707 (375) 759 (404)

recorded at 5-min intervals and input into the ABAQUS
structural model as internal temperatures of the structural
members within the compartment. Because the material
models implemented in ABAQUS incorporated the stress-
strain behavior and thermal elongation at elevated tempera-
tures, these temperatures applied to the model resulted in
member forces and deformations due to fire.

Simple Method

Temperature effects on member forces and deformations
were accounted for by assigning member temperatures,
modified steel mechanical properties at elevated tempera-
tures, and coefficient of expansion values. For each fire
scenario, three models were created to compare the effect
of changing parameters on the member forces that were
observed. These models, which all include notional loads
and second-order effects, are:

Case 1: Model only gravity loads (1.2D + 0.5L).

Case 2: Model Case 1 plus member temperatures and the
coefficient of thermal expansion.

Case 3: Model Case 2 plus modulus of elasticity reduc-
tions for members exposed to fire.

When evaluating the forces in the beams due to elevated
temperatures, the axial loads were very high when assign-
ing the lumped steel temperature across the entire cross
section. With a uniform temperature throughout the cross
section, these forces acted only axially and did not produce
any thermally induced moments that would be expected in
reality. The composite slab insulates the top flange of the
beam, which results in lower temperatures at that location.
Appendix 4, Section 4.2.4d(d), allows for a 25% reduction
in steel temperature at the top flange of the cross section.
The reduced temperature can be used for the top half of the
beam, as shown in Figure 9(a). This simple method of analy-
sis conservatively produces steel temperatures greater than
the advanced analyses, as was demonstrated in Table 6.

Temperature effects can be assigned to the member cross
sections using SAP2000. The software currently permits a
constant temperature over the cross section as well as lin-
ear temperature gradients along the depth and width of the
cross section. The temperature profile shown in Figure 9(a)
cannot currently be applied in SAP2000. Instead, a con-
stant temperature, T,,,, and a linear gradient were com-
bined to produce the temperature profile in Figure 9(b). The
constant temperature was applied to the SAP2000 model
in order to produce an equivalent axial load as the profile
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in Figure 9(a) (i.e., area times change in temperature are
equal), along with a linear gradient. This approach pro-
duced slightly higher thermally induced moments due to
the additional temperature at the bottom half of the cross
section caused by the linear gradient.

DISCUSSION OF RESULTS

Results of Advanced Analyses

The structural members in compartment 5A were subjected
to the full fire time-temperature curve. This resulted in fail-
ure of the internal gravity W12x58 column, as shown in
Figure 10(b). This failure did not occur until the column
reached 544°C at 95 min. Figure 10(a) shows the deflected
shape of the structure at 60 min. At this time, the floor
framing had deflected approximately 12 in., but no signifi-
cant damage had occurred. The member demands that were
determined from the ABAQUS model at 60 min will be
summarized in order to compare results from the advanced
and simple methods of analysis.

The compartment fires in 5B (exterior) and 5C (interior)
also resulted in gravity column buckling at 95 min. The
deformed shapes are shown in Figure 11(a) and 11(b) for
compartment 5B and 5C, respectively. In compartment 5B,
two of the gravity columns buckled, resulting in partial col-
lapse of the structure. The compartment 5C fire resulted
in buckling of all four gravity columns, which eventu-
ally led to complete collapse of the structure. Figure 11(b)
shows a snapshot of the deformed shape prior to complete
collapse. In both fire scenarios, the structure was able to
withstand the fire until 95 min, which is beyond the 1-hr

(a) Simple method

fire-resistance rating of the structure. The comparison of
member demands in ABAQUS versus SAP2000 is provided
in the Appendix of this paper.

Results of Simple Analyses

Axial Demands

Table 7 summarizes the axial demands for beams and col-
umns computed in the SAP2000 models for each of the three
aforementioned load cases (Cases 1-3). These demands
were determined for compartment fires at 5A, 5B, and 5C.
For brevity, results from fire SA are described below, and
fire 5B and 5C results are provided in the appendix of this
paper. “CL” indicates beams along the column line, while
“INF” indicates infill beams. “E” stands for edge column,
and “C” means a corner column.

Case 1 does not include temperature effects, so the beams
experience negligible axial loads and the columns have axial
loads due only to gravity loads. Case 2 introduces member
temperatures and the coefficient of thermal expansion. This
causes axial loads in the beams. Note that the axial load
of the W14x22 infill beams (not along the column lines)
is minimal at only 5 kips because it frames into a girder
that provides minimal restraint against expansion. This is
in contrast to the W14x22 beams along the column lines
that experience 45 kips of axial load due to the restraint pro-
vided by the column supports. Case 2 also tends to cause an
increase in axial load for the moment frame columns. The
gravity columns, however, do not experience any increase
in axial loading due to temperature. This is because the
members framing into the gravity columns are all modeled
with idealized, pinned end conditions that do not restrain

(b) SAP2000

Fig. 9. Thermal gradient across composite beam section.
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(a) At 60 minutes

(b) At end of fire

Fig. 10. Deformed shape due to fire in compartment 5A.
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(a) Compartment 5B

(b) Compartment 5C

Fig. 11. Deformed shape due to fire.
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Table 7. Member Axial Demands Using the Simple Method: 5A
Member Size Case 1, kips Case 2, kips Case 3, kips
W14x22 (CL) 0 45 36
o W14x22 (INF) 0 5 1
% W18x35 0 84 68
@ W18x60 0 93 76
W21x93 0 210 170
” W12x58 404 404 404
£ W14x99 232 278 271
§ W14x109 (E) 212 292 288
W14x109 (C) 103 61 67
Table 8. Member Flexural Demands: 5A
Member Size Case 1, kip-ft Case 2, kip-ft Case 3, kip-ft
My M, My M, My M,
W14x22 (CL) 69 — 84 — 101 —
W14x22 (INF) 69 — 68 — 69 —
Beams W18x35 186 - 211 — 228 —
W18x60 95 — 375 — 243 —
W21x93 55 — 403 - 253 —
W12x58 0 — 89 4 58 26
W14x99 24 — 186 192 96 155
Columns
W14x109 (E) 23 — 344 334 191 228
W14x109 (C) 28 1 866 344 626 277

these columns from experiencing thermal expansion. The
gravity connections, in reality, provide some amount of
rotational restraint. This restraint is relatively minor, how-
ever, and can be ignored in the simple method of analysis
for typical buildings. The only other scenario where Case 2
does not cause an increase in column axial load is for the
corner column in compartment 5A; this column actually
experiences a reduction in axial loading due to the moment
connection at column line B-4 and the pinned connection
at column line A-4.

Case 3 incorporates a reduced modulus of elasticity,
which results in a reduction in axial loading of the mem-
bers. This is explained by Equation 2, which shows that
axial load due to thermal expansion is a function of the
modulus of elasticity of the member.

Flexural Demands

Table 8 provides the resulting flexural demands from the
SAP2000 model for compartment fires at SA for each of
the three model cases. The flexural beam demands are the

result of gravity loading and thermal gradient. The beams
and girders along the column lines experience higher
demands than the infill beams due to increased restraint
at these locations. Flexural demands are also very high in
the moment frame columns and beams due to the elevated
temperatures.

Axial Member Design Strength

AISC Specification Chapter E is used to calculate the design
strength of compression members. In lieu of Equation E3-2,
however, the following flexural buckling equation should
be used (Appendix 4, Equation A-4-2):

F(T)
Fo(T)

Jr

The designer should consider using a modified slen-
derness (L/r) value in order to account for the rotational
restraints provided by the cooler columns above and/or
below the compartment fire. Consideration must be made,

F,(T)= [0.42 @)
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Table 9. Member Axial Design Strength
0P, = 0.9F,(T)A,
Member Size A,in.2 kips
W14x22 6.49 126
W18x35 10.3 348
Beams
W18x60 17.6 530
W21x93 27.3 916
Member Size Lc/r F(T), ksi F.(T), ksi 0Py, kips
W12x58 57.4 491 18.3 281
Columns W14x99 39.4 112 24.8 649
(pinned-pinned)
W14x109 39.2 121 26.6 766
Member Size Lc/r F(T), ksi Fc(T), ksi oOPp, kips
W12x58 35.8 130 24.8 379
Columns . W14x99 22.1 356 31.3 820
(rotational restraint)
W14x109 22.9 355 33.2 956

however, to evaluate the likelihood of multistory fires
or vertically moving fires that would compromise this
assumption of rotational restraints. If deemed applicable,
the calculated column design strength can be significantly
improved using the modified slenderness. The modified L/r
value, referred to as Lc/r, is defined as:

PRS- BIETS
r )y n3,600 )\ r n3,600

where T is the column temperature (°F). If the columns
above and below are both cooler, n = 1, and n = 2 if either
the columns above or below are cooler. This slenderness
equation was calibrated for gravity columns and is provided
in AISC Specification Commentary Equation C-A-4-9. It
can also be used for moment frame columns, though this
equation is overly conservative for moment frame columns
due to the additional benefit of the restraint from the fixed
beam to column connections.

Due to thermal expansion, beams may also experience
significant compression. The beam can be considered fully
braced along its top flange due to the presence of the com-
posite slab, so flexural buckling equations need not be ana-
lyzed. Instead, the beam has the following axial nominal
strength: P, = F\,(T)A, where A is the cross-sectional area of
the steel member. The same resistance factor, ¢, is used for
both ambient and elevated temperature conditions. Member
axial design strengths are shown in Table 9.

Flexural Member Design Strength

All beams were designed as composite beams. Although the
moment frame beams (W18x60 and W21x93) were initially
designed as noncomposite members to resist lateral loads, it
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was presumed that enough studs are present to enable com-
posite action under gravity and fire loading.

Composite Beams

The composite beams were designed assuming a constant
temperature between the bottom flange and the mid-depth
of the web with a 25% linear reduction from the mid-depth
to the top flange, as shown in Figure 10. Appendix 4 allows
two approaches for calculating the flexural strength of com-
posite beams: (1) calculate the nominal flexural strength of
the beam at ambient conditions and apply a retention fac-
tor, r(T), per Table A-4.2.4 or (2) design using Chapter I
with reduced yield stresses in the steel. Results from both
approaches are in Table 10 and produce very comparable
flexural strengths. The composite beams were designed
for ambient conditions using %-in.-diameter studs and a
minimum of 25% composite action. Lightweight concrete
(110 1b/ft®) with 3.5 ksi compressive strength was assumed
for the slab on metal deck. The nominal flexural strengths
were calculated using plastic stress distribution method
from Section I1.2a of the Specification.

Noncomposite Members

The flexural strength of the columns was determined using
the non-composite flexural equations from Appendix 4.
These design equations for the nominal flexural strength
of members at elevated temperatures pertain to the yielding
and lateral-torsional buckling limit states. They apply only
to laterally unbraced doubly symmetric members that do
not have slender elements. This approach applies modified
equations from AISC Specification Chapter F. The steel
properties at elevated temperatures from Section 4.2.3b



Table 10. Composite Beam Flexural Strength
Approach 1: Approach 2:
Number of Studs, | M, = 0.90M,,, OM(T) = 0.90r(T)M,,, | dM,(T) = 0.90M,(T),
Member Size r(T) n kip-ft kip-ft kip-ft
W14x22 0.55 20 231 127 125
W18x35 0.60 44 490 294 304
W18x60 0.72 26 664 478 450
W21x93 0.73 22 1026 750 750
Table 11. Column Flexural Strength, oM,
Member Size OM,, x, Kip-ft oM, ,, kip-ft
W14x99 548 265
Column W14x109 651 314
W12x58 260 98

replace the ambient properties in Chapter F. When the
unbraced length, L, of the member falls within the inelas-
tic lateral-torsional buckling range [i.e., when L;, < L.(T),
where L,(T) is the limiting unbraced length for inelastic
lateral-torsional buckling], the nominal flexural strength
can be calculated using Appendix 4, Equation A-4-3:

— - - Lb ’
Mn(T)—Cb{Mr(T)”f[MP(T) M’(T)][l L,.(T)} Jl

<M, (T) ©)

where Cp, is the lateral-torsional buckling modification fac-
tor. The other terms are defined as:

M, (T)=S.F.(T) (7

F.(T) = F, (k,—0.3k,) ®)

M, (T)=Z,F,(T) ©

¢, = 0.6+~ <3.0 where Ts in °C (10)
250

and where S, and Z, are the elastic and plastic section mod-
uli taken about the x-axis, respectively; k, and k, are reten-
tion factors for material properties at elevated temperatures
and determined from AISC Specification Appendix 4,
Table 4.2.1.

Table 11 provides the flexural strengths of the columns
for the governing limit state. Note that because the W14x99
has a noncompact flange, flange local buckling (FLB)
should also be checked. However, there is not yet guidance

in Appendix 4 on how to apply FLB to flexural members
using the simple method of analysis, so FLB was not ana-
lyzed. The columns experience reverse curvature bending
under fire loading; values of C, = 2.2 and 2.16 were calcu-
lated for the moment frame and gravity columns, respec-
tively, using AISC Specification Equation F1-1. Due to the
high C, factors, yielding controlled the flexural strength.

Combined Force Member Interaction

The beams and columns in compartment SA were subjected
to axial and flexural demands, which required beam-column
analyses. Each member was analyzed for combined axial
and flexural forces using AISC Specification Chapter H,
which implements an interaction check in Equations Hl-1a
and H1-1b. These equations are conservative for biaxial
bending; to achieve interaction values closer to unity, alter-
native approaches outlined in the commentary of the Speci-
fication can be used instead to evaluate member adequacy.
Table 12 summarizes the loads and strengths, as well as the
interaction for all members within the compartment. The
highlighted members are inadequate designs according to
Equations HI-1a and H1-1b; these include the gravity col-
umn and all three moment frame columns. Design of the
beam members were found to be adequate using the simple
method of analysis.

It is presumed that the high demands on the moment
frame columns are due in large part to the simplified mod-
eling assumptions in the SAP2000 model. The composite
slab is not incorporated in the model, so the stiffness of
the moment frame beams in the model is less than what
would realistically be present. Because of this, the moment
frame columns carry very large moments. Additionally, the
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Table 12. Beam-Column Interaction Check
Interaction
P, 0P, M, My, | OMae | OM,, | Check
kips kips P,/oP, Kip-ft kip-ft kip-ft kip-ft | (H1-1a/b)
W14x22 (CL) 36 126 0.39 101 — 127 — 0.99
W14x22 (INF) 1 126 0.03 69 — 127 - 0.55
Beams W18x35 68 348 0.22 228 — 304 — 0.85
W18x60 76 530 0.18 243 — 450 — 0.61
W21x93 170 916 0.22 253 — 750 — 0.43
W12x58* 404 379 1.07 58 26 260 98 1.50
W14x99 271 820 0.34 96 155 462 247 1.04
Columns
W14x109 (E) 288 956 0.32 191 228 561 314 1.21
W14x109 (C) 67 956 0.06 626 277 561 314 1.88
* If using a reduced axial demand due to LLR, the interaction check is 1.35.

Table 13. Member Axial Demand vs. Design Strength Summary for Simple Method (Model Case 3)
Demand, P,, kips Design Strength, ¢Pp, kips Pl,/q)P,1
W14x22 (CL) 36 126 0.29
W14x22 (INF) 1 126 0.01
Beams W18x35 68 348 0.20
W18x60 76 530 0.14
W21x93 170 916 0.19
Rotational Rotational
Member Size 5A Pin-Pin Restraint Pin-Pin Restraint
W12x58 404 281 379 1.44 1.07
Columns W14x99 271 649 820 0.42 0.33
W14x109 (E) 288 766 956 0.38 0.30
W14x109 (C) 67 766 956 0.09 0.07

columns were evaluated without live load reduction, which
results in larger demands on the columns. The gravity
framing connections were also modeled as idealized pins,
which do not transfer any moments. In reality, these con-
nections have some level of rotational restraint that could
help to redistribute large forces due to elevated tempera-
tures. Each of the previously mentioned limitations of the
simple method make this method overly conservative for
moment frame columns and, therefore, unfavorable relative
to the prescriptive method.

Axial Demand vs. Design Strength

A comparison of axial demand versus design strength, pro-
vided in Table 13, shows adequate strength for the beams
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and moment frame columns, but inadequate strength for the
W12x58 gravity column. Incorporating rotational restraint
in the calculation of column design strength provides a
much closer approximation to the demands than consider-
ing a pin-pin column; however, both approaches indicate
column failure within 1 hr of the start of the design fire.
However, the column was designed without live load reduc-
tion, which would have resulted in a demand less than the
calculated design strength.

Comparison of Methods

Table 14 summarizes a comparison between member
demands using the advanced method of analysis (ABAQUS,
noted as ABQ) and the simple method (SAP2000, noted as



Table 14. Comparison of Member Demands Between Advanced and Simple Methods
Axial Load, kips M,, kip-ft M,, kip-ft Vy, kips Vy, kips

Member Size ABQ SAP ABQ SAP ABQ SAP ABQ SAP ABQ SAP
W14x22 (CL) 50 36 58 101 0 12 1 5 0
» W14x22 (INT) 9 1 55 69 0 7 1 3 0
% W18x35 110 68 107 228 5 0 41 23 7 0
@ W18x60 85 76 268 243 16 — 27 23 4 3
W21x93 157 170 399 253 17 — 15 14 5 3
® W12x58 422 404 61 58 17 26 13 8 13 2
g W14x99 299 271 46 96 106 155 8 16 21 26
§ W14x109 (E) 285 288 161 191 188 228 26 35 31 38
W14x109 (C) 46 67 496 626 178 277 88 111 48 50

SAP). The highlighted portions show differences between
the modeling approaches of more than 15% or 15 kips (or
kip-ft). Shear demands and capacities were also considered
in these analyses but have not been presented for brevity.
However, the summarized comparison of shear demands
is also given in Table 14. SAP2000 typically resulted in
larger demands than ABAQUS, though this was not always
the case. The comparison shows close agreement between
the axial forces in the members but varied results for the
moment demands. In the gravity beams, SAP2000 tended
to result in larger midspan moments because the ends were
modeled as idealized pins, whereas the ABAQUS model
incorporated some rotational restraint at the connections.
SAP2000 also resulted in much larger moment demands on
the columns than what was determined from the advanced
analysis. As mentioned previously, this is likely due to the
fact that the composite slab is not modeled in SAP2000.
If the composite slab model was included in the simple
analysis, the deviations in the predicted results relative to
the advanced method would likely be greatly minimized.
However, the advantage of the simple method is its speed
and ease of modeling. If the designer were to begin incor-
porating composite slab behavior and catenary action into
their simple analyses, then perhaps it would be more logical
to employ the advanced analysis method.

It should also be noted that the temperature gradients used
in the simple and advanced models for composite beams
are different. The simple method utilizes an approach that
is generally more conservative by only considering a 25%
reduction in temperature at the top flange. In the advanced
method of analysis, the reductions in temperature along
the beam depth are typically greater. The differences in
demand due to these thermal gradient differences can cer-
tainly contribute to the differential in the results. However,

there are many other differences that also contribute, such
as connection behavior, slab continuity, etc.

CONCLUSIONS

This work provides a comparison of the prescriptive, sim-
ple, and advanced methods of analysis, articulated through
use of a case study building. It also proposes an approach
for determining demands in the simple method of analy-
sis through 3D modeling of the steel structural members in
SAP2000. Member demands from elevated temperatures in
the simple method can be determined by applying member
temperatures and incorporating the coefficient of thermal
expansion and reduced stiffness properties for the heated
members. Variations in member demands were observed
between the simple and advanced methods. These demand
differences are to be expected because the simple method
is an elastic analysis that overpredicts forces and uses sim-
plifying modeling assumptions (idealized connections,
no composite slab, etc.). These demand differences were
deemed reasonable. The prescriptive and advanced meth-
ods demonstrated adequate performance of the structure.
The simple method, however, provided more conservative
results with inadequate moment frame designs for the col-
umns. When using the simple method for checking moment
frame members, the approach was even more conservative
than the prescriptive method and is not suggested for this
type of framing system. The findings from this particular
study are not intended to imply that the use of the simple
method is overly conservative in most cases. Instead, the
use of the simple method may be found to be particularly
advantageous and time-saving when considering gravity
framing systems or when analyzing specific portions of a
building structure.
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Future Needs

Code officials in the United States remain hesitant to allow
alternative methods to the prescriptive method for design of
structural members for fire conditions. Thus, it is impera-
tive that the designer work closely with the building owner
and code officials to select adequate acceptance criteria
that is in accordance with the owners’ wishes and build-
ing codes. Efforts are under way at a number of U.S. uni-
versities to incorporate structural design for fire conditions
into the structural engineering curriculum in order to equip
future structural engineers with the skills necessary to per-
form structural engineering analyses and design for fire.
Despite these efforts, additional research and guidance is
still needed to assure safe structural designs for fire. While
the simple method of analysis provides a basic approach to
LRFD design for members subjected to fire, AISC Specifi-
cation Appendix 4 requires additional guidance for check-
ing additional limit states, particularly local buckling states
as well as compressive limits states other than flexural
buckling. There is also a need for more guidance on how to
consider connections in the simple and advanced methods
of analysis. Additionally, thermal calculations are sensi-
tive to the temperature-dependent SFRM properties. It is,
therefore, crucial to establish reliable temperature-depen-
dent SFRM material properties. Finally, more guidance is
needed to assist designers in selecting appropriate design-
basis fires. General acceptance of a standard fire curve for
simple and advanced methods of analysis would assist in
removing ambiguity about fire load characterization.
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APPENDIX

5B AND 5C ANALYSES
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Table A.1. Member Axial Demands Using the Simple Method

5B 5C
Member Size Ca_se 1, Ca_se 2, Ca_se 3, Ca:«se 1, Ca':se 2, Ca'f:e 3,
kips kips kips kips kips kips
W14x22 (column line) 0 46 37 0 47 40
» W14x22 (infill) 0 4 3 0 3 2
% W18x35 0 112 94 0 111 94
@ W18x60 0 250 213 — — -
W21x93 — — - — — -
" W12x58 404 404 404 404 404 404
£ W14x99 209 250 248 — — -
:é; W14x109 (E) - - - - — -
W14x109 (C) — — - - - -
Table A.2. Member Axial Demand vs. Design Strength Summary
Demand, kips Design Strength, kips
Member Size 5B 5C
W14x22 (column line) 37 62 126
W14x22 (infill) 3 3 126
Beams W18x35 94 81 348
W18x60 213 — 530
W21x93 — — 916
Member Size 5B 5C Pin-Pin Rotational Restraint
Columns W12x58 404 404 281 379
W14x99 248 — 649 820
Table A.3. Member Flexural Demands: 5B
Member Size Case 1, kip-ft Case 2, kip-ft Case 3, kip-ft
My M, My M, M, M,
W14x22 (CL) 69 — 89 — 112 —
W14x22 (INT) 69 — 68 — 68 —
Beams
W18x35 186 6 215 5 248 4
W18x60 67 — 267 18 164 11
W12x58 5 - 190 46 135 29
Columns
W14x99 14 4 448 163 285 138
Table A.4. Member Flexural Demands: 5C
Member Size Case 1, kip-ft Case 2, kip-ft Case 3, kip-ft
My M, My M, M, M,
W14x22 (CL) 69 - 89 — 106 —
Beams W14x22 (INT) 69 — 68 — 67 —
W18x35 186 — 224 2 248 1
Columns W12x58 6 — 190 42 135 30
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Table A.5. Member Demands Comparison (ABQ = ABAQUS Results, SAP = SAP2000 Results): 5B

Axial Load, kips M,, kip-ft My, kip-ft V,, kips Vy, kips
Member Size ABQ SAP ABQ SAP ABQ SAP ABQ SAP ABQ SAP
W14x22 (CL) 49 37 38 112 - 13 12 4 0
W14x22 (INT) 14 3 27 68 - 11 11 2 0
Beams
W18x35 115 94 103 248 4 24 23 3 1
W18x60 276 213 76 164 11 16 12 5 4
W12x58 422 404 72 135 14 29 14 16 4 2
Columns
W14x99 261 248 194 285 116 138 37 41 21 19
Table A.6. Member Demands Comparison (ABQ = ABAQUS Results, SAP = SAP2000 Results): 5C
i Axial Load, kips M,, kip-ft M,, kip-ft Vy, kips Vy, kips
Member Size
ABQ SAP ABQ SAP ABQ SAP ABQ SAP ABQ SAP
W14x22 (CL) 55 40 39 106 1 — 11 11 4 0
Beams W14x22 (INT) 29 2 31 67 1 - 12 11 4 0
W18x35 124 94 108 248 4 1 24 21 3 0
Columns W12x58 420 404 69 135 21 30 14 16 6 3
Table A.7. Interaction Checks: 5B
Interaction
P,_,, ¢Pn! Mx, My, ¢Mn,X, ¢Mn,y, Check
kips kips P./oP, | Kkip-ft kip-ft kip-ft kip-ft (H1-1a/b)
W14x22 (CL) 37 126 0.29 112 — 127 — 1.08
W14x22 (INF) 3 126 0.02 68 - 127 - 0.55
Beams
W18x35 94 348 0.27 248 - 304 - 1.0
W18x60 213 530 0.40 164 11 450 - 0.91
W12x58 404 379 1.07 135 29 260 112 1.76
Columns
W14x99 248 820 0.30 285 138 462 247 1.35
Table A.8. Interaction Checks: 5C
Interaction
Pm ¢Pn! Mx; My, ¢Mn,X, ¢Mn,y, Check
kips kips P,/oP, | Kkip-ft kip-ft kip-ft kip-ft (H1-1a/b)
W14x22 (CL) 40 126 0.32 106 — 127 — 1.06
Beams W14x22 (INF) 2 126 0.02 67 - 127 - 0.54
W18x35 94 348 0.27 248 - 304 - 0.70
Columns W12x58 404 379 1.07 135 0 228 112 1.77
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Steel-Plate Composite Wall-to-Reinforced
Concrete Wall Mechanical Connection—
Part 1: Out-of-Plane Flexural Strength

JUNGIL SEO, HASSAN S. ANWAR, AMIT H. VARMA, and YOONHO NAM

ABSTRACT

In safety-related nuclear structures, steel-plate composite (SC) walls are often used in combination with reinforced concrete (RC) walls or
foundations. Appropriate connections are required to transfer force demands from the SC walls to the RC components without the connec-
tion failure that is often associated with brittle failure mode. This paper presents a design procedure developed for mechanical connections
between SC and RC walls. This procedure implements the full-strength connection design approach in ANSI/AISC N690-18, Specification
for Safety-Related Steel Structures for Nuclear Facilities (AISC, 2018), which requires connections to be stronger than the weaker of the
connected walls. This paper also presents the results from experimental and analytical investigations conducted to verify the structural
performance of the full-strength SC-to-RC connection. The focus of this paper (Part 1) is on the evaluation of the performance, strength,
and ductility of SC wall-to-RC wall mechanical connections subjected to out-of-plane flexure. The results include global force-displacement
responses, observations on concrete crack propagation, as well as applied force-strain responses of the connection region. The experimen-
tally observed and analytically predicted results verify the conservatism of the proposed design procedure.

Keywords: steel-plate composite, reinforced concrete, mechanical connection, full-strength connection design, out-of-plane moment,

LS-DYNA.

INTRODUCTION

Asteel—plate composite (SC) wall is typically comprised
of plain concrete reinforced with two steel faceplates,
as shown in Figure 1. The faceplates are attached to con-
crete using shear connectors and connected to each other
using tie bars. Shear connectors provide composite action,
whereas tie bars provide structural integrity and serve as
out-of-plane reinforcement. Significant experimental and
analytical research has been conducted around the world
on the behavior and design of SC walls over the last two
decades for various force demands including in-plane
shear (Ozaki et al., 2004; Lee et al., 2009; Song et al.,
2014; Bhardwaj et al., 2019), out-of-plane flexure and shear
(McKinley and Boswell, 2002; Foundoukos and Chapman,
2008; Hong et al., 2009; Leng et al., 2015; Sener et al.,
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2015), axial compression (Takeuchi et al., 1998; Choi and
Han, 2009; Zhang et al., 2020), and impact loading (Bruhl
et al., 2015a; Kim et al., 2020). The results from some of
the aforementioned and other research programs have
been used to develop design specifications and aids such
as JEAC-4618 (JEAC, 2009), KEPIC-SNG (KEA, 2010),
AISC N690 (AISC, 2018), AISC Design Guide 32 (Bhard-
waj and Varma, 2017), and AISC 341-16 (AISC, 2016).

Previously conducted research has proven that SC walls
have superior structural performance over conventional
RC walls. In addition, the recent construction of SC walls
for nuclear power plants (AP1000® nuclear power plants
in China and Vogtle, Georgia) and a high-rise building
in Seattle (Rainier Square, utilizing composite steel-plate
shear wall systems) have proven that SC walls can reduce
the overall construction duration. For these reasons, SC
walls are continuously gaining interest from both (1) the
nuclear industry for the third generation of nuclear power
plants as well as small modular reactors (SMRs) and (2) the
building industry for the application to core wall of high-
rise structures.

Despite their advantages and potential as an alternative
to conventional reinforced concrete (RC) described ear-
lier, it is challenging to completely replace RC structures
with SC walls in an entire structure due to relatively higher
material and fabrication costs as well as the designer’s
personal preference to use RC walls for certain applica-
tions. Therefore, there is an inevitable need for providing
joints between SC walls and RC structural elements. SC
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wall-to-RC connections can be found when (1) SC walls are
connected to RC floor slabs, (2) SC walls are connected to
an RC basemat, and (3) SC walls are connected to RC walls.
Only the SC wall-to-RC wall connection is considered in
this study because the other two connections have already
been previously investigated both experimentally and ana-
lytically (Kurt, 2016; Seo and Varma, 2017c).

The design demands need to be transferred properly from
one structure to the other structure through the connection
region so that the maximum benefits of SC walls can be
achieved. Connecting SC and RC walls can be achieved
using noncontact lap splice or mechanical connections.
Multiple curtains of large reinforcement (in diameter) are
typically placed for RC walls subjected to higher design
demands. Connecting SC walls to RC walls using the
noncontact lap splicing for reinforcement bars larger than
1.4-in. diameter (#11) would require a significantly longer
development length, which may not be suitable for some
locations. To overcome this challenge, mechanical con-
nection of reinforcement bars greater than 1.4-in. diameter
(#11) can be considered as per ACI 349-06 (ACI, 2000).

Although ACI 349-06 (ACI, 2006) specifies the design
requirements for mechanical connection of reinforcement
bars in RC construction, it cannot be easily extended to SC
wall-to-RC wall mechanical connections due to complex
force transfer mechanisms associated with two different
structural systems and lack of detailed design requirements
in ANSI/AISC N690-18, Specification for Safety-Related
Steel Structures for Nuclear Facilities (AISC, 2018), here-
after referred to as AISC N690. For these reasons, a design
procedure for SC-RC mechanical connections was devel-
oped by the authors based on available and existing connec-
tion design philosophy and concepts. The procedure was
evaluated experimentally and analytically, and this paper
focuses on the experimental and analytical investigation
of the SC-RC mechanical connections subjected to out-of-
plane flexure. It presents (1) the development of the design

Fig. 1. Typical SC wall configuration.
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procedure, (2) results and observations from both experi-
mental and analytical investigation, and (3) the validity of
the design procedure.

BACKGROUND

The typical SC wall connections to RC structures include
(1) SC wall-to-RC slab, (2) SC wall-to-RC foundation, and
(3) SC wall-to-RC wall. These SC wall connections can be
designed based on two different connection design philos-
ophies for SC wall connections permitted by AISC N690
(AISC, 2018), and they use both full-strength connection
design philosophy and overstrength connection design phi-
losophy. With the full-strength connection implemented,
the connection is strong enough to develop the full strength
(125%) of the weaker of the connected structural compo-
nents. It is often associated with forming plastic hinges
away from the connection region, dissipating energy dur-
ing design basis seismic events. Thus, the connection phi-
losophy is often recommended and preferred. On the other
hand, with the overstrength connection implemented, the
connection can be weaker than the connected structural
components, but its strength is designed to be greater than
or equal to 200% of the seismic demands and +100% of the
nonseismic demands in the load combination.

Seo and Varma (2017b, 2019) conducted experimental
and analytical investigations for SC wall-to-wall connec-
tions (T and L joints). The focus was on understanding the
behavior of SC wall joints and developing design recom-
mendations. The authors developed a connection design
method for SC wall-to-wall T and L joints by implementing
a full-strength connection design philosophy and recom-
mended a design equation for the strength of SC wall joints.
However, SC wall-to-RC structure connections can be dif-
ficult to design due to a complex force transfer mechanism
and the absence of specific design aids and specifications.

JEAC (2009) recommends three connection techniques
to transfer the forces from SC wall to RC foundation: non-
contact lap splicing between foundation dowel bars and SC
wall steel faceplates [technique (a)], steel faceplates of SC
wall embedded into the RC foundation using shear studs
[technique (b)], and steel faceplates and embedded foun-
dation dowel bars welded to the baseplate [technique (c)].
These three techniques are shown in Figure 2. Connection
techniques (a) and (c) were experimentally and analytically
investigated by Kurt (2016). A total of 10 tests were con-
ducted with aspect ratios (height/length of SC wall) from
0.60 to 1.00. The specimens were subjected to cyclic in-
plane loading, and the failure of the specimens occurred as
crushing of concrete and fracture of steel dowel bars. The
SC wall-to-RC foundation anchorage connection technique
(a) subjected to monotonic tension loading was investigated
by Seo and Varma (2017a). Three full-scale specimens were



designed based on a full-strength connection design phi-
losophy. The focus was on the influence of shear reinforce-
ment, dowel embedment length, and tie bar configuration
on the axial behavior and force transfer mechanism of the
SC-to-RC lap splice connection. Based on the results from
this study, the authors concluded that the ductile behavior of
the SC-to-RC lap splice connection can be led by develop-
ing concrete compressive struts within the connection
Researchers including Hwang et al. (2013), and Lee et al.
(2012) have discussed the behavior of the SC wall-to-RC
wall (L-joint) connection. For example, Hwang et al. car-
ried out an experimental and analytical study to evaluate
the strength, ductility, and failure mode of the noncontact
lap splice (L-joint) connection, shown in Figure 3. The L
joint exhibited ductile failure mode with yielding of vertical

(a) Noncontact lap splicing

(b) Embedding

reinforcement in the connection region governing the over-
all force-displacement behavior. Additionally, Lee et al.
carried out a similar experimental program and reported
flexural reinforcement pull out along with RC wall shear
failure.

DESIGN PROCEDURE

RC or SC walls in any structure are designed for seismic and
nonseismic load combinations resulting in design demands.
These design demands are transferred from one wall to the
other through the connection region. Although AISC N690
(AISC, 2018) recommends two connection design philoso-
phies (full-strength and overstrength), it does not provide
a detailed design approach and recommendations for SC

(c) Anchoring

Fig. 2. Connection techniques for SC wall-to-RC foundation (Seo and Varma, 2017a).

Fig. 3. SC wall-to-RC wall noncontact lap splice (L-joint) connection (units: in.) (Hwang et al., 2013).
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wall-to-RC wall mechanical connections. In addition, there
are no SC wall-to-RC wall mechanical connections that
have been previously developed and tested. The authors
have developed a design procedure for SC wall-to-RC wall
mechanical connections based on the full-strength connec-
tion design philosophy.

When SC walls are implemented and connected to RC
walls, these design demands must be transferred to con-
nected structural components. Figure 4 illustrates four major
design force demands on an RC wall panel section near the
SC wall-to-RC wall connection, including axial tension (S,
S,), in-plane shear force (S,y, S,.), out-of-plane shear force
(Sxz» Sy2), and out-of-plane flexural or twisting terms (M,,
M,, M,,, M,,). In general, M,, and M,, are obtained from
finite element analysis and added to M, and M,, respec-
tively. In addition, Sy, S,, S, and M, are resisted by the RC
and SC walls independently; therefore, these terms are not
required to be transferred to the SC wall. Thus, only four
force terms (S}, Sy, Sy;, M,), shown in Figure 5, need to be
transferred from RC wall to SC wall. S, is the axial force
in the y-direction (I') and M, is the out-of-plane moment
(OOPM). S, and S, are the in-plane shear (IPV) and the
out-of-plane shear (OOPV), respectively.

Figure 6 presents a schematic view of a typical SC wall-
to-RC wall mechanical connection considered in this study.
As shown, reinforcement embedded in the RC wall is
extended and connected to the baseplate using mechanical

S
M,

Fig. 4. Forces on RC wall panel section.
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couplers. The baseplates are welded to the faceplates and
the wing plates to resist the force from the rebars. The steel
tie plates are placed and welded to the faceplates to pro-
vide the resistance against the tension force induced by the
moment generated from the eccentricity.

Figure 7 illustrates the axial force, 7, transfer through the
mechanical connection from the RC wall to the SC wall. As
shown, the rebar in the RC wall are extended and connected
to the baseplate that is welded to both the wing plate and
the faceplate of the mechanical connection. With the full-
strength connection design philosophy, the maximum axial
force that needs to be transferred to the SC wall is 125%
of the yield strength of the reinforcing bars (7} =T, = T5 =
T, = 1.25A,F, ). This maximum axial force is referred to
as the required axial tension strength, N,, and it is equally
distributed between the two faceplates. The required axial
tension strength, N,, in the rebars is transferred to the face-
plates and generates the moment due to the eccentricity.
The moment is resisted by concrete in compression and the
tie plate in tension that connects the two faceplates.

Figure 8 illustrates the out-of-plane moment (OOPM)
transfer mechanism from the RC wall to the SC wall. As
shown, the OOPM is transferred to the SC wall through
compression force in the concrete and tension force in
the steel rebar and the faceplates. The maximum OOPM
that needs to be transferred through the mechanical con-
nection is 125% of the flexural strength of the RC wall,

RC

Fig. 5. Four forces on RC wall
panel to be transferred to SC wall.
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Fig. 6. Schematic of the mechanical splice connection.

Fig. 7. Axial force transfer mechanism.

Fig. 8. Out-of-plane moment force transfer mechanism.
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MZEC. Thus, the required OOPM, M %", is 1.25M €. The
M,O OF also generates an eccentric moment, and it is resisted
by the SC wall infill concrete in compression near the base-
plate, and the tensile force in the tie plate that connects the
two faceplates.

For both the out-of-plane shear (OOPV) and the in-plane
shear (IPV), the shear friction is the main force transfer
mechanism, as shown in Figure 9. When the mechanical
splice connection is subjected to either of the two shear
forces, the shear transfer occurs across two planes via fric-
tion between the two concrete surfaces. The friction force is
a result of the clamping forces created by the rebar keeping
the two surfaces together. The maximum transferred shear
force between two concrete surfaces, V,,S F, is limited by the
lesser of 0.2 f/A,, 1600A,, or (480 + 0.08 /')A, according to
ACI 318-19, Section 22.9.4.4 (ACI, 2019), where A, is the
area of concrete resisting shear transfer.

In general, the out-of-plane shear strength of RC walls
is less than the shear friction force. Thus, the mechanical
splice connection will not fail prior to the shear failure of
the RC wall as long as the connection region can transfer
the shear friction force. For this reason, the mechanical
connection is designed based on the assumption that all
the rebars connected to the connection develop 125% of
their yield strength, which results in the moment due to the
eccentricity induced by the required axial tension strength,
N,. Similarly, the moment is resisted by concrete near the
baseplate and the tie plate that connects the two faceplates.

The design procedure developed in this study in underly-
ing sections assumes that (1) both RC and SC walls have

been designed, (2) wall thickness of the RC wall is the same
as the wall thickness of the SC wall, and (3) width of the
baseplate is the same as the maximum width of the wing
plate. The procedure can be generalized in three steps:
(1) tie plate design, (2) baseplate design, and (3) wing plate
design.

Tie Plate (TP) Design

Designing the steel tie plate involves identifying the
required axial tension force for the tie plate, R, ;,. As shown
in Figures 7 and 8, the magnitude of R, , is influenced by
the distance of the tie plate with respect to the baseplate,
hyp, and the rebar distance, i3 and h4, with respect to the
section centerline (CL). From the free-body diagrams, R, ,
can be calculated by taking a moment at location O, as
given in Equation 1. In the equation, N, is the sum of 7}, 75,
Ts, and Ty. T, T», T3, and T, are the respective full strengths
of the steel rebar (1.25A, .F,,,). In addition, t,,,; is the wall
thickness, and ¢, is the faceplate thickness.

Nr Lyall tp)
2o | 2vall 22 | =(Tyhs + Tyh
I:Z ( P ) ( 313 4 4)

Ru,tp = h Q)]
i

Baseplate Design

The baseplate design can be performed using the yield line
method. The yield line method is based on the bending
moment of the structural element at its collapse state. The
unit baseplate is subjected to two concentrated forces, equal

Fig. 9. Out-of-plane shear and in-plane shear force transfer mechanism.
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to 125% of the yield strength of the steel rebar, 1.25A; ,.F) ,.
As shown in Figure 10, the three perimeters of the unit
baseplate reach their negative flexural strength, My, form-
ing yield lines /4, I5, and ls. Three additional yield lines,
l1, I, and I3, (as a result of positive flexural strength, M;f,,,
are formed inside the unit baseplate connecting the concen-
trated forces, P, the bottom center point, and the two top
corners, respectively. The spacing and thickness of the wing
plate are S, and ¢, ,,,, respectively. In addition, W,,, is the
width of the wing plate, S,; is the distance of the rebar to the
faceplate, and S,, is the center-to-center distance between
rebar. With the yield line analysis method, it is assumed
that the work done by external forces, XW,,,, in undergoing
a small deflection, A, is equal to the internal work, XW,,,,
done in rotations along yield lines, 0; and 0,; see Figure 11.
Equating Y>W,,; and >W,,, will result in the required flex-
ural strength of the baseplate, M, ;,, per unit length (1 in.).
The external and internal work, XW,,, and >W,,;, are given
in Equations 2 and 3, and the required flexural strength,
M, 1, is given in Equation 4.

2 Wey=2PA= 2(1-25A‘Y,rFy,r)A 2)
Mu,bp =M @)

B 2(1.25A,,F,,)A
a 20,0, +12(6] +92)+l3(9] +62)+l491 +l<,91 +1592

where

Iy =Wy =811 = 1.5dpose

Sw —t wp . 1
hL=1 =\/(%) +(8)? _Edhole

Iy =lg =Wy
Is= Swp —Ipwp

A=1
The minimum baseplate thickness can be calculated by
equating M, ;, and M, , (.e., OM,, = OF,Z) using
Equation 5.

Fig. 10. Yield lines for unit baseplate.
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Fig. 11. Small deflection angles at section A-A and B-B.
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8(1.25A,,F, )
21261 +lz(e] +62)+l3(9] +62)+l461 +1661 +1592

tp,hp,min -
OFy.bp

)

where

7= (1 in-)(l‘p,bp)2
4

Wing Plate Design

In this design process, the thickness of the wing plate is
determined. Figure 12 illustrates a single wing plate that is
subjected to axial compression force from four reinforcing
bars located on both sides of the wing plate. As shown, the
geometry of the system, as well as the loading condition,
is similar to those of the triangular bracket seat in AISC
Companion to the AISC Steel Construction Manual, Vol-
ume 1: Design Examples (AISC, 2019). Thus, the design
process for the triangular bracket seat can be implemented
for the steel wing plate if the variables P, a, and b as shown
in Figure 12(b) are replaced with T} + T3, hy,, and Wy, as
shown in Figure 12(a), respectively. During the wing plate
design process, demands and available strengths at sections
A-A and B-B are calculated and compared.

EXPERIMENTAL INVESTIGATION

The design procedure developed for SC wall-to-RC wall
mechanical connections was verified experimentally. A
total of seven tests (four full scale and three small scale)
were conducted to evaluate the performance of the SC

(a) Wing plate

wall-to-RC mechanical connections designed through the
procedure. They were subjected to monotonic OOPM and
OOPV and cyclic in-plane shear (IPV). In this paper, only
two large specimens subjected to OOPM are discussed.
The results from the remaining five specimens subjected to
OOPYV and IPV will be published later.

Design of Test Matrix

The specimens were designed to depict a unit cell of a typi-
cal wall section in nuclear facilities. The typical configura-
tion of the test specimens is shown in Figure 13. As shown,
the specimens had a wall thickness, T,,,;, and width, w,,q,
of 36 in., with a span length, [y,,,, of 324 in. (9.0T,,,;). The
RC wall portion had flexural reinforcement placed in four
curtains, a pair along each edge, comprised of ASTM A706
(ASTM, 2016) Grade 60 #14 rebar at center-to-center spac-
ing, 51, of 9 in., with a longitudinal reinforcement ratio,
p1, of 0.027. Shear reinforcement was comprised of ASTM
A706 Grade 60 #4 double hoop stirrups at the same center-
to-center spacing of 9 in. along the length of the wall. The
SC wall portion of the test specimens consisted of ¥-in.-
thick, Grade 50 faceplates, resulting in a reinforcement
ratio, pp, of 0.04; 1-in.-diameter stud anchors at center-to-
center spacing, s, of 9 in.; and ASTM A706 Grade 60 #8
tie bars welded with a partial-joint-penetration groove weld
to faceplates at a center-to-center spacing, s;, of 18 in. The
mechanical connection region was designed using the pro-
posed design procedure. The 27-in.-long connection region
was comprised of a 2-in.-thick (#,,) and 11-in.-wide base-
plate (wp,), 1-in.-thick wing plate (¢,,,), and a 1-in.-thick (¢,,)
and 1%-in.-wide tie plate (w;,). All steel plates within the
mechanical connection region were Grade 50.

(b) Bracket seat design
per AISC (2019)

Fig. 12. Design comparison.
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Table 1 presents geometric details of the test specimens.
The two specimens in Table 1 are essentially identical
specimens. They are only differentiated by their names as
well as longitudinal rebar-to-baseplate connection plans.
Figure 14 illustrates the two rebar-to-baseplate connection
plans considered in this study. The coupler plan shown in
Figure 14(a) utilizes a coupler that connects with the tapered
threaded #14 reinforcing bar at one end. The coupler is then
bolted to the baseplate using ASTM A449 (ASTM, 2020)
high-strength bolts. The bolt is stronger than the connected
reinforcing bar with a tensile strength, F,, of 90 ksi and
required no special tightening considerations. Similarly, the
double nut plan as shown in Figure 14(b) also utilizes the

tapered threaded #14 reinforcing bar, which is connected to
the baseplate using the coupler and a threaded rod.

The steel components of the two specimens were made
from the same heat. The steel material properties were
measured by conducting uniaxial tension tests according to
ASTM E8 (ASTM, 2013). Table 2 summarizes the average
measured steel material properties of the test specimens
used in the study. In Table 2, F), is the average measured
0.2% offset yield stress. The concrete material properties
were measured by conducting uniaxial compression tests
according to ASTM C39 (ASTM, 2014) on 4-in.-diameter
concrete cylinders that were cast at the same time as the test
specimens. The average measured concrete strengths at day
of test for the test specimens are also presented in Table 2.

(a) Elevation view

(b) Section view A-A

(c) Section view B-B

(d) Connection region

Fig. 13. OOPM test specimen.
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Table 1. Geometric Details of OOPM Test Specimens

Overall Dimension SC Wall RC Wall Connection
Specimen | w,.; | Ispan | Twan | to Ss st |Rebar| sy, Wip to | Wep | top | tup
(in.) | (in.) | (in) | (in.) P2 (in.) | (in.) | Size | (in.) P1 (in) | (in) | (in.) | (in.) | (in.)
OOPM-C 36 324 36 Y% 0.04 9 18 14 9 1]0.027| 1.75 1 11 2 1
OOPM-DN | 36 324 36 % 0.04 9 18 14 9 1]0.027 | 1.75 1 11 2 1
Table 2. Measured Properties of OOPM Test Specimens
Specimen Steel Yield Strength, Fy, ksi Concrete Strength,
Faceplate | Baseplate | Tie Plate | Wing Plate Rebar Stirrup fé, psi
OOPM-C 60 62 57 57 68 67 5,447
OOPM-DN 60 62 57 57 68 67 5,470

Instrumentation Plan

The OOPM test specimens were subjected to monotonic
loading in the vertical direction, as illustrated in Figure 13.
Two 500-kip hydraulic actuators were connected to the test
frames to apply the monotonic loading at two locations
36 in. away from the center of the specimen.

The layout of string potentiometers (SPs) and displace-
ment transducers (DTs) is illustrated in Figure 15. One set
of two SPs were attached to the center of connection region
to measure global deflection and possible twisting of the
specimen. Another pair of SPs were attached to the bottom
of the specimen under each loading point. Two DTs were
placed under each roller support to measure support settle-
ment. Four electrical-resistance strain gauges (SGs), each
on the interior wing plates and tie plates, were attached as
per the configuration shown in Figure 16. In case of base-
plates, two SGs were attached, each on top and bottom
baseplates at horizontal distances of 13.5 in. and 22.5 in.,
respectively, from the left face, as shown in Figure 17. Two
SGs were attached on each #14 horizontal rebar (one at the
top and one at the bottom of rebar) located at a horizontal
distance of 2 in. from the mechanical coupler, making a
total of 16 SGs in the specimen rebar cross section (connec-
tion region). This arrangement is illustrated in Figure 18.

(a) Coupler

EXPERIMENTAL OBSERVATIONS AND RESULTS

Specimen OOPM-C

The applied force—displacement response of specimen
OOPM-C is shown in Figure 19. As shown, the first con-
crete flexural cracks occurred in the RC wall portion at the
applied force of P = 80 kips, resulting in a change in the
stiffness. Additionally, a significant decrease in the stiff-
ness at P = 500 kips was observed due to yielding of the
bottom #14 reinforcing bars. Concrete crushing under the
loading point in the RC portion was also observed at P =
514 kips. The maximum applied force, P, ., was 585 kips,
and the corresponding displacements were 6.39 in., 6.07 in.,
and 4.83 in. at the RC portion, center, and the SC wall por-
tion, respectively. As expected, the maximum displacement,
Ayax, was observed in the RC wall portion of the specimen
(SP4). The maximum applied force, P, ., was greater than
the force associated with the flexural strength of the RC
portion calculated using ACI 349 (ACI, 2006) provisions
with the measured properties (Py,.gc = 495 kips) by 18%.
The shear force associated with P, was 293 Kips (Pyax/2),
less than the shear strength of the RC wall portion deter-
mined using ACI 349 (V,, gc = 329 kips), thus confirming

(b) Double nut

Fig. 14. Rebar to baseplate connections.
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(a) Elevation view (b) Section view A-A

Fig. 15. SP and DT sensor layout.

(a) Elevation view (b) Plan view

Fig. 16. SG layout of wing plates and tie plates.

(a) Elevation view (b) Plan view

Fig. 17. SG layout of baseplates.
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(a) Elevation view (b) Plan view

Fig. 18. SG layout for #14 rebar.

Fig. 19. Applied force—displacement response.

Fig. 20. Applied force—strain response of specimen OOPM-C (#14 rebar, wing plates, tie plates, and baseplates).
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flexural yielding of the RC wall portion to be the governing
failure mode.

Figure 20 shows the applied force—strain response for #14
rebar, wing plate, tie plate, and baseplate. The bottom #14
rebar exhibited the maximum strain of 2,640 pe (SG 14),
which was greater than the yield strain (g, = 2,330 pe).
Note that the maximum strain of the #14 rebar is some-
what lower than expected because the strain gauges were
attached 2 in. away from the mechanical couplers rather
than being attached at the interface between the RC wall
and SC wall portions. As shown, the maximum strain for
wing plates and tie plates at P,,,, was 1,440 pe (SG 20, tie
plate) and -360 pe (SG 21, wing-plate), respectively, with
corresponding stress values of 41.6 ksi and —10 ksi. Lastly,
a similar response of baseplates is shown in the same figure
exhibiting the maximum strain of 802 pe (SG 28) at Pyqy-
As expected, all steel components in the connection region
remained in the elastic range.

Figure 21 presents the overall damage progression in
terms of concrete crack patterns. First flexural cracks
appeared in the bottom of RC wall portion near the loading

point at 14% of P,,,.. As the loading increased, additional
flexural cracks were formed within the RC wall shear span
as well as in the SC wall region around 235 kips (0.4P,,.).
The flexural cracks transformed into flexural-shear cracks
at 0.6P,,,,. Cracks appeared in the connection region just
before the onset of concrete crushing at the RC wall por-
tion loading point. After the yielding of the #14 rebar, the
compression zone under the loading point (RC wall portion)
softened as a result of concrete crushing and spalling, caus-
ing extensive ductile deformation of the test specimen, as
shown Figure 22.

Specimen OOPM-DN

Figure 23 shows the applied force—displacement response
of specimen OOPM-DN. As shown in the figure, the speci-
men exhibited similar behavior to that of OOPM-C. The
maximum applied load was P,,, = 570.8 kips, and the
corresponding displacements were 4.98 in., 4.80 in., and
3.79 in. at the RC portion, center, and the SC wall portion,
respectively. The maximum vertical displacement, Ay,

Fig. 21. Concrete crack pattern (east side)—specimen OOPM-C.

(a) Gap opening at the RC-SC interface

(b) Significantly deformed specimen

Fig. 22. Damage of specimen OOPM-C.
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was measured from the RC wall portion of the specimen
(SP4). P, was greater than the force associated with the
flexural strength of the RC wall portion calculated using
ACI 349 (ACI, 2006) provisions (P, gc) With the measured
material properties by 75.8 kips (15%).

Figure 24 shows the applied force-strain response of
the #14 rebar. The bottom #14 rebar exhibited strain val-
ues greater than their yield strain (g, = 2,330 Ug) at P4y,
with maximum strain value of 2,710 pe (SG 8). The same
figure presents the response of wing plates and tie plates.
The plates remained in the elastic range during the test,
exhibiting maximum strain of 1,670 L (tie plates, SG 20)
and —297 ue (wing plates, SG 23) at P,,,,, respectively. The
applied force-baseplate strain response shows the maxi-
mum strain of 176 pe (SG 27).

Figure 25 shows the overall damage progression in terms
of concrete crack pattern. As shown, the damage progres-
sion was similar to specimen OOPM-C. The first flexural
crack occurred at 18% of P, As the load increased,
additional flexural cracks were formed within the RC wall
shear span, as well as in the SC wall region around 150 kips
(0.26P,,,,). The flexural cracks transformed into flexural-
shear cracks, and cracks appeared in the connection region
at 52% of P,,,,. After the yielding of the #14 reinforcement,
the compression zone under the loading point (RC wall por-
tion) softened as a result of concrete crushing and spalling,
which initiated around 90% of P, as shown in Fig-
ure 26(a). Thus, the beam deformations became prominent
as the specimen deflected in a ductile manner, as shown in
Figure 26(b).

NUMERICAL INSIGHT INTO BEHAVIOR

A three-dimensional (3D) finite element model (FEM) was
developed and analyzed to provide better insight into the

force transfer mechanism for the design demand. Analysis
was conducted to predict the performance, strength, ductil-
ity, and failure mode of the designed specimens. The tests
described in the previous section were simulated using the
commercially available finite element modeling (FEM)
software LS-DYNA, (LS-DYNA, 2012a, 2012b) employing
an explicit time-stepping algorithm.

Analysis Approach

The concrete in the SC and RC wall portions, the SC wall
faceplate, and the connection region (wing plates, tie plates,
and baseplates), as well as the RC wall flexural reinforce-
ment, were modeled using eight-node hexahedron solid ele-
ments with six degrees of freedom per node as shown in
Figure 27. The two most common integration techniques
used for solid elements in LS-DYNA are the reduced and
full integration technique (LS-DYNA, 2012a, 2012b). Con-
crete was modeled using a computationally less extensive
constant stress (ELFORM 1, reduced integration) formula-
tion. However, the connection region, SC wall faceplate, and
flexural reinforcement (#14 rebar) were modeled using full
integration element formulation due to the nature of their
geometries. While the reduced integration technique has an
inherent drawback of introducing zero energy modes, com-
monly referred to as hourglass modes, it does compensate
by providing the computational efficiency. The potential
hour glassing issue was prevented by introducing stiffness-
based hourglass control with an hour-glassing coefficient of
0.1 consistent with the values used by Yang (2015). On the
contrary, full integration technique is prone to shear inter-
locking in case of pure bending. To overcome the issue,
the LS-DYNA full integration type for poor aspect ratio
(ELFORM 1) was used to reduce transverse shear locking.
The Hughes-Liu beam element formulation (ELFORM 1)

Fig. 23. Applied force—displacement response of specimen OOPM-DN.
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Fig. 24. Applied force—strain response of specimen OOPM-DN (#14 rebars, wing plates, tie plates, and baseplates).

Fig. 25. Concrete crack pattern (east side)—specimen OOPM-DN.

(a) Concrete crushing at the RC loading point (b) Significantly deformed specimen

Fig. 26. Damage of specimen OOPM-DN.
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was used to explicitly model the RC wall shear reinforce-
ment, SC wall shear studs, and tie bars using two node
beam elements with one-point integration and a circular
cross section, as shown in Figure 28. These element formu-
lations are evaluated by various authors, including Bruhl
et al. (2015b) and Epackachi et al. (2015). Both definitions
for solid and beam elements are accessible via SECTION_
SOLID keyword. The average size of a solid element across
the faceplate and the concrete infill is 1 in.

RC wall reinforcement and SC wall studs and tie bars
(tied to the faceplate) were embedded in the respective con-
crete portions by coupling the acceleration and velocity
via the Constrained_Lagrange_In_Solid (CLIS) keyword
to depict a perfect bond behavior. Connection region tie
plates, wing plates, and baseplates were also coupled to the
SC wall infill concrete using the same constraint definition.
Interaction between SC wall infill concrete and faceplate
was defined using the Automatic_Surface_To_Surface
formulation. This two-way contact definition prevents the
slave and master nodes from penetration. In the tangential
direction, a median value of coefficient of friction equal to
0.64, reported by Rabbat and Russel (1985), was used. The
embedment length of the RC wall flexural reinforcement
extending inside the SC wall was less than the required

development length from ACI 349 (ACI, 2006); therefore, it
was not embedded inside the SC wall (connection region),
and its interaction with infill concrete was also defined
using the same contact definition. Additionally, the inter-
action between loading plates, support rollers, and corre-
sponding surfaces of RC and SC walls were simulated using
the same contact formulation.

Material Models and Properties

Continuous_Surface_Cap_Model (CSCM) concrete (MAT
159), chosen from the library of LS-DYNA (LS-DYNA,
2012a, 2012b), is an isotropic model that requires only basic
strength data (f/) and aggregate size. Therefore, it mini-
mizes the need for expansive testing to determine a wide
range of parameters. The input compressive strength was
based on the average values obtained on the day of tests.
The concrete material model (MAT 159) was developed
as part of an effort to predict the performance of road-
side concrete safety structures. The strength of the iso-
tropic cap model revolves around the smooth intersection
between failure and cap surfaces. To simulate concrete
damage progression such as cracking, crushing, and spall-
ing, element erosion criteria in the form of maximum and

Fig. 27. FEM solid element formulation.

Fig. 28. FEM beam element formulation.
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Table 3. Input Parameters for LS-DYNA Material Models

Material
Type Input Parameters Value/Equation Reference
Mass density 2.25 x 107 Ibfs%/in.
Unconfined compression strength Table 2 Based on material tests
Maximum aggregate size 0.750 in. Experimental data
Concrete . .
Erosion criteria:
MNEPS —-0.003
MXEPS 0.005 Equation 6

Mass density

7.34 x 107* Ibfs?/in.

Steel Yield strength

Young’s modulus 2.90 x 107 psi
Poisson’s ratio 0.300

Table 2 Based on material tests
Failure strain Table 2 Based on material tests
Stress—plastic strain curve Table 2 Based on material tests
Hardening variable 0 LS-DYNA (2012a, 2012b)

minimum principal strains were artificially included by
defining a MAT_ADD_EROSION keyword. A concrete
ultimate compressive strain value of —0.003 was specified
as minimum principal strain (MNEPS), whereas maximum
principal strain (MXEPS) was calculated using Equation 6.
These values are consistent with the findings obtained by
Yang (2015), where ® is the crack width at zero tensile
strength and V, is the volume of one solid element. Con-
crete crack width, ®, can be estimated from Equation 7. In
Equation 7, f; is uniaxial tensile strength and Gyis specified
fracture energy, which can be estimated using Equation 8
(Wittmann et al., 1988). In Equation 8, @ is the maximum
aggregate size.

Maximum principal strain (MXEPS) = 30‘)/ ©6)
2Gy
w=— @)
Ji
Gy =1.297@"% ®

RC wall reinforcement, connection region, and SC wall
faceplates were modeled using the Piecewise_Linear_Plas-
ticity material model (MAT 24). It is a constitutive steel
material model with isotropic elastic, von Mises yield cri-
terion, associated flow rule, and post-yield plastic behav-
ior (Kurt et al., 2016). MAT 24 provides the flexibility of
defining post-yield hardening behavior in form of effective
stress-plastic strain curves averaged from standard uniaxial
tension coupon tests performed during the experimentation

phase, thus allowing explicit modeling of nonlinear behav-
ior. SC wall shear studs and tie bars were modeled with
Plastic_kinematic (MAT 03) material model. Both the steel
models are featured with a strain rate scale effect, which
was not activated due to quasi-static nature of tests. Addi-
tionally, Rigid material (MAT 20) was used to provide
material definition for loading beams and roller supports.
Table 3 summarizes the material properties used in the
simulations.

Analytical Verification

Figure 29 shows the analytically predicted applied force-
displacement response of the model mapped over the experi-
mentally measured response of the OOPM-C test specimen.
As shown, the analytically predicted response is in close
agreement with the experimentally measured response. The
displacement is measured under the RC wall portion load-
ing point (36 in. from the interface of SC wall region). The
analytically predicted maximum load, PLEA was 571 kips,
which is greater than the force associated with the flexural
strength of the RC wall portion, Py, gc = 495 kips,
by 15%. The shear force, Vg,l,fﬁx, associated with the ana-
lytically predicted Plifwas 286 kips, which is less than the
shear strength of the RC wall portion (V, gc = 329 kips),
confirming flexural yielding as the governing failure mode.
The maximum stress predicted in the bottom layer of #14
rebar was approximately 93 ksi, which is just over 125% of
the yield stress of the reinforcing bars (1.25F),, = 83.3 ksi).
Longitudinal strain responses predicted by the model are
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compared with experimentally measured strain responses
in Figure 30. In the case of the tie plate, SG 20 values were
compared directly with corresponding simulated strains in
Figure 30(a). In Figure 30(b), the same comparison is shown
for the wing plate (SG 22). The simulated strain values are
in a reasonable agreement compared with observed data in
this case. Strain contour plots of the mechanical connection
region at P,I,;-ffare shown in Figure 31. As shown, the maxi-
mum predicted strain values for the tie plate (corresponding
to SG 20) and wing plate (corresponding to SG 22) are some-
what lower than the experimental data. This was attributed
to the treatment of the interface between concrete and the
steel plates in the connection region in the model. The steel

plates (tie plate, wing plate, and baseplate) were embedded
in concrete in the model, which allows the perfect composite
action. However, no perfect composite action is developed
in the connection region of the specimens. Only a limited
level of bonding between the steel plates and concrete is
achieved. For this reason, the tie plate and wing plate car-
ried lower stress and exhibited lower strain. However, all
steel components (including tie plate, wing plate, and base-
plate) in the connection region remained in the elastic range
until the connected RC wall portion developed its flexural
strength (RC flexural yielding), which is in accordance with
the experimental observation.

Fig. 29. Comparison between experimental (OOPM-C) and FEA results.

(a) Tie plate

(b) Wing plate

Fig. 30. Strain gauge data (experimental vs. FEA).
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SUMMARY AND CONCLUSIONS

Both experimental and numerical investigations were con-
ducted to evaluate the design procedure developed for SC
wall-to-RC wall mechanical connections. The design pro-
cedure was developed based on the full-strength connec-
tion design philosophy. The applied force-displacement
responses and the applied force-steel strain responses were
measured and evaluated to determine the ultimate strength
and the governing failure. The measured strengths were
compared with the RC wall strength determined using ACI
349 (ACI, 2006). The results from both experimental and
analytical investigations indicated the following:

1. The governing failure mode of the two test specimens
was flexural yielding of the RC components, ensuring
energy dissipation away from the connection region.
Thus, the connection region can be designed and detailed
using the proposed design procedure.

2. The type of connection plan, coupler or double nut, had
no influence on the force transfer mechanism of the
designed connection.

3. The measured ultimate strength was 585 kips for specimen
OOPM-C and 571 kips for specimen OOPM-DN, which
was greater than the ACI code equation by 18% and 15%,
respectively.

4. All the steel components in the connection region
remained in the elastic range until the RC wall developed
its full flexural strength.

5. The experimentally observed and analytically predicted
maximum strain values in the case of the wing plates and

(a) Tie plate and wing plate

baseplates were well under their yield strain, indicating
a significant contribution of the concrete in the force
transfer mechanism and exhibiting conservatism in the
design procedure.

6. The proposed design procedure is suitable and
conservative for designing SC wall-to-RC mechanical
connections. However, additional experimental and
analytical studies should be conducted to expand the
limited database and further verify the design procedure
for different loading conditions such as in-plane and out-
of-plane shear.
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Practice-Accessible Methodology for Nonlinear
Refined Analysis of Gusset Plate Connections
of Steel Truss Bridges

ALIREZA MOHAMMADI and WALID S. NAJJAR

ABSTRACT

A new approach is proposed for estimating structural capacity of gusset plate connections of steel truss bridges. The approach involves
nonlinear refined analysis of a truss model, consisting of a single truss made of shell elements for two gusset plates at a subject connection
and frame elements for truss members. Connectors (bolts or rivets) are excluded from the proposed model in order to simplify the model,
with the knowledge that their associated failure modes can be addressed by simplified design calculations. Only yielding and buckling failure
modes of gusset plates are considered. The new approach is calibrated by comparison with laboratory test data from NCHRP Project 12-84.
The primary intent of this paper’s approach is to reduce the complexity of the refined analysis developed under this National Cooperation
Highway Research Program project and make it more user-friendly to load rating engineers seeking accurate estimation of gusset plate
capacity. Further, an imperfection sensitivity curve characterizing reduction in capacity as a function of lateral imperfection (gusset plate
out-of-flatness) in gusset plate geometry is introduced as an added tool for the load rating engineer, providing more confidence in capacity
estimation. Based on a limited case study, the proposed refined analysis provides an estimate of gusset plate capacity that is approximately
equal to capacity calculated by the truncated Whitmore method of the AASHTO Manual for Bridge Evaluation (2018). In other words, the
proposed approach validates the truncated Whitmore method as compared to the more conservative partial shear method of the AASHTO
Manual.

Keywords: steel truss bridge, gusset plate connection, finite element analysis, load rating, inelastic compression buckling,
nonlinear buckling.

BACKGROUND practice for gusset plates has consisted of (1) using beam
theory over general sections and calculating the resultant
moment and shear on a free-body diagram (for overall
failure consideration); (2) adopting the Whitmore section
method for tensile/compressive stresses at the end of truss
members (for local buckling and yielding considerations);
and (3) rivet/bolt shear, block shear, and hole bearing fail-
ures (for fasteners and gusset plate-fastener interaction
considerations).

In 2007, the collapse of the I-35 bridge in Minneapolis led
the bridge engineering community to reevaluate contempo-
rary measures of safety and reliability of gusset plate con-
nections of steel truss bridges. The investigations conducted
by the National Transportation Safety Board (NTSB) indi-
cated compression buckling in gusset plates as the initial
cause for the subsequent bridge collapse (NTSB, 2008). In
response to this disaster, the Federal Highway Adminis-
tration (FHWA) issued recommendations for supplemen-
tary gusset plate load ratings for non-load-path-redundant
steel truss bridges as well as new AASHTO procedures for
design and load rating of gusset plates. However, there was

he history of steel truss bridges goes back to the late

19th century when steel displaced wood and iron as the
material of choice for truss bridge construction. However,
the first significant experimental study on steel gusset plate
connections was performed by Wyss (1926), followed by
several successive substantial studies in the next decades
(Sandel, 1950; Whitmore, 1952; Irvan, 1957; Hardin, 1958;
Vasarhelyi, 1971). These research efforts indicated that
the maximum tensile and compressive stresses in gusset
plates develop at the end of the truss members. Whitmore
conducted a set of experiments on Warren truss joints of a
small-scale model. Based on the results, he proposed his
effective width concept known as the Whitmore section,
formed of a line through the end row of rivets/bolts inter-
sected by two lines radiating outward at 30° angles from
the first row of rivets/bolts. Thereafter, common design
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That research consisted of comprehensive experimental and
analytical investigations to explore failure modes of gus-
set plates and reliability calibration of resistance factors for
shear and buckling limit states.

Regarding gusset plate buckling resistance, National
Cooperation Highway Research Program (NCHRP)
research findings indicate a considerable difference in
buckling failure modes between tight connections with
chamfered diagonals and typical connections with non-
chamfered members. In tight connections, buckling occurs
after significant shear yielding along the chamfered edge.
While in typical nonchamfered connections, the buckling
occurs following a slight compressive yielding in the gusset
plate region at the end of the compression diagonal mem-
ber. Based on these findings, two alternative methods are
proposed by the NCHRP research team for buckling resis-
tance estimation: Method 1 is a twofold buckling resistance
estimation including Whitmore section buckling along
with a proposed partial shear yielding check. Method 2 is
a revised Whitmore method known as the truncated Whit-
more method. These two methods have been adopted by
the AASHTO Manual for Bridge Evaluations (MBE)
(AASHTO, 2018) for gusset plate load rating. However, the
truncated Whitmore method is discussed in the MBE Com-
mentary. Despite the calibration conducted in the NCHRP
research, there is substantial uncertainty about gusset plate
buckling parameters, including the buckling length and
assumed effective length coefficient, K. The research find-
ings also indicated a large discrepancy between actual mag-
nitude and location of maximum stresses in gusset plates
using beam theory. For shear yielding, this discrepancy is
addressed by including a reduction factor. However, this
factor is also associated with uncertainty. These uncertain-
ties arise due to a vast variety of gusset plate geometries
and, consequently, significant variation in boundary condi-
tions of gusset plates in the local yielding/buckling region.
Considering the safety margins applied for generalization
of these parameters, the MBE prescriptive gusset plate
capacity estimation approach involves significant conserva-
tiveness that may result in unnecessary repair recommen-
dations. Alternatively, an authentic analytical simulation
approach may provide a more realistic estimation of gusset
plate yielding/buckling resistance.

The AASHTO MBE allows employing refined finite ele-
ment simulation to determine nominal resistance of gusset
plate connections, particularly when the MBE prescriptive
capacity estimation approach results in unacceptable load
rating based on compression yielding or buckling criteria.
The MBE Commentary refers to NCHRP research model-
ing attributes as a reliable approach that was able to predict
gusset plate capacities with less than 10% error as com-
pared to experimental testing results. Nevertheless, follow-
ing strictly the same approach is not required, and simpler
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modeling is considered acceptable depending on the target
failure model under investigation. The complexity of the
NCHRP research modeling approach may hinder its imple-
mentation in common load rating practice. This paper pro-
poses a more practical finite element modeling approach to
estimate gusset plate capacity associated with yielding and
buckling failure modes for typical double gusset plate con-
nections of steel truss bridges.

PROPOSED NONLINEAR FINITE
ELEMENT ANALYSIS APPROACH

The main concept of the alternative nonlinear finite ele-
ment method (FEM) modeling and analysis approach
presented in this study is to simplify an ideal full compre-
hensive approach by excluding model attributes related to
failure modes that can be confidently evaluated by the cur-
rent MBE prescriptive calculations, as well as other attri-
butes having negligible effects on capacity estimation of
remainder failure modes. Failure modes related to fasteners
and gusset plate-fastener interactions, including shear resis-
tance of fasteners, block shear resistance and hole bearing
resistance, can be well evaluated with the MBE equations.
Also, the NCHRP research results indicated that modeling
of fasteners holes is not required for yielding and buckling
failure modes. Therefore, fasteners and fasteners holes are
not included in this alternative FEM modeling approach.
However, proper modeling of load transfer between gusset
plates and truss members at fastener locations is considered
as a necessary modeling attribute in this approach.

Analytical simulations conducted under the NCHRP
research indicated the necessity of utilizing shell elements
to accurately predict gusset plate connection failure modes
and related resistances. Besides, geometry and material
nonlinearities along with inclusion of initial geometric
imperfections are acknowledged as other essential model-
ing attributes to create an authentic FEM model for gusset
plate connections. Accordingly, the mentioned attributes
are considered as the basis of the proposed FEM model-
ing approach for gusset plate yielding and buckling failure
modes.

Figure 1 illustrates FEM simulation for a subject Warren
truss with refined gusset plate modeling at a top joint for
gusset plate capacity investigations. Details of this simu-
lation and the performed nonlinear analysis are discussed
next and demonstrate application of the proposed approach.
As shown in Figure 1(a), the model includes a full truss with
a refined gusset plate model at joint U9. The full truss is
simulated via ADINA v9.3 (Adina, 2017) using truss ele-
ments, except at panels 9 and 10, where truss members are
modeled with beam elements to accurately present the force
and moments induced in the gusset plate connection. Instead
of a full-truss model, a two-panel truss system including the



(a) Full 3D truss model incorporating refined gusset plate connection modeling at joint U9
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(b) Gusset plate connection modeling (c) Gusset plate connection modeling
before element meshing after element meshing

Fig. 1. An example of the proposed FEM modeling approach.
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joint and two adjacent panels is acceptable for FEM simu-
lation as recommended in the AASHTO MBE. However,
boundary conditions and applied truss loads at the bound-
ary joints shall be accurately set to guarantee the validity
of the obtained results. In the NCHRP research modeling
approach, the truss members attached to the gusset plates
are modeled with a shell element for a distance of two mem-
ber depths away from the gusset plate edge. This will sig-
nificantly complicate the modeling of the truss members
and gusset plate-to-truss member attachments. It will also
significantly increase the time of modeling and analysis.
Alternatively, in this proposed approach, the members are
fully modeled with only beam elements. As shown in Fig-
ures 1(b) and 1(c), rigid links are provided to connect the
truss members to the gusset plates at the fastener locations
to precisely model the load transfer between them. In this
approach, gusset plates are modeled using a combination of
quadrilateral and triangular shell elements due to the gusset
plate’s complex geometry. However, quadrilateral elements
constitute the majority of the elements. Utilizing triangular
shell elements is relatively less favorable because it is asso-
ciated with larger solution errors. Nonlinear material mod-
els should be used for gusset plate shell elements to capture
the yielding, stress redistribution, and stress hardening.

To incorporate geometric instability (buckling) failure
modes into the gusset plate FEM model, proper inclusion
of initial imperfection (gusset plate out-of-flatness) along
with a gradually increasing load need to be applied until
termination of the analysis due to structural instability.
According to the AASHTO MBE, the maximum initial
imperfections should be limited to the smaller of 1/150
of the longest free edge length, 10% of the gap between
the end of the compression member and the next adjoining
member, or the thickness of the gusset plate. However, an
adequate application of this imperfection to the model is
not suggested by the MBE. In the NCHRP research, the
initial imperfection was applied to both the gusset plate
and the compression diagonal member. The imperfection
was applied by a separate linear analysis imposing trans-
verse pressure to the end of compression diagonal until
reaching the desired out-of-flatness. This will generate an
initial imperfection shape following the gusset plate’s first
buckling mode, which is a transverse sway mode. However,
this approach may result in unrealistic locked-in stresses
induced by the applied imperfection. Moreover, due to
uncertainty about actual imperfection, applying a single
initial imperfection without considering the gusset plate’s
buckling sensitivity to initial imperfection may result in an
underestimation of the imperfection effect. Alternatively, in
this proposed approach, the initial imperfection is included
with a transverse load applied at the end of the compres-
sion diagonal beam element simultaneously increasing with
truss loading steps. The buckling sensitivity is studied by
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applying a reasonable range of the mentioned imperfection
simulating load. This will provide the load rating engineer
with a full picture of the buckling resistance sensitivity and
helps the engineer for more reliable gusset plate buckling
resistance estimation.

VALIDATION ANALYSES FOR THE
PROPOSED MODELING APPROACH

A set of validation analyses was conducted to evaluate the
accuracy and reliability of the proposed nonlinear FEM
analysis approach. For this purpose, full-scale experimental
tests conducted under the NCHRP research for specimens
E1-WV-307SS were simulated utilizing the approach pro-
posed in this study. The ADINA v9.3 finite element package
was used to generate structural models and conduct gusset
plate connection nonlinear analyses. Figure 2(a) shows the
load frame used in the NCHRP tests to simulate the load-
ing applied on a double-gusset plate connection at the lower
joint of a Warren truss configuration with vertical truss
members. As shown, the truss loads were applied through
five independent jacking systems at the end of the truss
members. The experimental testing included four E1-W V-
307SS specimens, all with the same gusset plate geometry
as shown in Figure 2(b) but different thicknesses, includ-
ing 0.25 in., 0.3125 in., 0.4375 in., and 0.5 in. Reported test
observations indicated gusset plate inelastic buckling at
the compression diagonal as the failure mode for all four
specimens. Accordingly, this specific set of specimens
was selected for this validation to thoroughly investigate
the validity of this analysis technique to capture localized
initial yielding and consequent inelastic buckling of gusset
plates at the compression diagonal.

Figures 2(c) and 2(d) show the 3D FEM model devel-
oped for the validation analysis. The proposed modeling
approach explained in the earlier section was utilized in
this model. The model includes a shell element for gusset
plates with nonlinear steel material model, elastic beam-
element truss members (chords, diagonals, and the vertical),
and rigid links connecting the truss members to the gusset
plates at actual bolt locations. Figure 2(c) shows the truss
loads applied at the end of the truss members. The loads are
scaled up to twice the failure loads obtained for the 0.5-in.
thickness. The larger loads were applied to ensure capturing
simulation failure resistances higher than the reported test
failure resistances. The loads were applied gradually with
1% increments along with software’s automatic incrementa-
tion control (for further substepping at analysis diverging
steps) to ensure capturing material and geometric nonlin-
earity until final failure. The loading step corresponding
to the failure of analysis is presented as the applied load
factor (ALF). ALF represents the fraction of total load at
the last analysis step. The boundary conditions at the end of



(a) NCHRP test load frame (b) Geometry of EI-WV-307SS specimens

(c) Test simulation model, loads and dimensions (d) Test simulation model, boundary conditions

(e) Imperfection simulating load (f) Stress-strain relationship for Grade 50 steel

Fig. 2. EI-WV-3078S NCHRP test simulations.
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truss members are shown in Figure 2(d) (U for translational,
and O for the rotational degrees of freedom). As shown, all
members are only free for translational movement in their
longitudinal directions, except the vertical member, which
has freedom for out-of-truss plane rotation. These transla-
tional and rotational fixities correspond to the constraints
provided at the jacking setups. As shown in Figure 2(d),
secondary coordinate systems were defined for diagonal
members to facilitate the applications of loads and bound-
ary conditions for the diagonal members. As illustrated,
these secondary coordinate systems have an axis along the
diagonals (r and r”), a perpendicular axis within the truss
plane (7 and '), and the third axis normal to the truss plane
(s and s”). The bottom chord was modeled continuous over
the gusset plate due to significant ample splicing plates pro-
vided in testing.

As explained earlier, in this proposed analysis approach,
the initial imperfection of gusset plate connections is
applied via a single transverse load at the beginning of the
compression diagonal member. The intent is simplicity and
practicality of using this approach in common load rating
practice. Figure 2(e) shows the imperfection simulating
load in this modeling. This load simulates an initial imper-
fection following the connection’s transverse sway buckling
mode. Similarly, alternative loading may be utilized when
other gusset plate buckling modes are of concern. Fig-
ure 2(f) shows the nonlinear steel Grade 50 material model
(per the NCHRP research report) used for gusset plate shell
elements.

For each of the four test simulations, nonlinear analy-
ses were performed by incorporating different amounts of
imperfection simulating loads. Each applied imperfection
load is also presented by an equivalent out-of-plane imper-
fection eccentricity of the gusset plates at the compression
diagonal. This imperfection eccentricity is comparable to
the out-of-plane imperfection referred to in AASHTO MBE.
The equivalent imperfection eccentricity for each applied
imperfection simulating load was obtained by equating the
out-of-plane bending moments at the joint center resulting
from the imperfection simulating load with the equivalent
imperfection eccentricity. Figure 3 shows the imperfection
sensitivity curves for all four test simulations. Each imper-
fection sensitivity curve presents the rate for gusset plate
capacity reduction for the increase in the magnitude of out-
of-plane initial imperfection. As shown in Figure 3, for all
four simulations, the imperfection sensitivity follows the
same trend with a relatively sharper capacity reduction at
the beginning for smaller amounts of initial imperfection,
followed by an almost constant reduction rate for the larger
amounts of initial imperfection.

For each test simulation, the calibrated nonlinear FEM
analysis was recognized by identifying the initial imperfec-
tion, which resulted in about the same gusset plate capacity
as reported for the experimental testing. Table 1 presents the
calibrated FEM analyses for all four simulation cases. As
shown, the calibrated imperfection loads increase for speci-
mens with gusset plate thickness increases. A comparison
between the gusset plate thicknesses and the corresponding

Fig. 3. Imperfection sensitivity curves for EI-WV-3078SS test simulations.
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Table 1. Calibrated Gusset Plate Nonlinear FEM Analysis Results for E1-WV-307SS Test Simulations
Calibrated Calibrated
Imperfection Equivalent
Gusset Plate Test Failure Simulating Imperfection | Applied Load Simulation
Simulations Thickness Resistance Load Eccentricity Factor Resistance
of NCHRP (in.) (kips) (kips) (in.) (ALF) (kips)
E1WV-307SS 0.25 (14) 380 12.5 0.180 0.266 381
Specimens 0.3125 (%) 530 17.5 0.250 0.369 529
0.4375 (%) 817 32.5 0.460 0.567 812
0.5 (¥2) 974 37.5 0.530 0.678 971

calibrated imperfection eccentricities presented in the table
indicates their comparability with each other. In com-
parison to AASHTO MBE criteria for the magnitude of
out-of-plane imperfection, this proposed method requires
relatively larger imperfections due to excluding imperfec-
tion-induced locked-in stresses.

Figure 4 shows the calibrated nonlinear analysis results
for the 0.4375-in. specimen at the failure stage (ALF =
0.567). Figure 4(a) shows the deformed gusset plates at the
final analysis stage just before the analysis termination due
to instability. The shown transverse displacement contours
indicate sway buckling at the compression diagonal in con-
formity with the observed failure mode reported for the
corresponding testing. Figure 4(b) illustrates the von Mises
stress contours at the same final stage of the analysis. As
shown, the gusset plates underwent significant yielding at
the edge of the chord and vertical member at the compres-
sion diagonal side of the connection. This set of simula-
tion analyses indicate the accuracy and reliability of the

(a) Lateral deformation contours

proposed nonlinear FEM analysis approach in the estima-
tion of gusset plate capacity under inelastic buckling failure.

UTILIZING THE PROPOSED
APPROACH FOR A CASE STUDY

The proposed FEM analysis approach was utilized for inves-
tigating the gusset plate connection capacity for a subject
steel truss shown in Figure 5. This example demonstrates
the benefit of using this analysis approach for load rating
practice. The gusset plate capacity of joint U9 connection as
calculated by the LRFR method of AASHTO MBE is con-
trolled by partial shear failure; the factored capacity equals
1792 kips for the compression diagonal member. The trun-
cated Whitmore method, which is an alternative method in
the AASHTO MBE Commentary, resulted in a gusset plate
factored capacity of 2574 kips. This significant discrepancy
resulted in inventory HL-93 load rating factors of 0.42 and
1.44 for the partial shear and truncated Whitmore methods,

(b) Von Mises stress contours

Fig. 4. Gusset plate FEM nonlinear analysis results for EI-WV-3078SS test,
0.3475-in. specimen with 32.5-kip imperfection load at ALF = 0.567.
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respectively. In the absence of utilizing a reliable and prac-
tical refined analysis method, a load rating engineer may
conservatively recommend unnecessary retrofit for this
gusset plate connection. With the aid of the proposed non-
linear FEM analysis approach, the capacity of the gusset
plate connection was investigated in this study.

Figure 5 shows the geometry details of the studied steel

truss along with a nonlinear material model. The FEM
modeling details for this subject truss and refined modeling
of joint U9 are shown in Figure 1 and discussed in an earlier
section of this paper. Figure 5(a) shows the geometry and
applied dead loads for the subject truss. Simulation analysis
was conducted by first applying the dead load in a single-
step analysis. The analysis continued by gradually applying

(a) Model geometry and dead loads

(b) Scaled-up live loads

(c) Details of gusset plates at joint U9

(d) Nonlinear material model for Fy = 33 ksi carbon steel

Fig. 5. Studied steel truss.
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scaled-up HL-93 live load reactions shown in Figure 5(b)
until analysis termination due to structural instability. The
geometry of joint U9 gusset plates is shown in Figure 5(c).
As shown, both diagonals are slightly chamfered at the con-
nection. Late 1930s carbon steel with F', = 33 ksi was used
for truss members and gusset plates. The corresponding
nonlinear material model used for gusset plates is shown in
Figure 5(d). The top chord splice plates were not included
in the model, and instead, a continuous top chord was con-
sidered in this simulation. This was reasonable because
the chords are supplied with splice plates on all four faces,
which significantly limits the contribution of gusset plates
in taking splicing forces. For other cases where a significant
splicing action is expected, the modeling can be revised by
discontinuing the chord and adding splice plates and rigid
links and following the same approach used for gusset plate
modeling.

Figure 6 shows an imperfection sensitivity curve for the
subject gusset plate connection developed by conducting
3D nonlinear analyses for a range of imperfection loads
and associated eccentricities. As shown, the gusset plate
capacity reduction is relatively slow for an initial increase
in imperfection load/eccentricity, but the curve becomes
steeper for larger imperfections. For this subject gusset plate
connection, the imperfection eccentricity was assumed
equal to the gusset plate thickness. According to the imper-
fection sensitivity curve, this imperfection eccentricity

corresponds to the gusset plate capacity of 2503 kips. Com-
paring the gusset plate capacity obtained from the refined
analysis with partial shear and truncated Whitmore method
capacities indicates that the refined analysis confirms the
truncated Whitmore method’s estimation. Accordingly,
this also suggests no need for gusset plate retrofit. Figure 7
presents the nonlinear FEM refined analysis results, at the
final stage before buckling failure, for the subject gusset
plate connection with the imperfection eccentricity equals
to the gusset plate thickness. Gusset plate transverse dis-
placement contours are shown in Figure 7(a). As shown,
buckling of gusset plates at the compression diagonal is the
failure mode for the subject connection. Von Mises stress
contours presented in Figure 7(b) indicate significant gusset
plate yielding prior to final inelastic buckling. As shown,
the gusset plates mostly yield along the horizontal section at
the bottom edge of the top chord before failure.

SUMMARY AND CONCLUSIONS

A 3D nonlinear refined FEM analysis approach for gus-
set plate capacity estimation is proposed in this paper. The
main intention of this approach is to provide a less compli-
cated but still reliable refined FEM modeling and analy-
sis technique to be utilized in common practice of gusset
plate load rating. For this purpose, the proposed modeling
excludes modeling details related to failure modes that can

Fig. 6. Imperfection sensitivity curve for gusset plate connection at joint U9.

ENGINEERING JOURNAL / FIRST QUARTER / 2022 / 61



be confidently estimated with current design calculations.
Accordingly, the proposed modeling deals with yielding
and buckling failure modes of gusset plate connections
that are associated with significant material, geometric,
and boundary condition uncertainties. Incorporating ini-
tial imperfections to capture gusset plate connection buck-
ling failure modes results in a significant complication in
FEM modeling. In this proposed approach, the incorpo-
ration of initial imperfection is facilitated by applying an
imperfection simulating force. Due to uncertainty about
initial imperfection, this approach includes developing an
imperfection sensitivity curve by investigating the rate of
gusset plate capacity reduction for a reasonable range for
the equivalent imperfection eccentricity. An imperfection
sensitivity curve would provide a load rating engineer more
confidence in estimating gusset plate capacity.

Reliability of the proposed refined analysis approach
was investigated by numerically simulating a set of experi-
mental tests on a gusset plate connection conducted under
NCHRP Project 12-84. The validation analysis of this study
demonstrated the reliability of the proposed approach in
estimating gusset plate capacity at inelastic buckling fail-
ure as compared to actual tests. Calibration with test results
indicated that a relatively larger out-of-plane imperfection
eccentricity is required for this proposed approach as com-
pared to the magnitude of imperfection criteria provided
in the AASHTO MBE. This is due to not including imper-
fection locked-in stresses in this proposed approach. The
proposed approach was utilized for a subject gusset plate
case where the partial shear and truncated Whitmore
method resulted in significantly different estimations for
the gusset plate capacity and subsequent uncertainty about

(a) Lateral deformation contour

the need for gusset plate retrofit. The refined FEM analy-
sis resulted in a capacity estimation comparable with the
truncated Whitmore method estimation and confirmed
the unnecessity of gusset plate retrofit. As indicated, engi-
neers should be aware that the partial shear method may
result in a significantly conservative load rating for gusset
plates. For cases where the partial shear method load rating
requires a retrofit, the truncated Whitmore method can be
used as an alternative approach. Divergence of calculated
load ratings between the two methods will roughly indi-
cate whether using refined FEM analysis will be beneficial
or not. Further research is needed to study if the truncated
Whitmore method will always provide an estimate of the
gusset plate capacity that is comparable to the refined FEM
analysis method.

As demonstrated, gusset plate load rating practice will
significantly benefit from utilizing more practical gusset
plate refined FEM analysis approaches such as the one pre-
sented in this paper. Bridge owner agencies also will ben-
efit by avoiding costs and efforts of unnecessary retrofits.
Further investigations are required to understand the ben-
efits and limitations of this proposed approach and develop
guidelines for its application in load rating practice.
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Review of Local Buckling Width-to-Thickness Limits

BEN W. SCHAFER, LOUIS F. GESCHWINDNER, TOM SABOL, and CHIA-MING UANG

ABSTRACT

This paper provides a review of local buckling width-to-thickness limits (also known as w/t or 1) employed in the ANSI/AISC 360-16 Specifi-
cation for Structural Steel Buildings (2016b), hereafter referred to as AISC 360, and ANSI/AISC 341-16 Seismic Provisions for Structural Steel
Buildings (2016a), hereafter referred to as AISC 341. The review was conducted by a task group formed to address potential changes in the
next and/or future editions of the AISC Specifications. A comprehensive review of existing local buckling limits was completed, including de-
tailing the underlying assumptions and the objectives of the existing limits. In addition, particular attention was given to the potential impact
of adopting newer steel materials on the local buckling limits and to considerations of web-flange interaction in local buckling. Further, new
methods that have been developed to address local buckling in structural steel design were also examined. It was found that in AISC 360,
some A, limits for flexure may not be well aligned with intended objectives, and while all A, limits for flexure ensure the plastic moment may be
achieved, rotation objectives are not consistently implemented. Review of A,y and A,q in AISC 341 reveals complications with implementing
expected yield stress in the slenderness parameters and highlights the large number of varied objectives for these limits in seismic design,
as well as a need for improvements—particularly for deep wide-flange columns. In general, it is found that only minor changes are potentially
needed to current width-to-thickness, w/t, limits. Thus, in most cases, it is expected that AISC design can continue unchanged, with the ex-
ception of the improved criteria for deep columns. To minimize change while still expanding opportunity, newer local buckling cross-section
classification methods could be permitted as alternatives rather than used as replacements to current w/t limits so that advantages of the
newer approaches can be utilized when beneficial.

INTRODUCTION to current methods for local buckling control, and finally to
provide recommendations for the next and future editions
of the AISC 360 and 341 Specifications. The objective of
this paper is to provide a summary of the task group’s report
from Schafer et al. (2020).

uring the development of the 2022 editions of AISC

360 (2016b) and AISC 341 (2016a), the AISC Commit-
tee on Specifications determined that a review of current
local buckling width-to-thickness limits (also known as w/t
or A) would be useful and appointed a task group, of which
the first author was chair, to study the issue. Concerns about BACKGROUND
web-flange interaction in the cyclic response of deep col-
umns, a desire to be forward-thinking regarding the adop-
tion of higher strength steels, and an interest in alternative
methods that had been developed to address local buckling
were some of the motivating reasons for the formation of
the task group. The task group was charged with review-
ing all existing w/t limits, explicitly stating the objective
of these limits and if current criteria achieve desired objec-
tives, examining the impact of material properties and web-
flange interaction on the w/t limits, exploring alternatives

Classically, steel cross sections are conceptualized as being
composed of a series of connected long plates. The plates
(also known as elements) of the cross section with continu-
ous connection along both longitudinal edges, such as the
web of an I-section, are known as stiffened elements; while
plates with connection along only one longitudinal edge,
such as half the flange of an I-section, are known as uns-
tiffened elements. The elastic buckling of long plates, using
Kirchoff thin plate theory (Allen and Bulson, 1980), leads
to the following classical expression:

2 2
n'E t
Fy=k——— (—) (M)
12(1-v*)\w
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design—for example, k of 4 for a stiffened element in uni-
form compression or k of 0.425 for an unstiffened element
in uniform compression. See Allen and Bulson (1980),
Salmon et al. (2009), and Ziemian (2010) for further discus-
sion and a more thorough background.

Structural steel design specifications worldwide use wyt
limits to provide engineers with guidance on the impact of
local buckling on their designs. The strength and/or cur-
vature capacity of beams is the archetypical case for this
application and is illustrated in Figure 1, which includes the
nomenclature of AISC 360: slender, noncompact, and com-
pact, as well as that of Eurocode/EN 1993 (CEN, 2004):
Class 4, Class 3, Class 2, and Class 1, where M, is the
moment at first yield, M, the plastic moment, K the curva-
ture, and «, the plastic curvature of the beam when M, is
first reached.

If local plate buckling behaved in a manner similar to
global flexural buckling (post-buckling neutral), then wyt
limits would be easy to establish because elastic buckling
itself would provide a useful limit. However, unlike flexural
buckling of a member, local buckling of a plate is not post-
buckling neutral—local plate buckling is post-buckling sta-
ble. Thus, design rules do not generally use F,, for the plate
as directly as one would use for flexural buckling. Further,
the elastic plate buckling provides no consideration for
material nonlinearity in the form of Equation 1. Therefore,
development of w/t limits has classically relied on compari-
sons to experimental testing. If one can establish a buckling
stress—say, at a stress of aF',—that meets a desired objec-
tive (e.g., M,, a target rotation, etc.), then the resulting wy/z
limit can be simplified as follows:

’E £y
Fkﬁ( ) =ar @

/ 3
,,,m, al2(1- vz)\/7 \/7 ©

Note that the buckling stress in Equation 2 is a reference
stress only and does not rigorously reflect a bifurcation
stress in the plate, and a is a multiplier on F, specific to
local buckling effects. A typical observation from experi-
ments is that an element with F,. = 2F) is needed to develop
first yield at the extreme fiber in a full section. If the plate
buckling coefficient, k, is also assumed, then the coef-
ficient C may be found. These coefficients are tabulated
in AISC 360, Table B4.1. For example, for the flange of
a rolled shape to develop the plastic moment, AISC 360

provides:
A, = (K) @)
tp
_c|E
Fy
=0.38 /E
Fy

In much of the literature, a related but slightly differ-
ent approach has been taken to finding coefficients simi-
lar to C. A nondimensional slenderness is defined as A" =
JFE /Fer, and this parameter is examined to determine
when the objective is met. The two methods are related:

Fig. 1. Moment-curvature behavior of beams with different W/t limits (based on Wilkinson and Hancock, 1998).
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For example, in Winter’s classical work (1947), he found
that A" = 0.673 or a = 2.21 was an accurate boundary
between elements that could develop their first yield capac-
ity and those that required additional reductions due to
local buckling.

A variety of approaches have been employed to develop
w/t limits for design. The most common approach is wholly
experimental; however, sometimes the experiments have
been conducted on idealized elements/plates and some-
times on entire sections. In some cases, researchers directly
try to fit their data to the coefficient C of Equation 3, in
other cases the focus is on finding the a or A of Equation 2
or 5. Also, in some instances researchers have used Equa-
tion 3 in some form to backsolve for k. This can lead to
unintended consequences when such k values are reinserted
into elastic buckling expressions and used in other settings.

It is worth noting that in developing w/t limits, Equa-
tion 1 has sometimes been modified to be aligned with
the tangent modulus theory and/or application of plastic-
ity reduction factors to the modulus (Ziemian et al., 2010).
These approaches can be problematic. Although flex-
ural buckling of columns may be one-dimensional, plate
buckling is inherently two-dimensional, and simple one-
dimensional reductions to the modulus and ignoring the
inherent post-buckling of the plates can lead to errone-
ous conclusions about strength and w/¢ limits. In several
instances, researchers have found it useful to conceptualize
Equation 1 in terms of one-dimensional strain instead of

stress:
Er TEZ (t)2
€ =— | — 6
E 12(1-v})\w ©

Equation 6 has the desirable feature of being independent
of modulus of elasticity and thus, researchers and specifica-
tions in structural thermoplastics or gradual yielding mate-
rials (e.g., stainless steel) have often preferred this form.
If one follows Equation 6 in establishing w/t limits, then
instead of determining an F,, in excess of F (i.e., aFy), one
thinks in terms of multiples of the yield strain (i.e., ag,).
This is more natural in inelastic cases, particularly for plas-
tic redistribution or seismic design. It is also worth noting
that in the classical literature for developing steel w/t lim-
its, it was sometimes common to consider w/t limits that
achieve a certain average applied strain. A typical target
was for the element to sustain a strain up to the initiation
of strain hardening, or three or four times the strain at first

yield, €,. The format of Equation 6 is particularly conve-
nient for such considerations, though one must be careful in
that the critical strain is not a direct predictor of the strain
that an element can sustain, but rather a parameter that is
correlated with the desired strain. See Schafer et al. (2020)
for further discussion.

NONSEISMIC AISC 360
LOCAL BUCKLING LIMITS

AISC 360, Section B4, provides local buckling (w/) limits
for compression, A, and for flexure, A, and A,,. These limits
are utilized to determine domains in which local buckling
influences the nominal strength, and those domains are
used as primary parameters for establishing strength reduc-
tions. A thorough review of AISC 360 local buckling limits
is provided herein; however, additional beneficial informa-
tion is also provided in AISC 360, Section B4.1 Commen-
tary, particularly for round sections that are not covered in
detail here.

Objective of AISC 360 Local Buckling Limits

As implemented, the specific objectives of the AISC local
buckling limits depend on the loading. For members under
axial compression, A, provides the slender/nonslender limit
for the section; specifically for w/t < A,, the cross sec-
tion can develop its squash (yield) strength—that is, Py =
A,F,. For members under flexure, A, provides the non-
compact/slender limit for the section; specifically for w/t
< A, the cross section can develop at least its elastic limit
in bending—that is, M,. In AISC 360, M, varies by section
and limit state and may be defined as M, = M, = SF, or
M, = SF; = 0.7M,, ostensibly to consider residual stresses.
In flexure, A, provides the compact/noncompact limit for
the section; for w/t < A, the cross section can develop its
ideal fully plastic capacity in bending—that is, M, = ZF,.
For members under flexure, the use of either F, or Fy
in determining A, creates complications. For Table B4.1b,
Case 11 (flanges of I-shaped built-up sections), when
w/t = \,, the cross section can develop its first yield capac-
ity considering residual stresses—that is, M, = SF;, where
F; = Fy,— F,and F, is the assumed level of residual stress.
Other elements (e.g., webs of I-shaped sections) may have
implicit consideration of residual stresses in determining
A, but do not use F; in the final width-to-thickness limit
[see Schafer et al. (2020) Appendix 1 for further details].
Note, in the 1999 AISC LRFD Specification (AISC, 1999),
a precursor to AISC 360, the use of F; = F, — F, in the
flexural limits was far more pervasive; the following flex-
ural cases used Fj: flanges of rolled I-shapes or channels;
flanges of built-up I-shapes; and flanges of HSS, box sec-
tions, or cover plates. Also, F, = 10 ksi was used for rolled
shapes, and F, = 16.5 ksi was used for welded shapes.
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In relation to A,, AISC 360, Section B4.1 Commentary,
states “Noncompact sections can develop partial yielding in
compression elements before local buckling occurs but will
not resist inelastic local buckling at the strain levels required
for a fully plastic stress distribution. Slender-element sec-
tions have one or more compression elements that will
buckle elastically before the yield stress is achieved.” As
currently stated in AISC 360, the noncompact/slender
boundary, A, is poorly defined, and interpretation of Fy vs.
F hinges on interpretation of plate behavior at the bound-
ary between “buckling elastically” and resisting inelastic
buckling “but not a full plastic stress.” Currently, differ-
ent cross sections in Chapter F use different approaches to
this issue—as discussed later in this paper. In general, the
use of F; relaxes (liberalizes) the w/t limits. A justification
given for this application in Salmon et al. (2009) is that this
relaxation should be allowed for cases where key residual
stresses are tensile in nature.

While A, specifically addresses strength, there is
some confusion over whether or not it addresses rota-
tion/curvature capacity. For example, see Figure 1, where
the term compact refers both to Class 1 and Class 2 sec-
tions. AISC 360, Section 1.3.2b Commentary, states that
“compact sections ... possess a rotation capacity, Ry, of
approximately three,” where R, is the rotation at which
the post-peak response drops back below M, normalized
by the elastic rotation at which M), is first reached. In some
cases (e.g., Table B4.1b, Cases 17 and 19 for elements of
HSS sections), the A, limit was specifically selected to meet
a minimum R, of 3. In other cases, as detailed in Appen-
dix 1 of Schafer et al. (2020), there is not a direct connec-
tion between a target rotational capacity and the selected
w/t limit, or the target rotational capacity was not 3. How-
ever, in available experiments on I-shaped beams that meet
the 7»,, criteria, all sections develop at least an R, of 2.9,
and in many cases far in excess of this (Schafer et al., 2020).
The AISC 360 A, limits provide strength M), and also sup-
ply a level of strain capacity in the element in excess of the
yield strain. In many instances, researchers targeted a strain
capacity up to the onset of strain hardening in the mate-
rial [see Appendix 1 of Schafer et al. (2020) and AISC 341,
Section D1.1b Commentary]. The end result of these var-
ied approaches is that the section typically can sustain a
rotation capacity of approximately 3 or more. One notable
exception is Table B4.1b, Case 14: tee-stems in Chapter F of
AISC 360, 7»,, is associated with the first yield moment, M,,
instead of the fully plastic moment, M,,.

Comparison with Eurocode

Provided in this paper is a comparison of the local buck-
ling limits between AISC 360 and Eurocode EN 1993-1-1
(CEN, 2004). Additional comparisons to ANSI/AISI
S100-16, North American Specification for the Design
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of Cold-Formed Steel Structural Members (2016), herein
referred to as AISI S100; the 8th Edition of the AASHTO
LRFD Bridge Design Specification (AASHTO, 2017); and
Recommendations for Limit State Design of Steel Struc-
tures from the Architectural Institute of Japan (A1J, 2010),
herein referred to as AlJ, are provided in Schafer et al.
(2020). Due to its similar design rules with respect to local
buckling and maturity with respect to application, direct
comparison of AISC 360 w/t limits to those of Eurocode is
desirable. Table 5.2 in Part 1-1 of Eurocode 3 is the coun-
terpart to AISC 360, Table B4.1. However, the format for
presenting the limits is not identical. For a typical w/t limit,
Eurocode expresses the limit as:

2
(ﬂ) <Cpy |22 )
L ) limit yMPa

where Fyyp, indicates the yield stress in units of MPa, and
Cpgy is a nondimensional coefficient provided in Eurocode.
For a direct comparison with AISC’s format of C,/E/F,,
the equivalent C coefficient in AISC’s format may be found
from:

5
or 0.0343Cgy ®)
MPa

Ceq =Cgy

where E)p, indicates the modulus of steel in MPa. Compar-
ison for compression is provided in Table 1 and for flexure
in Table 2, wherein cases with substantial differences are
highlighted in gray within the tables.

For compression members, AISC stiffened element wyt
limits are quite similar to Eurocode. However, AISC uns-
tiffened element w/t limits are different from Eurocode;
for example, the AISC wy/t limit is 36% higher than Euro-
code for the stem of a tee section. For flexural members,
AISC and Eurocode have greater differences. In flexure,
AISC wyt limits are generally similar to Eurocode for stiff-
ened elements but dissimilar, sometimes significantly, for
unstiffened elements. AISC’s unstiffened element flange
A, limit is greater than even Class 2 for Eurocode, which
implies that Eurocode would not predict even minimal rota-
tional capacity for members with flanges at the AISC A,
limit. The AISC A, limit for unstiffened elements is more
than double Eurocode Class 3, even for the simple case of
arolled flange.

Additional differences related to w/t limits between the
standards also exist. AISC differentiates between rolled and
built-up shapes, while Eurocode does not. AISC includes
web-flange interaction for flanges of built-up shapes, while
Eurocode does not. Note that AISC differentiates between
compression and flexural members when defining the wyt
limits; Eurocode does not. Instead, Eurocode considers the
assumed stress on an element more explicitly than AISC.
Thus, Eurocode provides w/t limits that consider arbi-
trary compression and bending. In minor-axis bending of



Table 1. AISC 360 w/t Limits for Compression Elements in Members Subject to Axial
Compression and Eurocode w/t Limits for Elements in Uniform Compression
Element Description AISC 360 Eurocode

Case | Unstiffened Ar Class 3
/E /E
0.56 |— 0.48 |[—
1 Rolled flange F, F,
, E*® E
2 Built-up flange 0.38t0 0.56 |— 0.48 |—
Fy Fy

E E
3 Angle leg, other 0.45 ’F_ 0.51 ’F_
y y

E E
4 Stem of tee 0.75 |— 0.48 |—
Fy Fy

Stiffened

/E /E
1.49 |— 1.44 |—
5 Rolled web F, F,
/E /E
1.40 [— 1.44 |—
6 HSS wall F, F,
/E /E
1.40 [— 144 |—
7 Cover plate F, F,
/E /E
1.49 |— 1.44 |—
8 Other F, F,

Round

E E
9 Round HSS/pipe 0.11 £ 0.11 £
y y

@ AISC provisions are a function of web h/t,,, bounds provided here, shading highlights substantial differences.

unstiffened elements, for example, considering the stress
distribution explicitly as Eurocode does can lead to stark
differences depending on whether or not the tip of the uns-
tiffened element is in tension or compression. Generally,
Eurocode’s w/t limits are more closely aligned with the
underlying assumptions of the effective width method as,
for example, implemented in AISI S100 (2016).

Plate Buckling Assumptions Implied in
AISC 360 w/t Limits

If one considers a given w/t limit expressed by the coeffi-
cient C of Equation 3, this coefficient is directly connected
to (1) the assumed plate buckling coefficient, k (i.e., the
loading and boundary conditions of the plate), and (2) the
plate slenderness, h*, required to sustain the desired load or
stress/strain. Combining Equation 3 and 5 at the A, for pure
compression results in:

A = (ﬁ) ©)
t),
_C /E
F

The most complete discussion of the underlying assump-
tions for the AISC 360 wy/t limits can be found in Salmon
et al. (2009). For the A, limits of compression members,
Salmon et al. provide most of the assumed A" and plate
buckling coefficients, k. With these assumed values, Table 3
shows that the resulting A, limits match AISC 360.

Examination of the assumed k and A* values based on
Equation 9 for flexure are more complex. Nonetheless, it
can be completed with some success and is provided for
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Table 2. AISC 360 w/t Limits for Compression Elements in Flexural Members
and Eurocode w/t Limits for Elements with Compressive Stress

Element
Description AISC 360 Eurocode Eurocode AISC 360 Eurocode
Case | Unstiffened Ap Class 1 Class 2 Ar Class 3
fE E fE fE E
0.38 |— 0.31 |— 0.34 |— 1.0 |[— 0.48 |—
10 Rolled flange F, F, F, F, F,
11 Built-up 0.38 [£ 0.31 £ 0.34 £ 0.56 10 0.83 | £- 0.48 £
flange F, F, Fy Fy F,
12 Angle leg, 054 |= 0.31 /5 0.34 /5 091 |£ 0.48 /5
other F, F, F, F, F,
) £ 0.31t0 0.63 fFE 0.34 t0 0.68 ’FE 5 £
13 E?nnogrea'”_sb 0.38 /F— i i 1.0 /F— 0.48 10 1.44 /F—
| Xl
Y 0.31t00.93 [— | 0.34t01.02 |— Y v
F}’ Fy
0.31t0 0.62 £ 0.34 to 0.68 £
. E F, F, E E
14 Stem of tee 0.84 F_ E £ 1.52 F_ 0.4810 1.44 F_
v 0.31t00.93 [— | 0.34t01.02 [— v v
Fy Fy
Stiffened
Web (doubly E E E E E
15 symmetrical 3.76 fF— 2.46 ’F— 2.84 ’F_ 5.70 fF— 4.25 ’F—
shape) y y y y y
19 Web HSS 242 |E 246 |E 284 |E 5.70 | E 425 |E
and box Fy F, Fy Fy F,
Web (singly E
16 symmetrical c c c 5.70 F_ c
shape) y
E E E E E
1.12 |— 1.13 |— 1.65 |— 1.40 |— 1.44 |—
17 Flange HSS /Fy ny /Fy /Fy ,f,__y
1g | Flange cover 112 |5 113 |5 1.65 = 140 [ £ 144 £
plate Fy F, Fy Fy F,
21 Flange box 112 | £ 113 |E 165 |E 149 | £ 144 |E
sections F, F, F, Fy Fy
Round
20 Round HSS/ 0.07 £ 0.06 £ 0.08 /E 0.31 {E 0.11 /5
pipe Fy Fy Fy Fy Fy

& AISC provisions are a function of web h/ty, bounds provided here, F| = 0.7F,.
® Eurocode provisions provide limit as a function of whether unsupported tip is in compression or tension and specific to the plastic or elastic stress
distribution on the unstiffened element. Typical ranges provided here.
¢ AISC provisions are a function of ENA to PNA distances, Eurocode provisions a function of PNA for Class 1 and Class 2, ENA for Class 3—i.e., stress
gradient dependent, shading highlights substantial differences.
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Table 3. Assumptions Underlying AISC 360 w/t Limits—2, Compression
Elements in Members Subject to Axial Compression Only
Element A= i
Description k Fer Equation 10 AISC 360
Case | Unstiffened Ar Ar
a ¢ E E
1 Rolled flange 0.70 0.70 0.56 |— 0.56 |—
FV FV
_ . E E
2 Built-up flange | 0.35~0.76 0.70 0.39t0 0.58 r 0.38 to 0.56 a
y y
Angle leg, b f 043 |[E 0.45 |E
3 other 0.425 0.70 . F, . F,
c ¢ E E
4 Stem of tee 1.277 0.70 0.75, | — 0.75 |—
F}’ F}’
Stiffened
E E
5 Rolled web 5.0° 0.70 1.49 [ 1.49 | —
F}’ Fy
E E
6 HSS wall 4.4° 0.70° 1.40, | — 1.40, | —
Fy Fy
E E
7 Cover plate 4.4° 0.70° 1.40 |— 1.40 |—
Fy F}’
E E
8 Other 5.0° 0.70 1.49 [ 1.49 | —
FJ/ FJ/
2 Approximately halfway between pinned and fixed k values.
® |deal case for simple-free longitudinal edge conditions.
¢ Ideal case for fixed-free longitudinal edge condition.
4 Approximately one-third of the way between pinned and fixed k values.
¢ This k factor back-calculated from A* and the w/t limit.
 Nondimensional slenderness to achieve a plate strength approaching Fy.

the A, and A, limits in Table 4. Completion of this effort
reveals some key assumptions embedded within the current
AISC 360 w/t limits. It is important to note, particularly for
the A, limits, that the plastic strength limits are usually not
derived on the basis of Equation 9 or similar; rather, they
are determined experimentally. Here we are able to observe
after the fact if simple unifying methods/assumptions still
exist despite the largely experimental basis.

For all elements of compression members, A=

Fy/F.,, =0.7, implying F.. = 2F, is necessary for an
element to reach its yield stress. This is predicated upon
assumptions about the plate bucking coefficient, &, but is
consistent across the w/t limits. AISC 360 assumes singu-
lar k£ values and ignores element interaction (in all but one
case). Selected k values are generally between simply sup-
ported and fixed edge boundary conditions, except for stems
of tees which use the maximum fully fixed edge condition

assumption. For flexural members, the assumptions are far
more complicated, with many exceptions. In the following,
sections, both A, and A, for flexure are discussed.

Further Examination of A, Limits in Flexure

Overall, the plate buckling coefficient k values for A, in
flexure (Table 4) follow the same logic as for compres-
sion members; however, providing definitive background
reasoning for some cases is hard to finalize—for example,
Case 10 for a rolled flange using k = 0.7 and Ar =1.0 still
results in a more conservative w/f limit than specified in
AISC 360, potentially due to F; in past use (k= 1.1 provides
agreement with AISC 360). For A, in flexural members,
Table 4 shows that AISC 360 generally employs A =10,
implying F, = F) is all that is necessary for an element to
reach its target stress (i.e., F, or F;) at the extreme com-
pression fiber. This is more liberal than Xf =0.7 used for
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Table 4. Assumptions Underlying AISC 360 w/t Limits—A, and A,
Compression Elements in Members Subject to Flexure

Element b= i A= i
Description | k Fer | Equation10 | Alsc360 | k \Fer | Equation 10 AISC 360
Case | Unstiffened Ap Ap Ar Ar
Rolled a h 0.37 £ 0.38 £ a m 0.80 E 1.00 E
10 flange 0.7 0.464 . F, . F, 0.7 1.0 . F, . F,
. 0.35 0.35
1 Built-up to 0.464" | 0.26t00.38 E 0.38 £ to 1.0" 0.56 to 0.83 ,E 0.56 t0 0.83 ,E
flange 0.76 VA VE | 0760 i f
E E E E
12 |Angleleg | 0.90°| 0.464" 0.42 /F— 0.54 /F— 0.90°| 1.0m 0.90 /F— 0.91 /F—
y y y y
13 | Flangein 0.7 | 0.464" 0.37 |E 038 |[E [ 1.4c| 10m 1.00 |5 100 |5
minor axis Fy Fy Fy Fy
(flexure) Fy Fy Fy Fy
Stiffened
15 | Web(doubly [ gqq | g 3.19 |£ 376 |= | s6< | 100 5.70, | 5.70, |
symmetrical) F, Fy Fy Fy
Web of HSS d i 319 E 242 E k o 5.70 E 5.70 E
19 and box 36 0.56 . F, . F, 36 1.0 . F, . F,
. j j
symmetrical) F, Fy Fy Fy
Flange of f i 1.12 E 1.12 £ f p 1.40 E 1.40 E
17 HSS 4.4 0.56 . F, . F, 4.4 0.7 . F . F
Flange cover ¢ i 112 [E 112 |E f b 140 |E 140 |E
18 plate 4.4 0.56 . F, . F, 4.4 0.7 . F, . F,
Flange of g i 119 |£ 112 |E 9 P 149 |E 149 |£
21 box 5.0 0.56 . F, . F, 5.0 0.7 . F, . F,

@ Estimated as halfway between pinned and fixed k values.
P Factor at the limits of expression provided in AISC 360: k = 0.35 < 4/,[h/t,, <0.76.
¢ Back-calculated from assumed flexure A} = 1.0.
9 Based on elastic stress distribution, if plastic stress distribution used kpinnea = 10.3, Kiixed = 15.4, kgoy = 14.4 (also see note k).
¢ Based on bending about symmetry axis, but k would be a function of ENA location in reality.
f Back-calculated from compression A* and wjt limit, same in flexure as compression.
9 Estimated as one-third of the way between pinned and fixed k values for pure compression.

" 0.46 based on Haaijer and Thurlimann (1960) as onset of strain hardening in unstiffened element, also connects to continuous strength method (CSM) base
curve by Gardner et al. (2019) and implies 4¢, at this slenderness.

' 0.56 based on Haaijer and Thurlimann (1960) as onset of strain hardening in unstiffened element, also connects to CSM base curve by Gardner et al. (2019)
and implies 2¢, at this slenderness.

i Expression varies, value here for ENA = PNA and M,/M, = 1.12 (typical rolled shape I); i.e., the symmetrical limit.
 Based on symmetrical bending, 80% of difference from Kpinned = 23.9 and kijxeq = 39.6 per Salmon et al. (2009).
' Based on bending about symmetry axis, but k would be a function of ENA in reality.

™ Fer = F, assumed for A} because of agreement for Case 11 footnote n; Cases 15, 16, and 19 footnote o; and that even fully fixed values for k are not high
enough to give AISC slenderness limits with A7 = 0.7 as was done in compression.

" Built-up flanges assumed to use F,, = Fy for A7, also see footnote o.
° For flexure, AISC 360 assumes Fg, = F, sufficient for extreme fiber of web to reach F, (Salmon et al., 2009).
P For stiffened element flanges, AISC uses same normalized slenderness criteria as for compression members.
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Table 5. Application of A, Limits for Compression Elements in Members Subject to Flexure in AISC 360, Chapter F

Section | Cross Section Element Limit State A M, Equation Note Table B4.1b Case
F3 sylr_:nc::gli)éal Unstiffened FLB A | 0.7M, Explicit in Eq. F3-1 10
F4 I-singly Unstiffened FLB A | 0.7M, Or lower per Sy/Se 10, 11
symmetrical

F5 | Unstiffened FLB At 0.7M, Explicit in Eq. F5-8 10, 11
F10 L Unstiffened LB A | 0.86M, Implicit in Eq. F10-6 12
F6 I, C, minor Unstiffened FLB Mt 0.7M, Explicit in Eq. F6-2 13
F9 Tee, 2L Unstiffened FLB Aot 0.7M, Explicit in Eq. F9-14 10
F9 Tee, 2L Unstiffened LB flexure A | 0.65M, Implicit in Eq. F9-18 14
F5 I Stiffened WLB Arw M, Implicit in Ryy per Eq. F5-6 15,16
F5 | Stiffened WLB-LTB Arw M, Implicit in Ryy per Eq. F5-6 15, 16
F7 Box, HSS Stiffened FLB At M, Implicit in Eq. F7-2 17, 21
F7 Box, HSS Stiffened WLB Arw M, Implicit in Eq. F7-6 19
F7 Box, HSS Stiffened WLB-LTB Arw M, Implicit in Ryy per Eq. F5-6 19

Note: Subscript f or w on A, refers to flange or web, respectively.

elements in compression members (implying F., = 2F)).
AISC 360 extends this more liberal Xf =1.0 to unstiffened
element flanges that are part of a flexural member; but
does not extend this more liberal Ki to stiffened element
flanges; these elements use the same A, as in compression.
The use of the more liberal A, =1.0 appears to originate in
past practice for plate girder design. Note that other stud-
ied specifications—Eurocode, AISI S100, and AIJ—do not
make this assumption, leading to fairly stark differences
between slender element w/t limits of flexural members.

Hidden in these comparisons are the past use of F,
which liberalizes the w/t limit, and whether or not the limit
is intended to achieve an M, of M, or 0.7M,. A review of
the application of A, in AISC 360, Chapter F, is provided in
Table 5. The A, for unstiffened elements provides an M, of
0.7M,, while for stiffened elements in flexure, A, intends to
establish an M, of M,. As detailed in Table 5, the connection
is explicit for some cases, while in other cases, substitution
of appropriate A, values must be completed to determine the
strength that A = A, implies.

The use of A, for flanges must be understood in the con-
text of the strength predictions of AISC 360, Chapter F.
For the prototypical flange local buckling (FLB) case, Fig-
ure 2 illustrates the solution. It can be observed that A, is
an anchor point in the strength prediction and is typically
tied to M, = 0.7M,. While it is true that AISC 360 transi-
tions to the plate elastic buckling curve for A > A,, actual
behavior does not have a sharp inelastic/elastic transition.
Thus, A, is not at a definitive transition to elastic stress, but
rather is an anchor point in a strength curve deemed to pro-
vide reasonable cross-section flexural strength prediction.

Note that Eurocode and AISI S100 follow Winter’s equation
(Winter, 1947) anchored to M, instead of 0.7M, and include
post-buckling. Thus, the particulars of the strength curves
selected in AISC 360, Chapter F (particularly M,) end up
influencing the consistency of the A, limits in Chapter B.

The use of A, for webs in Chapter F is primarily handled
through the R, reduction factor. Note that the connection
between web slenderness limits and bending strength is
particularly indirect and strongly dependent on the flange
because the flange contributes much more to cross-section
moment of inertia, /, and plastic section modulus, Z, than
the web. Thus, a large error in a web slenderness limit may
have only a small impact on the flexural strength prediction
of many common sections. Nonetheless, the use of N: =1.0
for the M, = M, cases (15, 16, and 19) is difficult to justify
based on plate mechanics arguments.

Further Examination of A, Limits in Flexure

The origin of the flexural compactness limit A, may be
primarily understood as being derived from limits on the
nondimensional slenderness 7»;. Historically, this has been
based on mechanical approximations, setting X; =0.46 for
unstiffened elements and 7»; =0.58 for stiffened elements
(Haaijer and Thurlimann, 1960). Today, based on the work
of Gardner and colleagues (e.g., Afshan and Gardner, 2013;
Zhao et al., 2017), this could be characterized as providing
4¢, for unstiffened elements and 2¢, for stiffened elements.
Unstiffened element A, generally follows l: = 0.46; how-
ever, Case 12 (legs of single angles in Table 4) has a more
relaxed A, limit than Case 10 (flanges of rolled shapes).
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Because Case 12 includes the possibility of the angle leg
bent about a geometric axis that places the entire element
in compression (essentially the same as Case 10), the ori-
gin of the difference is not entirely clear. A possible rea-
son is the application of upper bounds on M, in AISC 360.
For example, for an angle section, M, is limited to 1.5M,,
even though the typical shape factor is 1.8; therefore, the A,
required to reach 1.5M, may be more relaxed than that to
reach M),

Stiffened element lp, when the element is in compression,
is generally consistent with the overall practice regarding a
limiting l; = 0.56; this is true even for HSS where the limit
was derived experimentally on full sections without direct
consideration of the underlying assumptions (Wilkinson
and Hancock, 1998). Stiffened element lp, when the ele-
ment is in flexure, does not agree particularly well with the
overall assumption of slenderness 7;; =(0.56. Further, if the
k is based on the plastic, not the elastic, stress distribution,
k would be considerably lower, leading to an even larger
disagreement between assumed and actual A, in AISC 360
for stiffened elements in flexure.

Discussion of Local Buckling Web-Flange Interaction

Web-flange interaction is shorthand for the phenomenon
that the isolated plate solutions that are typically used to
predict local buckling are not actually isolated but, instead,
interact. Equilibrium and compatibility are, of course, main-
tained between elements in a cross section when undergo-
ing elastic or inelastic local buckling. In this regard, the
separation into flange local buckling (FLB) and web local
buckling (WLB) is artificial—the web and flange of cross
sections always interact. The primary question is this: To
what extent does this interaction matter? The traditional

conclusion, for rolled shapes at yield stresses consistent with
mild steel, is that the interaction is either weak or otherwise
does not vary much and can be approximated for standard
(rolled) shapes by treating FLB and WLB as essentially
constant and separate plate phenomena. This assumption is
largely embedded in the w/t limits in AISC 360.

For nonseismic w/f limits, the one case where web-flange
interaction is explicitly considered in AISC 360 is in the
w/t limits for flanges of built-up I-shapes. For this case, k is
calculated with the assumption:

4
Jhjt,

Equation 10 is a simplification of the expression provided
by Johnson (1976), where k was approximated from test-
ing employing the basic mechanics outlined in Haaijer and
Thurlimann (1960). Notably, this & is not a plate buckling
coefficient in the traditional sense and does not agree well
with elastic theory. A comparison was made employing the
expressions in Seif and Schafer (2010), and Equation 10
is higher than the elastic solution. However, White (2008)
found that the expression, albeit a simplification, works gen-
erally well with available data from a strength perspective.

Web-flange interaction is implicitly considered for other
elements in the AISC w/t limits, but at assumed levels of
rigidity as detailed in the footnotes to Table 3 and Table 4.
For example, the k for an [-section flange in a compression
member is assumed to be 0.7, which is halfway between
the rigidity limits of a simply supported and a fixed longi-
tudinal edge. This sounds rational, but when compared to
the actual elastic k based on thin-plate theory and including
web-flange interaction for I-sections [Figure 3(b)] in com-
pression, this & is quite optimistic (Seif and Schafer, 2010).

k=0.35< <0.76 (10)

Fig. 2. Typical application of A in flange local buckling for AISC 360 compared with other standards.
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The compressive stress on the web degrades the flange plate
buckling coefficient, k. This is not uncommon because it
is not just the rigidity, but also the stress on the attached
elements that influences the local cross-section stability. In
flexure, the web stability is significantly enhanced from the
compression case, and the mean flange k for I-sections is
as high as 1.2 [Figure 3(a)] and compares favorably with
the back-calculated k from AISC’s flexural A, limit. The
footnotes of Table 3 and Table 4 specifically address the
k value and their implicit assumptions about web-flange
interaction for all w/t cases; comparisons are provided for
nearly all cases in Seif and Schafer (2010). It is recom-
mended in Seif and Schafer that mean k values (determined
from elastic buckling of all relevant rolled shapes) or values
based on a given exceedance probability be selected so as
to provide uniformity across elements even if a single k is
selected. This is a reasonable suggestion, but it would lead
to changes in almost all A, limits in AISC 360. Alternatives
are explored later in this paper.

The dependency of the plate buckling coefficient on the
applied stress leads to another important consideration in
web-flange interaction: how to handle w/t limits for beam-
columns. Earlier editions of the AISC Specification—for

example, the first edition of the AISC LRFD Specification
(1986)—included w/t limits for “webs in combined flexure
and axial compression” that were a function of the stress
gradient captured through the ratio of P,/P,, where P, is
the required axial strength and P, is the squash load. These
provisions were later simplified using the compression wyt
limit throughout; however, AISC 341 has maintained a
dependence on the compression load that has seen recent
study as discussed in Section 4.3. See Schafer et al. (2020)
for additional discussion on implementing stress-dependent
w/t limits for beam-columns in AISC 360.

Analytical expressions, derived from simulations, are
available to provide closed-formed solutions for accurate
plate buckling coefficients, k, or, more directly, the cross-
section local buckling load, P,,,, or moment, M,,,. Seif and
Schafer (2010) provide one set of solutions, and Fieber et
al. (2019) have recently derived another set. In addition,
efficient and simple computational programs exist for cal-
culating cross-section local buckling [see Appendix 2 of
AISI S100 (2016) for extensive commentary, including links
to software] and all buckling values for common shapes
could be tabulated in much the same way as complex sec-
tion properties such as C,, are tabulated for use in design.

kAISC 80 ) - )
-------- mean k FSM 60 — J
S 40| 1
o
o
201, ( -
0.8 1 1.2 1.4 1.6

flange plate buckling coefficient, k;

(a) k for flange (flange in compression, web in flexure)

Kaisc 80 . . .
-------- mean k FSM
60L _[]
S 40
o
o
201 :
0 0.2 0.4 0.6 0.8 1

flange plate buckling coefficient, k

(b) X for flange (flange in compression, web in compression)

Fig. 3. Excerpt from Seif and Schafer (2010). Example of flange buckling k; for all I-sections
in AISC Manual (a) flexure and (b) compression compared with k assumed in w/t development.
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AISC 341 LOCAL BUCKLING
LIMITS FOR SEISMIC DESIGN

Since their introduction in 1990 in the AISC Seismic Pro-
visions (AISC, 1990), the local buckling (i.e., w/f) require-
ments have undergone regular revision. The seismic wy/t
limits are part of the ductility design requirements to ensure
adequate inelastic deformation capacities. The requirements
in the 1990 edition of the Seismic Provisions were basically
those from the 1988 Uniform Building Code (ICBO, 1988),
which were based on limited research conducted in the
1970s and 1980s. The seismic local buckling requirements
were also strongly influenced by the plastic design provi-
sions in the AISC Specification.

The Northridge Earthquake in 1994 triggered a new
wave of seismic steel research activities, not only for spe-
cial moment frames (SMFs) but also for other types of seis-
mic force-resisting systems (SFRSs). AISC 341, Table D1.1,
provides the limiting w/t ratios for all SFRS covered in
AISC 341 (see Table 6). Starting with the 2010 edition of
AISC 341, this table expresses local buckling requirements
in the form of A,y values for highly ductile members and
Ama Values for moderately ductile members in lieu of the
previously used terms: seismically compact and compact.
This change in terminology was made because the limiting
wyt ratios did not always reflect limit states consistent with
the AISC 360 use of “compact.” Up until 2010, the limiting
A values were written as a function of £ and F),, but starting
in 2016, these formulae were converted to a new format by
replacing the nominal yield stress, F, by the expected yield
stress, R,F,, and changing the coefficients under assumed
R, values as discussed in Section 4.2.

Objectives

Local bucking, w/t, limits in AISC 341 serve multiple
objectives, and their application is typically dependent on
the SFRS. AISC 341, Table D1.1, provides two limits: mod-
erately ductile A,,, and highly ductile A;,4; however, the lim-
its are not only a function of the type of element in a section
(e.g., stiffened vs. unstiffened), but also a function of how
the section is employed in the SFRS. For example, a diago-
nal brace in a special concentrically braced frame (SCBF)
and in an eccentrically braced frame (EBF) are treated
differently, as is a beam in a SMF versus in a buckling-
restrained braced frame (BRBF). Focusing on I-shaped
beams in intermediate moment frames (IMFs) and SMFs
as the prototypical application of local buckling w/t limits,
the AISC 341 Commentary provides the basic objectives:
Ama provides a section that can undergo plastic rotation of
0.02 rad or less, and A4 provides a section that can undergo
plastic rotation of 0.04 rad or more. The Commentary fur-
ther states that A,,;in AISC 341 is generally the same as A,
in AISC 360, with the exception of HSS, stems of WTs, and
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webs in flexure. Further, A, is typically stricter than A,
though in several cases this is relaxed. A summary of all
current w/t limits for AISC 360 and AISC 341 is provided
in Table 6.

To fully understand the objective in the application of the
Ama and Ajy limits, one must go through each SFRS. A sum-
mary of the application of these limits and their intended
objective is provided in Table 7 and complete details are
provided in Schafer et al. (2020). In general, the following
observations can be made regarding the objectives of A,y
and Ay

* Ana: Provide enough ductility so that the SFRS can
develop its system strength, R,, and last several cycles at
that strength (n cycles); provide sufficient compactness
so that a member can develop M, or, in some cases, M),
and at least 0.02 rad, or M, up to and including strain
hardening, M,,.. Application of these objectives is system
dependent.

e Mg: Provide enough ductility so that the SFRS can
develop its system strength, R,, and last several system
cycles at that strength (n cycles) or system interstory
drift (3% ID); provide sufficient compactness so that a
member can develop M, or, in some cases, M,, and at least
0.04 rad rotation (i.e., story drift angle) at a post-peak
of 0.8M,, or M, up to and including strain hardening,
M., or high component level strains (10-20¢,) and high
numbers of component cycles (n cycles). Application of
these objectives is system dependent.

When a concern exists regarding seismic behavior of a
member, but limited research or knowledge is available, it is
common to require A,y or Ay even if it is not strictly needed
for strength. As a result, the objectives for these criteria are
sometimes clear and discrete, but more often manifold and
complex.

Expected Material Properties and w/t Limits

The use of R, F, in AISC 341 and F, in AISC 360 for the
w/t limits creates a discrepancy for the user that requires
attention and explanation. If it is important to use the best
estimate of the mean F) in seismic design, R, Fy, why not do
so in nonseismic design? Also, has the introduction of R,F,
in AISC 341 met the desired intent when applied?

The AISC task group considered if the increased yield
strength modifier, Ry, that is used in AISC 341 should also
be included in AISC 360. The actual Fy is, on average,
greater than the nominal F, used in design. This opens the
possibility that a compact section based on the nominal F)
may actually be a noncompact section because the A based
on the actual F, may be less than A, based on the nominal
F,. The counterargument is that the design strength based
on F, will be conservatively less than that based on R, F),



Table 6. Comparison of AISC 360 and AISC 341 w/t Limits

AISC 360 Table B4.1a Compression Elements
in Members Subject to Compression Only

AISC 341 Table D1.1

Case Element Description Ar Ao Note Amd Ahd
1 Rolled I-flanges 0.56,/E/F, — 0.40E/(R,F) | 0.32E/(R/F)
2 Built-up I-flanges 0.64,JETF, - 0.40,/E/(R,F,) | 0.32,/E/(R,F,)
3 Angle legs 0.45,/E/F, - 0.40,E/(R,F)) | 0.32,E/(R,F))
4 Tee stems 0.75,/EJF, _ 0.40E/(R,F) | 0.32[E/(R,F)
5 I-webs 1.49/E/F, — Braces 1.57\/E/(RW 1.57%
6 HSS walls 1.40,[EJF, - Braces | 0.76E/(R,F,) | 0.65,/E/(R,F))
- Columns | 1.18,/E/(R,F) | 0.65,E/(R,F,)
7 Cover plates 1.40,/E/F, — — —
8 Stiffened element 1.49,/E/F, - - -
9 Round HSS 0.11 E/F, - 0.062 E/(RyF,) | 0.053 E/(R,F,)
Flanges of H-piles - - 0.48\/1:'/(.‘:1’ﬁa n.a.?
Webs of H-piles - — 1.57,/E/(R,F)* na?
AISC 360 Table B4.1b Compression Elements
in Members Subject to Flexure
10 Rolled I-flanges 1.00,/E/F, 0.38,/EJF, 0.40E/(R,F,) | 0.32,[E/(R,F))
11 Built-up I-flanges 0.95,/E/F, 0.38,/EJF, 0.40,/E/(RyF,) | 0.82E/(R,F))
12 Angle legs 0.91,/E/F, 0.54,/E/F, 0.40,/E/(RyF,) | 0.82,E/(RyF,)
13 Minor axis I-flanges 1.00,/E/F, 0.38,/E/F, — —
14 Tee stems 1.52,(EJF, 0.84,[EJF, 0.40E/(R,F,) | 0.32,[E/(R,F)
15 [-webs 5.70,/E/F, 3.76,/E/F, f(Pu/Py) f(Pu/P,)
16 Singly symmetrical I-webs 5.70,/E/F, f(he/hp) - -
17 HSS flanges 1.40,/EJF, 1.12EJF, 1.18/E/(R,F,) | 065E/(R/F)
18 Flange cover plates 1.40,/E/F, 1.12/E/F, — -
19 HSS webs 5.70,[EJF, 2.42 [EJF, - —
Box webs 1 .75% 0.67%
20 Round HSS 0.31E/F, 0.07E/F, 0.062E/(R,F,) | 0.053E/(R,F,)
21 Box flanges 1.49,[E/F, 1.12,[EJF, 1.18,/E/(R,F,) | 0.65,E/(R,F)

2 Potentially better categorized as flexure case in AISC 341.
— Denotes not applicable.
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Table 7. Summary of Intended Objectives for Application of A Limits in AISC 341-16
System* Element Objective
Mmnd IMF Beam My, 0.02 rad ID
Column R,
OCBF Brace R, n cycles
MT-SCBF Strut Mpe
EBF Beam outside link R,
Brace R,
BRBF Beam R,
Column R,
Ahd SMF Beam Mp, 0.04 rad ID @ 0.8M,
Column My, Ry, 0.04 rad
STMF Chord and diagonal 3% ID
Column 3% ID
SCCS Column My, limit FLB, large 6,
SCBF Beam R,
Column R, large 6,
Brace Ry, n cycles, yield @ 0.3%ID, 10-20g,
MT-SCBF Column Mpe
Brace Ry, n cycles, yield @ 0.3%ID, 10-20¢,
EBF Link 0.02-0.08 rad inelastic rotation
Column R,
MT-BRBF Beam R,
Column R,
SPSW Column boundary R,
Horizontal boundary Mp, n cycles
Note: R, = required system strength based on capacity design, ID = interstory drift, FLB = flange local buckling.
* See AISC 341 for SFRS abbreviations.

even if the member is no longer compact. This counter argu-
ment was found to prevail for all practical cases studied
(Schafer et al., 2020). For the structures, loadings, and mar-
gin of safety in AISC 360, large overloads are not expected,
and the actual mode of failure is not important. This is not
true for AISC 341, where structures undergo extreme condi-
tions. In this case, the failure mode could potentially cause
the energy-absorbing location to shift from the intended
location to an undesirable location, resulting in nonductile
failure modes. Therefore, while it is not recommended that
R, be included in AISC 360, it is appropriate to include R,
in AISC 341.

Use of RyF) in the w/t limits for AISC 341 provides a
more accurate prediction of the desired behavior; further,
it removes the perverse incentive of specifying a lower F\,
even when expected F) is high, only so that a compactness
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limit or other limit related to energy dissipation can be met.
However, the implementation of the R, factor in the exist-
ing w/t limits requires discussion. AISC 341 introduced R,
into its w/t limits in the 2016 edition for the first time, but
in such a manner as to not actually change the limiting val-
ues for typical steels. For example, Aug = 0.38,/E/F, for
flanges of I-shaped sections in AISC 341-10 was converted
to 0.4OJE/(RyFy) in AISC 341-16 by assuming R, = 1.1
for A992-type steel. Similarly, for walls of rectangular
HSS used as diagonal braces Ajy = 0.55\/% for flanges
of I-shaped sections in AISC 341-10 was converted to
0.65\E/(R,F,) in AISC 341-16 by assuming R, = 1.14 for
A500 Grade B steel.

For the former example, the original experimental
source for the A, limit (Lukey and Adams, 1969), which



Ama is based on, was experimentally developed based on
measured F, but then applied in AISC 360, and later in
AISC 341, as nominal/specified F. In general, researchers
develop w/r limits with measured F) properties and code
committees then implement them with specified properties.
If the change in 2016 for AISC 341 was intended to bring
the w/t limit in line with the original testing, then the coef-
ficient should not have been modified and only R, added to
the denominator. The task group recommended that course
of action and it is expected in the forthcoming 2022 edi-
tion of AISC 360. Schafer et al. (2020) provides additional
discussion on Ry and the impact of other material properties
(strain hardening slope, etc.) and higher strength steels on
the w/t limits.

Web-Flange Interaction and Impact on Seismic w/t
Limits (Deep Columns)

Deep wide-flange columns have seen increasing use in the
SFRSs of buildings, particularly in moment frames due to
their relative effectiveness for story drift control. Columns
in an SMF are expected to experience flexural yielding and
form a plastic hinge at the column base. Deep columns have
h/t,, ratios that often are significantly higher than those
of shallow columns (e.g., W12 or W14). Recent testing of
Ang-compliant deep columns at the University of Califor-
nia—San Diego (UCSD) has shown that the web in these
columns was not effective in stabilizing the flanges under
cyclic loading (Ozkula and Uang, 2015; Chansuk et al.,
2018). Interactive web-flange local buckling occurs prema-
turely and causes significant strength degradation and axial
shortening. Under cyclic loading, lateral-torsional buck-
ling, together with local buckling, can also occur. Figure 4
illustrates two typical stability driven failures observed in
the testing. Independent research conducted by Elkady and
Lignos (2018) and Wu et al. (2018) have also confirmed
this problematic phenomenon in deep columns for moment
frames.

To resolve this issue, new A;g and A,,; limits have been

(a) W24x131 column

proposed for AISC 341 to be used in beams, columns, or
links as webs in flexure, or as combined axial and flex-
ure, including webs of rolled or built-up I-shaped sections
or channels, side plates of boxed I-shaped sections, and
webs of built-up box sections as provided in Table 8. The
new limits are based on regression analysis of deep column
responses from both testing and finite element simulation
and consider the effects of boundary condition and lateral
loading sequence on local and lateral-torsional buckling
(Ozkula et al., 2021). The limiting A/t,, ratios are developed
for constant axial loads. For exterior columns with varying
axial loads due to the overturning moment effect, the pro-
posed limits are conservative.

ALTERNATIVES TO LOCAL
BUCKLING (w/t) LIMITS

The task group was also charged with commenting on alter-
native means of establishing basic local buckling perfor-
mance objectives and ensuring the specification provides
user pathways to these alternative means when current wyt
limits may be an impediment—for example, for higher
strength steels, steels with nontraditional stress-strain rela-
tions (e.g., no yield plateau like stainless steel), unusual
built-up cross sections, etc.

Cross-Section Local Slenderness Limits and
Application of DSM

The direct strength method (DSM) (Schafer, 2019) as imple-
mented in AISI S100 provides limits that are similar in
spirit to the AISC wy/t limits, but for the entire cross section,
where P, is the elastic axial local buckling force and M.,
is the elastic flexural local buckling moment. Cross-section
elastic local buckling may be determined by analytical for-
mulas for common shapes (e.g., Gardner et al., 2019; Seif
and Schafer, 2010) or numerical analyses for more complex
configurations as detailed in the AISI S100 Commentary.

P,
> =0.776 (11)

crl

P,=P, if A=

(b) W24x176 column

Fig. 4. Typical deep column buckling mode.
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Table 8. Proposed Change in Web wj/t in AISC 341
Ang for Highly Ductile Members Amg for Moderately Ductile Members
AISC 341-16 For C, <0.114: For C, <0.114:
257 |-E_(1-1.04C,) 3.96.|—E— (1-3.04C,)
RyFy RyFy
For C, > 0.114: For C, > 0.114:
E E E E
0.88 (2.68-C,)=1.57 1.29 (2.12-C,)21.57
yTy RyFy RyFy RyFy
Proposed for 23 [ E 23 | E
AISC 341-22 25(1-C,)” 5.4(1-C,)?
RyF, RyFy
Note: C.= oshy and P, is the required axial strength, o is the ASD/LRFD conversion factor,
yiyolg
and Ay is the gross area of the column; all other terms previously defined.

« M
M,=M, if A, = My =0.776 12)

crt

M,

M,=M, if ;= =0.086 (13)

crt

Equations 11 and 12 provide the equivalent to the A, limit
and Equation 13 the A, limit. Equation 13 is intentionally
conservative in its application for AISI S100 and would
need modification for AISC 360 application.

Cross-Section Local Slenderness Limits and
Application of CSM

The continuous strength method (CSM) developed by
Gardner et al. (e.g., Afshan and Gardner, 2013; Zhao et al.,
2017) provides a complete strain-based alternative to local
buckling classification limits, but it could equally be used
to provide basic limits. The CSM base curve implies the
maximum strain capacity is a function of the local buckling
slenderness, focusing on the range where € > €,:

0.25 " , P, , M,
=736 ° 7\'[ = > or - (14)
7\'{’ Pcré’ Mcré’

If we set € = ¢, for the equivalent to the A, limit, and set € =
4g, for the A, limit:

# P,
P, =P, if A= |- =0.68 (15)
crl
* M,
M,=M, if A, = Y =0.68 (16)
crl
M, =M, if ;= |—— =046 (17)
Mcr[
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Note € = 15g, for the Ay limit would result in 7»? =0.32.
Given the approximate nature of current element slender-
ness limits, it should be permitted to use more robust cross-
section-based slenderness limits when desired by the
engineer. Note that for some sections under some load-
ing conditions, these limits will be more stringent than
current practice and for others more lenient. In general,
the large class of w/r limits (Table B4.1 in AISC 360 and
Table D1.1 in AISC 341) could be replaced with these sim-
ple cross-section-based criteria.

An additional note on Equation 14: The power of this
expression should not be understated. Recall Equation 6
where the elastic plate buckling strain was made indepen-
dent of Young’s modulus; so too is Equation 14 and, in
fact, has been developed considering stainless steel, alumi-
num, and traditional mild carbon steels. Further, the limits
in Equations 15-17 agree quite well with Winter’s (1947)
insights and Haiijer and Thurlimann’s (1960) insights on key
slenderness ranges for first yield and plastic behavior. This
generalization is attractive, and a means to leverage this
insight is worthy of consideration for AISC Specifications.

Extensions on the Use of CSM and DSM

Both CSM and DSM can do more than provide the local
buckling limits; they can be used to predict the actual cross-
section strength. CSM’s strain-based approach is particu-
larly powerful if nonlinearity in the material stress-strain
curve is such that the elastic-plastic assumption is not
adequate (as is the case with some new high-strength steel
grades). Both CSM and DSM have been developed and are
being adopted for forthcoming editions of stainless steel
standards (ASCE, 2021; AISC, 2021).

In addition, Torabian and Schafer (2014) used a CSM-
inspired approach to establish rotation capacity in addition



to strength. Thus, it is possible to provide a methodology
for predicting allowable rotation capacity, Ry, for use in
material nonlinear analyses, both static for AISC 360 and
potentially dynamic for application to AISC 341. This could
potentially be advanced in AISC 360, Appendix 1. Recent
work of Gardner et al. (2019) has extended these insights
directly into line elements for use in system analysis.

DISCUSSION AND RECOMMENDATIONS

The current w/t formulation—for example, Equation 4—for
local bucking limits in AISC 360 and AISC 341 has several
strengths: The method (1) is easy and fast to apply, (2) has a
long tradition of use, (3) has a relatively high level of clarity,
and (4) leads to reliable strength predictions. Weaknesses of
the existing w/t formulation include the following: (1) The
method connects to the element, not the section, and most
behavior objectives are at the section level; (2) for the limits
to be simple, constant coefficients for C (Equation 4) are
commonly used; however, if web-flange interaction (i.e.,
simple equilibrium and compatibility within the section),
stress distribution (e.g., stresses from a beam-column, dif-
ference in stresses when a flange tip is in tension/compres-
sion), or material nonlinearity is considered, this breaks
down, and determination of C becomes its own quite com-
plex process; and (3) by using w/t instead of the nondimen-
sional slenderness, A (i.e., Fy | F,,), the limits appear to be
different for every element (i.e., lots of different C values),
while in reality, only one assumption (\') is typically being
made—this reduces conceptual clarity. In addition, when
one delves into the details, such as Table 3 and Table 4,
numerous small inconsistencies emerge. Comparing the
level of detail required to understand current provisions
with the alternative local buckling criteria discussed earlier,
it is evident that clearer, more robust, and more direct meth-
ods are now available based on cross-section local buckling
instead of element local buckling to achieve the same objec-
tives as current methods.

The task group came to the following recommendations:

Nonseismic AISC 360 Recommendations

Rewrite the AISC 360, Table B4.1 Commentary. Provide
objectives using the Objective of AISC 360 Local Buckling
Limits section of this paper (aligned with the Specification,
not aspirational). Make the role of nondimensional slender-
ness, 75, clear, and provide finalized versions of Tables 3
and 4 in the AISC 360 Commentary or through reference to
an archival publication.

Provide an alternative pathway for the use of cross-section
elastic buckling analysis that includes web-flange interac-
tion as an alternative to current w/t limits. Set A, = 0.7 or
1.0 as appropriate and 7»; = 0.5 for these alternative provi-
sions. Current A, for flexure limits should be recast to make

it explicitly clear why A, = 1.0 not A, = 0.7 is used. This
would explain the discrepancy in Table B4.1b between
(1) stiffened elements in compression and (2) unstiffened
elements in compression and stiffened elements in flexure
and explain the discrepancy between compression elements
in Table B4.1a and b. This would also explain a significant
discrepancy between current AISC practice and other inter-
national standards. Assuming independent research is not
conducted, then it is recommended that X; =0.7 be used
throughout and AISC 360, Chapter F, modified to accom-
modate this change. This would remove the discrepancy in
Table B4.1b between (1) stiffened elements in compression
and (2) unstiffened elements in compression and stiffened
elements in flexure and would remove the discrepancy
between compression elements in Table B4.1a and b. This
would also remove a significant discrepancy between cur-
rent AISC practice and other international standards.

With respect to the compact limit A, it is recommended
that this limit be split into A, and A, consistent with Euro-
code Class 1 and Class 2 that provide M, with minimum
rotation and M, respectively. This will provide improved
efficiency in some cases and will provide needed rotation
capacity only where necessary—for example, in inelastic
analysis with moment redistribution of AISC 360, Appen-
dix 1. It is recommended that for simplicity, implementation
in Chapter F need only use A, since this establishes M,
while AISC 360, Appendix 1, could reference the use of A,,;
for plastic design and/or material nonlinear analyses with
redistribution.

In addition, the following is recommended: Align A,
Case 12 (angle) with that of Case 10 (rolled flange in com-
pression) or make it explicit that Case 12 only applies to
the angle leg under stress gradient. Align A, Case 15
(I-section web) with that of Case 19 (box-section web) or
provide evidence that I-section webs can have more lib-
eral w/t limits than box-section webs (even beyond that of
assuming a fully fixed edge boundary condition for the
I-section web). Remove the use of residual stress (£ vs. Fy)
in the Table B4.1 limits. As needed, correct application of
limits in Chapter F after removal to ensure new limits are
not unduly conservative.

Seismic AISC 341 Recommendations

The task group recommendations for AISC 341 include
rewriting the Table D1.1 Commentary: Provide objectives
from the Objectives section of this paper (aligned with the
Specification, not aspirational) and the finalized version of
Table 7 in the Commentary or reference to archival publica-
tion. Note: The Commentary should describe intent and not
imply specific values that are met by the w/t limits. Cor-
rect the A,,; and A,y limits back to their 2010 coefficients
(and include R,). Provide an alternate pathway for the use
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of cross-section elastic buckling analysis that includes web-
flange interaction as an alternative to current w/f limits. Set
Awa = 0.5 and Ay = 0.32 for these alternative provisions.
Adopt the proposed provisions for deep columns provided
earlier.

Additional Recommendations

A number of additional recommendations are also pro-
vided. Establish a research project to take advantage of the
findings from the continuous strength method research and
bring these advantages into the AISC 360 and AISC 341
standards. Active work in the development of AISC 370,
Specification for Structural Stainless Steel Buildings
(2021), may be utilized in this regard. Establish a research
project to determine cyclic degradation in the strain capac-
ity of plate elements subjected to local buckling such that
AISC 341 w/t criteria can be improved. Recent advances in
cyclic fracture models of ductile steels can be leveraged as
a mechanical basis for this effort, and the results have the
potential to widely influence A,,; and A,y and their future
application. Develop a test standard for establishing wy/t
limits (for AISC 360 and AISC 341) consistent with past
practice and current application. This recommendation
provides a pathway for alternative built-up shapes and new
materials (steels) that may be impeded by current design
rules. Extend AISC 360, Appendix 1, to provide alternative
means for meeting A, criteria based on cross-section slen-
derness, provide discussion/guidance on member rotational
demands coming from nonlinear analysis, and show how to
calculate member rotational capacity based on local cross-
section slenderness.

CONCLUSIONS

Cross-section width-to-thickness limits are a longstanding
and reliable means to ensure behavioral objectives related
to the local buckling performance of structural steel mem-
bers. Establishing the underlying assumptions inherent in
current width-to-thickness limits developed over the course
of the last 80+ years is critical to advancing structural steel
design for new steels and configurations. Existing width-
to-thickness limits are presented in AISC Specifications in
a manner suggesting each limit is unique to each element
and loading, while actual limits are based on a small num-
ber of targeted, nondimensional plate slenderness regimes,
where the nondimensional plate slenderness, X*, is defined
based on the square root of the yield stress divided by the
critical elastic plate buckling stress. Alternative methods
that employ A" for local buckling of the complete cross sec-
tion are capable of providing local buckling limits similar
to current practice, but with greater simplicity and gener-
ality, and are worth considering as alternative means of
meeting local buckling-based behavioral objectives for
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both nonseismic and seismic local buckling limits. Seismic
width-to-thickness limits provide for objectives far beyond
strength and are used extensively to ensure ductility and
avoid premature fracture in a variety of different seismic
force-resisting systems. Proposals to improve current seis-
mic width-to-thickness limits to account for the expected
yield stress of the material and to handle web-flange inter-
action in local buckling of columns in moment frames are
specifically addressed and recommendations provided. A
series of recommendations spanning from practical—for
example, provide two levels of compact section criteria to
parallel Eurocode’s Class 1 and Class 2 sections and adopt
proposed provisions for deep columns in moment frames—
to longer term—for example, provide alternative pathways
for establishing local buckling limits are provided. This
review of the current status of local buckling width-to-
thickness limits was conducted by an ad hoc task group of
the AISC Committee on Specifications during the develop-
ment cycle for the 2022 editions of AISC 360 and AISC 341.
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ERRATA

AISC Provisions for Web Stability under Local
Compression Applied to HSS

Fei Wei and Jeffrey A. Packer

Vol. 58, No. 1, 2021

In the following tables, Equations 4, 15, and 16 are shown incorrectly due to typesetting errors and should be revised as noted.
Revise Table 1, Row 4, Equation 4 to:
3H,

0.8¢* Sin6
H

sin©

1+

\/EFny

Revise Table 6, Row 1, Equation 15 to:
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Revise Table 6, Row 2, Equation 16 to:
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