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Technical Note

Post-Fire Axial Load Resistance of Concrete-Filled, 
Double-Skin Tube (CFDST) Stub Columns 
REZA IMANI and MICHEL BRUNEAU

ABSTRACT

This technical note reports findings on a series of squash tests to investigate the effects of a significant fire loading history on the axial load 
strength of concrete-filled, double-skin tube (CFDST) stub columns. Axial loading tests were conducted on two stub columns that were previ-
ously subjected to the first 60 minutes of the standard ASTM E119 (ASTM, 2012) fire. Results were compared to the resistance of an identical 
virgin stub column. Comparisons indicated an average reduction of 28% in the axial load strength of stub columns when subjected to the 
mentioned fire loading history.

Keywords: steel tube column, fire loading, ASTM E119, double skin, axial strength.

INTRODUCTION

Concrete-filled, double-skin tube (CFDST) columns 
have been shown to perform well under both single- 

and multi-hazard conditions (e.g., when subjected to inelas-
tic cycling loads to simulate seismic effects, when subjected 
to blasts, and when subjected to subsequent cyclic and fire 
loading to simulate cascading effects—or fire and cyclic 
loading to simulate earthquakes happening on a build-
ing subjected to a fire years earlier) in several past studies 
(Zhao and Grzebieta, 2002; Han et al., 2004; Yang and Han, 
2008; Lu et al., 2010; Fouche and Bruneau, 2010; Imani et 
al., 2014a; 2015). This has made CFDST columns appeal-
ing from a multi-hazard perspective. However, one specific 
aspect that needed to be considered in the referenced studies 
investigating the resilience of CFDST columns was whether 
the squash strength of CFDST columns was adequate 
solely from a post-fire perspective because any permanent 
effects from a prior fire loading would need to be known 
to ensure proper functioning of these columns through the 
life of a structure after exposure to a fire (as one of many 
limit states that may need to be evaluated in post-fire con-
ditions to determine if repair or replacement is warranted). 
For that reason, this study examines the post-fire axial load 
resistance of CFDST stub columns following exposure to a 

standard ASTM E119 fire (ASTM, 2012). In addition, and to 
a lesser extent, fire test results were used to study the effect 
of ventilation holes on temperature distribution and concrete 
moisture content loss in CFDST stub columns.

SPECIMENS

Three CFDST stub columns, hereafter referred to as SC1, 
SC2 and SC3, were built with identical height (i.e., 1 ft) and 
cross-section, as shown in Figure  1. The outer and inner 
tubes were 8-in.- and 5-in.-diameter, respectively. Concrete 
was poured between the two steel tubes and, as recom-
mended in AISC Design Guide 19 Fire Resistance of Struc-
tural Steel Framing (Ruddy et al., 2003), small (8-in.) vent 
holes were drilled into the outer tube to allow pressure relief 
during fire. Stub columns SC1 and SC2 were built with a 
total of two and three ventilation holes. The first two holes 
were located on the round surface of the specimens at about 
1 in. from the top and bottom plates. The third hole, in the 
case of SC2, was located at the opposite side of the other 
vent hole drilled near the top end. The intent of an additional 
hole was to crudely investigate whether additional ventila-
tion and pressure relief can change the resulting temperature 
history and possible permanent fire effects on the strength of 
stub columns. Stub column SC3 was kept without holes and 
was to be tested without having been previously exposed to 
fire to serve as a reference specimen. 

FIRE TESTS

Stub columns SC1 and SC2 were subjected to the first 
60 minutes of the ASTM E119 (ASTM, 2012) fire curve in 
a natural gas furnace. No insulation was used at the top or 
bottom ends of the specimens. The standard curve and fire 
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duration were selected to provide a common comparison 
base for different specimens in this study as well as simi-
lar past studies. Three thermocouples located at mid-height 
of stub columns were monitoring temperature variations at 
three different points through the cross-section (i.e., inner 
surface of the outer tube, half-width through concrete, and 
outer surface of the inner tube) for both stub columns. A 
hole was drilled on the outer tube at this location to allow 
for the exit of wires. Figure 2 shows SC1 and SC2 after the 
fire test. No axial load was applied to the specimens during 
the fire test, but based on results for corresponding slender 
columns tested simultaneously (Imani et al., 2014a), it is 
known that these stub columns would not have reached their 

compression limit state. No visible damage was detected on 
the stub columns after the fire test for the intensity and dura-
tion described earlier. Both specimens were left to gradually 
cool down to room temperature.

Figure 3 shows the time histories of temperature recorded 
by the thermocouples installed in the stub columns along 
with the average furnace air temperature during fire. Note 
that the actual test stopped at around 70  minutes and the 
recorders were kept operating for a few additional min-
utes. The recorded temperature curves generally show a 
smooth increasing trend, except for the ones recorded by the 
thermo couples installed on the surface of the inner tube for 
both SC1 and SC2 that show sudden fluctuations, especially 
during the first 20 minutes of the test. These fluctuations 
are speculated to occur due to the random arrangement of 
aggregates in the concrete of the specimens, causing mois-
ture and pressure relief at certain times and affecting the 
thermocouple readings. 

Comparison of temperature time histories for the two stub 
columns show that the temperature values for all of the three 

Fig. 1. Cross-section of the stub columns.

  
 (a) (b)

Fig. 2. Stub columns after fire test: (a) SC1; (b) SC2.

 
 (a) (b)

Fig. 3. Temperature data measured from the stub columns: (a) SC1; (b) SC2.
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thermocouples installed in SC2 are about 50°C higher than 
the values for SC1. Because the difference in temperature is 
noticeable in values recorded on the outer surfaces of col-
umns and from the beginning stages of the test, it is inferred 
that the reason for this difference is likely related to the 
different locations of the stub columns at the bottom of the 
furnace. Note that nine thermocouples were installed at dif-
ferent heights inside the furnace, and the average of readings 
from all of those was used to control average temperature to 
follow the standard fire curve. Beyond this, recommended 
additional experimental research may be informative to 
study the possible effect of vent holes on temperature distri-
bution within the specimens.

Stub columns were also used to study the effects of fire 
tests on the moisture content of concrete by comparing the 
measured relative humidity (RH) of the two stub columns 
tested in the fire (i.e., SC1 and SC2) with that of the third 
one, SC3, which was kept intact in the lab. Relative humid-
ity is the amount of water vapor present in a volume of air 
at a given temperature compared to the maximum amount 
that the air could hold at that temperature, expressed as a 
percentage. Relative humidity of the three stub columns 
were measured based on the standard ASTM F2170 (ASTM, 
2011). An electronic probe was inserted into holes drilled 
into the concrete (after running through the steel) to mea-
sure the RH values. Measurements gave post-fire RH values 
of 29% and 20% for SC1 and SC2, respectively. These val-
ues were about half of the RH value of 59% for SC3, which 
wasn’t subjected to the fire test (RH was measured about 
6 months after casting). Relative humidity of 59% is within 
the range of 50 to 75% defined by ASTM E119 (ASTM, 
2012) for concrete dried at room temperature. The effect of 
the additional vent hole is seen in the difference of RH val-
ues for SC1 and SC2. Note that the holes required for the RH 
tests were drilled after the fire tests at locations, which were 
not close to the original vent holes of stub columns to avoid 
capturing local effects.

SQUASH LOADING TEST

To investigate the permanent effects of an approximate 
1-hour-long fire exposure on the squash load of CFDST col-
umns (ASTM, 2012), an axial loading test was conducted on 
the SC1, SC2 and SC3 stub columns. The squash tests were 
conducted using the 2,200,000-lb uniaxial loading testing 
facility of Taylor Devices Inc. in Buffalo, New York. Axial 
load was applied to 12×12×4-in. cap plates welded to both 
ends of each stub column. All tests were terminated upon 
observance of significant loss in axial load capacity, which 
was typically accompanied by severe local buckling of the 
steel. Figure 4 shows photos of all three failed stub columns.

Figure 5 shows axial load versus axial contraction results 
for all three stub columns (SC1, SC2 and SC3). The ini-
tial phase of all three curves (i.e., axial contraction below 
0.025 in.) nearly follows a similar path, suggesting that the 
fire loading history, in the absence of structural loads, has 
caused no significant permanent effects on the elastic stiff-
ness of SC1 and SC2. 

However, the figure demonstrates differences in maxi-
mum strength and post-maximum strength for the three 
specimens. Stub columns SC1 and SC2, which were both 
subjected to fire previously, had maximum axial load values 
of 334 and 339  kips, respectively. These values are about 
28% less than the 471-kip squash load obtained for the refer-
ence specimen not subjected to fire (SC3). 

Cylinder tests showed an average ƒ′c of 9.7 ksi for concrete 
(normal weight, density: 150  pcf) from the specimen that 
was not tested in fire. Steel tubes were manufactured from 
ASTM A513 (ASTM, 2015) type 1 steel with nominal yield 
and tensile strength values of 32 ksi and 45 ksi, respectively. 
Steel coupon tests resulted in an average fy of 50 ksi for the 
outer tube and 44 ksi for the inner tube (Imani et al., 2014b). 
The theoretical squash load can be calculated as:

 fy(Ast,inner + Ast,outer) + 0.85 ′fcAconcrete (1)

   
 (a) (b) (c)

Fig. 4. Failed stub columns: (a) SC1; (b) SC2; (c) SC3.
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where A refers to the cross-sectional area described by the 
subscripts (i.e., inner/outer steel tubes and concrete between 
them) and fy is the yield strength of steel taken from the cou-
pon tests. Applying Equation 1 to the CFDST section geom-
etry shown in Figure 1 with the room temperature values of 

′fc  and fy (as previously mentioned) results in a theoretical 
squash load value of 428  kips. The theoretical calculated 
value is within 10% of the test result (i.e., 471 kips).

According to Eurocode 4 (CEN, 2005) specifications, the 
residual compressive strength of concrete heated to maxi-
mum temperature of θmax and subsequently cooled down to 
ambient temperature of 20°C can be calculated as follows:

ƒ′c,θmax,20 = ϕƒ′c
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where kc,θmax is a reduction factor that is provided in Euro-
code 4 tables for normal- and light-weight concrete and ƒ′c 
refers to the compressive strength of concrete at room tem-
perature. Considering θmax ≈ 700°C for the case in hand 
(see Figure 3) and a kc,θmax factor of 0.3 (from Eurocode 4 
tabulated values), the residual compressive strength is calcu-
lated to be about 27% of the initial (i.e., room temperature) 
ƒ′c  value. For steel, although it is considered to almost fully 
recover after cooling down to room temperatures from max-
imum temperature levels seen in Figure 3, Eurocode conser-
vatively recommends a 10% reduction factor to be applied to 
the room temperature yield strength value.

Using the residual values of strength for steel and concrete 

calculated with the average measured strength values at 
room temperature and the reduction factors mentioned ear-
lier for the case in hand, a theoretical reduction of 40% is 
achieved for the squash load of stub columns. As such, test 
results reveal that the strength reduction factors specified in 
Eurocode 4 might be slightly conservative (28% reduction in 
test versus the calculated 40%) but can provide a reasonable 
estimate of the post-fire conditions. A similar reduction is 
seen in the post-peak strength plateau reached in both SC1 
and SC2 curves, where SC1 and SC2, respectively, show 18 
and 24% reductions in axial force from the recorded value 
of 305 kips for SC3 (i.e., the specimen not subjected to fire).

CONCLUSION

Experimental observations presented in this study indicated 
that a fire loading history, albeit causing no significant vis-
ible damage, can induce permanent effects on structural 
integrity of CFDST stub columns. More specifically, an 
average 28% reduction was observed in the axial squash 
load strength of two stub columns previously exposed to a 
fire loading history as opposed to a reference specimen not 
subjected to fire. Moreover, a simple comparison between 
two specimens with different number of vent holes demon-
strated that more ventilation accelerates concrete moisture 
loss without significantly affecting the temperature distribu-
tion during fire. However, more research is needed to further 
validate this observation.
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Quantifying Inelastic Force and Deformation  
Demands on Buckling Restrained Braces and 
Structural System Response
JUSTIN D. MARSHALL, BRANDT SAXEY and ZHONGLIANG XIE 

ABSTRACT

Buckling-restrained braced frames (BRBF) have become a very popular lateral-resisting system due to their balanced, full hysteresis and 
the ability to tailor stiffness, within limits, and strength to meet specific design requirements. This paper reports the results of an analytical 
investigation on the performance of buckling-restrained braces (BRB) and the global performance of BRBF with a focus on the ductility and 
overstrength demands on the braces. Nonlinear analytical models of various three- and six-story steel frames were subjected to a suite of 
earthquake records to determine the demands on the BRB elements and the overall frame response. The structure variations include the loca-
tion (i.e., seismic hazard), seismic importance factor, Ie, brace configuration (chevron versus single diagonal), and BRB yielding core length. 
The analysis also investigates the ratio of the impact of an error in the approximation of the BRB elastic stiffness on the system performance.

Keywords: buckling-restrained brace, ductility in steel structures, overstrength demands, nonlinear analysis.

INTRODUCTION

Buckling-restrained braces (BRB) are an example of a 
recent innovation in structural engineering that has 

had a significant impact on design of steel structures. As 
opposed to conventional concentrically braced frames that 
yield in tension and buckle in compression, BRB have a full 
and essentially balanced hysteresis. This occurs because 
the flexural demands are taken by the buckling restraining 
element of the brace, which allows yielding in tension and 
compression of the core steel. Yielding in both directions 
allows for material limit states in both directions and a much 
greater capacity to dissipate energy than yielding and buck-
ling of a concentric brace. In addition, the geometry of the 
yielding core plate can be tailored to the strength and stiff-
ness requirements for a given application.

The typical configuration of BRB in U.S. practice today 
(see Figure 1) consists of a core plate with a yielding region 
that is tapered down from the connection regions at the end. 
The core plate is covered by a restraining tube that is filled 
with mortar to provide the restraining mechanism. Between 

the steel and mortar, an air gap or bond breaker is used 
to minimize axial load transfer between the core and the 
restraining system. Significant experimental and analytical 
research has investigated the performance of BRB. The orig-
inal research conducted on a plate debonded from constrain-
ing concrete was conducted by Yoshino and Karino (1971) 
and Wakabayashi et al. (1973). Many researchers since then 
have investigated a myriad of different combinations of core 
plate and buckling restraining mechanisms (Xie, 2005; Uang 
et al., 2004). A significant amount of research has been done 
related to component testing of BRB; however, system-level 
research has been less common. A few examples of either 
experimental or analytical research on system level response 
include Fahnestock et al. (2006), Mahin et al. (2004), Sabelli 
(2001), Tsai and Hsiao (2008), and Chou et al. (2012).

One of the challenges in determining the proper ductility-
based design requirements for a lateral resisting system is 
determining appropriate limitations within the code that 
enable design provisions that result in robust, safe structures. 
These limitations must then be linked to an elastic design 
procedure based on an elastic and static analysis model. Cur-
rently, BRB are designed and detailed in the United States 
in accordance with ASCE/SEI 7 (ASCE, 2010) and AISC/
ANSI 341 (AISC, 2010a). The provisions that impact BRB 
design are the seismic performance factors (R, Ωo, Cd) and 
the capacity design provisions, which include the tension (ω) 
and compression (β) strength adjustment factors. The seis-
mic performance factors relate the elastic analysis model to 
the expected inelastic response. The capacity design require-
ments ensure that other structural elements in the load path 
have sufficient capacity for the maximum inelastic demand 
required of the BRB. The current requirement to determine 
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the brace forces at the expected deformations requires a drift 
that is the larger value of 2% of the story height or twice 
the design story drift. The difficulty with this calculation is 
that the overstrength (the maximum expected brace force) 
depends on the geometry of the frame, which can require 
multiple iterations as section sizes change. 

The research aim is to add to the data available on  
system-level response of BRB. A three-story and a six-
story structure, which were previously used for research 
on braced frames (Sabelli, 2001) and are based on the SAC 
Steel Project buildings (FEMA, 2000), have been used in 
this research. The varied parameters include seismic haz-
ard, brace configuration, seismic importance factor (Ie), and 
yielding core length. Two different seismic hazards—Los 
Angeles and Riverside, California—are utilized. Both are in 
the highest seismic design category, but there is a significant 
difference in the spectral accelerations. Single-diagonal and 
chevron (inverted-V) configurations are used to evaluate 
how the yielding core length difference and a reduced num-
ber of braces affect performance. The seismic importance 
factor is investigated by designing the BRB for a normal and 
critical occupancy structure (Ie = 1 and Ie = 1.5). Lastly, one 
of the concerns associated with tailoring BRB for increased 
stiffness is the impact of a shortened yielding core. Two core 
lengths using the same cross-sectional area are analyzed to 
study the impact of excessively short yield lengths. The first 
yielding core length was associated with the minimal stiff-
ness the brace would be designed for and is referred to as 
the normal yielding core length. The shorter yielding core 
length was associated with what was considered the effec-
tive maximum stiffness the BRB could achieve. This was 
established by shortening the yielding core length until a 2% 
story drift would produce a 3 to 3.5% core strain. 

One other component of the study is looking at the impor-
tance of accurately modeling the initial stiffness of braces. 
For typical conventional braces, the brace stiffness is based 
on the section and the working point lengths. For BRB, sig-
nificant efforts are made to better approximate the brace 
stiffness. Using some of the structures in this research, the 
elastic stiffness was modified by ±10% to determine the 
impact of initial elastic stiffness on global inelastic response.

STRUCTURE DESCRIPTIONS  
AND PARAMETERS

All versions of the three- and six-story structures were 
designed using the equivalent lateral force (ELF) proce-
dure specified in ASCE 7 (2010). The design gravity loads 
are the same as those specified by Sabelli (2001). The live 
load for the structures is 50 psf. The structural system is a 
typical steel frame structure. The basic dead load includ-
ing superimposed loads varies from about 84 to 89 psf, with 
the mechanical penthouse having a dead load assigned to 
the roof of 148 psf. The same gravity system, columns and 
beams are used for all the versions of the buildings. The only 
difference among the various building versions is the BRB. 
A yield stress of 38 ksi was assumed for all BRB designs to 
size the core areas. The two different seismic hazards used 
in the analyses are Riverside, CA (SDS = 1.0, SD1 = 0.6), and 
Los Angeles, CA (SDS  = 1.39, SD1  = 0.77). Both locations 
are considered site class D. The Seismic Design Category 
for normal occupancy structures is D. For the structures 
designed with Ie = 1.5, the Seismic Design Category is E and 
F for Riverside and Los Angeles, respectively. In total, 20 
building variations were designed; 10 for each height. 

Table 1 shows the fundamental period of vibration and the 
maximum story-drift ratio for each of the 20 building con-
figurations. The model nomenclature, which will be used 
throughout to identify the structures, is based on the vari-
ous parameters of the various structures. Los Angeles (LA) 
and Riverside (Riv) and the number of stories (3 or 6) are 
the first component. The two letters after the hyphen indi-
cate the brace configuration: either chevron (CH) or single 
diagonal (SD). The last portion indicates the parameters for 
increased importance (Ie = 1.5) or shortened-yield length (S). 
Where no final parameter exists following the brace con-
figuration, it represents a normal yield length brace and nor-
mal risk category structure (Ie = 1). The modal information 
and maximum story-drift ratios provide information about 
the stiffness and the dynamics of the various configura-
tions in the elastic realm. The limiting drift ratios for these 
structures are all within the allowable limit. A 2% drift 
ratio is the limit for all the structures, with the exception 
of the structures classified as Risk Category IV (Ie = 1.5), 

Fig. 1. Typical U.S. BRB configuration.
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Table 1. Period of Vibration and Maximum Drift Ratio for Building Models

Model
Fundamental 
Period (sec)

Maximum Story-
Drift Ratio Model

Fundamental 
Period (sec)

Maximum Story-
Drift Ratio

LA3-CH 0.52 0.0052 Riv3-CH 0.57 0.0057

LA3-CH1.5 0.45 0.0045 Riv3-CH1.5 0.49 0.0041

LA3-CHS 0.48 0.0051 Riv3-CHS 0.52 0.0046

LA3-SD 0.58 0.0097 Riv3-SD 0.64 0.0089

LA3-SDS 0.49 0.0079 Riv3-SDS 0.53 0.0069

LA6-CH 1.27 0.011 Riv6-CH 1.34 0.010

LA6-CH1.5 1.09 0.009 Riv6-CH1.5 1.18 0.008

LA6-CHS 1.10 0.009 Riv6-CHS 1.16 0.008

LA6-SD 1.44 0.017 Riv6-SD 1.61 0.015

LA6-SDS 1.23 0.014 Riv6-SDS 1.36 0.011

where the allowable drift ratio is 1%. While this informa-
tion is very valuable for elastic response, the variation in the 
response of the structure under a nonlinear response history 
analysis can vary significantly for structures with similar 
elastic behavior. 

Three-Story Structure

The three-story structure is a typical office building with 
13-ft story heights. The plan dimensions are 124 ft × 184 ft 
with 30-ft-square structural bays. The building envelope 
is 2  ft outside the structural gridlines on all sides. All the 
braced frames are at the building perimeter. Two bays of 
bracing are present on each building face. A building eleva-
tion and plan are shown in Figure 2. The column and beam 
sizes are consistent for all the different configurations. 
Figure 2 shows the chevron bracing in solid lines and the 
single-diagonal configuration in dashed lines. Table 2 pro-
vides details about the BRB elements in all variations of the 
three-story structures. The yield length ratio is defined as 
the ratio of the yielding core length to the working point 
length of the braces.

Six-Story Structure

The six-story structure is also a typical office building. The 
first story height is 18  ft with the remaining stories hav-
ing a 13-ft height. The building is square in plan (154  ft) 
with 30-ft-square bays. The building envelope is 2  ft out-
side the structural grid. Figure 3 shows an elevation view, 
and Figure 4 shows a plan view of the six-story structure. 
Three bays of perimeter bracing are used on each face of the 
building. Figure 3 shows the chevron bracing in solid lines 
and the single-diagonal configuration in dashed lines. The 
fundamental period of vibration and the design story drift 
for the different configurations of the six-story structure 

are presented in Table  1. Table  3 shows details about the 
BRB properties used in the different six-story models. The 
naming convention for the analysis models is the same as 
described for the three-story structure.

MODELING AND ANALYSIS

The building designs were completed using SAP 2000 ver-
sion 15 (CSI, 2013). The nonlinear dynamic analysis was 
completed in Perform 3D version 5 (CSI, 2011). As is shown 
in Figures 2 and 3, a planar frame model is used for the anal-
yses. In order to capture P-delta effects, a leaning P-delta 
column is used. The P-delta column captures the gravity 
loading and the continuous column effect of the leaning col-
umns. It is a nonstandard column shape with the moment of 
inertia equal to the sum of the weak-axis properties of the 
tributary columns. An equal displacement constraint is used 
at each floor to constrain the P-delta column to the frame. 
Gravity loads are applied to the model as both point and 
distributed loads. Distributed loads are used on the beams 
except where those loads would induce gravity loads into the 
BRB in the chevron configuration. In this case, the tributary 
gravity loads were applied directly to the column. Dead load 
and 50% of live load are applied to the frame before the 
earthquake analysis. Tributary horizontal joint masses are 
applied at all the nodes in the model. 

Beams in the unbraced bays are modeled as elastic beam 
elements. Beams in the braced bays, specifically for the 
chevron configurations, were modeled as inelastic beams 
based on the potential for plastic deformations due to unbal-
anced brace forces. A yield stress of 50 ksi was used for 
the beam elements. All beam column connections were 
assumed to be pinned connections because it is expected 
that a simple connection would be used adjacent to the gus-
set plate to allow for rotation between the beam and column 
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Fig. 2. Elevation and plan view of the three-story structure.

Table 2. BRB Properties for Three-Story Building Models

Model
Story 
Level

Yield 
Force 
(kips)

Yield 
Length 

(in.)

Yield 
Length 
Ratio Model

Story 
Level

Yield 
Force 
(kips)

Yield 
Length 

(in.)

Yield 
Length 
Ratio

LA3-CH

3rd 161.5 152.9 0.64

Riv3-CH

3rd 123.5 158.1 0.66

2nd 247.0 138.5 0.58 2nd 209.0 148.6 0.62

1st 304.0 131.9 0.55 1st 228.0 138.1 0.58

LA3-CH1.5

3rd 247.0 138.5 0.58

Riv3-CH1.5

3rd 190.0 151.7 0.64

2nd 380.0 130.1 0.55 2nd 304.0 133.2 0.56

1st 437.0 127.3 0.53 1st 342.0 130.7 0.55

LA3-CHS

3rd 161.5 67.2 0.28

Riv3-CHS

3rd 123.5 66.6 0.28

2nd 247.0 66.6 0.28 2nd 209.0 66.9 0.28

1st 304.0 65.3 0.27 1st 228.0 65.0 0.27

LA3-SD

3rd 266.0 270.1 0.69

Riv3-SD

3rd 209.0 278.4 0.71

2nd 418.0 258.3 0.66 2nd 342.0 261.8 0.67

1st 513.0 264.0 0.67 1st 399.0 272.9 0.70

LA3-SDS

3rd 266.0 81.1 0.21

Riv3-SDS

3rd 209.0 81.3 0.21

2nd 418.0 81.2 0.21 2nd 342.0 80.7 0.21

1st 513.0 78.4 0.20 1st 399.0 77.9 0.20
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at bracing connections. Columns adjacent to braced bays 
were modeled to account for possible inelasticity. Columns 
not adjacent to braced bays were modeled elastically. Modal 
damping of 2% of critical is used for all the modes. Addi-
tionally, a small amount of Rayleigh damping is specified 
(0.05%) over the range of important periods, which is a rec-
ommendation of the Perform 3-D manual (CSI, 2011).

Inelastic modeling of the BRB was completed using the 
BRB compound element. The compound element includes 

three primary components. The inelastic component uses the 
length and cross-sectional area of the BRB core to represent 
yielding and strain hardening with trilinear behavior and a 
nonsymmetric backbone curve. The nonsymmetric option 
allows for the different-strength values of the brace in ten-
sion and compression. The elastic bar component models the 
BRB length outside the core (connection region). The third 
component, the end zone, is the remaining length between 
the ends of the brace and the beam-column joint working 

Table 3. BRB Properties for Six-Story Building Models

Model
Story 
Level

Yield 
Force 
(kips)

Yield 
Length 

(in.)

Yield 
Length 
Ratio Model

Story 
Level

Yield 
Force 
(kips)

Yield 
Length 

(in.)

Yield 
Length 
Ratio

LA6-CH

6th 57.0 145.9 0.61

Riv6-CH

6th 47.5 145.2 0.61

5th 76.0 161.7 0.68 5th 66.5 146.3 0.61

4th 104.5 146.5 0.62 4th 85.5 145.2 0.61

3rd 114.0 161.4 0.68 3rd 95.0 144.9 0.61

2nd 123.5 161.4 0.68 2nd 104.5 144.6 0.61

1st 133.0 199.7 0.71 1st 114.0 197.5 0.70

LA6-CH1.5

6th 76.0 160.5 0.67

Riv6-CH1.5

6th 66.5 146.3 0.61

5th 104.5 144.6 0.61 5th 95.0 144.9 0.61

4th 142.5 156.6 0.66 4th 123.5 158.1 0.66

3rd 161.5 152.9 0.64 3rd 133.0 157.3 0.66

2nd 180.5 152.2 0.64 2nd 152.0 153.7 0.65

1st 190.0 190.4 0.68 1st 152.0 192.3 0.68

LA6-CHS

6th 57.0 67.9 0.29

Riv6-CHS

6th 47.5 67.2 0.28

5th 76.0 66.5 0.28 5th 66.5 68.3 0.29

4th 104.5 66.6 0.28 4th 85.5 67.2 0.28

3rd 114.0 66.8 0.28 3rd 95.0 66.9 0.28

2nd 123.5 66.1 0.28 2nd 104.5 66.6 0.28

1st 133.0 78.0 0.28 1st 114.0 79.5 0.28

LA6-SD

6th 76.0 292.0 0.74

Riv6-SD

6th 57.0 277.4 0.71

5th 114.0 290.1 0.74 5th 95.0 276.2 0.70

4th 152.0 285.0 0.73 4th 123.5 289.3 0.74

3rd 180.5 283.2 0.72 3rd 133.0 288.6 0.74

2nd 190.0 282.7 0.72 2nd 152.0 285.0 0.73

1st 199.5 327.8 0.78 1st 152.0 329.8 0.79

LA6-SDS

6th 76.0 81.2 0.21

Riv6-SDS

6th 57.0 81.1 0.21

5th 114.0 81.7 0.21 5th 95.0 81.9 0.21

4th 152.0 81.2 0.21 4th 123.5 81.9 0.21

3rd 180.5 81.2 0.21 3rd 133.0 81.8 0.21

2nd 190.0 81.0 0.21 2nd 152.0 81.9 0.21

1st 199.5 102.6 0.24 1st 152.0 103.5 0.25
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points. The end zone is established as a multiplier on the 
elastic bar area. The yield force, initial stiffness, post-yield 
stiffness, and hardening behavior for the inelastic compo-
nent as well as the length and equivalent area for the elastic 
bar component and the end-zone multiplier were provided 
by CoreBrace LLC.

Two different suites of earthquakes were used. The first 
suite comes from the SAC ground motion suite for LA with 
a 2% probability of exceedance in 50 years (SAC, 1994). 
The SAC motions were only used for the LA models. The 
second suite is a selection of ground motions from FEMA 
P695 (2009), including motions from the near- and far-field 
sets. All ground motions are individually scaled such that 
the average of the suite is at least 90% of the 2% in 50 years 
hazard spectrum over the range of interest. The ground 
motion scale factors are shown in Tables  4 (SAC) and 5 
(FEMA P695).

RESULTS AND DISCUSSION OF RESULTS

The reported data include story drift, residual story drift, 
roof acceleration, normalized brace force (or overstrength), 
cyclic ductility (or single cycle ductility), reference ductility, 
brace strain, and cumulative ductility. The story drift rep-
resents the maximum drift over the height of the structure. 
The residual drift is the maximum residual story drift over 
all stories at the end of the analysis. The roof acceleration 
is the total roof acceleration. The data reported for braces 

represent the maximum magnitude that occurred in any 
brace in tension and compression. To ensure that the maxi-
mum response in both directions was obtained, data were 
taken from braces oriented in both directions. The normal-
ized brace force is the maximum force that occurred in any 
brace in the structure normalized by the brace tension yield 
force. This approximately represents the overstrength that 
would be used in a capacity design procedure.

The three different ductility measures all vary in what 
they represent. Figure 5 shows a representation of the differ-
ence between cyclic and reference ductility. The reference 
ductility demand is measured from the initial, nonelongated 
core state. This measure is consistent with ductility demands 
established in specifications such as ANSI/AISC-341 (AISC, 
2010a) and is the ductility demand associated with the 
reported core strain values. The second measure, cyclic (or 
single-cycle) ductility demand, reports the largest ductility 
demand from the negative to the positive (or positive to neg-
ative) deformation of a single cycle. For symmetrical load-
ing protocols, the cyclic ductility demand would be equal 
to twice the reference ductility demand. The cumulative 
inelastic ductility demand represents the summation of the 
single-cycle excursions throughout the analysis. The force 
and displacement data from the brace elements was reduced 
using subroutines that calculated the cyclic and cumulative 
ductility. The reference ductility was calculated using the 
maximum brace deformation in tension and compression.

Fig. 5. Schematic representation of ductility demand metrics.
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Table 4. SAC Ground Motion Scale Factors

Ground 
Motion LA3 LA6

Ground 
Motion LA3 LA6

LA21 0.89 0.85 LA31 0.80 0.91

LA22 1.05 1.04 LA32 0.79 0.85

LA23 2.02 2.05 LA33 1.31 1.20

LA24 1.49 0.99 LA34 1.23 1.17

LA25 1.13 1.02 LA35 1.20 1.08

LA26 1.17 0.88 LA36 1.24 0.91

LA27 1.55 1.48 LA37 N/A 1.10

LA28 0.80 0.85 LA38 N/A 0.93

LA29 1.42 1.43 LA39 N/A 1.57

LA30 1.08 1.05 LA40 N/A 1.29

Table 5. FEMA P695 Ground Motion Scale Factors 

Ground 
Motion LA3 Riv3 LA6 Riv6

Ground 
Motion LA3 Riv3 LA6 Riv6

FF01-1 2.13 1.49 1.44 1.04 NF09-1 1.14 0.80 0.51 0.58

FF01-2 1.39 0.98 1.46 1.03 NF09-2 1.96 1.38 1.24 1.13

FF02-1 1.91 1.33 3.45 2.47 NF10-1 1.73 1.22 1.40 1.66

FF02-2 2.06 1.45 2.49 2.13 NF10-2 1.13 0.80 0.82 0.82

FF03-1 1.37 0.96 2.05 1.64 NF12-1 2.13 1.86 1.02 0.75

FF03-2 1.65 1.16 1.73 1.43 NF12-2 2.11 1.47 1.14 0.95

FF09-2 2.65 1.86 3.66 2.69 NF15-1 2.16 1.52 1.65 1.31

FF09-2 2.78 1.97 1.67 1.22 NF15-2 1.60 1.13 2.42 1.97

FF16-1 3.42 2.40 3.02 2.19 NF22-1 1.50 1.06 1.43 1.14

FF16-2 4.20 3.00 3.65 2.45 NF22-2 2.26 1.75 2.17 1.74

FF18-1 2.74 1.92 2.46 1.98 NF23-1 1.50 1.05 1.42 1.20

FF18-2 1.43 1.02 2.13 1.72 NF23-2 1.45 1.02 1.65 1.36

FF19-1 3.30 2.88 2.86 2.46 NF24-1 3.22 2.27 3.30 1.90

FF19-2 2.53 1.79 1.77 1.49 NF24-2 1.52 1.07 1.53 1.28

NF02-1 4.20 2.98 2.09 1.69 NF26-1 2.36 1.66 1.46 1.12

NF02-2 2.55 1.79 1.86 1.42 NF26-2 2.08 1.47 1.80 1.34

NF04-1 1.90 1.66 1.05 0.78 NF27-1 0.92 0.81 0.59 0.53

NF04-2 2.72 1.92 2.37 1.66 NF27-2 2.26 1.59 2.06 1.49

NF06-1 2.50 1.75 2.18 1.70 NF28-1 3.36 2.99 1.85 1.34

NF06-2 2.23 1.67 1.32 0.96 NF28-2 2.47 2.16 1.23 0.92

NF07-1 2.14 1.49 2.93 2.50

NF07-2 1.50 1.04 1.66 1.23

FF = far field; NF = near field
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Three-Story Structure

The analysis data are presented in tabular form and include 
the mean and standard deviation for the suite of earthquakes. 
Table 6 shows the results from the three-story LA model. The 
LA data are separated into the SAC and FEMA P695 results. 
The total results, including both suites combined, are also 
presented. Table 7 shows the results for the three-story Riv-
erside structure. Table 8 shows the comparison of the results 

between the various LA and Riverside three-story models. 
All the results in Table 8 are shown in percentage values. 
Note that the reference model for the percentage change cal-
culations is indicated in the table. The basis for most of the 
change calculations is the chevron configuration. However, 
a supplemental change calculation is provided for the short-
ened single diagonal as compared to the normal-yield-length 
single diagonal.

Table 6. Analysis Results—Los Angeles Three-Story Structure

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal ized 
Brace Force

Cyclic 
Ductility

Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

P
69

5

LA3-CH
µ 0.036 0.013 1.74 1.92 24.5 23.6 0.031 102.4

µ+σ 0.051 0.019 2.06 2.21 36.1 34.2 0.045 167.0

LA3-CH1.5
µ 0.027 0.011 1.86 1.72 18.0 17.9 0.023 67.3

µ+σ 0.037 0.016 2.25 1.92 26.6 25.3 0.033 102.6

LA3-CHS
µ 0.026 0.004 1.89 2.40 38.8 32.1 0.042 178.7

µ+σ 0.035 0.006 2.22 2.84 56.3 44.1 0.058 277.6

LA3-SD
µ 0.039 0.018 1.60 1.71 15.6 15.4 0.020 64.7

µ+σ 0.057 0.029 1.89 1.95 22.9 22.7 0.030 103.5

LA3-SDS
µ 0.025 0.005 2.15 2.34 36.1 29.7 0.039 164.5

µ+σ 0.034 0.006 2.52 2.75 53.0 41.2 0.054 252.6

S
A

C

LA3-CH
µ 0.039 0.012 1.90 2.02 29.5 25.7 0.034 110.4

µ+σ 0.052 0.020 2.12 2.31 46.1 34.8 0.046 147.5

LA3-CH1.5
µ 0.033 0.013 2.08 1.90 23.8 22.3 0.029 88.0

µ+σ 0.043 0.019 2.39 2.13 33.4 29.6 0.039 123.2

LA3-CHS
µ 0.031 0.004 2.11 2.70 47.1 38.5 0.050 204.3

µ+σ 0.041 0.005 2.37 3.23 68.7 52.5 0.069 265.1

LA3-SD
µ 0.043 0.019 1.69 1.77 18.4 16.9 0.022 71.9

µ+σ 0.059 0.031 1.96 2.00 28.6 23.8 0.031 94.6

LA3-SDS
µ 0.030 0.003 2.25 2.62 43.9 35.1 0.046 194.8

µ+σ 0.041 0.005 2.50 3.13 64.9 47.9 0.063 258.3

To
ta

l

LA3-CH
µ 0.037 0.013 1.78 1.95 25.9 24.2 0.032 104.6

µ+σ 0.051 0.020 2.09 2.25 39.2 34.4 0.045 163.0

LA3-CH1.5
µ 0.028 0.011 1.92 1.77 19.6 19.1 0.025 73.1

µ+σ 0.039 0.017 2.30 1.99 28.9 26.8 0.035 109.5

LA3-CHS
µ 0.027 0.004 1.95 2.48 41.1 33.9 0.044 185.7

µ+σ 0.037 0.006 2.28 2.97 60.2 46.8 0.061 276.5

LA3-SD
µ 0.040 0.018 1.63 1.73 16.4 15.9 0.021 66.7

µ+σ 0.058 0.030 1.91 1.96 24.7 23.1 0.030 101.9

LA3-SDS
µ 0.026 0.004 2.18 2.42 38.2 31.2 0.041 172.9

µ+σ 0.036 0.006 2.53 2.87 56.7 43.3 0.057 256.0
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Table 7. Analysis Results—Riverside Three-Story Structure

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal ized 
Brace Force

Cyclic 
Ductility

Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

Riv3-CH
µ 0.030 0.012 1.16 1.80 21.0 19.6 0.026 85.1

µ+σ 0.044 0.019 1.41 2.14 36.1 33.5 0.044 155.3

Riv3-CH1.5
µ 0.022 0.009 1.31 1.80 14.1 14.1 0.019 52.4

µ+σ 0.032 0.015 1.57 2.14 21.8 21.2 0.028 91.6

Riv3-CHS
µ 0.022 0.005 1.23 2.22 33.2 28.6 0.037 154.1

µ+σ 0.034 0.008 1.46 2.70 53.1 44.2 0.058 272.3

Riv3-SD
µ 0.032 0.015 1.12 1.60 12.6 12.3 0.016 51.0

µ+σ 0.050 0.027 1.33 1.85 20.3 19.3 0.025 90.5

Riv3-SDS
µ 0.022 0.005 1.52 2.15 30.1 25.5 0.033 140.3

µ+σ 0.031 0.007 1.81 2.58 47.4 37.2 0.049 247.8

Table 8. Analysis Result Comparison—LA and Riverside Three-Story Structures
Percentage Change in Response Quantities (%)

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal ized 
Brace Force

Cyclic 
Ductility

Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

LA 3 Story Structures

Calculation Basis: Model LA3-CH

LA3-CH1.5 −22.6 −10.1 7.9 −9.3 −24.2 −21.1 −21.1 −30.2

LA3-CHS −26.1 −66.9 9.6 27.5 58.8 40.1 40.1 77.6

LA3-SD 9.0 46.5 −8.7 −11.3 −36.8 −34.5 −34.5 −36.2

LA3-SDS −27. −64.9 22.4 24.1 47.7 29.0 29.0 65.3

Calculation Basis: Model LA3-SD

LA3-SDS −33.9 −76.1 34.0 39.8 133.7 96.8 96.8 159.1

Riverside 3 Story Structures

Calculation Basis: Model Riv3-CH

Riv3-CH1.5 −25.6 −23.9 12.7 0.0 −33.0 −27.9 −27.9 −38.4

Riv3-CHS −24.0 −56.5 5.9 23.8 58.4 45.9 45.9 81.1

Riv3-SD 8.7 25.9 −3.9 −10.9 −39.9 −37.1 −37.1 −40.0

Riv3-SDS −26.9 −58.6 30.8 19.7 43.3 30.2 30.2 64.9

Calculation Basis: Model Riv3-SD

Riv3-SDS −32.7 −67.1 36.1 34.4 138.4 106.9 106.9 174.9
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These analysis demands are based on maximum cred-
ible earthquake (MCE) level, so comparing them to a code-
based check at the design level is not a direct comparison. 
However, based on a simple multiplier, a 2% drift would be 
scaled by 1.5 to 3%. While nonlinear response cannot be 
linearly scaled for an individual analysis, this provides a rea-
sonable basis for comparison. Some general comments on 
the response are that the Riverside drifts are approximately 
3%, while the LA maximum drifts are closer to 4%. The 
design drift ratios presented in Table 1 are generally well 
below the allowable drift ratios, but the inelastic response 
is at or above what might be considered an expected MCE 
response. The code expectation would be that the values 
would be the same as both structures LA and Riverside are 
in Seismic Design Category D. With the exception of the 
shortened braces at the mean plus one standard deviation, 
the cumulative ductility demands are within the test param-
eters for buckling-restrained braces in the AISC Seismic 
Provisions (2010a).

The three-story model results indicate several things 
based on the differences between the two standard brace 
configurations, chevron and single diagonal. For the typi-
cal brace configurations (CH and SD), the single diagonal 
is more flexible and experiences greater story and residual 
drifts. The increase in story drifts for the single diagonal 
compared to the chevron was 9.0 and 8.7% for LA and Riv-
erside, respectively. The increase in residual drift for single 
diagonal over chevron braces was 46.5 and 25.9% for LA 
and Riverside, respectively. The trade-off is that the normal-
ized brace force, reference ductility, and cumulative inelas-
tic ductility are lower for the single diagonal. The decrease 
in normalized brace force in the single diagonal compared 
to the chevron is approximately 11%. The decrease in the 
reference ductility demand of single diagonals is 34.5% for 
LA and 37.1% for Riverside. The decrease in cumulative 
ductility is 36.2 and 40.0%, respectively, for LA and Riv-
erside. The differences are due to the longer brace yielding 
length and the longer fundamental period of the single- 
diagonal structure. The chevron configuration designed 
with Ie = 1.5 results in improved performance in all aspects 
with the exception of the roof acceleration when compared 
to the normal risk category design. This increased accelera-
tion is based on the decreased period of vibration.

The shortened brace length (CHS and SDS), which repre-
sents an extreme value and may be impractical, has a signifi-
cant impact on performance. This shortened brace length and 
the 50% strength increase (Ie = 1.5) have a similar impact on 
the fundamental period of vibration. The reduction in maxi-
mum story drifts for the shortened braces ranges from 24 to 
34%. The reduction in residual drifts ranges from 57 to 76% 
for the various three-story models. All other performance 
metrics result in larger component and system demands 
when using the shortened yield length. Some metrics change 

radically. The largest increase is shown in the ductility 
metrics. The cumulative ductility demand increase for the 
shortened braces ranges between a 78% increase for the LA 
chevron up to a 175% increase for the Riverside single diago-
nal. It should be noted that the relative change in yield length 
is greater for the single-diagonal configurations, which may 
be one reason for the larger changes in demands. The refer-
ence ductility demand for shortened braces is increased by 
46 and 107% for the Riverside chevron and single diago-
nal, respectively. The increases in reference ductility for 
LA chevron and single-diagonal shortened braces are 40 
and 97%, respectively. The increases in normalized brace 
force range between 28% for the LA chevron and 40% for 
the LA single diagonal. Even though the shortened braces 
experience significantly higher demands, the mean value for 
cumulative ductility is less than the cumulative demand of 
200 from the AISC Seismic Provisions qualification proto-
col. However, the brace demands at mean plus one standard 
deviation do exceed the qualification test requirement.

Table 9 shows a comparison between the Riverside and 
the LA three-story response with LA as the basis for the 
calculation of percentage change. Because the SAC records 
were not run on the Riverside structure, the most direct 
comparison of seismic hazard is the FEMA P695 records. 
The only difference in this case is the scale factor, which is 
based on the hazard. The biggest difference when looking at 
the two hazards is the roof acceleration. In all cases, as one 
would expect, the roof acceleration of the Riverside struc-
tures has been reduced to approximately 70% of the value 
for LA. The other metrics also generally decrease with a 
few exceptions. It is noteworthy that the metric that had the 
least impact from the decrease in ground acceleration is the 
residual drift.

One additional discussion point is the difference between 
the SAC and FEMA P695 records. The SAC records pro-
duce an increased response (higher demands) for everything 
except the residual drift results. The records for both suites 
were scaled using the same method to ensure that the mean of 
the scaled suite did not fall below 90% of the MCE spectrum 
over the important period range. There is variability in gen-
eral with ground motion records; however, the SAC records 
do have a generally higher mean for most of the response 
quantities reported. As an example, the story drifts under 
the SAC records increased between 10 and 21%, depending 
on the structure. The cyclic ductility demand increased from 
19 to 32%, and the reference ductility demands increased 
from 9 to 25%. All these are indicators that this suite of 
earthquakes is severe and many have large pulses, which 
have increased certain types of response.

Figure 6 plots brace strain versus normalized brace force 
for six of the three-story structures. In these plots, the maxi-
mum tension and compression value in a first-floor brace 
are plotted for each record. This provides a better view of 
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Table 9. Analysis Result Comparison—LA and Riverside Three-Story Structures
Percentage Change in Response Quantities (%)

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal ized 
Brace Force

Cyclic 
Ductility

Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

Calculation Basis: Equivalent LA Model (i.e., Riv3CH/LA3-CH)

Riv3-CH −17.3 −5.4 −33.1 −6.3 −14.3 −16.9 −16.9 −16.9

Riv3-CH1.5 −18.2 −14.9 −29.7 4.8 −22.0 −20.9 −20.9 −22.2

Riv3-CHS −13.2 17.8 −35.0 −7.3 −14.4 −10.9 −10.9 −13.7

Riv3-SD −17.7 −16.7 −30.3 −6.6 −19.0 −20.1 −20.1 −21.2

‐4

‐2

0

2

4

‐0.1 ‐0.08 ‐0.06 ‐0.04 ‐0.02 0 0.02 0.04 0.06 0.08 0.1N
or
m
al
iz
ed

 B
ra
ce

 F
or
ce

Brace Strain

LA3‐CH 1st Floor
LA3‐CHS 1st Floor

(a)

‐4

‐2

0

2

4

‐0.1 ‐0.08 ‐0.06 ‐0.04 ‐0.02 0 0.02 0.04 0.06 0.08 0.1N
or
m
al
iz
ed

 B
ra
ce

 F
or
ce

Brace Strain

LA3‐CH 1st Floor
LA3‐CH1.5 1st Floor

(b)

‐4

‐2

0

2

4

‐0.1 ‐0.08 ‐0.06 ‐0.04 ‐0.02 0 0.02 0.04 0.06 0.08 0.1N
or
m
al
iz
ed

 B
ra
ce

 F
or
ce

Brace Strain

Riv3‐SD 1st Floor
Riv3‐SDS 1st Floor

(c)

Fig. 6. Brace strain vs. normalized brace force for three-story structures: (a) LA chevron; (b) LA chevron; (c) Riverside single diagonal.
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how the data are distributed for the various ground motion 
records. Figure  6(a) shows the benefits of the importance 
factor. It is clear that the brace strain is reduced by design-
ing the brace for the higher force demands associated with 
the higher importance factor. From the Figure 6(b) and 6(c) 
plots, it can be seen that the shortened-yield-length brace 
produces a substantial increase in maximum brace force and 
maximum brace strain. It can also be seen that the single 
diagonal experiences greater demand increases than the 
chevron configuration. It should be noted again that these 
yield lengths are very short, resulting in large normalized 
brace forces and strains. Some of these strains may be unre-
alistic in common BRB designs without fracturing the core.

Six-Story Structure

Table  10 shows the analysis results for the LA six-story 
structures. Table 11 shows the results for the Riverside six-
story structures. Table  12 shows the relative percentage 
change in response quantities for the six-story models using 
a consistent methodology as was presented previously for 
the three-story models.

Many similar trends are seen in the six-story results. Just 
as with the three-story model, a seismic importance factor 
of 1.5 decreased the story drift by 14% for LA and 18% for 
Riverside while also decreasing all the ductility metrics by 
at least 9%. The cumulative ductility demand was decreased 
by 12 and 9.8% for LA and Riverside, respectively. The 
shortened-yield-length braces decreased both the story drift 
and the residual story drift, but in both cases, they increased 
the ductility measures by at least 107% and by as much as 
200%. Again, some of these brace demands are likely not 
achievable. The normalized force (overstrength) in short-
ened braces increased by 18% for the chevron and 51% for 
the single diagonal compared to the equivalent standard-
yield-length braces. The percentage increases in demands 
were greater for the single diagonal as the relative shorten-
ing of the single diagonal was much greater. 

Table 13 shows a comparison between the Riverside and 
the LA six-story response with LA as the basis for the calcu-
lation of percentage change. As with the three-story, only the 
P695 ground motions are included in the comparison. The 
biggest difference when looking at the two hazards is the 
roof acceleration. In all cases, as one would expect, the roof 
acceleration of the Riverside structures has been reduced to 
approximately 77% of the value for LA. This is a smaller 
reduction in roof acceleration than was seen in the three-
story structures. The other metrics also generally decrease, 
with a few exceptions. One exception is the residual drift. 
While all the other models showed a decrease of residual 
drift in Riverside, the chevron had a significant increase 
(83%) in residual drift, which is unusual. The data for the 
Riverside residual drift show two of the near-field motions 
resulting in approximately 5% residual drift and three other 

near-field records showing greater than 3% residual drift. 
Utilizing near-field motions for a hazard such as Riverside 
may be questionable, and the accuracy of residual drifts is 
also questionable. Due to the lower strength, the Riverside 
structure was less able to absorb the large energy of a near 
field record resulting in large drifts and residual drifts.

Figure  7 shows plots of the maximum brace strain and 
normalized brace force for a selection of the six-story mod-
els. The plots in Figures 7(a) and 7(b) show that for both the 
chevron and single-diagonal configuration, the demands in 
the upper-story braces are not as large as for the first story, 
but there is significant inelastic behavior over the height of 
the structure. For the chevron, the fourth-story brace still 
experiences greater than 4% strain in several of the quake 
records, while the first-story brace has several values 
exceeding 6%. The single diagonal has lower strain levels 
due to the longer yield length, but the fourth-floor braces 
experience strains in excess of 2%.

The plot in Figure 7(c) shows the difference between the 
Risk Category II and IV chevron structures. The differ-
ences for the six-story frame are not as significant as for 
the three-story structure. This is visible in the plot and also 
shown by the data. Figure 7(d), which has a different scale 
from the other plots, shows that the effect of the shortened 
brace is significant for the six-story structure and extends 
up the building height. Brace strains in excess of 5%, which 
may not be feasible, result even in the upper floors of the 
structure.

Table 14 shows a comparison of results for both locations 
between the different structure heights. The basis of the cal-
culations is the three-story model response. The six-story 
structures, on average, experienced an increase in maxi-
mum story drift over the three-story counterparts. For the 
LA buildings, the increase ranged from 1.0% for the single 
diagonal up to 33% for the short-yield-length chevron. The 
Riverside structure exhibited a 6.3% decrease for the single-
diagonal maximum story drift, while all the other configu-
rations increased for the six-story structure by between 9 
and 24%. The residual drifts were a more mixed compari-
son. For LA, the six-story structures had lower residual 
drifts than the three-story structures for all cases with the 
exception of the shortened chevron. The residual drift for 
the six-story shortened-yield chevron structure was nearly 
double the three-story version. For the six-story Riverside 
structures, all the residuals decreased from the three-story 
results with the exception of the chevron, which increased 
by 45%. The roof accelerations decreased for the six-story 
buildings for all cases by at least 30% when compared to 
the three-story buildings. This is expected due to the longer 
period of vibration.

The metrics representing brace demands also changed 
from the three- to the six-story buildings. For LA, the 
normalized brace force increased for all cases of the 
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Table 10. Analysis Results—Los Angeles Six-Story Structure

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal-
ized Brace 

Force
Cyclic 

Ductility
Reference 
Ductility

Brace 
Strain

Cumula-
tive 

Ductility

P
69

5

LA6-CH
µ 0.036 0.009 0.85 1.90 23.0 19.5 0.026 102.4

µ+σ 0.051 0.016 1.10 2.20 35.5 28.0 0.037 167.0

LA6-CH1.5
µ 0.031 0.010 0.95 1.82 20.6 17.4 0.023 89.7

µ+σ 0.043 0.016 1.26 2.06 29.6 24.3 0.032 140.6

LA6-CHS
µ 0.033 0.008 0.91 2.25 57.5 43.6 0.057 269.3

µ+σ 0.046 0.013 1.21 2.60 87.3 62.9 0.082 425.4

LA6-SD
µ 0.035 0.011 0.98 1.74 17.3 14.9 0.020 82.0

µ+σ 0.051 0.020 1.27 1.99 26.8 21.8 0.029 129.4

LA6-SDS
µ 0.029 0.004 1.17 2.63 47.4 36.6 0.048 247.5

µ+σ 0.042 0.007 1.49 3.23 68.8 53.6 0.070 380.7

S
A

C

LA6-CH
µ 0.048 0.012 0.89 2.14 31.7 26.4 0.035 108.1

µ+σ 0.068 0.019 1.01 2.45 43.0 36.8 0.048 137.4

LA6-CH1.5
µ 0.042 0.012 1.06 2.05 29.8 24.3 0.032 96.6

µ+σ 0.058 0.019 1.25 2.34 41.9 33.3 0.044 121.9

LA6-CHS
µ 0.044 0.009 0.95 2.50 78.7 58.7 0.077 275.8

µ+σ 0.060 0.012 1.09 2.88 106.3 81.0 0.106 348.0

LA6-SD
µ 0.051 0.016 1.03 1.95 24.2 21.4 0.028 82.6

µ+σ 0.071 0.027 1.16 2.21 33.4 30.0 0.039 103.7

LA6-SDS
µ 0.042 0.004 1.27 3.20 64.4 52.4 0.069 254.2

µ+σ 0.062 0.006 1.47 4.01 85.9 77.0 0.101 311.3

To
ta

l

LA6-CH
µ 0.040 0.010 0.87 1.98 25.8 21.7 0.028 108.2

µ+σ 0.058 0.017 1.08 2.30 38.6 31.5 0.041 162.0

LA6-CH1.5
µ 0.034 0.011 0.99 1.90 23.5 19.6 0.026 91.9

µ+σ 0.049 0.017 1.27 2.17 34.5 27.9 0.037 136.3

LA6-CHS
µ 0.036 0.008 0.93 2.33 64.4 48.5 0.064 271.4

µ+σ 0.052 0.012 1.18 2.71 95.1 70.0 0.092 406.3

LA6-SD
µ 0.040 0.013 1.00 1.81 19.5 17.0 0.022 82.2

µ+σ 0.059 0.023 1.25 2.08 29.5 25.1 0.033 123.0

LA6-SDS
µ 0.034 0.004 1.20 2.81 52.9 41.7 0.055 249.6

µ+σ 0.050 0.006 1.49 3.54 75.7 62.8 0.082 364.0
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Table 11. Analysis Results—Riverside Six-Story Structure

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal ized 
Brace Force

Cyclic 
Ductility

Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

Riv6-CH
µ 0.033 0.017 0.640 1.81 19.3 18.0 0.024 84.9

µ+σ 0.048 0.031 0.824 2.10 29.5 26.5 0.035 136.8

Riv6-CH1.5
µ 0.027 0.008 0.729 1.81 17.5 15.2 0.020 76.6

µ+σ 0.037 0.014 0.959 2.10 25.2 20.8 0.027 119.6

Riv6-CHS
µ 0.025 0.005 0.738 2.41 39.8 32.1 0.042 185.7

µ+σ 0.035 0.007 0.974 2.90 58.2 46.2 0.060 290.1

Riv6-SD
µ 0.030 0.010 0.757 1.63 14.1 12.6 0.017 69.9

µ+σ 0.044 0.019 1.004 1.86 22.0 18.5 0.024 113.4

Riv6-SDS
µ 0.026 0.003 0.886 2.29 42.7 32.8 0.043 220.0

µ+σ 0.039 0.005 1.148 2.87 62.7 48.4 0.063 337.1

Table 12. Analysis Result Comparison—LA and Riverside Six-Story Structures
Percentage Change in Response Quantities (%)

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal ized 
Brace Force

Cyclic 
Ductility

Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

LA Six-Story Structures

Calculation Basis: Model LA6-CH

LA6-CH1.5 −14.3 7.9 11.5 −4.2 −10.5 −10.5 −10.5 −12.4

LA6-CHS −9.3 −13.9 6.8 18.0 150.1 124.3 124.3 163.0

LA6-SD −1.3 21.4 14.6 −8.6 −25.0 −23.3 −23.3 −19.9

LA6-SDS −17.8 −58.2 37.2 38.4 106.2 88.2 88.2 141.7

Calculation Basis: Model LA6-SD

LA6-SDS −16.7 −65.6 19.7 51.4 174.9 145.3 145.3 201.8

Riverside Six-Story Structures

Calculation Basis: Model Riv6-CH

Riv6-CH1.5 −17.8 −51.8 13.9 0.0 −9.0 −15.7 −15.7 −9.8

Riv6-CHS −26.0 −73.6 15.3 33.2 106.8 78.2 78.2 118.7

Riv6-SD −9.3 −41.3 18.2 −9.7 −26.8 −30.1 −30.1 −17.7

Riv6-SDS −20.1 −83.5 38.4 26.6 121.4 81.6 81.6 159.0

Calculation Basis: Model Riv6-SD

Riv6-SDS −11.9 −71.8 17.1 40.3 202.2 159.7 159.7 214.9
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Fig. 7. Brace strain vs. normalized brace force for six-story structures: (a) LA chevron;  
(b) Riverside single diagonal; (c) LA chevron and I = 1.5 chevron; (d) LA chevron and shortened chevron.
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six-story structure except the shortened yield chevron, which 
decreased by 6%. The increases ranged from 2 to 16%. An 
increase in the normalized brace force occurred for all the 
Riverside six-story configurations. These increases ranged 
from 1 to 8%. The ductility metrics also generally increased 
from the three- to the six-story response. The most substan-
tial increases were seen in the shortened yield length con-
figurations. The LA chevron configuration showed the same 
single-cycle ductility demand and a 10% decrease for the 
six-story frame in the reference ductility demand and brace 

strain. The chevron configuration in Riverside showed an 
8% decrease from the three- to the six-story building for the 
single-cycle ductility, reference ductility, and brace strain. 
The cumulative inelastic ductility demand for the six-story 
chevron increased by 3% for LA and remained constant for 
Riverside. The chevron with a 1.5 importance factor and the 
single diagonal experienced similar trends. Double-digit 
percentage increases (12 to 46%) for the six-story frame 
compared to the three-story were seen for the normalized 
brace force and the cumulative inelastic ductility demand for 

Table 13. Analysis Result Comparison—LA and Riverside Six-Story Structures
Percentage Change in Response Quantities (%)

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal-
ized Brace 

Force
Cyclic 

Ductility
Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

Calculation Basis: Equivalent LA Model (i.e., Riv6CH/LA6-CH)

Riv6-CH −7.6 82.8 −25.0 −4.8 −16.2 −7.3 −7.3 −17.1

Riv6-CH1.5 −11.3 −18.3 −23.4 −0.7 −14.8 −12.7 −12.7 −14.6

Riv6-CHS −24.6 −43.9 −19.1 7.4 −30.7 −26.4 −26.4 −31.1

Riv6-SD −15.1 −11.6 −22.7 −6.0 −18.2 −15.5 −15.5 −14.8

Riv6-SDS −10.2 −27.6 −24.4 −12.9 −10.1 −10.6 −10.6 −11.1

Table 14. Analysis Result Comparison —LA and Riverside Six-Story to Three-Story Structures
Percentage Change in Response Quantities (%)

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal-
ized Brace 

Force
Cyclic 

Ductility
Reference 
Ductility

Brace 
Strain

Cumula tive 
Ductility

LA Structures

Basis of Calculation: Equivalent LA3 Model (i.e., LA6-CH/LA3-CH)

LA6-CH 8.8 −17.7 −51.3 1.6 −0.3 −10.3 −10.3 3.4

LA6-CH1.5 21.4 −5.0 −48.6 7.4 20.0 2.9 2.9 25.8

LA6-CHS 33.0 99.4 −52.6 −6.3 56.7 43.2 43.2 46.1

LA6-SD 1.0 −28.9 −38.8 4.5 19.2 7.3 7.3 23.2

LA6-SDS 27.1 −9.1 −44.7 16.5 38.4 33.7 33.7 44.4

Riverside Structures

Basis of Calculation: Equivalent Riv3 Model (i.e., Riv6-CH/Riv3-CH)

Riv6-CH 12.3 44.5 −44.9 0.7 −8.1 −8.0 −8.0 −0.2

Riv6-CH1.5 24.1 −8.4 −44.3 0.7 24.7 7.6 7.6 46.2

Riv6-CHS 9.3 −12.2 −40.0 8.4 20.0 12.3 12.3 20.5

Riv6-SD −6.3 −32.6 −32.2 2.0 11.9 2.3 2.3 36.9

Riv6-SDS 22.7 −42.2 −41.7 6.5 41.9 28.3 28.3 56.8
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both LA and Riverside. The reference ductility demand and 
brace strain increased from 2 to 8% for both brace configu-
rations in both locations. The ductility metrics for the short-
ened yield length braces all increased by at least 20% for the 
six-story design. The maximum increases were over 50%, 
which occurred in the single-cycle ductility demand for the 
shortened chevron in LA and the cumulative inelastic ductil-
ity demand for the Riverside shortened single diagonal.

In general, the performance trends for the different struc-
tures behaved as would be expected. The prime example of 
the deviation was with the residual drifts. The general trends 
that should be highlighted include the beneficial effect of 
the importance factor. With the exception of the expected 
increase in acceleration due to the stiffening effect, all per-
formance metrics were reduced. The effect of the seismic 
hazard was also interesting as the increase in hazard pro-
duced a larger drift demand on the structure. The basis of 
the code is to maintain the same standard for all structures 
in a similar Seismic Design Category. The same drift lim-
its and seismic performance factors apply consistently to 
both structures, but the higher spectral accelerations pro-
duced larger demands. Some of this could be attributed to 
the LA structures having greater stiffness (lower period), 
which would further increase the accelerations more than 
just the change spectral accelerations. The shortened-yield-
length braces demonstrated the benefit of stiffness in reduc-
ing drifts; however, the high cost of maximum brace forces 
and potentially unobtainable brace strains were particularly 
troubling.

Cyclic to Reference Ductility Ratio

One other notable aspect is the ratio between cyclic and ref-
erence ductility. This is of particular interest because the 
qualification testing required for BRB in the AISC Seismic 
Provisions (2010a) is based on an increasing-amplitude, 
symmetric cyclic protocol. This protocol induces a 2:1 ratio 
between the cyclic and the reference ductility as part of the 
qualification. The ratios from each record for the LA6-CH 
are shown in Table 15. In this table, the ratios are broken 
out by the different subgroups of the ground motion suite. 
For each of the ground motions, the maximum single-cycle 
ductility and the reference ductility are shown as well as the 
ratio of the single cycle to the reference ductility. The aver-
age of the three individual subgroups and the overall ground 
motion suite are shown. The overall average is 1.2. The P695 
far-field group has the highest mean of 1.3, while the P695 
near-field subgroup has the lowest average at 1.1. This indi-
cates that the far-field events are generally more symmetric 
than near-field events and result in larger ratios, which are 
still significantly less than 2. It is interesting to note that in 
some cases, the ratio is less than 1.0, which indicates that it 
took multiple smaller cycles to get to the maximum refer-
ence inelastic excursion. This is what is sometimes called 

the ratcheting effect. This indicates that the symmetric 
loading protocol with a ratio of 2 may not be the best repre-
sentation of what occurs in a real earthquake event. It also 
indicates that the maximum inelastic forces, which are based 
on tests from the symmetric protocol, may not be represen-
tative of what occurs in an actual seismic event. Reference 
strain limits established from symmetric loading protocols 
are also conservative because they are produced from cyclic 
strains that are double in value the reference strain. In actual 
earthquake events, the reference strains will more likely be 
based on cyclic strains of the same or a similar amplitude. 
This research indicates that it may be more representative to 
generate a different testing protocol that is more representa-
tive of actual performance. An example of a nonsymmetric, 
near-fault protocol was recently developed for a BRB in a 
long-span bridge (Lanning et al., 2016).

BRB Elastic Stiffness Variation

Unlike other structural steel lateral-resisting systems, BRB 
are generally analyzed to a higher degree to determine the 
elastic stiffness used in a model. This is done to account 
for the significant changes in axial rigidity of BRB due 
to the different cross-sectional properties along the brace 
length. At some level, this must be done, but a reasonable, 
simple approximation is likely sufficient. The challenge is 
that until the design is complete and a BRB manufacturer 
has provided the geometry, detailed information may not be 
available, and thus a method for making reasonable approxi-
mations is desirable. For concentrically braced frames, the 
effect of the brace being shortened, the gusset plate, and 
the beam-column joint are not included in determining the 
actual brace stiffness, nor is this required by design stan-
dards. For reduced beam section (RBS) moment frame con-
nections, the only requirement is that elastic displacements 
in the model are increased by 10% for flange reductions of 
up to 50% of the flange width (AISC, 2010b).

In order to investigate the impact of the elastic stiffness 
on structural response, some of the previous models were 
run with the elastic stiffness modified by 10% of the value 
provided by CoreBrace. The models included both a 10% 
increase and decrease in the stiffness values. The strength 
values and post-yield behavior remained as they were in the 
previous analyses. The results of these analyses are presented 
in Table 16. The entries for the LA6-CH90 indicates the six-
story chevron brace with 90% of the CoreBrace provided 
stiffness, while LA6-CH110 uses 110% of the provided stiff-
ness. The same is true for the single diagonal brace shown. 
The six-story models of the LA chevron and single diagonal 
both showed that a 10% change in initial stiffness resulted 
in maximum changes in response up to 2.7% (residual drift). 
When looking at the brace demands and the story drift, the 
maximum change was about 1.3%, indicating that from 
the perspective of a nonlinear dynamic analysis, the exact 
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Table 15. Cyclic and Reference Ductility Results—LA Six-Story Chevron

Earthquake 
Record

Cyclic 
Ductility

Reference 
Ductility

Cyclic to 
Reference 
Ductility 

Ratio
Earthquake 

Record Cyclic Ductility
Reference 
Ductility

Cyclic to 
Reference 

Ductility Ratio

FF01-1 11.6 14.3 0.8 NF02-1 19.3 17.4 1.1

FF01-2 16.3 11.5 1.4 NF02-2 53.2 45.5 1.2

FF02-1 29.5 25.4 1.2 NF04-1 27.3 18.0 1.5

FF02-2 10.2 9.4 1.1 NF04-2 20.7 20.9 1.0

FF03-1 16.7 16.5 1.0 NF06-1 28.8 19.7 1.5

FF03-2 15.6 12.9 1.2 NF06-2 26.6 27.4 1.0

FF09-1 59.3 36.2 1.6 NF07-1 20.3 20.2 1.0

FF09-2 16.4 16.4 1.0 NF07-2 29.2 33.5 0.9

FF16-1 25.3 23.5 1.1 NF09-1 9.2 9.2 1.0

FF16-2 32.9 23.6 1.4 NF09-2 15.9 11.9 1.3

FF18-1 13.8 9.6 1.4 NF10-1 18.8 16.5 1.1

FF18-2 8.5 6.7 1.3 NF10-2 14.2 13.1 1.1

FF19-1 59.4 37.8 1.6 NF12-1 27.1 18.2 1.5

FF19-2 52.8 31.9 1.7 NF12-2 20.5 16.8 1.2

P695 far-field mean 1.3 NF15-1 10.7 14.0 0.8

P695 far-field mean + standard deviation 1.5 NF15-2 34.9 28.5 1.2

LA21 21.5 15.2 1.4 NF22-1 21.6 23.3 0.9

LA22 21.4 23.4 0.9 NF22-2 18.9 14.0 1.4

LA23 33.9 20.7 1.6 NF23-1 13.0 14.4 0.9

LA24 38.1 34.2 1.1 NF23-2 13.3 10.8 1.2

LA25 23.7 25.4 0.9 NF24-1 14.7 18.3 0.8

LA26 19.9 14.9 1.3 NF24-2 16.6 14.5 1.1

LA27 41.0 32.1 1.3 NF26-1 31.4 33.2 0.9

LA28 21.3 22.1 1.0 NF26-2 16.1 17.5 0.9

LA29 14.7 12.4 1.2 NF27-1 15.5 11.8 1.3

LA30 32.4 26.4 1.2 NF27-2 14.6 19.6 0.7

LA31 19.2 17.4 1.1 NF28-1 22.3 15.0 1.5

LA32 17.9 11.7 1.5 NF28-2 29.2 18.7 1.6

LA33 34.6 24.1 1.4 P695 near-field mean 1.1

LA34 31.5 22.4 1.4 P695 near-field mean + standard deviation 1.4

LA35 54.9 52.7 1.0 Ground motion suite mean 1.2

LA36 49.5 42.2 1.2 Ground motion suite mean + standard deviation 1.4

LA37 38.3 26.7 1.4

LA38 42.4 28.8 1.5

LA39 30.5 30.8 1.0

LA40 50.1 43.9 1.1

SAC mean 1.2

SAC mean + standard deviation 1.5
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stiffness value is not something for which the analysis or the 
actual response would be highly sensitive. It is important to 
have a simple approach for engineers to determine a reason-
able value for the stiffness of a BRB in an elastic design 
model without needing a detailed geometry of the brace dur-
ing the design phase. This is further highlighted by the fact 
the while the LA3-SD had a design drift of 1.86 times that 
of LA3-CH, the difference in the nonlinear drift of LA3-SD 
was only 9% greater than for LA3-CH. Similar trends apply 
to the other models as well. This is an additional indicator 
of the fact that while the elastic drifts are important, with 
all the other assumptions inherent in analyzing structures, 
a detailed assessment of the BRB stiffness is not required.

SUMMARY AND CONCLUSION

This paper reports on an analytical study on structures with 
buckling restrained braces using two different seismic haz-
ards and two structure heights coupled with single-diagonal 
and chevron brace configurations. Several additional param-
eters were also included to investigate the system perfor-
mance, brace force, and ductility demands of BRB frames. 
The 2D nonlinear dynamic analyses were completed with a 
large suite of earthquakes that included both near-field and 
far-field records. The important findings and conclusions 
include:

• The performance of the BRB is within the expected 
bounds of the code-based limits using the seismic 
performance factors. 

• Many parameters have an influence on the ductility 
and force demands in BRB, including the brace 
configuration, importance factor, seismic hazard, 

and brace yield length. In general, these changes in 
response follow the expected trends with the primary 
exception being residual drifts.

• The importance factor has a beneficial effect on brace 
forces, ductility demands, and story drift. In most cases, 
it reduces residual drifts, but results in increased roof 
accelerations as would be expected due to the dynamic 
properties of the structures.

• The shortened-yield-length braces experienced smaller 
story and residual story drifts. However, this is coupled 
with significant increases in acceleration, normalized 
force demands, and all measures of brace ductility 
demand. Limits on the yield length of BRB should 
be considered to avoid the potential for high strains, 
large forces, or other undesirable effects. Designing to 
a higher strength may be a better solution if stiffness of 
the braces needs to be improved. This would result in 
lower demands in all aspects of the response with the 
exception of the expected acceleration increase, which 
would increase with any stiffening of the structure.

• Brace inelastic response was distributed to all levels of 
the structure with little indication of the potential for 
developing a soft story due to a single level of braces 
experiencing all the inelastic response.

• The ratio of the cyclic to reference ductility demand 
is generally much lower than what results from the 
symmetric testing protocols for BRB in the AISC 
Specification. This indicates that the forces due to 
analytical hardening rules determined from testing 
results may not be consistent with the hardening that 
occurs due to an actual earthquake. This could have 

Table 16. Analysis Results with Initial Stiffness Variation—Los Angeles Six-Story Structure

Building Model
Story Drift 

Ratio

Residual 
Story Drift 

Ratio

Roof 
Acceler-
ation (g)

Normal-
ized Brace 

Force

Single 
Cycle 

Ductility
Reference 
Ductility

Brace 
Strain

Cumula-
tive 

Ductility

LA6-CH µ 0.040 0.010 0.87 1.98 25.8 21.7 0.028 108.2

LA6-CH90 µ 0.040 0.011 0.86 1.99 25.7 21.9 0.029 106.6

Percent change 0.65 1.70 −1.09 0.34 −0.56 0.78 0.53 −1.50

LA6-CH110 µ 0.039 0.010 0.88 1.97 25.8 21.4 0.028 108.6

Percent change −1.05 −2.72 1.76 −0.34 0.11 −1.23 −1.31 0.38

LA6-SD µ 0.040 0.013 1.00 1.81 19.5 17.0 0.022 82.2

LA6-SD90 µ 0.041 0.013 0.98 1.81 19.4 17.2 0.023 82.2

Percent change 1.28 0.20 −1.71 0.19 −0.69 0.89 0.81 0.03

LA6-SD110 µ 0.040 0.013 1.02 1.80 19.6 16.8 0.022 82.2

Percent change −1.20 −0.56 2.50 −0.25 0.43 −0.98 −1.22 0.05
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a potential impact on the expected strength values 
used as the capacity design elements in BRB system 
designs.

• The impact of the brace elastic stiffness on the 
nonlinear response of the models was minimal. The 
nonlinear analysis demonstrated that structures with 
significantly different design drift ratios did not have 
nearly the same difference in inelastic drift ratios. This 
indicates that assumed brace stiffness values used in 
design that are sufficiently accurate for elastic models.
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Local Strength of Single-Coped Beams
BO DOWSWELL

ABSTRACT

In beam-to-beam connections, the top flange of the supported beam is usually coped to clear the supporting beam flange. Due to flexural and 
shear stresses in the coped portion of the web, the local strength can be limited by buckling. Design recommendations in previous editions 
of the AISC Manual imposed limits on the cope geometry and were based on an allowable stress philosophy, limiting the flexural strength to 
the first-yield moment. To eliminate the limits of applicability and provide equations that take advantage of any available post-yield strength, 
the design guidance in the 15th Edition AISC Steel Construction Manual has been revised from previous editions of the AISC Manual. This 
paper discusses the development of the revised design procedure and validates the equations with the results of 25 experimental tests from 
five independent research projects.

Keywords: single-coped beams, AISC Steel Construction Manual, steel connections, post-yield strength.

INTRODUCTION

In beam-to-beam connections, the top flange of the sup-
ported beam is usually coped to clear the supporting beam 

flange as shown in Figure 1. The cope length can be large 
at skewed beam connections, connections to wide flange 
truss chords, and other framing conditions. Due to flexural 
and shear stresses in the coped portion of the web, the local 
strength can be limited by buckling.

Design recommendations in previous editions of the 
AISC Steel Construction Manual (AISC, 2011) were devel-
oped by Cheng and Yura (1986) based on a local buckling 
model with an adjustment factor determined by curve fit-
ting data from finite element models. Because the adjust-
ment factor was derived empirically, limits of applicability, 
based on the maximum cope size modeled, were placed on 
the design equations. The design procedure is not valid if the 
cope length exceeds twice the beam depth or the cope depth 
exceeds 50% of the beam depth. In some practical cases, 
the cope geometry falls outside these limits of applicability.

Stress concentrations at the reentrant corner, shown in 
Figure 2, were considered by Cheng and Yura (1986) in the 
formulation of their equations for web buckling. For flexural 
yielding calculations, Cheng and Yura recommended that 
localized yielding due to stress concentrations be neglected. 
The flexural strength is the minimum of the web buckling 
moment and the first yield moment. This methodology was 
common for stress-based design; however, a strength-based 
design philosophy is now preferred. 

To eliminate the limits of applicability and provide 

equations that take advantage of any available inelastic 
strength, the design guidance in the 15th Edition Steel 
Construction Manual (AISC, 2017) has been revised from 
previous editions of the Manual. This paper discusses the 
development of the revised design procedure and validates 
the equations with the results of 25 experimental tests from 
five independent research projects.

REVISED DESIGN PROCEDURE

The revised design procedure for the local flexural strength 
of single-coped beams is on page 9-6 of the 15th Edition 
Manual. The available flexural strength, ϕbMn or Mn/Ωb, of 
a beam coped at the top flange must equal or exceed the 
required strength. For beams with compression-flange lat-
eral bracing at the face of the cope, the required flexural 
strength is:

LRFD ASD

Mu = Rue

(AISC Manual Eq. 9-5a)

Ma = Rae

(AISC Manual Eq. 9-5b)

For beams coped at the top flange, the connection element 
should be located near the coped edge. The minimum length 
of the connection element is one-half of the coped section 
depth, ho. The nominal flexural strength of the coped sec-
tion is:

When λ ≤ λp

 Mn = Mp  
 (AISC Manual Eq. 9-6)

When λp < λ ≤ 2λp

 
( )= − −

λ
λ

−
⎛
⎝⎜

⎞
⎠⎟

M M M M 1n p p y
p   

 (AISC Manual Eq. 9-7)
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When λp > 2λp

 Mn = FcrSnet  
 (AISC Manual Eq. 9-8)

where

=
λ

F
Ek0.903

cr
1

2
 

(AISC Manual Eq. 9-9)

k1 = fk ≥ 1.61 (AISC Manual Eq. 9-10)

λ =
h

tw
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(AISC Manual Eq. 9-11)
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(AISC Manual Eq. 9-12)

The plate buckling coefficient, k, is determined as follows:
When
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 (AISC Manual Eq. 9-13a)
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c
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 (AISC Manual Eq. 9-13b)

The buckling adjustment factor, f, is determined as 
follows:

When
 

≤
c

d
1.0

 
= ⎛
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⎠⎟f

c

d
2

  
 (AISC Manual Eq. 9-14a)

When
 

>
c

d
1.0

 
= + ≤f

c

d
1 3

  
 (AISC Manual Eq. 9-14b)

where
E = modulus of elasticity, ksi

Fcr = critical stress, ksi

Fy = specified minimum yield stress, ksi

Mp = plastic bending moment, kip-in.

 = FyZnet

My = flexural yield moment, kip-in.

 = FySnet

Ra = required end reaction for ASD, kips

Ru = required end reaction for LRFD, kips

Snet = elastic section modulus at the cope, in.3

Znet = plastic section modulus at the cope, in.3

c = cope length, in.

d = beam depth, in.

e =  distance from the face of the supporting member 
to the face of the cope, unless a lower value can be 
justified, in.

f = buckling adjustment factor

h0 = depth of the coped section, in.

k = plate buckling coefficient

k1 = modified plate buckling coefficient

tw = web thickness, in.

λ = web slenderness

λp = limiting slenderness for a compact web

Ωb = 1.67

ϕb = 0.90

Fig. 1. Single-coped beam.

 Actual    Nominal 
 Section A-A

Fig. 2. Local flexural stress at the cope face.
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EXISTING RESEARCH

A review of the available research on single-coped beams 
revealed 25 experimental tests from five previously pub-
lished research projects. The details of all test specimens 
are listed in Table A1 of Appendix A, and the experimental 
results are listed in Tables A2 and A3.

Birkemoe and Gilmor

As part of a larger project, Birkemoe and Gilmor (1978) 
tested one beam coped at the top flange with bolted clip 
angles. At the maximum test load, the holes were highly 
deformed and the tension plane between the bottom bolt and 
the end of the beam ruptured. Some localized buckling was 
observed at the top edge of the cope, but it is unclear if the 
buckling occurred before, or after, the tension-plane rupture.

Ricles and Yura

The results of unpublished experiments by Ricles and Yura 
are documented in Appendix B of Cheng et al. (1984). 
The failure mode of all four tests was inelastic web local 
buckling.

Cheng and Yura

Cheng and Yura (1986) developed the design procedure rec-
ommended in previous editions of the AISC Manual. The 
equations were based on the plate buckling model shown 
in Figure 3, with the flexural stresses idealized using a tri-
angular normal stress distribution along both loaded edges. 
The top edge was restraint free, and the remaining three 
edges were fixed against translation but rotationally free. 
A buckling adjustment factor was developed using a finite 
element based parametric study that included the effects of 
stress concentration, shear stress, out-of-plane translation of 
the reentrant corner, moment gradient over the length of the 
cope, and rotational restraint of the web at the face of the 
cope.

Ten experiments were used to verify the design model. 
Four of the specimens failed by inelastic buckling and six 
failed by elastic buckling. Compared to these 10 tests along 
with the four unpublished tests by Ricles and Yura, the equa-
tions were shown to be conservative but adequate for design 
purposes.

Yam et al.

Based on a shear buckling model, Yam et al. (2003) devel-
oped a set of design equations that accurately predicted the 
failure loads of four experimental specimens. The critical 
end reaction is:

 Rcr = τcrtwh0 (1)

The critical shear stress is:

 ( )
τ =

π
− ν

⎛
⎝⎜

⎞
⎠⎟

Ek t

h12 1
cr

s w
2

2
0

2

 
(2)

The plate buckling coefficient in shear is:
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ks = shear buckling coefficient

τcr = critical shear stress, ksi

ν = Poisson’s ratio

Zhong et al.

Zhong et al. (2004) tested 10 single-coped beam speci-
mens with welded clip angles. Four specimens failed in 
block shear, and six failed in a combined block shear and 
cope buckling mode. Only the specimens that buckled are 
included in Table A1.

Discussion

Three failure modes were identified involving local stabil-
ity of the web: flexural local buckling, shear buckling, and 
combined block shear and buckling. Most of the observed 
failure modes were a combination of shear buckling and 
flexural local buckling, as indicated by buckled shapes that 
form a diagonal angle between 0° and 45° from vertical. The 
buckled shapes reported by Cheng et al. (1984) and Yam et 
al. (2003) were curved, with the angle from vertical increas-
ing with decreasing cope length.

Flexural local buckling is likely to dominate the buckling 
mode for beams with long copes. With flexural local buck-
ling, the compression edge of the coped section takes the 
shape of a half sine wave, which usually extends partially 
into the uncoped portion of the web due to lateral translation 
of the web at the reentrant corner.

Shear buckling occurs in beams with short cope lengths. 
Where shear stresses are predominant, the buckled shape is 

Fig. 3. Plate buckling model.
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similar to that of the well-documented shear buckling waves 
in non-coped beams. The buckled shape is characterized by 
a single wave oriented at an angle of approximately 45° from 
vertical, as shown in Figure 4. 

Combined block shear and cope buckling, hereafter 
referred to as “block shear buckling,” occurs at short copes 
with shallow end connections as shown in Figure 5. The fail-
ure is characterized by a combination of extensive yielding 
along the L-shape block shear failure pattern, with potential 
rupture at the tension plane and localized buckling at the 
face of the cope.

DEVELOPMENT OF DESIGN PROCEDURE

The revised design procedure uses a three-part curve, based 
on the local buckling design model in the AISC Specifica-
tion (2016). Because the buckled shapes most closely resem-
ble flexural local buckling over the critical variable range, 
the equations developed by Cheng and Yura (1986) were 
used for elastic portion of the curve. The limits of applica-
bility are eliminated by transitioning to a minimum plate 
buckling coefficient, which is not affected by the local stress 
and restraint conditions due to the large cope dimensions.

Analogy to Local Buckling of Tee Stems

For an infinitely long cope, the strength approaches that of a 
tee stem in flexural compression. However, there are several 
differences between tee-beams and copes that can signifi-
cantly affect the behavior:

• For coped beams, the restraint against twisting of the 
bottom flange provided by the non-coped portion of 
the beam creates a fixed boundary condition at the 
web-to-flange interface.

• The moment gradient over the cope length is higher 
than for a typical beam.

• The shear load is uniform over the cope length; 
therefore, both the maximum shear and the maximum 
moment occur at the face of the cope. Typically, the 
maximum shear and maximum moment in a tee-beam 
occur at different locations along the beam length. It is 

generally expected that the shear load carried by a tee-
beam will not affect the flexural strength. Conversely, 
the experimental research shows that very high shear 
loads can degrade the flexural strength of copes.

• Extensive yielding of copes does not present a 
serviceability concern. Due to the high shape factor of 
tee-beams, AISC Specification Section F9.1 imposes 
an upper limit on the flexural yielding strength.

• The residual stress pattern for coped beams can be 
much different from that of tee-beams. This will be 
discussed further in the next section.

Due to these factors, AISC Specification Section F9.4 for 
local buckling of tee stems in flexural compression may not 
be valid for cope buckling calculations.

Residual Stresses

Residual stresses must be considered in the development of 
the inelastic segment of the strength curve. Most fabrication 
operations have an effect on the residual stress pattern, but 
the last operation performed has the greatest influence on 
the final pattern.

Copes are usually thermally cut, with grinding if required 
to remove edge imperfections. Thermal cutting causes tensile 
residual stresses over a small length at the cut edge (Bjorhovde 
et al., 2001; Harris, 1997). Residual stresses caused by grind-
ing are dependent on several factors, such as wheel speed, 
abrasive roughness, and use of coolant. In typical structural 
fabrication shops, handheld angle grinders are used with no 
coolant, which induces tensile residual stresses upon cooling 
(Harvey, 1985). 

Tension residual stresses at the cut edge can increase the 
buckling strength of elements subjected to flexural com-
pression stresses. This effect is clearly demonstrated in the 
research of Bambach and Rasmussen (2002) and Rogers and 
Dwight (1977). Unlike the local buckling provisions for non-
compact elements in AISC Specification Chapter F, which 
were developed for elements with compression residual 
stresses, residual stresses for coped beams are beneficial. 
Therefore, they were neglected in the derivation of AISC 
Manual Equation 9-7.

Fig. 4. Shear buckling. Fig. 5. Block shear buckling.
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increase over the theoretical value of 1.61 due to the conser-
vative definition of λ.

Element slenderness values have traditionally been mul-
tiplied by a reduction factor, α = 0.7, to account for residual 
stresses and geometric imperfections. Due to the beneficial 
effect of the residual stress and the conservative definition 
of λ, α = 1 is used in the calculation of the slenderness limit 
for noncompact webs, λr. Using Equation 7, the noncompact 
limit is

 

( )
λ = π

− ν

=

kE

F

kE

F

12 1

0.95

r
y

y

2

 
(8)

To account for the differences between cope buckling and 
plate buckling, the modified plate buckling coefficient, k1, 
developed by Cheng and Yura (1986) was substituted for k, 
resulting in Equation 9.

 
λ =

k E

F
0.95r

y

1

 
(9)

Because λp = λr/2 provided the best fit to the experimen-
tal data, λr was replaced with 2λp, which allowed Equation 6 
to be simplified, resulting in Manual Equation 9-7. Limits 
on the cope length and depth are eliminated by setting the 
minimum value of k1 to 1.61 and limiting f to a maximum 
value of 3.

Experimental Comparisons

Details of 25 experimental tests from five previously pub-
lished research projects are listed in Appendix A, Table 
A1. Three failure modes were identified: localized buck-
ling (LB), shear yielding (VY), and block shear buckling 
(BB). Most of the specimens failing by localized buckling 
had characteristics of both shear and flexural buckling. Due 
to the difficulty distinguishing between shear and flexural 
local buckling, these failure modes were identified as local-
ized buckling. Where further information was available, 
either elastic localized buckling (EB) or inelastic localized 
buckling (IB) was identified. 

The experimental results for specimens failing by local-
ized buckling or shear yielding are listed in Table A2. Of 
these 18 specimens, nine failed by elastic buckling, seven 
failed by inelastic buckling, and two failed by combined 
shear yielding and inelastic buckling. Table A2 lists the 
maximum experimental loads and the experimental failure 
modes. For each specimen, the calculated load is listed for 
each of the three design procedures discussed: Cheng and 
Yura (1986), Yam et al. (2003), and the 15th Edition Manual 
procedure. The calculations utilized the measured material 
and geometric properties where available. Resistance factors 

Buckling Curve

The revised design method uses a three-part curve similar to 
the local buckling provisions in AISC Specification Chap-
ter F. A linear transition between the elastic buckling curve 
and the plastic strength curve defines the strength when λp < 
λ ≤ λr according to Equation 6:

 
( )= − −

λ − λ
λ − λ

⎛
⎝⎜

⎞
⎠⎟

M M M Mn p p y
p

r p  
(6)

Slenderness Limits

The noncompact slenderness limit, λr, can be determined 
using the critical plate buckling stress according to Equa-
tion 7 (Bryan, 1890). For an infinitely long plate with fixed-
free boundary conditions at the nonloaded edges and a 
triangular stress distribution as shown in Figure 3, the plate 
buckling coefficient, k, is 1.61 (Brockenbrough and John-
ston, 1974).

 ( )
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π
− ν
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where
b = plate width, in.

k = plate buckling coefficient

t = plate thickness, in.

ν = Poisson’s ratio

For copes, the width-to-thickness ratio, λ, is defined as 
h0/tw, which is consistent with the AISC Specification defini-
tion for tee stem buckling. Because only the portion of the 
web between the neutral axis and the free edge is in com-
pression, this definition is conservative. Based on the current 
shapes in the AISC Manual with the smallest practical cope 
depth (dc = k), the average value of bc/h0 is 0.764, where bc 
is the width of the compression region in the web as shown 
in Figure 1. The standard deviation is 0.0369, and the maxi-
mum value of bc/h0 for any shape is 0.843. 

To estimate the effect of the neutral axis offset, three 
elastic finite element models of long tee-shaped beams 
were developed. BASP finite element software was used, 
as described by Akay et al. (1977), to determine the criti-
cal loads. Equal and opposite moments were applied at the 
ends, and the flange was rotationally fixed against twisting. 
The cross-sectional dimensions of a W16×26 were used with 
depths of 8.17 in., 11.17 in. and 14.17 in. The webs buckled 
in multiple half-wavelengths, indicating that the modeled 
beam length was appropriate for simulating the behavior 
of infinitely long copes. Using the current definition for 
the width-to-thickness ratio (λ = h0/tw), the buckling coef-
ficients calculated with the finite element results are 2.24, 
2.34 and 2.42. The average value is 2.33, which is a 45% 
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and safety factors were omitted from the calculations. For 
each of the three design procedures, the experimental-to-
calculated load ratio, Re/Rc, and predicted failure mode are 
listed. All three design procedures are reasonably accurate. 

In most cases, the revised AISC Manual design procedure 
accurately predicted the experimental failure mode. For the 
specimens failing in elastic localized buckling, the revised 
Manual procedure and the Cheng and Yura (1986) method 
produce identical results. The primary difference between 
the two methods is with the more common case of inelastic 
localized buckling, where the revised Manual equations are 
more accurate and less conservative. The average experi-
mental-to-calculated load ratio for the revised Manual pro-
cedure is 1.23 with a standard deviation is 0.267.

The experimental data is plotted in Figure  6 with the 
three-part curve defined by the revised AISC Manual 
design procedure. Due to the high slenderness of Cheng 
and Yura’s (1986) specimens PB26A and PB26B, the data 
points fall outside of the range of Figure 6. For the speci-
mens predicted to fail by shear yielding, the vertical-axis 
values were calculated using an equivalent plastic moment, 
Mp = Vye, where Vy is the shear yield force calculated with 
AISC Specification Equation J4-3 using the measured mate-
rial and geometric properties. The experimental data follow 
the design curve for moderate and high slenderness values; 
however, three data points fall slightly below the curve in 
the low-slenderness range. This is caused by the interaction 
of shear and normal loads, which has the greatest effect on 
the specimens with short cope lengths, where λ approaches 
λp.

Influence of Inflection Point Location

To reflect the standard practice of neglecting any effect 
of connection rotational rigidity on the cope strength, e is 
defined as the “distance from the face of the supporting 
member to the face of the cope…” However, the second part 
of the definition, “…unless a lower value can be justified,” 
allows the engineer to determine if a smaller value is appro-
priate. Because the plate buckling equations developed by 
Cheng and Yura (1986) include the effects of shear stress 
and moment gradient over the length of the cope, the valid-
ity of calculating the required moment based on an inflec-
tion point within the cope (Figure 7) is questionable. Cheng 
and Yura’s (1986) specimens W3 and RB18A illustrate this 
point.

Specimen W3 had an inflection point 3.9  in. from the 
beam end (Table A2 in Appendix A), which is 37% of the 
cope length. With a local slenderness ratio, λ/λp = 1.51, as 
predicted, the specimen failed by inelastic localized buck-
ling. As listed in Table A2, the AISC Manual design proce-
dure is 10% conservative when the influence of the inflection 
point location is neglected. If the required moment is calcu-
lated using the actual location of the inflection point, the 
calculated load is nonconservative, with an experimental-to-
calculated load ratio of Re/Rc = 0.830.

For specimen RB18A, the inflection point was 8 in. from 
the beam end (Table A2 in Appendix A), which is 44% of 
the cope length. With a local slenderness ratio, λ/λp = 1.74, 
as predicted, the specimen failed by inelastic localized 
buckling. As listed in Table A2, the AISC Manual design 

Fig. 6. Normalized moment versus normalized slenderness.
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procedure is 27% conservative when the effect of the inflec-
tion point is neglected. If the required moment is calculated 
using the actual location of the inflection point, the cal-
culated load is nonconservative, with an experimental-to- 
calculated load ratio of Re/Rc = 0.600.

Based on the λ/λp ratios, it appears that the inflection 
point location has a greater effect on less slender copes. Until 
further research is available, the following design guidance 
is suggested:

• Generally, e should be defined as the distance from the 
face of the cope to the end of the beam.

• When λ ≤ λp, the required moment can be calculated 
using the inflection point location.

• When λ > λp, the required moment can be calculated 
using the inflection point location only if an additional 
check is made for shear buckling according to 
Equations 1 through 5.

Block Shear Buckling

The seven specimens that failed by block shear buckling are 
documented in Table A3. Using the revised AISC Manual 
procedure and Specification Sections J4.2 and J4.3, the 
strength of each specimen was calculated for the limit states 
of flexure, shear yielding, and block shear. The calculated 
beam reactions for each of the three limit states are listed in 
columns 4 through 6, and the minimum of the three calcu-
lated values, Rmin, is listed in column 7. The calculations uti-
lized the measured material and geometric properties where 
available. Resistance factors and safety factors were omit-
ted from the calculations. For all specimens, the calculated 
strength was controlled by block shear.

The experimental-to-calculated load ratios, Re/Rmin,  
are listed in column 8 of Table A3. The average 

experimental-to-calculated load ratio is 1.03 with a standard 
deviation of 0.126. Although the average value is greater 
than 1.00, the reliability of this failure mode is lower than 
for other coped beams failing in a traditional block shear 
mode with no cope buckling. For coped beams with welded 
clip angles failing in block shear with no buckling, the aver-
age experimental-to-calculated load ratio is 1.24 with a stan-
dard deviation of 0.0847. For coped beams with single-row 
bolted clip angles failing in block shear with no buckling, 
the average experimental-to-calculated load ratio is 1.37 
with a standard deviation of 0.121.

Because all of the specimens failing by block shear buck-
ling had a short connection element depth, L, compared to 
the depth of the coped section, h0, it is believed that this 
failure mode can be eliminated by satisfying L/h0 ≥ 0.5. As 
shown in column 2 of Table A3, the L/h0 values for all speci-
mens are less than 0.5. For most practical connections this 
requirement is satisfied by the AISC Manual recommenda-
tion for erection stability, where the minimum angle length 
is equal to one-half of the beam T-dimension.

CONCLUSIONS

Results from five previously published research projects 
were used to develop design recommendations for single-
coped beams that are consistent with strength design phi-
losophy. The revised design method, which is included in 
the 15th Edition AISC Steel Construction Manual (AISC, 
2017), uses a three-part curve similar to the local buckling 
provisions in AISC Specification Chapter F (AISC, 2016). 
The limitations on cope length and cope depth in the pre-
vious Manual design procedure are not required with the 
revised procedure.

For long, slender copes that are controlled by elastic buck-
ling, and for copes that are controlled by shear yielding, the 
revised design procedure results in the same strength as the 
previous Manual procedure. However, the revised equations 
utilize the inelastic flexural strength of nonslender copes, 
which reduces the conservatism and improves the accuracy 
compared to the previous AISC Manual equations.

Of the 25 experiments evaluated, 18 specimens failed by 
either localized buckling or shear yielding. In most cases, 
the revised design procedure accurately predicted the 
experimental failure mode. The average experimental-to- 
calculated load ratio for the 15th Edition AISC Manual pro-
cedure is 1.23 with a standard deviation is 0.267.

A new failure mode that combined block shear and cope 
buckling (block shear buckling) occurred in seven experi-
mental specimens with short copes and shallow end con-
nections. To prevent this limit state, a new geometric limit 
requires the connection element at the beam end to be at 
least one-half of the coped section depth.Fig. 7. Eccentricity defined by the inflection point.
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DESIGN EXAMPLE

Given: Using LRFD design, determine if the cope flexural strength is adequate for a 70-kip factored beam end reaction for the 
beam shown in Figure 8. The beam material is ASTM A992.

Solution:

From AISC Manual Table 1-1:

W18×35
tw = 0.30 in.   d = 17.7 in. 

From AISC Manual Table 9-2: Snet = 18.2 in.3

From AISC Design Examples V15.0 Table IV-11: Znet = 32.1 in.3

My = FySnet

	 = (50 ksi)(18.2 in.3)
	 = 910 kip-in.

Mp = FyZnet

	 = (50 ksi)(32.1 in.3)
	 = 1,610 kip-in.

=

=

c

d

7.5 in.

17.7 in.

0.424

Because
 

<
c

d
1.0,

 
AISC Manual Equation 9-14a is applicable:
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0

 

Fig. 8. Design example.
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Because
 

<
c

h
1.0,

0  
AISC Manual Equation 9-13a is applicable:
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Because λp < λ ≤ 2λp, AISC Manual Equation 9-7 is applicable.
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Therefore, the W18×35 coped beam is adequate to resist the 70-kip end reaction.

SYMBOLS

Agv Gross area subjected to shear, in.2

E Modulus of elasticity, ksi

Fcr Critical stress, ksi

Fy Specified minimum yield stress, ksi

L Connection element depth, in.

Ma Required flexural strength for ASD, kip-in.

Mp Plastic bending moment, kip-in.

Mu Required flexural strength for LRFD, kip-in.

My Flexural yield moment, kip-in.

Ra Required end reaction for ASD, kips

Rr Required end reaction, kips
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Ru Required end reaction for LRFD, kips

Snet Elastic section modulus at the cope, in.3

Vn Nominal shear yield force, kips

Vr Required shear force, kips

Vy Shear yield force calculated with the measured 
material and geometric properties, kips

Znet Plastic section modulus at the cope, in.3

b Plate width, in.

bc Width of the compression region in the web, in.

c Cope length, in.

d Beam depth, in.

dc Cope depth, in.

e Distance from the face of the supporting member to the 
face of the cope, unless a lower value can be justified, 
in.

f Buckling adjustment factor

h0 Depth of the coped section, in.

k Plate buckling coefficient

ks Shear buckling coefficient

k1 Modified plate buckling coefficient

s Web depth dedicated to shear resistance, in.

t Plate thickness, in.

tf Flange thickness, in.

tw Web thickness, in.

yp Distance from the bottom of the beam to the plastic 
neutral axis, in.

λ Web slenderness

λp Limiting slenderness parameter for a compact element

λr Limiting slenderness parameter for a noncompact 
element

Ωb Safety factor for flexure

Ωv Safety factor for shear yielding

ϕb Resistance factor for flexure

ϕv Resistance factor for shear yielding

τcr Critical shear stress, ksi

ν Poisson’s ratio
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Table A1. Specimen Properties

Specimen
Fy 

(ksi)
E 

(ksi)
d 

(in.)
bf 

(in.)
tf 

(in.)
tw 

(in.)
e 

(in.)
dc 

(in.)
c 

(in.)

Cheng and Yura (1986)

W1 39.4 29000a 17.9 6.00 0.439 0.304 4.00 1.25 3.50

W2 39.4 29000a 17.9 6.00 0.439 0.304 7.00 1.25 6.50

W3 39.4 29000a 17.9 6.00 0.439 0.304 10.5 1.25 10.0

RB18A 39.4 29000a 17.9 6.00 0.439 0.304 18.2 3.06 18.0

RB12A 57.3 29000a 11.9 3.97 0.239 0.212 9.09 1.25 8.90

RB12D 57.3 29000a 11.9 3.97 0.239 0.212 18.0 3.13 17.9

RB12B 55.3 29000a 12.0 4.00 0.239 0.217 12.2 1.13 12.0

RB12C 55.3 29000a 12.0 4.00 0.239 0.217 18.3 1.00 18.1

PB26A 59.4 29000a 26.5 6.00 0.181 0.132 13.1 1.13 13.0

PB26B 59.4 29000a 26.5 6.00 0.181 0.132 8.29 0.91 8.16

Ricles and Yura (Ref: Cheng and Yura, 1986)

10–4 50.3 29000a 9.9 5.70 0.360 0.251 8.50 1.50 8.00

10–7 50.3 29000a 9.9 5.70 0.360 0.251 6.50 1.75 6.00

18–14 36.6 29000a 18.2 7.47 0.685 0.423 9.00 1.50 8.00

18–15 36.6 29000a 18.2 7.47 0.685 0.423 5.63 1.50 5.00

Yam et al. (2003)

406d005 49.7 31400 15.7 5.50a 0.345a 0.250a 13.7 0.78 13.5

406d01 49.7 31400 15.7 5.50a 0.345a 0.250a 13.7 1.57 13.5

406d03 49.7 31400 15.7 5.50a 0.345a 0.250a 13.7 4.70 13.5

457d02 49.7 31400 17.7 6.00a 0.425a 0.300a 15.5 3.54 15.3

Birkemoe and Gilmor (1978)

I-2 52.5 29000a 18.0a 7.50a 0.500a 0.305a 6.50 1.00 6.00

Zhong et al. (2004)

A1 46.1 27700 15.9 5.55 0.437 0.268 5.12 1.29 3.94

A2 46.1 27700 15.9 5.55 0.437 0.268 5.91 1.22 4.73

B1 46.1 27700 15.9 5.55 0.437 0.268 5.12 1.18 3.94

B2 46.1 27700 15.9 5.55 0.437 0.268 6.30 1.18 5.12

D1 53.9 29500 18.0 7.45 0.559 0.362 7.09 1.18 5.91

E2 42.4 29500 14.3 6.75 0.598 0.358 5.12 1.18 3.94
a Nominal value

APPENDIX A. TABLES
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Table A2. Specimens Failing by Localized Buckling or Shear Yielding

Specimen

Experiment Cheng and Yura (1986) Yam et al. (2003) 15th Ed. AISC Manual

Re

(kips) EFM
Rc

(kips)
R
R
e

c PFM
Rc

(kips)
R
R
e

c PFM
Rc

(kips)
R
R
e

c PFM

Cheng and Yura (1986)

W1 115 VY/IB 119 0.966 VY 119 0.966 VY 119 0.966 VY

W2 112 VY/IB 115 0.966 FY 119 0.935 VY 119 0.935 VY

W3a 99.0 IB 76.9 1.29 FY 109 0.905 LB 89.5 1.11 IB

RB18Ab 46.5 IB 36.0 1.29 FY 43.2 1.08 LB 36.5 1.27 IB

RB12A 37.9 IB 28.8 1.32 LB 34.9 1.09 LB 28.8 1.32 EB

RB12D 12.9 EB 9.10 1.42 LB 13.4 0.959 LB 9.10 1.42 EB

RB12B 27.8 EB 20.6 1.35 LB 26.3 1.06 LB 20.6 1.35 EB

RB12C 16.8 EB 11.5 1.46 LB 15.7 1.07 LB 11.5 1.46 EB

PB26A 14.1 EB 6.88 2.05 LB 7.97 1.77 LB 6.88 2.05 EB

PB26Bc 20.8 EB 14.9 1.39 LB 16.1 1.29 LB 14.9 1.39 EB

Ricles and Yura (Ref: Cheng and Yura, 1986)

10–4 47.0 IB 27.9 1.68 FY 57.8 0.813 LB 38.9 1.21 IB

10–7 59.0 IB 34.5 1.71 FY 62.0 0.953 VY 51.7 1.14 IB

18–14 151 IB 122 1.24 FY 155 0.973 VY 155 0.973 VY

18–15 164 IB 155 1.06 VY 155 1.061 VY 155 1.06 VY

Yam et al. (2003)

406d005 37.3 EB 35.3 1.06 LB 44.1 0.845 LB 35.3 1.06 EB

406d01 36.2 EB 32.6 1.11 LB 39.9 0.907 LB 32.6 1.11 EB

406d03 25.2 EB 25.5 0.988 LB 28.5 0.883 LB 25.5 0.988 EB

457d02 60.5 EB 43.5 1.39 LB 51.1 1.18 LB 43.5 1.39 EB

Average 1.32 1.04 1.23

Standard deviation 0.288 0.218 0.267
a For specimen W3, the inflection point was 3.9 in. from the beam end. Clip angles restrained buckling.
b For specimen RB18A, the inflection point was 8 in. from the beam end.
c Specimen PB26B failed by shear buckling with post-buckling capacity due to tension field action.

Re = experimental beam end reaction

Rc = calculated beam end reaction

EFM: experimental failure mode
PFM: predicted failure mode

EB: elastic localized buckling
FY: flexural yielding
IB: inelastic localized buckling
LB: localized buckling
VY: shear yielding
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Table A3. Specimens Failing by Block Shear Buckling

Specimen L/ho
Re

(kips)
Rf

(kips)
Rv

(kips)
Rb

(kips)
Rmin

(kips)
R
R

e

min

Birkemoe and Gilmor (1978)

I-2a 0.353 112 220 163 122 122 0.918

Zhong et al. (2004)

A1 0.431 88.8 177 108 86.3 86.3 1.03

A2 0.375 98.3 146 109 94.0 94.0 1.05

B1 0.321 88.6 179 109 74.6 74.6 1.19

B2 0.294 87.7 134 109 98.8 98.8 0.888

D1 0.282 140 279 196 155 155 0.903

E2 0.360 131 239 119 107 107 1.22

Average 1.03

Standard deviation 0.126
a The bolt bearing strength for specimen I-2, according to AISC Specification Equation J3-6b, is 163 kips.

Re = experimental beam end reaction
Rf = calculated beam end reaction for the limit state of flexure, based on the revised AISC Manual design procedure
Rv = calculated beam end reaction for the limit state of shear yielding
Rb = calculated beam end reaction for the limit state of block shear
Rmin = minimum of Rf, Rv and Rb
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Steel Structures Research Update

Seismic Performance and Design of Steel Panel 
Dampers for Steel Moment Frames
JUDY LIU

INTRODUCTION

Ongoing work on the seismic performance and design of 
steel panel dampers for steel moment frames is high-

lighted. Dr. Keh-Chyuan Tsai, professor in the Department 
of Civil Engineering at National Taiwan University, leads 
the team from National Taiwan University and the National 
Center for Research on Earthquake Engineering (NCREE) 
in Taipei. In 2018, Dr. Tsai received an AISC Special 
Achievement Award in recognition of “extensive work with 
U.S. researchers to conduct large-scale system level testing 
of structural steel seismic force resisting systems, leading 
to system level verification of many of the AISC 341 provi-
sions” (AISC, 2018).

At NCREE, one recent collaboration with the University 
of Washington included cyclic tests of a three-story chevron 
special concentrically braced frame (SCBF). Current seismic 
design provisions require large beam sizes to resist the unbal-
anced forces from the chevron braces after brace buckling.  
The research has explored options for alternative ductile 
mechanisms and reduced beam sizes. The three-story tests 
followed a series of one-story frame tests, demonstrating 
that beam yielding following brace buckling “improved 
the deformability of the SCBF without compromising the 
capacity of the system,” and highlighting limitations with 
respect to weak beams (NCREE, 2018). The three-story 
tests were used to validate finite element models and to 
further inform proposed design requirements for the AISC 
Seismic Provisions.

Steel research at NCREE has also included studies on steel 
beam-to-box-column moment connections and electro-slag-
welded (ESW) joints in those connections. Cyclic tests on 
full-scale, welded beam-to-box-column connections showed 
inadequate strength and ductility as a result of diaphragm 
plates that had not been properly welded to the columns 
(Tsai et al., 2015). Tsai et al. (2015) developed recommenda-
tions for improved design, fabrication and inspection pro-
cedures. Meanwhile, research into premature fracture of 

ESW diaphragm-to-column joints in beam-to-box-column 
connections has revealed sensitivity to eccentricity in load-
ing between the beam flange and the diaphragm. Further, 
a micromechanical-based stress-modified critical stress 
(SMCS) model has been developed and shown to be capa-
ble of predicting the crack initiation of the diaphragm-to- 
column ESW joint (Li et al., 2018).

The steel panel damper research described here comple-
ments a variety of studies around the world focused on pro-
viding supplemental energy dissipation for improved seismic 
performance. From Argentina, the multiple friction damper 
(MFD) is composed of friction elements that can be stacked 
around an existing column to dissipate energy with horizon-
tal movement of the column (Martinez and Curadelli, 2017). 
In China, the curved surfaces of the arc-surfaced frictional 
damper (AFD) in a diagonal brace, for example, result in 
damping forces that vary with displacement (Wang et al., 
2017). Korean researchers have combined a steel slit damper 
and rotational friction dampers for seismic retrofit of a rein-
forced concrete (RC) moment frame with core walls (Lee et 
al., 2017) and have also explored a set of steel slit dampers 
assembled into a box shape and used in knee braces for ret-
rofit of an RC moment frame (Lee and Kim, 2017). The steel 
panel dampers utilize a different mechanism but share the 
common goal of reducing deformation and force demands 
on the system.

RESEARCH OBJECTIVES

Motivated in part by the 1995 Great Hanshin-Awaji earth-
quake, researchers have sought methods to improve the per-
formance of seismic-force-resisting systems such as steel 
moment-resisting frames (MRFs). Among the methods 
explored were low-yield-stress steel shear panel dampers, 
shown by Liu et al. (2007), Otani et al. (2001), and Tanaka 
and Sasaki (2000) to provide good energy dissipation capac-
ity. Contemporary work by Tsai et al. (2001) demonstrated 
through substructure pseudodynamic tests and analysis that 
low-yield steel shear panel dampers as additional Vierend-
eel frame “columns” improved performance by exhibiting 
“excellent energy dissipation characteristics thereby reduc-
ing the inelastic deformational demand imposed on the 
beam-to-column connections in the conventional MRFs.” 

Tsai et al. (2018) have developed the steel panel damper 

Judy Liu, Ph.D., Research Editor of the AISC Engineering Journal, Professor, 
Oregon State University, School of Civil & Construction Engineering, Corvallis, 
OR. Email: judy.Liu@oregonstate.edu
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Fig. 1. Schematics of SPD and SPD-MRF.

(SPD) incorporated into a SPD-MRF as shown in Figure 1. 
The SPD features three segments: a middle inelastic core 
(IC) with buckling-restraining stiffeners and two elastic 
joint (EJ) segments top and bottom. The three segments are 
fabricated from two different I-sections, with the two EJ 
segments using the same, stronger section. All segments are 
rigidly connected to each other and to the boundary beams 
and remain elastic in a service level earthquake (SLE). The 
inelastic core (IC) is expected to see inelastic shear deforma-
tions in a design basis earthquake (DBE) or maximum con-
sidered earthquake (MCE) and to dissipate energy through 
significant inelastic shear deformations in a severe earth-
quake. Shear buckling at large deformations is prevented by 
the stiffeners.

Much of the SPD-related research to date has focused 
on the behavior, design and detailing of the inelastic core 
(IC), or shear panel (e.g., Chen et al., 2006). Information on 
the seismic performance of SPD-MRFs is lacking, as are 
comprehensive guidelines for seismic design of the three-
segment SPDs and the SPD-MRF. The overarching goal of 
the research has been to fill the knowledge gaps, and Tsai 
et al. (2018) have accomplished this through testing of two 
full-scale SPD specimens and numerical simulations using 
Abaqus and PISA3D. Specifically, for SPD-MRF design and 
evaluation, research objectives are to provide procedures for 
design of the IC segment; to develop capacity design meth-
ods (CDM) for the EJ segments, boundary beams, and the 
SPD-to-beam panel zones; and to develop numerical mod-
els, including a three-segment SPD model and an equivalent 
one-element model.

SEISMIC DESIGN WITH  
STEEL PANEL DAMPERS

The performance objectives for the SPD and SPD-MRF 
include the requirement that all elements remain elastic in an 
SLE, that the inelastic shear deformations are concentrated 
in the inelastic core (IC) for a DBE or MCE, and that the 

SPD is able to dissipate energy through significant inelastic 
shear deformations in the MCE. SPD design and detailing 
requirements, including details of the buckling-restraining 
stiffeners in the IC, have been developed. Capacity design 
methods (CDM) for the elastic joints (EJ) and the boundary 
beams have also been developed.

Seismic Design of SPDs

The design of the SPD centers on the energy-dissipating IC, 
which has a thinner or weaker web than the EJ segments. 
The flanges of the SPD are considered to be continuous over 
the three segments. The strength of the SPD is governed by 
shear yielding of the IC, assuming axial load effects to be 
insignificant. The SPD stiffness can be adjusted by chang-
ing the relative heights of the two identical EJ and of the IC, 
as well as by stiffening the EJ.

Capacity design of the EJ is achieved by considering the 
shear and moment expected from full shear yielding of the 
IC. Shear demands on the EJ are calculated with the shear 
yield strength using the expected yield stress, RyFy, and a 
strain-hardening factor for the web of the IC. For calcula-
tion of the corresponding maximum EJ moment demands, 
an inflection point is assumed at mid-height of the SPD. 
Though the proposed approach does not consider shear-
moment interaction, Tsai et al. (2018) also propose an alter-
native, more conservative approach with calculations of von 
Mises stresses.

The web and end stiffeners of the IC (Figure 1) delay the 
onset of shear buckling to maximize energy dissipation in 
the case of severe earthquakes. Design and detailing of the 
stiffeners follow the requirements developed by Chen et 
al. (2006). The end stiffeners are full depth, are welded to 
the SPD flanges, and form the boundaries between the IC 
and the EJ. The IC and EJ webs are welded to either side of 
an end stiffener. Vertical and horizontal web, or buckling-
restraining, stiffeners can be welded to opposite sides of 
the web. These web stiffeners are also welded to the end 
stiffeners or SPD flanges, as applicable. Spacing of the IC 



ENGINEERING JOURNAL / FOURTH QUARTER / 2018 / 247

web stiffeners is chosen to satisfy the recommended limits 
on slenderness of the web between stiffeners (Chen et al., 
2006). All stiffeners are sized to delay out-of-plane buck-
ling using a rigidity requirement developed by Chen et al. 
(2006). The end and horizontal web stiffeners are also sized 
for axial force demands from shear buckling and the devel-
opment of tension field action in the IC web so as to “resist 
the pull-in forces” on the IC flanges (Tsai et al., 2018).

For calculations of SPD lateral stiffness in cases with no 
rotation at the boundary beams, Tsai et al. (2018) provide an 
equation that includes the shear and bending stiffnesses of 
the IC and EJ segments. The equation can be used for the 
SPD post-yield stiffness by modifying the shear modulus for 
the IC by a strain hardening ratio as adopted for a bilinear 
material stress-strain relationship.

Seismic Design of Steel MRFs with SPDs

Seismic design of SPD-MRF requires capacity design of the 
boundary beams and of the SPD-to-beam panel zones. As 
for ductile design of conventional MRF, inelastic behavior in 
the beams should be restricted to the ends, at the beam-to-
column connections. Recommendations for capacity design 
of the boundary beams are based on seismic provisions to 
prevent shear or flexural yielding in the beam outside the 
link in eccentrically braced frames (AISC, 2016). Similarly, 
the SPD-to-beam panel zones are capacity designed to avoid 
shear yielding for the expected demands. Additional recom-
mendations for seismic design of SPD-MRF can be found in 
Tsai et al. (2018).

TEST PROGRAM

Validation of some of the proposed seismic design proce-
dures was achieved through cyclic testing of two, full-scale 
SPD specimens. Different stiffener details were explored, 
and the ductile behavior of the SPD was confirmed.

Test Specimens

The two full-scale, 8.53-ft-tall SPD specimens, SPD-2L0T 
and SPD-2L1T, were identical other than an additional 
horizontal stiffener for specimen SPD-2L1T [Figure  2(a)]. 
Each specimen had a 3.94-ft-tall IC and 2.30-ft-tall EJs. 
The I-sections had overall depth and width of 23.6 in. and 
9.84 in., respectively, and 1.18-in.-thick flanges of SN490B 
(approximately 47-ksi yield stress) steel. The EJ webs were 
0.866-in.-thick SN490B steel. The IC webs were 0.315-in.-
thick SN400B (approximately 34-ksi yield stress) steel. 
Properties adopted for the SN400B IC webs included an 
expected yield stress ratio, Ry, of 1.3 and a strain-harden-
ing factor, ω, of 1.5. SN490B stiffeners included a pair of 
0.472-in. × 3.94-in. vertical stiffeners on one side and one 
0.984-in. × 3.94-in. horizontal stiffener on the other side of 
the web for specimen SPD-2L1T. As shown in Figure 2(a), 
15.7-in. tall T-shaped stiffeners were added to stiffen the top 
and bottom end plates used to secure the test specimen to the 
testing system. Additional details of the test specimens can 
be found in Tsai et al. (2018). 

Test Setup and Loading

NCREE’s multiaxial testing system (MATS) was used to 
apply lateral displacements without rotation or net vertical 
force, as shown in Figure 2(b). Load cells in the servohy-
draulic actuators provided forces for determination of shear 
and bending in the SPD specimens. Displacement trans-
ducers [noted as LVDT in Figure 2(b)], tilt meters, and dial 
gauges were used to determine lateral translations and rota-
tions at top and bottom of the IC and of the SPD. The dis-
placement history followed the cycles of increasing lateral 
drift as required for cyclic tests for qualification of beam-to-
column connections (AISC, 2016). 

  

 (a) (b)

Fig. 2. (a) Details of SPD specimens and (b) test setup.
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Experimental Results

The test results validated proposed SPD design procedures. 
The EJ in both specimens remained elastic throughout the 
tests. The IC stiffeners effectively delayed shear buckling 
in the web, and both specimens dissipated energy without 
apparent strength or stiffness degradation beyond 4% inter-
story drift (Figure 3). Note that the shear deformations were 
on the order of 0.11 rad before failure. Specimen SPD-2L0T 
failed in the first cycle of 5% interstory drift, as can be 
seen in Figure 3(b), with a fracture that had initiated near 
a stiffener-to-web weld. Specimen SPD-2L1T failed in the 
second cycle at 5% interstory drift as shown in Figure 3(a). 
The slightly larger deformation capacity of SPD-2L1T (a 3% 
increase in the cumulative plastic deformation capacity) was 
attributed to the addition of the transverse stiffener. Over-
all, the shear-deformation response was similar, as shown 
in Figure 3(c). 

NUMERICAL MODELS

Two types of computational models—a shell element model 
(Abaqus) and a frame element model (PISA3D)—were 
explored for their effectiveness in predicting the cyclic 
behavior of the SPD test specimens (Tsai et al., 2018). The 
Abaqus model, shown in Figures 4(a) and 4(b), was able to 
represent the cyclic behavior, including strength degradation, 
quite well, even without simulation of the IC web fractures. 

The PISA3D model included five beam-column elements, 
with one representing the IC, two representing EJ without 
the T-shaped stiffeners, and two representing the portions of 
the EJ with the T-shaped stiffeners, as shown in Figure 4(c). 
The beam-column elements were capable of forming shear 
and/or bending plastic hinges at each end. The IC segment 
used a two-surface plasticity material model, combining 
isotropic and kinematic hardening. No fracture or strength 
degradation was simulated. The PISA3D model was able to 
reasonably represent the force-deformation response of both 
specimens up to 4% interstory drift, as shown in Figure 4(d). 
Additional details of the numerical models can be found in 
Tsai et al. (2018).

NONLINEAR RESPONSE ANALYSES  
OF SPD-MRF MODELS

The proposed seismic design procedures were further vali-
dated through nonlinear response analyses of a prototype 
SPD-MRF building. Abaqus and PISA3D models were 
subjected to cyclic push-pull deformations and simulated 
ground motions. Some results from the PISA3D models will 
be presented here.

Prototype Building and SPD-MRF Models

The prototype office building was designed for a location in 
Chiayi City, Taiwan, with a design peak ground acceleration 

   
 (a) (b) (c)

Fig. 3. (a) Specimen SPD-2L1T at end of test; (b) specimen SPD-2L0T at first cycle of 0.05-rad drift; (c) shear vs. inelastic core rotation. 
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from approximately 2 ft to 3 ft in depth. IC thicknesses and 
heights ranged from 0.157  in. to 0.315  in. and 35.4  in. to 
70.9 in., respectively. Capacity design procedures were fol-
lowed to prevent shear or flexural yielding in the bound-
ary beams. Capacity design of SPD-to-beam panel zones 
resulted in doubler plates at all stories. Additional prototype 
SPD-MRF design details can be found in Tsai et al. (2018).

The PISA3D model utilized frame elements for all mem-
bers and centerline dimensions. The prototype building 

of 0.33g. The six-story building is approximately 177  ft × 
108 ft in plan and 68 ft tall, with longitudinal MRF frames 
and transverse SPD-MRF frames at the perimeter as shown 
in Figure 5(a). The transverse frames each contain two bays 
with SPD located at mid-span of 39.4 ft beams as shown in 
Figure 5(b).

The SPD-MRF were designed with SN400B steel for 
the IC and SN490B steel for the SPD flanges, EJ webs, 
and all beams and columns. The 8.53-ft-tall SPDs ranged 

  
 (a) (b)

  
 (c) (d)

Fig. 4. (a) Abaqus model for specimen SPD-2L1T; (b) deformed shape of Abaqus model;  
(c) PISA3D model; (d) experimental and PISA3D shear vs. interstory drift for SPD-2L0T.
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SPD-to-beam connections did not require T-shaped stiffen-
ers (used to anchor the test specimens to the test set-up), so 
the SPD models had three elements instead of five. Panel 
zones were modeled with zero-length joint elements. Rigid 
offsets were used at beam-column joints. The two-surface 
plasticity material model was used for the IC elements, and 
a bilinear kinematic hardening material model was used for 
all other elements. Additional modeling details, including 
comparisons with an Abaqus model and cyclic push-pull 
results, can be found in Tsai et al. (2018).

Seismic Performance of Prototype Building

Nonlinear dynamic time-history analyses were conducted 
for 240 ground accelerations, evenly distributed across three 
hazard levels. The ground motions were scaled to spectral 
accelerations corresponding to the fundamental period of 
the prototype building in the transverse, SPD-MRF direc-
tion. The first 80 ground motions were scaled to the maxi-
mum considered earthquake (MCE), the next 80 motions to 
the design basis earthquake (DBE), and the last 80 to the 
service level earthquake (SLE).

The primary parameters of interest were the IC rotations, 
the system overstrength, the maximum roof drift, and the 
cumulative plastic deformations in the SPD. For IC defor-
mations, the mean, maximum IC rotation was 0.041 rad for 
the MCE, and the maximum IC rotation never exceeded the 
0.11 rad of deformation capacity measured in the SPD tests. 
Mean plus one standard deviation gave 0.055-rad IC rotation 
for the MCE. Mean, cumulative plastic deformations (CPD) 
were also significantly lower than the measured CPD capac-
ities of the SPD. The mean system overstrength was 2.66 
for the MCE, 2.46 for the DBE, and 1.34 for the SLE. Mean 
plus one standard deviation results for maximum roof drift 
were 1.43%, 1.20% and 0.51% for the MCE, DBE and SLE, 

respectively, as shown in Figure  6. The design drift limit 
was satisfied for all DBE ground motions. Analysis results 
are described in more detail in Tsai et al. (2018).

Additional Design Considerations

The SPD study included more investigation into the 
T-shaped stiffeners, an equivalent one-element model, and 
proportioning for stiffness. Analysis of Abaqus models con-
firmed that the capacity design methods proposed for the 
EJ are valid for SPD without T-shaped stiffeners. To facili-
tate use of a simple one-element model that is equivalent 
to the three-element model, equations were developed for 
equivalent cross-sectional properties, effective yield stress, 
and effective post-yield stiffness. A parametric study was 
also conducted to investigate effects of the IC height ratio 
and cross-sectional properties on the elastic and post-yield 
stiffness of the SPD. Methods focused on increasing SPD 
stiffness without altering the strength of the SPD. Results 
showed that decreasing the height of the IC and increasing 
the EJ web thickness were both effective in increasing SPD 
stiffness.

SUMMARY AND FUTURE WORK

Research has expanded the knowledge base on steel panel 
dampers beyond behavior, design and detailing of the inelas-
tic core (IC). The work by Tsai et al. (2018) has provided 
new information on the seismic performance of SPD-MRF, 
as well as comprehensive guidelines for seismic design 
of the three-segment SPDs and SPD-MRF. This has been 
accomplished through testing of two full-scale SPD speci-
mens, design of a six-story prototype SPD-MRF building, 
and numerical simulations using Abaqus and PISA3D. Seis-
mic design procedures include design of the IC segment and 

  
 (a) (b)

Fig. 5. (a) Floor framing plan; (b) transverse frame elevation.
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capacity design methods (CDM) for the elastic joint (EJ) 
segments, boundary beams, and the SPD-to-beam panel 
zones. Additional contributions include a three-segment 
SPD model, an equivalent one-element model, and guide-
lines for adjusting properties to achieve higher stiffness 
without affecting the strength of the SPD.

The decoupled SPD stiffness and strength offers some 
unique opportunities for design optimization of SPD-MRF. 
Research is under way on optimization of the stiffness of the 
SPD and the supporting beams. The studies include inves-
tigation into SPD locations with the frame and different 
options for SPD-MRF configurations.
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