
First Quarter 2017 Volume 54, No. 1

1 Letter from the Editor 

3 Simple-Made-Continuous Steel Bridges with Steel Diaphragms
Robert I. Johnson and Rebecca A. Atadero 

21 Investigation of Web Post Compression Buckling Limit State and 
Stiffener Requirements in Castellated Beams
Fatmir Menkulasi, Cristopher D. Moen, Matthew R. Eatherton and 
Dinesha Kuruppuarachchi

45 Observations from Cyclic Tests on Deep, Wide-Flange
Beam-Columns
Gulen Ozkula, John Harris and Chia-Ming Uang

61 Shear Capacity of High-Strength Bolts in Long Connections
Raymond H.R. Tide

www.aisc.org

Engineering
Journal
American Institute of Steel Construction

2017_cover_mockup.indd   1 12/8/2016   1:40:17 PM



ENGINEERING JOURNAL / FIRST QUARTER / 2017 / 1

Letter from the Editor
Dear Readers,

Hello and Happy New Year!  As we head into the new year, I would like to take this opportunity 
to recognize all of the hard work of our reviewers, last year and every year.  Their contributions 
are invaluable to the success of the Journal as we continue to strive to bring you the very best 
articles and information in the steel construction industry. A list of our 2016 reviewers is posted 
on the AISC website at www.aisc.org/ej.

Is there a steel design topic you would like to see in EJ? We are always looking for ideas for 
papers. Authors interested in submitting papers should visit our website at www.aisc.org/ej for 
author guidelines and submittal information.

Best wishes for a healthy and happy 2017!

Sincerely,

Margaret A. Matthew, P.E.
Editor
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INTRODUCTION

S imple-made-continuous (SMC) bridges (also known as 
simple for dead–continuous for live, or SD-CL) are a 

relatively new innovation in steel bridge design. The major-
ity of steel girder bridges using the SMC concept have steel 
girders cast into concrete-diaphragm beams on concrete 
piers, and a significant quantity of research has been per-
formed on these types of SMC bridges (Azizinamini, 2014). 
The subject of this article is an alternative SMC design using 
steel wide-flange-shape diaphragms and concrete support 
piers, which leave the entire steel structure exposed. A bridge 
of this type was constructed by the Colorado Department 
of Transportation (CDOT). It is shown prior to the place-
ment of the concrete deck in Figure 1 and in its condition at 
the time of this writing in Figure 2. The specific detail was 
developed by CDOT due to depth limitations over an exist-
ing creek to be bridged. Originally, concrete bulb tees were 
considered; however, their depth did not provide the nec-
essary 2-ft clearance over the high water level. The choice 

was made to use steel girders with SMC end connections 
(NSBA, 2006). At the time, the concept was commonly used 
with precast concrete beams, and CDOT felt that the same 
concept could be modified to be used with steel girders.

The connection is considered in the present research 
because the detail is straightforward, it allows the ends of 
the girders to be exposed to fully weather and to be vis-
ible for periodic inspection, and SMC bridges using steel 
diaphragms with exposed ends have not been the subject of 
previous research efforts. These bridges not only have the 
advantages of being simpler in design and faster to construct 
than conventional fully continuous bridges, but they are also 
more than 15% less in cost than fully continuous bridges. 
This paper describes physical testing and analysis of the 
steel-diaphragm SMC bridge connection and provides cost 
comparisons to other SMC schemes and fully continuous 
girder bridges.

BASICS OF SMC BEHAVIOR

As described in previous AISC Engineering Journal arti-
cles (Azizinamini, 2014; Farimani, 2014), simple-made-
continuous bridge girders in effect act as simple beams for 
the dead load of the bridge superstructure and act as con-
tinuous beams for live loads and superimposed dead loads. 
The behavior is achieved by placing simple span bridge 
girders, which are typically cambered for the precomposite 
dead loads (Figure  3). After the girders are installed, the 
slabs are formed and top and bottom bending and shrinkage 
reinforcing is placed for the slab along with additional top 
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Fig. 1. Bridge over Box Elder Creek, 2005 (reprinted courtesy of AISC).

Fig. 2. Bridge over Box Elder Creek, 2015.
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longitudinal reinforcing (the SMC reinforcing) placed over 
the supports and extended partially or fully into the spans 
for development (Figure 4). The concrete slab is then placed 
and allowed to cure and develop bond with the reinforcing 
steel; at this time, the camber should be nearly equalized. 
Once the slab has attained design strength, the additional 
top reinforcing placed over the supports will enable the 
composite section to resist negative moments and, in effect, 
become continuous for live and superimposed dead loads. 
The ability to resist negative moments, along with the com-
bined positive moment strength of the composite section, 

Fig. 3. Girders placed on supports.

Fig. 4. Bridge deck slab cast on girders.

Fig. 5. Slab strength and continuity attained.

create a nearly continuous girder with significant strength 
(Figure 5).

The behavior of SMC bridges better balances the interior 
positive and continuous end negative moments than fully 
continuous girder bridges. In addition, SMC bridges actu-
ally have smaller negative moments over the supports than 
fully continuous girder bridges; negative moments control 
the design of fully continuous bridges as they are primar-
ily resisted by the steel girder, with a small portion possi-
bly resisted by longitudinal slab shrinkage reinforcing. The 
positive moments in SMC bridges are larger than those in 
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Fig. 6. Simple-made-continuous two-span bridge behavior.

Fig. 7. Comparison of factored moments between two-span fully continuous and SMC bridge girders.

kip-ft, respectively (factored dead and live load moment 
range = 16,800 kip-ft). While the SMC bridge has a higher 
positive moment, this moment will be taken by the girder 
and slab in composite action; the significant advantage is 
the difference in the maximum negative moments. In the 
SMC bridge, the post-composite action negative moment 
is resisted by the girder in composite action with the top-
reinforcing steel, whereas in the fully continuous bridge, the 
negative moment must be resisted by the steel girder sec-
tion and only slab shrinkage reinforcing, which provides 
considerably less area of steel than reinforcing designed for 
SMC behavior. If negative moment redistribution were con-
sidered for the fully continuous bridge in accordance with  
AASHTO article B6.3.3, the maximum reduction to the neg-
ative moment would be 20%. The reduced fully continuous 
moment would be 8,971 k-ft, which is still 68% greater than 
the SMC negative moment.

the fully continuous bridges; however, the total moment 
range (the sum of the absolute value of the negative moment 
and positive moment for a particular span) is less for SMC 
bridges. Figure 6 shows the combination of dead and live 
loads on a sample SMC bridge. The sample bridge consists of 
two equal 140-ft spans; the superstructure is constructed of 
a 10-in.-thick composite slab supported by 54-in.-deep plate 
girders spaced at 10 ft on center. For the first stage, when the 
girder is carrying the slab noncompositely, the maximum 
factored dead load positive moment is 4,835 kip-ft. In the 
SMC condition, the maximum factored positive moment is 
7,450 kip-ft, while the maximum factored negative moment 
is 5,860 kip-ft (factored dead and live load moment range = 
13,310 kip-ft). Figure 7 compares the combined moment dia-
grams of the sample SMC bridge to the moment diagram 
of a fully continuous bridge, which has maximum factored 
positive and negative moments of 5,585 kip-ft and −11,214 
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BASIC CONNECTION BEHAVIOR

The SMC connection investigated consists of four basic load 
transfer elements (Figure 8):

1. SMC top-reinforcing steel.

2. Girder bottom flange.

3. Welds to bearing plate.

4. Bearing/transfer plate.

The factored moment at the continuous end of the girder 
is resisted by a couple between the girder bottom flange 
and the SMC reinforcing steel in the slab. At the end of the 
girder, the compression in the bottom flange is transferred 
by the welds to the bearing/transfer plate. The bearing/
transfer plate then transfers the load from one girder end to 
the adjacent girder end.

While this connection detail appears simple and straight-
forward, there are several potential points of weakness in 
the design. The compression component of the moment must 
be resisted by shear in fillet welds in order to transfer to 
the adjacent girder. Failure of these welds would result in 
nonductile behavior; also, basic hand analysis of the force 
components in the connection indicated that the weld on the 
Box Elder Creek bridge in particular may be too small. In 

addition, the weld in the position used raises fatigue con-
cerns about the connection. While the girder bottom flange 
and the bearing plate are transferring the load in compres-
sion, the weld is transferring load in shear. Based upon the 
uniqueness of this connection and concerns regarding the 
weld capacity, this connection was chosen for further study, 
including finite element analysis (FEA) and a physical test 
of the connection in the lab.

PRELIMINARY FINITE ELEMENT ANALYSIS

Finite element analysis (FEA) of the connection was per-
formed using Abaqus finite element software. Various mate-
rial models for the concrete, structural steel, reinforcing steel 
and welds were investigated until models with behavior that 
agreed within roughly 10% or less with approximate hand 
calculation results on a simplified bridge structure were 
found. The structural steel and reinforcing steel were mod-
eled as a linear elastic material up to yield and then modeled 
as nonlinear up to their corresponding ultimate strengths. 
A concrete damage model presented by Carreira and Chu 
(1985) was used for the concrete slab. Following the mate-
rial model selection, a sensitivity analysis was performed to 
determine element types to optimize both the speed of anal-
ysis and correctness of results. On the basis of the sensitivity 

Fig. 8. Girder SMC behavior.
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Fig. 9. Girder moment behavior over support.

nearly 40%. Figure 10 also shows the location of the girder 
bearings, which are denoted by dashed black lines, and the 
locations of the welds, which are denoted by solid black 
lines.

The deflection at the end of the slab predicted by the FEA 
model was found to be about 50% of that recorded during the 
physical test. It appears that the difference in behavior was 
most likely due to the concrete material model used. Modi-
fications to the FEA model—including varying the concrete 
modulus of elasticity in the slab to simulate the decreased 
effect of the stiffness of the concrete at the extremities of 
the model and at areas of cracking in the top of the slab—
were considered after the physical test results were available. 
These modifications were able to improve the correlation 
between the FEA and physical test deflections. These modi-
fications were based on physical understanding of what the 
concrete should be experiencing during the test, but fur-
ther study is needed to provide modeling guidance that can 
improve a priori predictions when no test data are available 
for calibration.

EXPERIMENTAL TESTING OF  
FULL-SCALE CONNECTION

A physical test of the full-scale connection was conducted 
in the structures lab at Colorado State University (Johnson, 
2015). The test specimen consisted of a center connection 
with two 15-ft cantilevered spans loaded with hydraulic 
actuators at the cantilever ends, 12 ft from the center of the 
connection (Figure 11). The connection was constructed as 

analysis, the element types and meshing of the full connec-
tion model were modified to take advantage of the results. 
The concrete slab, structural steel shapes and reinforcing 
steel were all modeled using linear brick elements because 
the use of higher-order elements provided virtually no addi-
tional accuracy in results; shear studs were modeled as beam 
elements. The slab connection to the studs was modeled as 
a tie, and the reinforcing steel was modeled as embedded in 
the slab.

Based on comparison with the physical test, the final FEA 
results provided close results for internal forces in the SMC 
reinforcing, girder flanges, welds and bearing/transfer plate. 
Of particular interest, it was noted in the FEA model that 
there was a reduction of the moment at the centerline of the 
connection due to the actual location of the reaction force 
not being at the center of the support, but rather at various 
locations under the girder end depending upon load. This 
effect is shown in Figure  9, which presents results of the 
FEA showing the moment diagram at an applied load of 98 
kips, which in theory would result in a centerline moment 
of −1176 kip-ft instead of the actual centerline moment of 
970 kip-ft. It is evident that the moment reduces once the 
girder bearing/transfer plate becomes involved; there is also 
a slight reduction in the negative moment up to the center 
of the plate (0 on the X-axis) and then the behavior mirrors 
for the adjacent girder. This effect was also observed in the 
physical test, although with fewer data points. Also noted in 
the FEA results was that the longitudinal axial stresses at 
isolated locations in the vicinity of the center of the bearing/
transfer plate (Figure 10) were in excess of yield stress by 
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Fig. 10. Longitudinal axial stress in bearing plate (the extent of the girder bearings are  
indicated by the dashed lines, and the extent of the welds are indicated by the solid black lines).

Fig. 11. Physical test specimen plan layout.
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During the recommenced test, at an applied load of 
120  kips, which resulted in an approximate centerline 
moment of 1,440 kip-ft, there was another loud bang, again 
due to the safety device (Figure 12) becoming activated. The 
loading was halted and the actuators unloaded. The welds 
matching the actual construction (north connection) were 
examined and found to be cracked along the sides and end 
of the girder. Based on original hand calculations for the 
strength of the weld and the behavior of the connection, the 
estimated ultimate moment for the welds was 1433 kip-ft. 
Testing thus confirmed that the welds were undersized.

Following the examination of the connection and verify-
ing that the safety device was properly seated, the test was 
restarted again. Due to limitations of the actuators and the 
load frame used for the test, the maximum load that could 
be applied at each girder end was 200 kips, and this full 
load was successfully applied to the connection, producing 
in a theoretical centerline moment of 2400  kip-ft without 
incident. The 2400-kip-ft moment is well in excess of the 
maximum ultimate design moment of 1783 kip-ft.

Strain gages positioned on the SMC reinforcing, the bear-
ing/transfer plate and the safety device provided additional 
information about the behavior of the connection. Figure 17 
shows the axial force in the top SMC bars and also the top 
SMC bars in combination with the top temperature bars at 
the center of the connection; this diagram gives a clear pic-
ture of the shear lag behavior in the slab. For comparison, the 
shear lag from the FEA is also shown, which is very similar 
in shape and varies by a maximum of approximately 10%. 
Reviewing the shear lag behavior of the connection (Fig-
ure 17), it is apparent that the bars immediately adjacent to 
the bar directly over the girder take a disproportionate share 
of the SMC tension component. In the case investigated, the 
bars immediately adjacent to the center bar each resisted 8% 
of the total SMC tension. Research performed at the Uni-
versity of Nebraska (Niroumand, 2009) indicated that for 

indicated in the original drawings, except for the addition 
of a safety device installed between the ends of the girder 
bottom flanges (Figures  12 and 13) to be activated in the 
event the welds failed as anticipated. The plate was initially 
installed with a gap of z in. at each side so that it did not 
engage prior to the anticipated failure of the fillet weld of the 
girder end to the bearing/transfer plate. Also, the size of the 
welds on one of the girder end connections was increased to 
ensure that both would not fail simultaneously. The final test 
configuration is shown in Figure 14; the center SMC con-
nection showing the steel-diaphragm beam and the safety 
device is shown in Figure 15. The diaphragm beam was used 
in the test specimen to laterally stabilize the girder, which is 
its key function in the actual bridge.

During the test, the connection was loaded by displace-
ment control at a rate of 0.02 in./min. The test specimen per-
formed well until an actuator load of 80 kips was applied 
at each end, resulting in an approximate centerline moment 
of 960 kip-ft. At the 80-kip load point, the specimen emit-
ted a loud bang as the girder bottom flanges made sudden 
contact with the safety device, which then became engaged 
(Figure 12). The testing was stopped and the actuators with-
drawn from the test specimen. Upon visual examination of 
the welds and review of the strain data, no failure of the 
welds was evident.

Further analysis was then performed on the connection 
design, and it was determined that the bearing/transfer plate 
had yielded due to a combination of bending (both from 
rotation of the attached girder and the eccentric loading 
of the weld), axial load and deformation of the elastomeric 
bearing; this behavior is diagrammed in Figure 16. The fol-
lowing day, the cantilever ends of the test specimen were 
shored up, and the safety device was removed and machined 
down 18 in. in order to allow a slightly larger gap between it 
and the girders. The safety device was then reinstalled and 
the test recommenced.

Fig. 12. Safety device at end of physical test.
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Fig. 13. Construction detail of safety device.

 

Fig. 14. Physical test specimen. Fig. 15. Detail at steel diaphragm.

Fig. 16. Effects of load eccentricity at center of bearing plate.
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capability to prevent the center SMC bars from yielding.
Comparison of the physical test results to hand calcula-

tions of the moments indicated that the actual centerline 
moment was less than that predicted by hand calculation on 
an ideal cantilever. Figure 18 and Table 1 show the theoreti-
cal centerline moment as that calculated using a point sup-
port of the SMC girder, while in actuality, the girder begins 
to be supported and thus relieved of load at the face of the 
bearing/transfer plate; this was also the case in the finite 
element analysis as shown in Figure 9. The actual moment is 
the moment at the center of the support based on the actual 
support condition. The actual moment values are as shown 
in Table 1 and were determined by evaluating strains in the 
SMC reinforcing steel, the bearing/transfer plate and the 
safety device; their moment arms were then used to the cur-
rent neutral axis—i.e., assuming the web carries no moment. 
Table 1 also lists the distance from the center of actual bear-
ing to the center of the bearing/transfer plate. This phe-
nomenon again is due to the reaction being under the beam 
bearing and, in actuality, much closer to the position of the 
beam bearing stiffener; this behavior would also occur in 
the actual bridge, a continuous-for-live-load structure. This 

SMC bridges, loaded such that the top reinforcing begins 
to yield near the center (as is the case herein), and upon the 
application of additional load, the adjacent bars would begin 
to take more load and the behavior would continue to propa-
gate until the last bars in the effective width had yielded. 
While this behavior is acceptable in an overload condition, 
having the center bars and adjacent bars possibly going plas-
tic under normal service conditions would be unacceptable 
due to excessive slab cracking and permanent elongation in 
the SMC reinforcing. Thus, in order to prevent yielding of 
the most highly stressed SMC bars, it is recommended that 
additional bars be placed adjacent to the as-designed SMC 
reinforcing. The best way to achieve this is by placing the 
longitudinal top shrinkage reinforcing at the same spacing 
and adjacent to the SMC reinforcing and using a minimum 
of #5 bars. As it so happens, all of the SMC bridges reviewed 
for this study spaced the top shrinkage reinforcing bars at 
the same spacing as the SMC reinforcing, which was most 
likely for ease of placement and to avoid confusion. Fur-
ther study of the shear lag phenomenon is recommended to 
evaluate the behavior of the SMC reinforcing bars acting 
with the shrinkage reinforcing to verify that they have the 

Table 1. Comparison of Theoretical and Actual Moments at Centerline of Physical Test Specimen

Event

Theoretical Moment  
at Center of Support,  

kip-ft

Actual Moment  
at Center of Support,  

kip-ft

Center of Actual Bearing 
from Center of Bearing Plate,  

in.

End of day 1 test,
load = 135 kips

1620 1490 12

Activation of safety device,  
day 2 test

1440 1370 10.5

End of day 2 test,
load = 196.5 kips

2360 2230 8

Fig. 17. Axial force in top slab bars at center of connection—physical test vs. Abaqus.
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designs, omitting the welds to the bearing plate and any 
connection of the girders to the base plate. This modifica-
tion to the connection will be a definite improvement to the 
scheme investigated, in both strength and economy. A pro-
posed solution is shown in section in Figure 19 and in plan 
in Figure 20; this detail provides two wedge-shaped plates 
to allow for field fit-up based on designs used in partial 
SMC bridges in Tennessee (Talbot, 2005). The girders are  
laterally supported by anchor bolts through their bottom 
flanges and cast into the support pier.

The design methodology for the proposed scheme 
involves three major steps: (1)  preliminary steel girder 
design, (2) design of SMC top-reinforcing steel based on the 
girder size and (3) verification of the girder size. Design of 
the steel girders is based on:

1. Their strength and stability to support themselves, 
formwork, wet concrete and any construction live load as 
noncomposite, simple beams.

2. Their composite positive moment strength to support the 
superimposed loads from the SMC behavior along with 
the locked-in forces from item 1.

3. Additionally, the composite girders must be evaluated to 
meet all the post-composite strength and serviceability 
requirements, in particular, deflection. These girders are 
typically cambered for the dead loads of the girder and the 
composite slab, so only deflection due to post-composite 
loads needs to be considered.

means that designing the connection for the full theoretical 
centerline moment would be somewhat conservative.

RECOMMENDED IMPROVEMENTS TO  
DESIGN AND DESIGN METHODOLOGY

The scheme investigated has several design flaws, specifi-
cally the welds to the bearing/transfer plate and the bearing/
transfer plate itself. The welds are undersized and thus inad-
equate to resist the maximum design loads. In addition, the 
welds would be subject to a load-induced fatigue category 
E′, which limits the constant amplitude fatigue threshold to 
2.6 ksi, a fatigue range that would be far exceeded during 
the course of regular service of the bridge. The bearing/ 
transfer plate, which is connected to the girder bottom 
flange by the aforementioned welds, is unable to resist the 
combined effects of the axial compression and the moment 
induced into the plate by the eccentricity of this compres-
sion. In order to avoid plate and weld failure and subjecting 
the welds to fatigue, a direct means of load transfer between 
the bottom girder flanges would be desirable.

As was described in the testing portion of this article, a 
safety device (Figure 13) was installed in the event that the 
welds failed, and during testing, this device successfully 
transferred the compressive force component of moment 
when the bearing/transfer plate failed. Due to the satis-
factory behavior of this device, it is recommended that a 
transfer device similar to the safety device be used in new 

Fig. 19. Recommended revised bearing plate section.Fig. 18. Theoretical vs. actual center of girder bearing.
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Fig. 21. Details of SMC connection (Azizinamini, 2014).

Fig. 20. Recommended revised base plate plan.
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for the same moment capacity (Figure 22); this is not to say 
the stresses will be lower, only the resultant couple forces. 
After the girder size has been established, the moment  
arm between the girder bottom flange and the SMC top-
reinforcing steel is easily determined as it is a function of all 
known values and an assumed SMC reinforcing bar diam-
eter. For 50-ksi girder steel and 60-ksi reinforcing steel, 
the area of the reinforcing steel can be easily determined 
by directly equating the total area of SMC reinforcing steel 
required to the area of the girder bottom flange without 
regard to the differences in yield strength or resistance fac-
tors, which will add a very slight conservatism to the design.

Once the reinforcing steel area is known and the resultant 
moment arm determined, the final check of the girder is to 
verify that the moment capacity developed is adequate for 
the design negative moment due to the SMC behavior. This 
is accomplished by multiplying the girder flange area by the 
yield strength of the flange (resistance factor, ϕ = 1.0) and 
then by the moment arm determined. The resultant internal 
moment strength from the previous calculation should be 
compared with the actual factored design negative moment 
in the bridge; if the applied factored moment is less than 
the strength, then the connection is adequate. Otherwise, the 
girder size should be increased to the next available shape in 

After the girders are sized, design of the remaining con-
nection elements is relatively straightforward, and the overall 
behavior is similar to that developed by researchers studying 
SMC connections with concrete diaphragms (Azizinamini, 
2005, 2014). The current concrete-diaphragm scheme pro-
posed and developed by these researchers and currently in 
use is shown in Figure 21; this detail basically resists the SMC 
moment by a couple between the SMC top-reinforcing and 
steel-compression blocks between the bottom flanges and 
portions of the webs of the girders. For the steel-diaphragm 
scheme proposed herein, there are two important differ-
ences: The first is not encasing the connection in a concrete 
diaphragm, but rather leaving the connection exposed and 
using steel diaphragms. The second is that the compression 
component is transferred only between the girder bottom 
flanges using longitudinally adjustable wedge compression 
transfer plates because, with this SMC scheme, only the bot-
tom flange is considered to resist the compression compo-
nent of the SMC behavior. The wedge plates should be a in. 
or greater in thickness than the bottom flanges in order to 
provide sufficient depth for the weld to the girder flange. 
By considering only the bottom flange in compression, the 
internal moment arm is larger and thus will require less total 
resultant force in the tension and compression components 

Fig. 22. Final proposed support detail.
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where
 ϕ = 1.0 for the steel girder
 Mn = nominal moment capacity, kip-in.
 Af  = area of the bottom flange, in.2

 dm =  moment arm between SMC reinforcing and cen-
ter of bottom flange, in.

 FyG = yield stress of girder flange, ksi

4. Size the compression transfer wedge plates based upon 
girder bottom flange dimensions:
wtp = bf  + 2
ttp = tf  + a

where
 wtp = minimum width of transfer plate, in.
 bf  = width of girder bottom flange, in.
 ttp = minimum thickness of transfer plate, in.
 tf  =  thickness of girder bottom flange, in.

A design example is presented next for a bridge with 
80-ft girder spans, a 9-in.-thick slab, 9-ft girder spacing and 
#9 SMC reinforcing bars. From a strength and service ability 
analysis of the composite section for positive moments, a 
W33×169 was selected. The SMC moment is −2248 kip-ft.

bf  = 11.5 in.
tf  = 1.22 in.
d  = 33.8 in.
Af  = (1.22 in.)(11.5 in.) = 14.03 in.2

dh  = 3.00 in.
ts  = 9.00 in.
cl  = 2.50 in.
Dt  = 0.625 in. (#5 bar)
DSMC = 1.125 in. (#9 bar)
dg  = 33.8 in.
tf  = 1.22 in.

= + − − −d 3.00 in. 9.00 in. 2.50 in. 0.625 in.
1.125 in.

2

+ − =33.8 in.
1.22

2
in. 41.5 in.

m

ϕ = =M
14.03 in.(41.5in.)(50 ksi)

12 in. ft.
2,426 kip-ft

> 2,248 kip-ft o.k.

n

Determine SMC bar quantity and spacing:
A#9  = 1.00 in.2

N  = 14.03 in.2/(1 in.2/ bar) = (14) #9 bars
Slab width = 9.00 ft = 108 in.
Spacing = 108 in./14 bars = 7.7 in./ bar; use #9 at 72 in.

Compressions transfer plate size:
ttbmin = tf + 0.375 in. = 1.22 in. + 0.375 in. = 1.595 in.
Wtbmin = bf = 11.5 in. + 1.00 in. = 12.5 in.
Use compression transfer plate: 1s in. × 122 in.

the depth range and the second and third steps repeated. If 
the next girder is a deeper depth range, it would be prudent 
to reanalyze the bridge because there could be load distri-
bution consequences based on the increased depth and cor-
responding increase in stiffness. It is important to note that 
this is a somewhat simplistic design methodology for a con-
nection with a complex behavior and not fully continuous 
behavior. Full continuity of the girder would require conti-
nuity of the webs; however, it is apparent that the stiffness 
of the webs relative to moment resistance is a small frac-
tion (≤20% based on comparison of sample Zx’s of various 
shapes) of that of the flanges and SMC reinforcing. Based 
on the additional conservatism of using the theoretical fac-
tored centerline moments versus actual factored moments 
(Table 1), a typical continuous girder analysis for superim-
posed dead and live loads would be reasonable for design. 
It should be noted that no other SMC connection or partial 
SMC connection reviewed has a positive full-height connec-
tion between girder webs.

The design procedure for the SMC connection compo-
nents based upon a selected girder size is outlined here:

1. Design of SMC reinforcing. Equate the area of SMC 
reinforcing to the area of the bottom flange:

 Ar = Af = bftf

where
 Ar = required area of SMC reinforcing steel, in.2

 Af = area of girder bottom flange, in.2

 bf = width of bottom flange, in.
 tf = thickness of bottom flange, in.

 The recommended minimum bar size is #8; smaller bars 
would require a significantly greater number (over 30%) 
of bars be placed.

2. Determine the moment arm of the couple between the 
girder bottom flange and the SMC reinforcing based on 
girder and slab geometry:

 
= + − − − + −d d t cl D

D
d

t

2 2
m h s t

SMC
G

f

where
 dh = depth of haunch, in.
 ts = tickness of slab, in.
 cl = reinforcing clear distance, in.
 Dt = main (lateral) top reinforcing bar diameter, in,
 DSMC =  SMC (longitudinal) reinforcing bar diameter, 

in.
 dG = depth of girder flange, in.
 tf = thickness of girder flange, in.

3. Verify the moment capacity of the section designed using 
the area and yield stress of the girder flange:

ϕMn = Af dmFyG
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COMPARISON TO FULLY  
CONTINUOUS STEEL BRIDGES

SMC construction has been touted as a way to make con-
struction with steel more cost effective (NSBA, 2006). To 
compare the costs with the steel-diaphragm connection, the 
State Highway 36 bridge over Box Elder Creek was ana-
lyzed for the as-constructed SMC condition and as a fully 
continuous for all loads condition. The girders spans (77 ft 
10 in.), girder spacing (7 ft 4 in.) and slab thickness (8 in.) 
were the same for both bridges. Maximum positive and neg-
ative moments in the first two spans of this six-span bridge 
are shown in Table 2. As is evident, the negative moments 
are considerably larger for the fully continuous girder bridge 
and, thus, would require larger girders than the SMC girder 
bridge. This is a significant point because it means that the 
SMC girder bridge would not only be simpler and faster to 
construct than a conventional fully continuous girder bridge, 
but it would also be more economical by requiring lighter 
girders.

The fully continuous girder bridge required to resist 
the negative moments would be a W40×199, W36×231 or 
W33×241 girder, depending upon depth restrictions. The 
SMC girder was a W33×152, and the SMC reinforcing 

consisted of approximately 14.5 #8 epoxy-coated SMC 
reinforcing bars full span. The slab bending and shrinkage 
reinforcing was assumed to be the same for both bridges. 
Assuming no depth restrictions and selecting the lightest 
size, W40×199, and using the unit costs shown in Table 3, 
a cost comparison was performed and is shown in Table 4. 
For a six-span six girder bridge, the total cost savings is 
more than $143,000. The cost comparison used data from 
RS Means, Open Shop Building Construction Cost Data 
(Waier, 2003); this particular edition was selected for ease 
of cost comparisons with other SMC bridge schemes with 
documented cost information.

COMPARISON TO STEEL BRIDGES  
USING OTHER SMC CONCEPTS

The most commonly used SMC scheme is one in which the 
steel bridge girders are encased in concrete diaphragms at 
the piers; based on all available data, this design appears 
to have been developed by researchers at the University 
of Nebraska. The Nebraska researchers based their use 
of a concrete diaphragm for this scheme on the existing 
Nebraska Department of Roads standards (NDOR, 2001) 

Table 2. Comparison of SMC to Fully Continuous Moments 

Bridge Type

Location

Span 1  
Interior, 
kip-ft

Spans 1 and 2 
Support,

kip-ft

Span 2  
Interior,
kip-ft

Spans 2 and 3 
Support,  

kip-ft

Span 3  
Interior,

kip-ft

SMC +2460 −1970 +2030 −1640 +2110

Fully continuous +2170 −2730 +1420 −2180 +1570

Table 4. Girder Cost Comparison Fully Continuous Bridge to SMC Bridge per Girder

Element Fully Continuous Simple-Made-Continuous

Girder $19,360 $14,790

Splice $2,000 0

SMC reinforcing $0 $2,580

Total cost $21,400 $17,400

Cost difference 23.0%

Table 3. Material Unit Costs

Material Unit Cost Units

Structural steel $2500 Ton

Girder splice (Azizinamini, 2014) $2000 Each

Epoxy-coated reinforcing steel $1685 Ton
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depth of the girders used on the Sprague Street bridge. As 
may be seen, the cost of a steel diaphragm is approximately 
5% more than of that of a cast-in-place diaphragm, which, 
in comparison to the total cost of the bridge, is negligible 
because for the bridges considered in the comparison, the 
diaphragms occur 77  ft on center or greater. Also, a con-
struction man-hour comparison is made between the two 
types of diaphragms and is shown in Table 6. As is evident, 
the number of man-hours per foot of diaphragm construc-
tion for the steel-diaphragm bridge is only 6% of that for 
the concrete-diaphragm bridge, which is notable because 
this would affect the total construction time involved to con-
struct the bridge. Also, for the concrete-diaphragm bridge, it 
was recommended that the concrete diaphragm be allowed 
to cure for 7  days (Azizinamini, 2014) prior to placement 
of the remaining one-third of the diaphragm and the bridge 
slab; this would not be the case with the scheme using steel 
diaphragms. Using steel diaphragms attached to full-height 
stiffeners will completely brace the top flange, whereas in 
the concrete-diaphragm scheme, the top third of the girder 
is effectively free to buckle until the concrete has attained 
some strength.

CONCLUSIONS

This article presented and discussed simple-made- 
continuous (SMC) bridges and, in particular, a scheme 
that uses steel diaphragms in lieu of concrete diaphragms 
for lateral and torsional restraint over the supporting piers. 
Based on physical testing, the original detail considered was 
found to have weaknesses in its compression load transfer 

used in the design of precast concrete girder SMC bridges 
without any other justification (Azizinamini, 2005). The use 
of the aforementioned scheme led to cracking at the ends of 
the concrete diaphragms; thus, in subsequent designs, gage 
metal steel plates were installed into the pier diaphragms 
during their construction to alleviate the cracking (Azizin-
amini, 2014).

The installation of the girder ends into a concrete dia-
phragm is not only a time-consuming process, but also 
requires additional construction time. Moreover, there are 
possible effects on the long-term performance of the con-
nection, specifically:

1. The diaphragm concrete may develop cracks at reentrant 
corners of the girder.

2. If cracks develop in the diaphragm, this may allow 
moisture to penetrate into the diaphragm, potentially 
causing freeze-thaw damage.

3. The girder ends and, particularly, the SMC transfer 
mechanism are not visible for periodic inspection.

A comparison of diaphragm construction costs was made 
between the two methods as the diaphragm construction for 
either scheme would not vary significantly (<5%) between 
different bridge girder spans as shown in Table  5. The 
bridges used for comparison are the bridge carrying Sprague 
Avenue over I-680  in Omaha, Nebraska (Sprague Street 
Bridge), and the bridge carrying Colorado State Highway 
36 over Box Elder Creek (Box Elder Creek Bridge). For bet-
ter comparison, the diaphragm beam size for the S.H. 36 
bridge was increased in size to better correspond with the 

Table 5. Cost Comparison—Concrete vs. Steel Diaphragm

Bridge Sprague over I-680 S.H. 36 over Box Elder Creek

Element Quantity Unit Cost Total Cost Quantity Unit Cost Total Cost

Formwork 69 SFCA $7.05 $486

Epoxy-coated 
reinforcing steel

0.09 ton $2545 $229

Cast-in-place 
concrete

3.5 CY $116 $371

Sheet steel plate 1.75 cwt $52.5 $92

End plates and 
welding

2 each $202 $404

W27×84 
diaphragms 

14.67 ft $70.6/ft $1036

Girder weld to sole 
plate

3 LF $12.75/LF $38 5 LF $12.75/LF $64

Total $1620 $1100

Diaphragm length 10.33 ft 7.33 ft

Cost/foot $157 $150
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mechanism; these weaknesses were addressed by using 
direct compression transfer plates. The SMC connection 
using steel diaphragms was shown to be quicker to construct 
than other current SMC schemes and more economical and 
faster to construct than fully continuous girder bridges. Also 
presented herein was a proposed design methodology based 
on research performed at Colorado State University.

The testing program described herein had several limi-
tations. The maximum applied load at each end was lim-
ited to 200 kips by the capabilities of the lab equipment, 
and thus, while several elements were taken beyond their 
capacity, more information would have been gained had the 
equipment been capable of loading the structure to yield 
the SMC reinforcing steel. Additionally, the application of 
more load may also provide additional information on the 
slab behavior. As noted earlier, further study of the shear 
lag phenomenon is recommended to evaluate the behavior 
of the SMC reinforcing bars acting with the shrinkage rein-
forcing to verify that they have the capability to prevent the 
center SMC bars from yielding. Also, while an SMC con-
nection using wedge plates for direct transfer of the com-
pression force is in service in Tennessee, wedge plates were 
not included in this test program. For these reasons, further 
study/testing encompassing the final connection configura-
tion presented herein is recommended to provide further 
validation of the proposed design equations.

The research described in this article provides prelimi-
nary evidence that a steel SMC connection based on steel 
diaphragms may be a competitive alternative to a steel SMC 
bridge with concrete diaphragms. Local labor, material, 
scheduling concerns and service conditions may contribute 
to making one alternative more attractive than the other. It is 
important that designers are aware of this potentially advan-
tageous alternative.
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INTRODUCTION

C astellated beams have been used since the 1940s (Zaar-
our and Redwood, 1996) because of their ability to 

offer wide and open spaces, reduce floor-to-floor heights, 
increase illumination, and improve aesthetic appeal. Engi-
neering advantages of castellated beams include superior 
load deflection characteristics, higher strength and stiffness, 
lower weight, and the ability to span up to 90 ft without field 
splicing. Also, the automation process has reduced the cost 
of their fabrication to the level where, for certain applica-
tions, they may be competitive with open-web steel joists 
(Zaarour and Redwood, 1996). Castellated beams have con-
sisted typically of hexagonal or octagonal openings, with the 
octagonal openings made possible by the addition of incre-
mental plates between the cut webs. Figure 1 illustrates an 

application of castellated beams with hexagonal openings. 
Another similar form is the cellular beam, which consists of 
circular web openings. Cellular beams have gained popular-
ity because of the aesthetic appeal they offer in architectur-
ally exposed surfaces. Some manufacturers have recently 
developed new opening shapes for castellated beams. For 
example, ArcelorMittal presented castellated beams with 
sinusoidal web openings, called the Angelina Beam (Wang 
et al., 2014). Durif and Bouchair (2013) performed an exper-
imental study on beams with such openings. Tsavdaridis and 
D’Mello (2011, 2012) investigated the behavior of castellated 
beams with novel, elliptically based web openings.

Castellated beams are subject to a variety of failure 
modes. Some of the typically investigated failure modes 
are flexural failure, shear failure, lateral-torsional buck-
ling, Vierendeel mechanism (Figure 2), web post buckling 
or yielding (Figure  3), local buckling, and welded joint 
rupture (Figure 4). Pure bending, shear and overall lateral-
torsional buckling are similar to the corresponding modes 
for solid-web beams and can be treated in an almost iden-
tical manner if the relevant geometric properties used are 
based on the reduced cross-section (Soltani et al., 2012). The 
failure modes that are specific to castellated beams are the  
Vierendeel mechanism, yielding or buckling of the web 
post, and fracture of the welded joint. The Vierendeel mech-
anism is likely to occur in castellated beams with large web-
opening lengths under high shear-to-moment ratio. Buckling 
of the web post can occur due to shear or compression. The 
buckling or yielding of the web post in shear occurs due 
to the combination of the shear force acting at mid-depth 
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of the web post with a double curvature bending moment 
over the height of the web post. The buckling of the web 
post in compression can occur when the web post is sub-
ject to concentrated forces. The horizontal shear force can 
also cause the fracture of the welded joint in the web post, 
especially in cases when the length of the welded joint is 
small. Local buckling may occur in three ways in castellated 
beams: (1) buckling of the compression flange, (2) buckling 
of the T-section in compression and (3) vertical instability of 
the sides of the web openings in high shear zones. Ellobody 
(2011, 2012) reports that additional failure modes may occur 
independently or interact with each other.

In many cases, castellated beams are subject to concen-
trated loads, such as a reaction from a column or a reaction 
from a supporting girder. The solution in situations like this 
is typically to provide a stiffener or filler plate (Figure 5) 
at such concentrated load locations to prevent the buck-
ling of the web post due to compression. However, both of 
these solutions require additional labor and, in the case of 
the filler plate, may defeat the aesthetic appeal offered by 
castellated beams. Additionally, if the advantages of auto-
mation are to be fully exploited, such strengthening details 
must be minimized. The purpose of this paper is twofold: 
(1) to investigate the limit state of web post buckling due to 

compression loads and (2) to quantify the enhanced capacity 
of the web post against concentrated loads when stiffeners 
are provided. This is accomplished by performing 30 non-
linear finite element analyses, which feature various loca-
tions of the concentrated force, castellated beams with and 
without stiffeners, and various web post height to thickness 
ratios. In this study, only castellated beams with hexagonal 
openings are investigated. Additionally, the hexagonal open-
ings feature a specific size relative to the total beam depth. 
A simplified approach, utilizing an effective web width, is 
proposed to aid engineers during the design process.

DESIGN METHODS

At present, there is not a generally accepted design method 
published in the form of a design guide for castellated 
beams—primarily because of the complexity of their behav-
ior and the associated modes of failure. Soltani et al. (2012) 
report that at the European level, design guidance given in 
Amendment A2 of Eurocode 3 (ENV, 1993): Annex N Open-
ings in Webs was prepared in draft format but was never 
completed (SCI, 2006). In the United States, while Design 
Guide 2 (Darwin, 2003) covers steel and composite beams 
with web openings, it is explicitly stated that castellated 
beams are excluded. Various design approaches exist for 
how to treat failure modes such as Vierendeel mechanism, 

Fig. 1. Application of castellated beams  
(Scherer Steel Structures, Inc.).

 (a) (b)

Fig. 2. Vierendeel mechanism caused by shear  
transfer through perforated web zone (Halleux, 1967):  

(a) overall view, (b) close-up view of castellation.

Fig. 4. Rupture of a welded joint (Halleux, 1967).

 (a) (b)

Fig 3. Web buckling: (a) shear compressive  
half-wave near a support; (b) flexural buckling below  

a concentrated load (Hosain and Spiers, 1973).
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fracture of a welded joint, and web-post buckling due to the 
horizontal shear and bending moments. Soltani et al. (2012) 
provide a summary of these design methods and propose 
a numerical model to predict the behavior of castellated 
beams with hexagonal and octagonal openings up to failure. 
Tsavdaridis and D’Mello (2011, 2012) performed an optimi-
zation study on perforated steel beams with various novel 
web-opening shapes through nonlinear finite element analy-
ses and an investigation on the behavior of perforated steel 
beams with closely spaced web openings. Zaarour and Red-
wood (1996) investigated the strength of castellated beams 
susceptible to web-post buckling due to horizontal shear and 
bending moments. Wang et al. (2014) examined the Vierend-
eel mechanism failure of castellated beams with fillet corner 
web openings.

One of the studies that addresses the resistance of castel-
lated beams against concentrated loads, in addition to the 
other modes of failure, is the one performed by Hosain and 
Spiers (1973), in which they tested 12  castellated beams 
with the objective of investigating the effect of hole geom-
etry on the mode of failure and ultimate strength of such 

beams. An attempt was made to study the phenomenon of 
web buckling due to compression and due to shear in the 
framework of existing approximate design methods of that 
time. Three beams failed prematurely due to web buckling, 
and they either had no stiffeners or partial-depth stiffeners 
below the concentrated loads. Buckling of the web posts pre-
vented these beams from reaching their maximum capacity. 
The method proposed by Blodgett (1966) was used to com-
pare the predicted capacity of the web post in compression 
with the experimentally obtained failure loads. Blodgett’s 
method treats the nonprismatic solid web as a column hav-
ing a length equal to the clear height of the hole, a width 
equal to the web weld length and a thickness equal to the 
web thickness (Figure 6). To calculate the effective column 
length (kl), k was assumed to be 1.0.

Kerdal and Nethercot (1984) reviewed previous studies on 
the structural behavior of castellated beams and identified 
a number of different possible failure modes. It was con-
cluded that both lateral-torsional instability and the forma-
tion of a flexural mechanism may be handled by an adaption 
of established methods for plain webbed beams, provided 

Fig. 5. Reinforcing techniques for castellated beams subject to concentrated loads.

Fig. 6. Simplified equivalent column approach for the investigation of the limit state of web post buckling in compression.
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that the cross-sectional properties are those corresponding 
to the centerline of castellation. It was also concluded that 
the methods available at that time for the determination of 
collapse in the other modes, while rather less accurate, were 
adequate for design except in the case of web post buck-
ling in compression. Kerdal and Nethercot state that while 
the web post could be considered to be a column having the 
depth of the hole and the area of the welded joint, there does 
not seem to be an agreement as to which effective length of 
the column to use. For example, an effective length factor 
of 0.75 was used in the study by the United Steel Co. Ltd. 
(1957). This was later (1962) reduced to 0.5 in a report by 
the same agency. Finally, Hosain and Spiers (1973) assumed 
the web posts to be pinned at both ends. Accordingly, one of 
the conclusions in the report by Kerdal and Nethercot is that 
no satisfactory method has been identified for the prediction 
of the load causing vertical buckling of the web post under 
a concentrated load or at a reaction point. As a result, this 
failure mode was reported as an area of uncertainty in the 
design of castellated beams, and there is a need to obtain a 
better idea as to what is the effective area of the column and 
its effective length.

In the light of this discussion, the investigation described 
in this paper was undertaken with the goal of investigating 
the capacity of castellated beams under concentrated loads 
using nonlinear finite element analysis and models that spe-
cifically address this condition by isolating the beam sec-
tions from the other modes of failure.

RESEARCH APPROACH

To investigate the capacity of castellated beams when they 
are subject to concentrated loads, five beam depths were 
selected (Table 1). Next to each castellated beam section is 
provided the original wide flange beam used to fabricate the 
castellated beams. These beams were selected such that they 
covered a wide range of depths so that the capacity of each 
section against concentrated loads, with and without stiffen-
ers, could be investigated. In cases when castellated beam 
sections feature stiffeners, the thickness of the stiffener was 

always 0.5  in. The web clear height to thickness ratios for 
these five beams range from 27.7 to 89.6. Table 2 provides 
a summary of the information used to define the geometry 
of the castellated beams. Each beam depth was subject to 
compressive loads at the top flange (Figure  7). The com-
pression load was applied in the form of a uniformly dis-
tributed load over the length of the castellated beam section 
under consideration. Three load locations were investigated: 
(A) centered over the web post, (B) centered over the hole, 
and (C) centered midway between the center of the hole and 
the center of the web post. These load positions are iden-
tified as A, B and C, respectively, and cover the potential 
concentrated load positions that castellated beams will be 
subject to. The castellated beam section lengths for each of 
these three load cases are provided in Table 1 together with 
the aspect ratio between the section length, S, and the overall 
depth of the beam, dg. The top flange of the castellated beam 
specimens was restrained against translations in directions 
1 and 3 and against rotations about all three axes to simu-
late out-of-plane lateral bracing, the restraint provided by 
the rest of the beam, and the restraint provided by the slab 
or any other supported member. The top flange was free to 
translate in the vertical direction to accommodate the appli-
cation of the load. The bottom flange was restrained against 
all translations and rotations. The restraint provided by the 
continuation of the beam to the vertical edges of the webs 
was conservatively ignored, and these edges were modeled 
as free. As stated earlier, the five selected beams were inves-
tigated for the case when their webs are unreinforced and 
reinforced with full-height bearing stiffeners.

The concentrated loads were assumed to apply over the 
supports. This loading arrangement is believed to be the 
most critical for the limit state of web post buckling in com-
pression, compared to other cases when the concentrated 
loads are applied away from the supports. To demonstrate 
this, a simply supported castellated beam was analyzed once 
with a concentrated load applied at mid-span and another 
time with a concentrated load applied over the left support. 
Figure 8 illustrates the orientation and magnitude of prin-
cipal compressive stresses for both cases. When the load is 

Table 1. Investigated Castellated Beams (CB)

W Section CB Section hwcb/tw

Section Length (S**) (in.) Aspect Ratio (S/dg**)

A,* B* C* A,* B* C*

W8×40 CB12×40 27.7 11.5 5.75 1 0.50

W12×50 CB18×50 44.7 15.0 7.50 0.83 0.42

W16×50 CB24×50 62.0 19.0 9.50 0.77 0.39

W21×62 CB30×62 76.7 23.0 11.5 0.76 0.38

W27×84 CB40×84 89.6 30.0 15.0 0.74 0.37

*Load position (Figure 7). **See Table 2.
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applied at mid-span, the magnitude of the principal com-
pressive stresses in the region underneath the load is 10.6 
ksi at most. The orientation of the principal compressive 
stresses is vertical in the region immediately underneath the 
load and becomes more inclined and horizontal toward the 
bottom section of the beam. This is expected because the 
load is finding its way toward the supports. The maximum 
principal compressive stress occurs at the right support and 
is 14.4 ksi. When the load is applied over the left support, the 

magnitude of the maximum compressive stress is 14.1 ksi, 
which is higher than the magnitude of principal compressive 
stresses underneath the load when the load was applied at 
mid-span, even though the width of web post at mid-height 
of the beam section is higher than the width at mid-span. 
This demonstrates that the most critical loading condition as 
it pertains to the limit state of web post buckling in compres-
sion is when the load is applied directly over the support.

Table 2. Geometry of Investigated CBs

CB 
Section

e  
(in.)

b  
(in.)

dt  
(in.)

dg  
(in.)

tw 
(in.)

bf  
(in.)

tf 
(in.)

S  
(in.)

ho  
(in.)

h  
(in.)

Wo  
(in.)

Phi 
(deg)

CB12×40 4.0 1.75 2.50 11.5 0.375 8.125 0.563 11.5 6.50 3.25 7.50 61.70

CB18×50 4.5 3.25 3.25 18.0 0.375 8.125 0.625 15.0 11.375 5.75 10.75 60.27

CB24×50 4.5 5.00 4.00 24.5 0.375 7.125 0.625 19.0 16.50 8.25 14.50 58.81

CB30×62 6.0 5.50 6.00 30.0 0.375 8.250 0.625 23.0 18.00 9.00 17.00 58.54

CB40×84 7.0 8.00 6.50 40.5 0.438 10.00 0.625 30.0 27.375 13.75 23.00 59.74

Fig. 7. Investigated cases.
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Thirty nonlinear finite element analyses were performed 
to obtain failure loads for the investigated specimens and to 
propose a simple design methodology that is based on the 
concept of an effective web width.

FINITE ELEMENT ANALYSIS

The numerical simulations described in this paper were 
performed by using the commercially available finite ele-
ment analysis software Abaqus (Dassault Systemes, 2014). 
Because the primary goal of this investigation is the buck-
ling of the web under concentrated loads, flanges were mod-
eled as rigid bodies. The webs and stiffeners were modeled 
using S8R5 shell elements. The S8R5 element is a doubly 
curved thin-shell element with eight nodes, and it employs 
quadratic shape functions. The “5” in S8R5 denotes that each 
element has five degrees of freedom (three translational, 
two rotational) instead of six (three translational, three rota-
tional). The rotation of a node about the axis normal to the 
element mid-surface is removed from the element formula-
tion to improve computational efficiency (Moen, 2008). The 

“R” in the S8R5 designation denotes that the calculation of 
the element stiffness is not exact; the number of Gaussian 
integration points is reduced to improve computational effi-
ciency and avoid shear locking (Moen, 2008). This element 
is designed to capture the large deformations and through-
thickness yielding expected to occur during the out-plane 
buckling of the web post to failure. The size of the mesh was 
selected such that each element side did not exceed 0.5 in. 
in length and was determined based on results from con-
vergence studies to provide a reasonable balance between 
accuracy and computational expense. It was assumed that 
the self-weight of the specimens was negligible compared 
to the applied loads. Although the cross-sections were sym-
metrical about the major axis, it was necessary to model 
the full cross-section because the buckled shape could be 
nonsymmetrical.

The finite element model takes into account both mate-
rial and geometric nonlinearities. The structural steel was 
modeled using a bilinear stress-strain relationship based 
on coupon test data provided by Arasaratnam et. al (2011). 
The true stress versus true strain relationship is shown in 

(a)

(b)

Fig. 8. Orientation and magnitude of principle compressive stresses: (a) load near mid-span; (b) load over left support.
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Figure 9 and was input into Abaqus to define the limits of 
the Von Mises yield surface. Young’s modulus, E, was set at 
29,000 ksi, and Poisson’s ratio, ν, was set to 0.3. To initiate 
buckling, an initial, small, out-of-plane geometric imperfec-
tion—in the form of the first mode shape obtained from an 
eigenvalue buckling analysis—was imposed to the model. 
An Abaqus.fil file is created for each eigenbuckling analy-
sis, which is then called from the nonlinear.inp file with the 
*IMPERFECTION command. During the design phase, the 
imperfections are typically unknown and are accounted for 
in the design equations used to estimate the capacity of the 
members. They are usually used as general random quanti-
ties that can be rigorously treated by stochastic techniques 
(Soltani et al., 2012). In their investigation, Soltani and col-
leagues state that according to their knowledge, no consensus 
exists on maximum imperfection magnitudes for castellated 
beams even when the imperfection is in the shape of the low-
est eigenmodes. Two imperfection magnitudes were used in 
the study performed by Soltani et al.—dw/100 and dw/200, 
where dw is the clear web depth between the flanges—and 
it was shown that the model was not significantly affected 
by a change in the magnitude of the initial lateral deflection 
taken in the shape of the lowest buckling mode. Accord-
ingly, the magnitude of the initial imperfection employed in 
this study is hcbw/100 [where hcbw is the clear height of the 
web (see Table 2) and is the same as dw used by Soltani et 
al.]. Material nonlinearity is simulated in Abaqus with clas-
sical metal plasticity theory, including the assumption of a 
Von Mises yield surface. In this study, residual stresses are 
not considered.

The modified Riks method was used to determine the 
nonlinear response of the castellated beam section. The 
modified Riks method (i.e., *STATIC,RIKS in Abaqus), 

was developed in the early 1980s and enforces an arc length 
constraint on the Newton-Raphson incremental solution to 
assist in the identification of the equilibrium path at highly 
nonlinear points along the load-deflection curve (Crisfield, 
1981). The loads are applied uniformly along the length of 
the web and stiffeners when applicable. As stated earlier, top 
and bottom flanges were modeled as rigid bodies with refer-
ence nodes at the centroid of each flange (Figure 10). For 
each case, the vertical displacement at the reference node of 
the top flange and the reaction at the reference node of the 
bottom flange were recorded. The maximum vertical dis-
placement at the reference node of the top flange was typi-
cally limited to 2  in. because such a vertical displacement 
corresponded with loads that were much lower than the peak 
load and were well into the descending branch of the load 
displacement curve. A 2-in. vertical displacement provides 
the opportunity to investigate the full behavior to failure and 
determine the reserve capacity of the section once the peak 
load is achieved and the beam continues to deform. Also, 
when the vertical displacement is 2 in., the deformed config-
uration of the beam web can be clearly seen. Additionally, a 
2-in. vertical displacement helps examine the efficiency of 
various stiffener arrangements in terms of post–peak-load-
carrying capabilities.

To validate the modeling approach, the failure loads for 
seven beam tests performed by Chen and Oppenheim (1974) 
and Chen and Newlin (1973) were compared to the failure 
loads obtained from finite element analyses. The tests were 
performed on solid web beam sections, which were com-
pressed on both flanges until the web buckled. This load-
ing setup is similar to the loading condition described in 
this study for castellated beams. The results for these beam 
tests were used to develop the current AISC Specification 

Fig. 9. True stress-strain curve based on data from Arasaratnam et al. (2011).
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equation for the web compression buckling limit state in 
Section J10.5 (AISC, 2010). Additional information on the 
applicability of the AISC web-buckling provisions to the 
castellated beams is provided later in this paper. A sum-
mary of the experimentally obtained failure loads and 
those computed using finite element analysis is provided in 
Table 3. The average ratio between the peak load obtained 
from the tests and that obtained from finite element analyses 
is 1.06. This suggests that the modeling approach used in 
this study provides reliable results with respect to being able 
to predict the buckling capacity of the web.

RESULTS

Figure 10 shows the first buckled mode shapes for CB12×40 
when it is unreinforced and reinforced with stiffeners. As 
expected, the first buckled mode shape for the unreinforced 
cases is a typical out-of-plane buckling of the castellated 
beam web. For the reinforced cases, the first buckled mode 
shape featured a combination of web and stiffener buckling 
for load cases A and C and only web buckling for load case 
B. This was due to the fact that although the stiffener in load 
case B was located such that it aligned with the center of 
the load, the web post was the weakest element, and it buck-
led first. This behavior is similar to local buckling when, 
in a given cross-section, one element is more susceptible to 
buckling than the rest of the elements.

Figure 11 shows the deformed shape at simulated failure 
for all five cases investigated using CB12×40. As stated ear-
lier, simulated failure corresponds to a vertical displacement 
of 2 in. in the reference node of the top flange. As expected, 
in all cases, the deformed shape at failure is an exaggeration 
of the first buckled mode shape. Even for load case B when 
the section is reinforced with a stiffener, due to deforma-
tion compatibility, the stiffener is eventually engaged in the 
resistance against the applied load. It should be noted that 
because the stiffeners could only be minimally attached to 

the web for load position B, the stiffener buckled in a flex-
ural mode. For load position A, the stiffeners were fully 
attached to the web, which resulted in a buckling mode that 
featured translation and rotation.

Figure 12 illustrates the uniform load versus vertical dis-
placement relationship for all investigated cases. Five graphs 
are presented, with each graph illustrating the results per-
taining to each castellated beam section. The uniform load 
is obtained by dividing the reaction obtained at the reference 
node of the bottom flange with the section length provided 
in Table 1. This was done to make a consistent comparison 
among all three load cases considered, given that the cas-
tellated beam section length for load case C is half of that 
considered in load cases A and B. The vertical displacement 
is obtained at the reference node of the top flange, and the 
analysis was typically stopped when this value reached 2 in. 
As can be seen, all three unreinforced cases behaved simi-
larly, and the load displacement curves are almost identical. 
This is expected and intuitive because the effective section 
resisting the applied load per unit length is the same. The 
peak uniformly distributed loads for each case are summa-
rized in Table 4. It can be observed that for all cases, the 
peak load decreases as the section depth increases. This is 
also expected and intuitive because the higher the unbraced 
length against buckling the lower the peak load.

The presence of stiffeners increases significantly the 
capacity of the castellated beam sections against concen-
trated loads. In almost all cases, the highest resistance is pro-
vided by load case C when it is reinforced with a stiffener. 
This is due to the fact that even though the section length 
and the applied load were both half of those considered in 
cases A and B, the stiffener size was kept constant. Accord-
ingly, reinforced load case C benefited relatively more from 
the presence of the stiffener. It can also be observed that 
the slope of the descending branch of the load displacement 
curve is smaller in reinforced load case A compared to rein-
forced load cases B and C. This occurs because, for load 

Table 3. Comparison of Web Compression Buckling Capacities

Case  
No. Reference Section

Ptest 
(kips)

PFEA  
(kips)

(Test)P
Ratio =

P (FEA fixed)
ult

ult

1 Chen & Oppenheim (1974) W10×30 90 81 1.11

2 Chen & Oppenheim (1974) W10×39 253 232 1.09

3 Chen & Newlin (1973) W12×27 64 59 1.09

4 Chen & Oppenheim (1974) W12×30 61 64 0.95

5 Chen & Newlin (1973) W12×45 166 146 1.14

6 Chen & Newlin (1973) W12×45 260 274 0.95

7 Chen & Oppenheim (1974) W12×45 168 153 1.10

Average 1.06

021-044_EJQ117_2015-15R.indd   28 12/6/16   5:01 PM



ENGINEERING JOURNAL / FIRST QUARTER / 2017 / 29

case A, the stiffener was placed where it was needed the 
most, which is at the center of the web post. The center of 
the web post in all three cases is the section that is most 
susceptible to web buckling.

The uniformly distributed load applied to the castellated 
beam sections was also normalized with respect to the uni-
formly distributed load that causes yielding at the smallest 
cross-section along the height of the web (mid-height of 
web) to investigate the efficiency of the sections in resisting 
the applied load (Figure 13). Figure 13 suggests that as the 
sections get deeper, the effect of web slenderness becomes 
more pronounced in the unstiffened castellated beams. Also, 
in all stiffened cases and load position A, the failure load is 
equal to or slightly higher that the yield load, which once 
again highlights the efficiency of the stiffener for this load 

position. The reason the failure load is slightly higher than 
the yield load in some cases is attributed to strain hardening.

In all cases, the presence of the stiffeners enhances the 
capacity of the section significantly. Stiffened cases with 
load position C yielded lower ratios than those with load 
position A but higher ratios than those with load position B. 
This again suggests the relative inefficiency of the stiffener 
location for load position B. The lower normalized values 
for the peak load obtained for load position B are partially 
attributed to the fact that the stiffener was only minimally 
attached to the web at the top and bottom portions of the 
beam. As mentioned earlier, this led to a flexural buckling 
mode for the stiffener about its minor axis. In contrast, for 
load position A, the stiffener was fully attached to the web, 
which positively influenced its efficiency in resisting the 
applied load.

Fig. 10. First buckled mode shape for CB12×40.

Fig. 11. Deformed shape at failure for CB12×40.

Table 4. Uniformly Distributed Failure Load, wn (kip/in.)

Load 
Position

CB12×40 CB18×50 CB24×50 CB30×62 CB40×84

No 
Stiffener Stiffener

No 
Stiffener Stiffener

No 
Stiffener Stiffener

No 
Stiffener Stiffener

No 
Stiffener Stiffener

A 6.8 28.5 3.7 23.3 2.3 17.4 1.8 16.9 1.6 16.0

B 6.5 23.0 3.6 17.7 2.2 12.9 1.8 9.4 1.5 5.0

C 6.5 46.7 3.6 35.9 2.2 24.0 1.8 22.0 1.5 15.9
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The total reaction that corresponded with the peak load 
obtained at the reference point of the bottom flange was com-
pared with the predicted nominal strength of an equivalent 
solid web beam section calculated based on AISC Specifi-
cation Section J10 (Table 5) (AISC, 2010). Only the unrein-
forced sections were included in this comparison, and only 
articles J10.2 (web local yielding), J10.3 (web crippling) and 
J10.5 (web compression buckling) were considered because 
the investigated sections were adequately braced against 
out-of-plane translations at the top and bottom flanges. The 
web local yielding provisions (Eqs. 1 and 2) apply to both 

compressive and tensile forces of bearing and moment con-
nections. These provisions are intended to limit the extent of 
yielding in the web of a member into which a force is being 
transmitted (AISC, 2010). The bearing length, lb, in all cases 
was taken equal to the section length (Table 1), and k was 
taken as zero because the fillet between the web and the 
flange was not included in the finite element model. The web 
crippling provisions (Eqs. 3, 4 and 5) apply only to compres-
sive forces, which is consistent with the cases investigated 
in this study. Web crippling is defined as crumpling of the 
web into buckled waves directly beneath the load, occurring 

Fig. 12. Uniform load versus vertical displacement at the top of the web post. 
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in more slender webs, whereas web local yielding is yield-
ing of that same area, occurring in stockier webs (AISC, 
2010). The web compression buckling provisions (Eqs.  6 
and 7) apply only when there are compressive forces on both 
flanges of a member at the same cross-section, which is also 
consistent with the cases investigated in this study. Equa-
tion 6 is predicated on an interior member loading condition, 
and in the absence of applicable research, a 50% reduction 
has been introduced for cases wherein the compressive 
forces are close to the member end (Eq. 7) (AISC, 2010). 

Equation 6 was developed by Chen and Newlin (1973) dur-
ing a study on the column web-buckling strength in beam-
to-column connections. Equation 6 was derived by using the 
critical buckling stress of a square plate simply supported 
on all sides and by adjusting it to fit the results from the 
most critical test. Figure 14 shows the test setup. Because 
the investigation was focused on beam-to-column connec-
tions, Chen and Newlin state that from observations of the 
test results in the present and previous tests, it appears justi-
fied to assume that the concentrated beam-flange load acts 

 Fig. 13. Normalized uniform load versus vertical displacement at the top of the web post.
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on a square panel whose dimensions are dc × dc, where dc is 
the column web depth.

In all cases in which the load was assumed to be away 
from member ends, the limit state of web compression buck-
ling controlled, with the exception of C12×40 load case C, 
in which web local yielding controlled over the other limit 
states. When the load was assumed to be at member ends, 
the limit state of web compression buckling controlled in 
all cases. Accordingly, this was primarily an evaluation of 
the applicability of Equations  6 and 7. Equations  6 and 7 
are used to predict web compression buckling in solid web 
beams as a function of web thickness, tw, modulus of elas-
ticity, E, web yield stress, Fyw, and clear distance between 
flanges less the fillet, h. Because these equations were 
derived assuming that the load is applied over a length equal 
to the depth of the web, they do not distinguish between 
various load bearing lengths.

Equation  6 grossly overestimated the nominal strength 
of the castellated beam sections against concentrated loads 
when the loads were assumed to be away from the mem-
ber ends. This was expected for several reasons. Equation 6 
was developed for solid web beams and does not take into 
consideration the presence of the holes. Additionally, in the 
cases investigated in this study, the restraint provided by the 
continuation of the castellated beam to the web on both sides 
(if applicable) was conservatively ignored, whereas in the 
derivation of Equation 6, the square web panel was assumed 
to be simply supported on all sides. Also, the aspect ratio 
between the loaded length and member depth was, at best, 
1.0 (Table  1). The combination of lower than 1.0 aspect 
ratios between the loaded length and the depth of the castel-
lated beam, especially for load position C, and the fact that 
no restraint was assumed on the sides of the beam, resulted 
in computed capacities lower than those predicted by AISC 
equations for web compression buckling.

When the load was assumed to be at member ends (Eq. 7), 
the prediction improved, especially for load cases A and B. 
This is also expected because when the load is applied at 
member ends, the restraint provided by the continuation of 
the castellated beam to the web applies only to one end, and 
it represents more closely the boundary conditions used in 
this study. For load case C, the equation still grossly overes-
timated the strength of the castellated beam sections because 
it does not take into account the shorter loaded length and 
the lower aspect ratios.

The average between the peak load obtained from nonlin-
ear finite element analysis and that obtained from the AISC 
web buckling provisions, assuming that the load is at mem-
ber ends, was 1.16 for load position A and B and 0.57 for 
load position C.

Web Local Yielding
 Away from member ends

 Rn = Fywtw(5K + lb) (1)

 At member ends

 Rn = Fywtw(2.5K + lb) (2)

where
 tw = web thickness, in.
 Fyw = web yield stress (59 ksi)
 k =  distance from outer face of the flange to the web 

toe of the fillet, in.
 lb = length of bearing, in.

Web Local Crippling
 Away from member ends
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where
 E = modulus of elasticity (29,000 ksi)
 d = full nominal depth of the section, in.
 tf = thickness of flange, in.

Fig. 14. Test setup used by Chen and Newlin  
to investigate web-buckling strength (1973).
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Web Compression Buckling

 Away from member ends

 
=R

t EF

h

24
n

w yw
3

 
(6)

 At member ends

 
=R

t EF

h

12
n

w yw
3

 
(7)

where
 h = clear distance between flanges less the fillet

PROPOSED SIMPLIFIED APPROACH

The results from nonlinear finite element analyses were 
used to calculate an effective web width for castellated 
beams with and without bearing stiffeners. For cases in 
which the castellated beams had no stiffeners, the web post 
was treated as a rectangular column with a height equal to 
the clear height of the web (hwcb) and an effective width (beff) 

Table 5. Comparison of Predicted Failure Loads

Load
Position

FEA* 
(kips)

AISC** (kips) Ratio = FEA/AISC

Away from 
Member Ends At Member Ends

Away from
Member Ends At Member Ends

CB12×40

A 77.8 172.6 86.3 0.45 0.90

B 74.6 172.6 86.3 0.43 0.86

C 37.2 127.2*** 86.3 0.29 0.43

CB18×50

A 56.0 105.3 52.7 0.53 1.06

B 54.6 105.3 52.7 0.52 1.04

C 27.2 105.3 52.7 0.26 0.52

CB24×50

A 43.1 73.8 36.9 0.58 1.17

B 41.7 73.8 36.9 0.57 1.13

C 20.8 73.8 36.9 0.28 0.56

CB30×62

A 42.3 59.6 29.8 0.71 1.42

B 41.0 59.6 29.8 0.69 1.38

C 20.4 59.6 29.8 0.34 0.68

CB40×84

A 47.1 69.2 34.6 0.68 1.36

B 45.1 69.2 34.6 0.65 1.30

C 22.5 69.2 34.6 0.33 0.65

Average of A and B 1.16

Average of C 0.57
* Nominal capacity computed from nonlinear finite element analysis.
** Nominal strength calculated based on AISC Specification Sections J10.2, J10.3 and J10.5. Typically governed by J10.5 (web compression buckling unless 

otherwise noted).
*** Governed by web local yielding.

(Figure 15) that was calculated using an iterative procedure 
such that the axial load capacity of the rectangular column 
matched that calculated from finite element analyses of the 
corresponding castellated beam section. The nominal axial 
strength of the rectangular column was calculated using 
AISC Specification Section E3 (2010) and was determined 
based on flexural buckling of the effective portion of the 
web. The rectangular column was assumed fixed at both 
ends and braced against out-of-plane translations at both top 
and bottom flanges.

For cases in which the castellated beams featured trans-
verse stiffeners, the web post was treated as a column with 
a cruciform cross-sectional shape consisting of the web and 
the stiffeners (Figure  15). The effective width of the web 
(beff) was again calculated iteratively such that the nomi-
nal axial strength of the column with the cruciform cross-
sectional shape calculated based on AISC Specification 
Sections E3 and E4 (2010) matched with the peak load cal-
culated from finite element analyses of the corresponding 
castellated beam section. In this case, the nominal strength 
of the equivalent column section was always controlled by 
the torsional buckling mode. The column with the cruciform 
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cross-sectional shape was assumed fixed at both ends and 
braced against out-of-plane translations at both top and bot-
tom flanges.

The calculated effective widths for unstiffened and stiff-
ened cases are provided in Table 6 for all CB sections con-
sidered. These effective web widths will allow the engineer 
to check the limit state of web post buckling due to compres-
sion by treating unstiffened webs as rectangular columns and 
stiffened webs as columns with a cruciform cross-sectional 
shape. The nominal strength of these equivalent columns 
can then be calculated based on the AISC Specification 
(2010). The equivalent rectangular column can be designed 
in accordance with AISC Specification Section E3, and the 
equivalent column with the cruciform cross-sectional shape 
can be designed in accordance with Sections E3 and E4. In 
this approach, the effects of local buckling for the cruci-
form cross-sectional shape need not be considered because 
the effective width was computed to match the results from 
nonlinear finite element analysis, which account for local 
buckling effects. The height of the equivalent columns is 
taken equal to clear height of the web (hwcb) of the castel-
lated beam. This height is different from that used in design 
approaches proposed by other investigators (Blodgett, 1966; 

United Steel Co. Ltd., 1957, 1962; Hosain and Spiers, 1973), 
in which the height of the column was taken equal to clear 
height of the hole. After examining the deformed shapes 
of the castellated beam sections at simulated failure, it was 
decided to take K equal to 0.5. Table 6 provides a summary 
of the effective web widths for all the investigated cases.

For the unstiffened cases, the effective width typically 
increases as the castellated beam depth increased. Also, for 
the stiffened cases and load position A, the effective width 
increased as the section depth increases; however, for load 
positions B and C, there was no direct relationship between 
the increase in depth and the magnitude of the effective web 
width.

In most unstiffened cases, the calculated effective width 
is greater than the minimum width of the castellated beam 
web post e (Table 7). For all stiffened cases and load position 
A the effective widths are always greater than e. For stiff-
ened cases in which load position B was investigated, the 
effective width was always smaller than e, and for stiffened 
cases and load position C, the effective width was greater 
than e for C12×40, C18×50 and C24×50 and smaller than 
e for C30×62 and C40×84. The reason the effective width 
was smaller than e in some of the stiffened cases is attrib-
uted to the fact that the loads obtained from nonlinear finite 
element analyses include the effects of local buckling, and 
the proposed approach was developed such that the engineer 
would only have to check the global buckling of the equiva-
lent column shapes. The results provided in Table 7 suggest 
once again that the stiffeners in load case B are not placed 
in the optimal position because the buckling of the web post 
occurs prior to the efficient engagement of the stiffeners.

To complement the proposed simplified approach, an 
additional investigation was carried out in which the effec-
tive width, beff, was taken equal to the minimum width of 
the web post, e (i.e., beff = 1.0e), and the nominal capaci-
ties calculated using the proposed simplified approach were 
compared with those obtained from finite element analyses 
(FEA). Table 8 provides a summary of the results. Assuming 
that beff = 1.0e generally resulted in conservative estimates of 
the nominal load capacity for web post compression buckling 
for the unstiffened cases. The average of the ratios between 
the predicted capacity using the simplified approach and 
the computed capacity using FEA was 0.87. For CB12×40 

Table 6. Effective Web Width beff (in.) (K = 0.5)

Load 
Position

CB12×40 CB18×50 CB24×50 CB30×62 CB40×84

No 
Stiffener Stiffener

No 
Stiffener Stiffener

No 
Stiffener Stiffener

No 
Stiffener Stiffener

No 
Stiffener Stiffener

A 4.29 5.63 4.24 7.48 5.28 7.74 7.93 12.17 10.36 13.28

B 4.11 2.37 4.14 2.63 5.11 2.70 7.68 2.11 9.91 1.86

C 2.05 2.58 2.06 2.84 2.55 2.30 3.82 2.58 4.94 2.38

Fig. 15. Equivalent rectangular and cruciform column sections.
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and CB18×50, this assumption led to rather accurate results 
for the unstiffened cases. However, as the castellated beam 
depth increased, this assumption led to more conservative 
results for castellated beams with no stiffeners.

For castellated beams with stiffeners and load position 
A, assuming that beff = 1.0e resulted in conservative esti-
mates. For stiffened cases and load position B, this assump-
tion always led to estimates that were higher than those 

Table 7. Comparison of Effective Web Width with Minimum Width of Web Post (K = 0.5)

Section Stiffener
Load 

Position beff* (in.) e** (in.)
Section Width 

(S**) (in.) Ratio = beff/e

CB12×40

No

A 4.29 4.00 11.5 1.07

B 4.11 4.00 11.5 1.03

C 2.05 2.00 5.75 1.03

Yes

A 5.63 4.00 11.5 1.41

B 2.37 4.00 11.5 0.59

C 2.58 2.00 5.75 1.29

CB18×50

No

A 4.24 4.25 15 1.00

B 4.14 4.25 15 0.97

C 2.06 2.125 7.5 0.97

Yes

A 7.48 4.25 15 1.76

B 2.63 4.25 15 0.62

C 2.84 2.125 7.5 1.34

CB24×50

No

A 5.28 4.50 19 1.17

B 5.11 4.50 19 1.14

C 2.55 2.25 9.5 1.13

Yes

A 7.74 4.50 19 1.72

B 2.70 4.50 19 0.60

C 2.30 2.25 9.5 1.02

CB30×62

No

A 7.93 6.00 23 1.32

B 7.68 6.00 23 1.28

C 3.82 3.00 11.5 1.27

Yes

A 12.17 6.00 23 2.03

B 2.11 6.00 23 0.35

C 2.58 3.00 11.5 0.86

CB40×84

No

A 10.36 7.00 30 1.48

B 9.91 7.00 30 1.42

C 4.94 3.50 15 1.41

Yes

A 13.28 7.00 30 1.90

B 1.86 7.00 30 0.27

C 2.38 3.50 15 0.68

* See Figure 7.
** See Table 2.

computed from FEA. For stiffened cases and load position 
C, the results varied. For the first three castellated beams, 
the assumption led to rather accurate estimates, and for the 
last two, it led to estimates that were higher than those com-
puted from FEA. In general, assuming that beff = 1.0e serves 
as a good starting point to create a general idea for the capac-
ity of the web post in compression, with the exception of the 
stiffened cases for load position B and the two deeper beam 
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Table 8. Comparison of Predicted and Computed Strengths for the Web Post Buckling Limit State

Section Stiffener
Load 

Position beff = 1.0e* (in.)
Pns

(kips)
PnFEA (FEA)

(kips)
Ratio =

Min (Pns/PnFEA)

CB12×40

No

A 4.00 72.5 77.8 0.93

B 4.00 72.5 74.6 0.97

C 2.00 36.3 37.2 0.98

Yes

A 4.00 289.5 327.3 0.89

B 4.00 289.5 264.2 1.10

C 2.00 248.9 268.6 0.93

CB18×50

No

A 4.25 56.1 56.0 1.00

B 4.25 56.1 54.6 1.03

C 2.125 28.1 27.2 1.03

Yes

A 4.25 289.7 349.4 0.83

B 4.25 289.7 264.9 1.09

C 2.125 247.6 269.2 0.92

CB24×50

No

A 4.50 36.7 43.1 0.85

B 4.50 36.7 41.7 0.88

C 2.25 18.4 20.8 0.88

Yes

A 4.50 272.9 331.4 0.82

B 4.50 272.9 245.5 1.11

C 2.25 216.8 228.0 0.95

CB30×62

No

A 6.00 32 42.3 0.76

B 6.00 32 41.0 0.78

C 3.00 16 20.4 0.79

Yes

A 6.00 319.8 388.8 0.82

B 6.00 319.8 215.3 1.49

C 3.00 265.5 253.4 1.23

CB40×84

No

A 7.00 32 47.1 0.68

B 7.00 32 45.1 0.71

C 3.50 16 22.5 0.71

Yes

A 7.00 387.6 481.1 0.81

B 7.00 387.6 151.1 2.57

C 3.50 315.8 237.7 1.33

Average unstiffened
Average stiffened

0.87

1.13
* See Table 2 (for load position C, e is half of the value in Table 2).

sections. More accurate estimates can be obtained by using 
the reported effective width values provided in Table 6. 

An example is provided to illustrate the application of 
the proposed simplified approach. The example features a 
CB30×62 that supports a composite roof slab and several 
stub columns. The CB cantilevers over two column supports. 

The location of the stub columns and support columns was 
intentionally chosen as a variable to illustrate the variety of 
loading conditions that a CB may be subject to. Addition-
ally, column sizes and the corresponding base plates and cap 
plates were chosen to cover the range of loading conditions 
that was investigated in this paper.
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DESIGN EXAMPLE

Given: 

The CB30×62 shown in Figure 16 is used to support a portion of the roof slab, two stub columns supporting a mechanical unit 
and two canopy columns providing shelter for the mechanical unit. The worst-case factored reactions and concentrated loads are 
provided in Figure 16. The top flange is braced by the roof slab, and discrete braces are provided at the bottom flange at concen-
trated loads and reaction points. Assume that the yield stress for the CB is Fy = 50 ksi and that the modulus of elasticity is E = 
29,000 ksi. Determine whether stiffeners should be provided in the castellated beam at concentrated loads and reaction points.

Solution:

Reaction 1 (R1 = 60 kips)

Using load position A without a stiffener, select the effective width from Table 6 (beff = 7.93 in.) Check the web of the castellated 
beam as a rectangular column fixed at both ends per AISC Specification Section E3 (2010).

Calculate section properties:

( )
( )

= −
= −

= =

L d t

L h

2

30 in. 2 0.625 in.

28.75 in. clear distance between �anges

g f

wcb

( )( )

=

=

=

I b t
1

12
1

12
7.93 in. 0.375 in.

0.035 in.

rec eff w
3

3

4

( )( )
=
=

=

A b t

7.93 in. 0.375 in.

2.97 in.

rec eff w

2

=

=

r
I

A

0.11 in.

rec

rec

Calculate elastic critical buckling stress and slenderness ratio:

( )
( )

=
π

⎛
⎝

⎞
⎠

=
π

⎛
⎝⎜

⎞
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=

F
E
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0.5 28.75 in.
0.11 in.

16.8 ksi

e

2

2

2

2

( )
=

= > = =

KL
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E

F

0.5 28.75 in.

0.11 in.
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50 ksi
113.43

y
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Calculate the flexural buckling stress, nominal and available compressive strength:

( )
=
=
= < =

F F

F

0.877

0.877 16.8 ksi

14.7 ksi 50 ksi

cr e

y

( )( )
=

=

=

P F A

14.7 ksi 2.97 in.

43.7 kips

n cr g

2

( )ϕ =
= < =

P

P

0.9 43.7 kips

39.3 kips 60.0 kips Stiffeners are required.
n

u

Provide 2-in. transverse stiffeners, and check the enhanced capacity of the web. Using load position A with stiffeners, select the 
effective width from Table 6 (beff = 12.17 in.). Check the web of the castellated beam as a column with a cruciform cross-sectional 
shape fixed at both ends per AISC Specification Sections E3 and E4 (2010).

Calculate section properties:

= −
=

b b t

7.875 in.
s f w

( )( )

=

=

=

I t b
1

12
1

12
0.375 in. 12.17 in.

56.3 in.

x w eff
3

3

4

Fig. 16. Example of castellated beam subject to concentrated loads.
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Calculate elastic critical buckling stress:
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Calculate buckling stress, nominal and available compressive strength:
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( )φ =
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Again, 2-in. stiffeners on each side of the castellated beam web provide adequate strength to prevent the limit state of web post 
compression buckling.

Reaction 2 (R2 = 80 kips)

Using the same procedure, provide 2-in. stiffeners on each side of the castellated beam web.

Concentrated Load P1 = 35 kips, P2 = P3 = 15 kips

Using the same procedure, no stiffeners are required.

Concentrated Load P4 = 40 kips

In this case, the concentrated load aligns with the column reaction. Because the column reaction is higher, the necessity for 
stiffeners was determined based on the column reaction, and it was concluded that stiffeners were required.

021-044_EJQ117_2015-15R.indd   40 12/6/16   5:01 PM



ENGINEERING JOURNAL / FIRST QUARTER / 2017 / 41

CONCLUSIONS

The research presented in this paper addressed the need for 
a design method to estimate the nominal capacity of cas-
tellated beams against concentrated loads as it pertains to 
the limit state of web post buckling in compression. The 
other limit states summarized in the Introduction—such 
as flexural failure, shear failure, lateral torsional buckling, 
Vierendeel mechanism, local buckling, buckling of the web 
post due to shear and fracture of a welded joint—should 
each be checked as described in the provided References so 
that the overall safety of the castellated beam in question is 
ensured. This investigation dealt with a loading condition 
in which the load is applied over a support. This was done 
to specifically study the limit state of web post buckling in 
compression. It was demonstrated that this loading condi-
tion represents the worst-case scenario with respect to the 
limit state of web post buckling in compression and that 
other conditions in which the load is away from the supports 
can be conservatively checked using the simplified approach 
presented herein.

Five castellated beam section depths were considered, 
which cover a wide range of the available depths. For each 
section three load cases were considered: (A) center of load 
aligns with the middle of web post, (B) center of load aligns 
with the center of the hole, and (C) center of load aligns with 
a point halfway between the center of web post and center 
of hole. For each load position, two cases were considered: 
one without a stiffener and one with a full-height stiffener. 
This resulted in a total of 30 cases, which were investigated 
using nonlinear finite element analyses that accounted for 
geometric and material nonlinearities, including the effect 
of initial imperfections.

The peak loads obtained from the analyses of unstiffened 
cases were compared with AISC Specification (2010) provi-
sions for flanges and solid webs with concentrated forces. 
Only Sections J10.2, J10.3 and J10.5 were considered for 
comparison because the castellated beam sections were 
assumed to be adequately braced for out-of-plane trans-
lations at the top and bottom flanges. When the load was 
considered to be away from member ends, AISC provisions 
for solid web beams grossly overestimated the capacity of 
the sections under consideration. This was expected for sev-
eral reasons. Equation 6 was developed for solid web beams 
and does not take into consideration the presence of the 
holes. Additionally, in the cases investigated in this study, 
the restraint provided by the continuation of the castellated 
beam to the web on both sides (if applicable) was conserva-
tively ignored, whereas in the derivation of Equation 6, the 
square web panel was assumed to be simply supported on 
all sides. Also, the aspect ratio between the loaded length 
and member depth was, at best, 1.0 (Table  1). When the 
load was assumed to be at member ends (Eq. 7), the predic-
tion improved, especially for load cases A and B. This is 

also expected because, when the load is applied at member 
ends, the restraint provided by the continuation of the beam 
to the web applies only to one end, and it represents more 
closely the boundary conditions used in this study. For load 
case C, the equation still grossly overestimated the capac-
ity of the castellated beam sections because it does not take 
into account the shorter loaded length and the lower aspect 
ratios. The average between the peak load obtained from 
nonlinear finite element analysis and that obtained from the 
AISC Specification web buckling provisions, assuming that 
the load is at member ends, was 1.16 for load position A and 
B and 0.57 for load position C. It was pointed out that the 
current equations in the AISC Specification in Section J10.5 
for checking the limit state of web compression buckling 
in wide flange beams do not distinguish between various 
load-bearing lengths. This shortcoming is currently being 
addressed as part of another study.

A simplified approach was presented for checking the 
limit state of web post buckling in compression, which con-
siders the web of a castellated beam as an equivalent col-
umn whose height is equal to the clear height of the web. 
This simplified approach assumes that the top and bottom 
flanges are adequately braced against out-of-plane transla-
tions. For the unstiffened cases, the equivalent column has 
a rectangular cross-section whose thickness is equal to the 
thickness of the web, and the width can be determined based 
on the effective width values presented in this paper. This 
equivalent rectangular column can be checked using AISC 
Specification provisions in Section E3 (AISC, 2010). For 
the stiffened case, the equivalent column has a cruciform 
cross-sectional shape that consists of the beam web and the 
stiffener. The width of the castellated beam web that can 
be used to determine the capacity of the column can be 
determined based on the effective width values presented in 
this paper. The equivalent column with a cruciform cross-
sectional shape need only be checked for global buckling 
using the provisions of AISC Specification in Sections E3 
and E4 because the effects of local buckling were included 
in the calculation of the effective web width. A K value 
equal to 0.5 is recommended based on an examination of the 
deformed shapes of castellated beam sections at simulated 
failure. It was demonstrated that taking beff = 1.0e provided a 
rather accurate estimate of the load capacities for CB12×40 
and CB18×50, and a conservative estimate for the rest of the 
castellated beams examined. It was also demonstrated that 
beff = 1.0e taking for all stiffened cases and load position A 
resulted in conservative estimates for the web post buckling 
capacity. The estimated capacity for stiffened cases and load 
position B based on this assumption was always higher than 
that computed from FEA. The results for stiffened cases and 
load position C varied.

The capacity of the unstiffened beams against concen-
trated loads, as it relates to the limit state of buckling of the 
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web post in compression, ranged from 1.5 kip/in. to 6.8 kip/
in., assuming that the load was applied over a distance equal 
to the spacing of the holes for load cases A and B and half 
the distance between the holes for load case C. These capac-
ities were significantly increased when the castellated beam 
sections were reinforced with stiffeners, and they ranged 
from 5 kip/in. to 47 kip/in.

The results presented in this paper can be used to deter-
mine the requirement for stiffeners in castellated beams to 
prevent the buckling of the web post due to compression. 
Physical testing of castellated beam sections subject to com-
pression loads similar to the tests performed by Chen and 
Oppenheim (1974) and Chen and Newlin (1973) should be 
conducted to complement the results obtained from the ana-
lytical work presented in this study.

Recommendations for Other Cases

The results presented in this paper can be directly applied 
in cases where the castellated beam sizes match those 
investigated herein. For other cases, the following practi-
cal approaches are recommended unless a finite element 
study is undertaken. For unstiffened castellated beams that 
are properly braced against out-of-plane translations at the 
top and bottom flanges, the effective web width, beff, for all 
loading cases considered can be taken equal to e (minimum 
width of the web post) because, in all investigated cases, the 
calculated effective width was typically larger than e. In the 
CB18×50 case, for load positions B and C, the ratio beff/e 
was slightly smaller than one (0.97); however, such a small 
difference is inconsequential given the level of accuracy 
considered in structural design. Additionally, it was demon-
strated that taking beff = 1.0e provided a rather accurate esti-
mate of the load capacities for the CB12×40 and CB18×50 
and a conservative estimate for the rest of the castellated 
beams examined. As discussed in the previous sections, the 
height of the equivalent rectangular column can be taken 
equal to hwcb, and K can be taken equal to 0.5. Additionally, 
if a more accurate estimate is desired, interpolation between 
the reported effective widths may be used for castellated 
beams that fall between CB24×50 and CB40×84 for the 
unstiffened cases.

For stiffened cases and load position A, Figure 13 sug-
gests that the capacity for the limit state of web compression 
buckling can be based on the yield strength of the section 
at mid-height of the web. Additionally, it was demonstrated 
that taking beff = 1.0e for all stiffened cases and load posi-
tion A resulted in conservative estimates for the web post 
buckling capacity.

For stiffened cases and load positions B and C, a ratio-
nal comparison between the case in question and the cases 
investigated in this paper can be used to arrive at a reason-
able conclusion.
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INTRODUCTION

R esearch on the cyclic behavior of W14 columns under 
high axial load and seismic drift for braced frame 

applications has been conducted by Newell and Uang 
(2008). For special moment frame (SMF) design, however, 
designers prefer to use deeper columns (e.g., W24 to W36 
sections) to satisfy code-enforced story-drift limits. Because 
the cross-section element and member slenderness ratios are 
significantly high for deep columns, this class of columns is 
prone to various forms of local and global buckling that may 
impair their lateral drift capacity and gravity load-carrying 
strength. Unfortunately, minimal experimental research is 
available to support the seismic design or assessment provi-
sions in AISC 341 (AISC, 2010a) and ASCE 41 (ASCE, 2013) 
for these deeper columns. To fill this gap, NIST developed a 
comprehensive research plan to study the seismic behavior 
and design of the wide-flange structural steel beam-column 

members (NIST, 2011). The plan included studies at the 
member, subassemblage and system levels. The first step 
in implementing this plan was to experimentally evaluate 
the cyclic behavior of plastic hinges in deep columns. Test 
results will then be used by NIST to validate computational 
models and to improve seismic design provisions for these 
types of columns. This paper presents observations from 
this test series. A detailed report of the testing program and 
data will be released in the future. Evaluation of the test data 
and their impact on seismic design and assessment provi-
sions is ongoing.

TEST SETUP AND SPECIMENS

Twenty-five W24 specimens were subjected to three differ-
ent levels of constant axial load combined with cyclic story-
drift demands; see Table 1 for the test matrix—only 21 of 
the 25 tests are presented in this paper. Five wide-flange 
sections were selected in order to cover a wide range of 
element slenderness ratios for flange local buckling (FLB) 
and web local buckling (WLB). The use of lighter sections 
(W24×84 and W24×55) also widened the range of member 
slenderness ratios for lateral-torsional buckling (LTB) and 
weak-axis flange buckling (FB). Figure 1 shows a compari-
son of the flange and web width-to-thickness ratios to the 
seismically compact limits prescribed in AISC 341. The 
limiting width-to-thickness ratios for highly ductile (λhd) 
and moderately ductile (λmd) elements are also shown in 
Figure 1. For FLB,
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 E F0.3hd yλ =  (1a)

 E F0.38hd yλ =  (1b)

and for WLB when C P Pa c y= ϕ  is larger than 0.125,

 C0.77 2.93 1.49hd a( )λ = − ≥E Fy E Fy  (2a)

 C1.12 2.33 1.49hd a( )λ = − ≥E Fy E Fy  (2b)

In Table 1, the unbraced length, L, is also normalized by 
Lhd and ry, respectively, where

 Lhd = 0.086ryE/Fy (3)

Note that Lhd is the limiting unbraced length for beams, 
but not columns, for a SMF in AISC 341. Specimens were 
designated “L,” “M” and “H” to represent low (Ca = 0.2), 
medium (Ca = 0.4), and high (Ca = 0.6) axial load levels, 
respectively. Only one specimen (2Z) was tested without any 
axial load. Pseudo-static cyclic lateral displacement used for 
testing followed that specified in Section K2.4b of AISC 341 
(2010a) for the majority of column specimens. Two speci-
mens (2L-P and 6L-P) were tested monotonically, one for 

Table 1. Test Matrix

Group 
No. Shape

Specimen 
Designation

Normalized Slenderness Column Axial Load

Bending 
Direction

2tb
λ

rf

hd

th
λ

w

hd

L
Lhd

L
ry Ca

P
(kips)

1 W24×176
1L
1M
1H

0.67
0.57
0.61
0.66

1.42 71.1
0.2
0.4
0.6

465
931

1396

Strong axis

2 W24×131

2Z
2L

2L-P
2M
2H

0.93

0.66
0.70
0.70
0.76
0.82

1.46 72.7

0.0
0.2
0.2
0.4
0.6

0
347
347
693

1040

3 W24×104
3L
3M
3H

1.18
0.85
0.91
1.00

1.49 74.2
0.2
0.4
0.6

276
551
826

4 W24×84
4L
4M

0.81
0.91
0.98

2.22 110.8
0.2
0.4

222
445

5 W24×55
5L

5LM
5M

0.81
1.08
1.12
1.26

3.23 161.2
0.2
0.3
0.4

146
219
292

6 W24×131
6L

6L-P
6H

0.93
0.70
0.70
0.82

1.46 72.7
0.2
0.2
0.6

347
347

1040
Weak axis

7 W24×131 7M 0.93 0.76 1.46 72.7 0.4 693 Biaxial axis

8 W24×131 8M 0.93 0.76 1.46 72.7 0.4 693
Strong axis, 
Near-fault

strong-axis and the other one for weak-axis bending. Speci-
men 7M was tested with biaxial bending, and specimen 
8M was tested by using a near-field loading protocol. Each 
specimen was 18 ft long with 3-in.-thick base plates welded 
at each end. ASTM A992 (ASTM, 2012) steel was specified 
for the column specimens. The material properties obtained 
from tensile coupon tests are summarized in Table 2.

The overall view of the test setup is shown in Figure 2. 
Testing was conducted in the Seismic Response Modifi-
cation Device (SRMD) Test Facility at the University of 
California, San Diego. As shown in Figure 2, beam-column 
specimens were tested in a horizontal position with one end 
attached to a strong wall fixture, while the other end was 
attached to a reaction block on the shake table. Both ends 
of the column specimens were welded to the end plates with 
complete-joint-penetration (CJP) welds. All specimens were 
tested with presumed fixed-fixed boundary conditions; lat-
eral drift data presented in this paper have been adjusted 
for rotational flexibility in the boundary conditions (Ozkula 
and Uang, 2015). For a typical test, the target axial load was 
first applied to the specimen and held constant. Then the 
pseudo-static cyclic drift, computed as the AISC specified 
story-drift angle multiplied by the column length (=18  ft), 
was applied to the moving end of the specimen.
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DATA REDUCTION

In the following presentation, the story-drift ratio (SDR) is 
defined as the imposed lateral displacement, Δ, divided by 
the column length, L. Assuming an inflection point at the 
mid-height of the column, the end moment including the P-Δ 
effect is computed as

 
M VL P

1

2
( )= + Δ

 
(4)

where V is the measured lateral load (i.e., column shear) and 
P is the measured axial load. End moment can be normal-
ized by either the plastic moment, Mp, or the reduced plastic 

Table 2. Steel Tensile Coupon Test Results

Shape Component
Yield Stress

(ksi)
Tensile Strength

(ksi)
Elongation*  

(%)

W24×176
Flange
Web

52.5
58.5

81.8
82.5

38.1
38.0

W24×131
Flange
Web

50.8
55.4

75.9
77.7

38.4
35.4

W24×104
Flange
Web

51.5
58.1

78.0
80.6

36.5
31.3

W24×84
Flange
Web

51.3
58.8

77.6
80.2

36.2
31.0

W24×55
Flange
Web

53.7
59.8

71.5
74.3

38.0
32.4

* Based on a 2-in. gage length.

moment, Mpc. Reduced moment can be computed using 
Equation  5(a) for strong-axis and Equation  5(b) for weak-
axis bending.

 
M

P

P
M M1.18 1pc

y
p p= −

⎛
⎝⎜

⎞
⎠⎟

≤
 

(5a)

 

M
P

P
M M1.19 1pc

y
p p

2

= −
⎛
⎝⎜

⎞
⎠⎟

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

≤
 

(5b)

The measured yield stresses were used to compute these 
strengths.
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Fig. 1. Comparison of width-to-thickness ratios. Fig. 2. Test setup.
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EXPERIMENTAL RESULTS

Group 2: W24×131 Specimens

The flanges and webs of group 2 specimens are classified 
as highly ductile. This group with five specimens (2Z, 2L, 
2LP, 2M, 2H) served as the reference group for comparison 
with the response of the other groups. To evaluate the effect 
of axial load, 2Z without an axial load was included in this 
group. This “beam” specimen was able to reach 7% drift 
without any strength degradation before one flange fractured 
near the weld access hole. Local buckling of the flanges 
and web in the plastic hinges was minimal. By increasing 
the level of axial force for the remaining specimens, local 
buckling of the flanges and web in the plastic hinges at the 
member ends became more significant. The lateral load ver-
sus story-drift ratio (SDR) responses in Figure 3 show that 
increasing the axial force level reduced the plastic moment, 

triggered local buckling at a lower drift, accelerated strength 
degradation in the post-yield region, and reduced the energy 
dissipation and deformation capacities. For example, local 
buckling was visible during 3% drift cycles for specimen 
2L (Ca = 0.2), but local buckling was visible for specimen 
2H (Ca = 0.6) at 0.75% drift cycles. Other than experiencing 
local buckling at both ends, the specimens showed no sign 
of global buckling (either FB or LTB).

Specimen 2L was cyclically tested up to 4% drift only. 
To evaluate the axial capacity of a flexurally yielded col-
umn, after unloading the lateral load, the specimen was then 
axially compressed in its residual position to axial failure. 
The specimen eventually experienced out-of-plane FB at 
1500 kips. Assuming an effective length factor, K, of 1.0 and 
using a member length equal to the distance between the 
two plastic hinges (i.e., severely buckled regions, 187 in. = 
0.86L), the expected compression strength per AISC 360 
(AISC, 2010b) is 1465 kips, which correlates well with the 

 Specimen 2Z Specimen 2L Specimen 2M Specimen 2H

Specimen 2Z Specimen 2L Specimen 2M Specimen 2H (a) Deformed configuration
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(b) Lateral load vs. story-drift ratio

(c) Normalized end moment vs. normalized story drift

Fig. 3. Group 2 (W24×131 section): Failure mode and hysteresis response.
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measured value. To evaluate the cyclic loading effect, one 
extra specimen, 2L-P, was monotonically loaded to 4% drift, 
and this “pushover” response is compared with the back-
bone curve for specimen 2L in Figure 12(b).

Group 1: W24×176 Specimens

The flange and web of group 1 specimens are more compact 
than group 2 specimens. It was expected that more ductility 
could be developed from these specimens and the extent of 
local buckling would be less. However, testing showed that, 
unexpectedly, LTB was the dominant failure mode.

It was shown that specimen 2L started to show local 
buckling at 3% drift. The stockier section of specimen 1L 
delayed local buckling to 4% drift (see Figure 4). Note that 
the yielded length of this group of specimens was longer 
when compared with those of the other groups. By having 
a more compact section, the onset of local buckling was 
delayed, and it allowed more strain hardening to occur; see 
Table 3 for the cyclic strain hardening ratios (Mmax/Mpc). The 
larger moment developed at the column ends resulted in a 

longer yielded length, wherein the Young’s modulus was 
reduced drastically (see Figure 5). Therefore, the compres-
sive flanges of the column were more prone to LTB. This 
illustrates the effect of cross-section compactness on the 
plastic hinge length, which in turn can influence the buck-
ling mode.

By doubling the axial load for specimen 1M, local buck-
ling started earlier, at 2% drift; the local buckling pattern at 
both ends of the column was antisymmetric. Long yielded 
zones at the column ends triggered the same LTB mode like 
specimen 1L. Tripling the axial load for specimen 1H pro-
duced local buckling at 1% drift, and the local buckling pat-
tern at both ends of the column was symmetric. Long yielded 
lengths also triggered LTB, but high axial load together with 
the symmetric local buckling pattern caused the column to 
experience FB.

In summary, all three specimens first showed local 
buckling but eventually failed in global buckling. The 
yielded lengths were the longest among all groups tested 
due to the stockier cross-section. Specimen 1H showed 

Fig. 5. Comparison of yielded length.

 (a) Yielding and buckling pattern  (b) West end (c) East end

Fig. 4. Specimen 1L: Deformation at column ends (7% drift).
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single-curvature FB, probably because the local buckling 
patterns at both ends were symmetric. Specimens 1L and 
1M had antisymmetric local buckling patterns, and both 
failed in an S-shaped (double-curvature) LTB mode. Fig-
ure 6 shows the failure mode and hysteresis response of all 
three specimens.

Group 3: W24×104 Specimens

The webs of group 3 specimens are classified as highly 
ductile, and the flanges are classified as moderately ductile. 
All three specimens in this group experienced FLB first, 

which then interacted with WLB. Significant local buckling 
occurred at high drift levels or when the axial load was high, 
which was accompanied by considerable column shorten-
ing. No global buckling was observed. Depending on the 
direction of local buckling at member ends, one end at the 
buckled region might move out-of-plane in one direction, 
while the other end moved in either the same or opposite 
direction, thus causing the column segment in between to 
twist slightly as a rigid body. However, this deformation was 
not the result of global buckling. Figure 7 shows the failure 
mode and hysteresis response of all three specimens.

 Specimen 1L Specimen 1M Specimen 1H

Specimen 1L Specimen 1M Specimen 1H 
(a) Deformed configuration
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(b) Lateral load vs. story-drift ratio

(c) Normalized end moment vs. normalized story drift

Fig. 6. Group 1 (W24×176 section): Failure mode and hysteresis response.
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 Specimen 3L Specimen 3M Specimen 3H

Specimen 3L Specimen 3M Specimen 3H (a) Deformed configuration
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(b) Lateral load vs. story-drift ratio

 

(c) Normalized end moment vs. normalized story drift

Fig. 7. Group 3 (W24×104 section): Failure mode and hysteresis response.
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Group 4: W24×84 Specimens

The flanges of group 4 specimens are classified as highly 
ductile, and the webs are classified as highly ductile for low 
axial load but otherwise moderately ductile. Specimen 4L 
(Ca = 0.2) experienced brittle fracture near the weld access 
hole at 2% drift. It was decided not to test the specimen orig-
inally planned for high axial load (4H) so that testing of 4L 
could be repeated. Although the slenderness ratio for LTB 
of this group of specimens was about 50% higher than those 
of the first three groups, the specimens did not fail in LTB 

or FB. Instead, local buckling dominated the responses. 
Compared to groups 1 and 2 specimens, the larger width-to-
thickness ratios of the webs caused the specimens to buckle 
along the entire depth of the webs, which in turn triggered 
local buckling of both flanges at each end. The direction of 
local buckling at one end of the column was reversed from 
that at the other end. Therefore, both specimens failed in 
a double-curvature configuration. Because local buckling 
developed along the full section depth, axial shortening was 
significant. Figure 8 shows the failure mode and hysteresis 
response for both specimens.

 Specimen 4L  Specimen 4M

Specimen 4L Specimen 4M (a) Deformed configuration

 

(b) Lateral load vs. story-drift ratio

 
(c) Normalized end moment vs. normalized story drift

Fig. 8. Group 4 (W24×84 section): Failure mode and hysteresis response.
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Group 5: W24×55 Specimens

Three specimens were planned for this group. After test-
ing 5L (Ca = 0.2) and 5M (Ca = 0.4), it was observed that 
the measured ductility capacity was small. Instead of test-
ing the last specimen (5H) at the high axial load (Ca = 0.6), 
it was decided to test it with an intermediate Ca value of 
0.3; the specimen was designated as 5LM. The slenderness 
ratio for LTB was 2.2 times that of the group 2 specimens. 
The flanges are classified as highly ductile, and the webs did 
not meet the highly ductile requirement; specimen 5L was 

below, 5LM was practically at and 5M exceeded the limiting 
value for a moderately ductile web.

With little sign of local buckling, specimen 5L experi-
enced LTB during the 1.5% drift cycles. Alternating load-
ing caused the same (south) flange to buckle in the same 
(upward) direction. The deformation amplitude was sig-
nificant at 2% drift before the test was stopped. Figure 9(a) 
shows that LTB caused the middle portion of the column to 
tilt about its longitudinal axis. Local buckling was observed 
at one end, but it was triggered by LTB. Specimens 5LM 

 Specimen 5L Specimen 5LM Specimen 5M

Specimen 5L Specimen 5LM Specimen 5M 

  

(a) Deformed configuration

(b) Lateral load vs. story-drift ratio

(c) Normalized end moment vs. normalized story drift

Fig. 9. Group 5 (W24×55 section): Failure mode and hysteresis response.
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and 5M also showed LTB first at lower drift levels. But 
specimen 5M turned to FB about the weak axis during the 
fourth negative excursion to 0.75% drift. Specimen 5LM 
also turned to the same FB mode but at a slightly higher 
(1%) drift level. The failure mode and hysteresis response 
are shown in Figure 9.

Group 6: W24×131 Specimens

Specimens from groups 6 and 2 had the same shape and 
material properties, except that the former specimens were 
subjected to weak-axis bending. Specimen 6L was tested 
up to 7% drift. As expected, LTB was not a concern for 

weak-axis bending. But local buckling observed in the nom-
inally identical specimen 2L did not occur in specimen 6L, 
and the specimen performed in a ductile manner. Because 
the AISC Specification compactness requirement for wide-
flange sections does not distinguish between strong- and 
weak-axis bending, testing of specimen 6L clears shows that 
the AISC Specification compactness criterion for weak-axis 
bending is very conservative. Upon unloading the lateral 
load, it was decided to monotonically compress the column 
in order to evaluate the residual axial load capacity. The 
specimen failed by weak-axis flexural buckling at an axial 
load of 1627 kips. After observing the stable response of 

 Specimen 6L Specimen 6L-P Specimen 6H

Specimen 6L Specimen 6L-P Specimen 6H 
(a) Deformed configuration

(b) Lateral load vs. story-drift ratio

(c) Normalized end moment vs. normalized story drift

Fig. 10. Group 6 (W24×131 section): Failure mode and hysteresis response.
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specimen 6L, it was decided to triple the axial load and test 
specimen 6H. Under high axial load, minor web and flange 
buckling at both ends developed. The test was stopped at 4% 
drift due to the significant P-Δ effect; the lateral resistance 
practically diminished at this drift level.

To evaluate the cyclic loading effect, it was then decided 
to laterally load the third specimen (6L-P) to 7% drift in 
order to generate a monotonic response for comparison with 
the backbone curve of specimen 6L. Thereafter, the speci-
men was subjected to the AISC loading protocol in a reverse 
sequence from 7% drift to evaluate the loading sequence 
effect. As shown in Figure 10, the sequence of loading did 
not affect the failure mode nor the strength of the column. 
But the post-buckling negative stiffness was reduced some-
what when the AISC loading protocol was applied in a 
reverse sequence.

ANALYSIS OF TEST RESULTS

Backbone Curves and Member Overstrength

The backbone curve of each cyclically loaded specimen was 
derived from the first cycle of each story-drift level (ASCE, 
2013) as shown in Figure 11(a). The backbone curves of each 
of the six groups in Figure 12 show that the level of axial 

load significantly affected both the strength and plastic rota-
tion capacity of the columns.

It was observed from the behavior of group 1 specimens 
that significant strain hardening could alter the failure mode 
and trigger global buckling mode. The cyclic strain harden-
ing ratio is evaluated as the ratio between the maximum end 
moment and the reduced plastic moment, Mpc, in Equation 
(5a). The ratios thus computed are listed in Table 3.

Plastic Rotation Capacity

The plastic rotation, θp, can be evaluated from the backbone 
curve by the procedure shown in Figure 11(b). The plastic 
rotation capacity, Rp, is then computed as

 
Rp

T y

y

p

y
=
θ − θ

θ
=
θ
θ  

(8)

Figure 13(a) shows the effect of axial force level on the 
plastic rotation of six groups of specimens. The weak-axis 
specimens (group 6) delivered the highest plastic rotations. 
Under strong-axis bending, the slenderness ratios for both 
local and global buckling in addition to axial force level had 
a significant effect on the plastic rotation capacity. Assuming 
that a beam-to-column connection in an SMF is expected to 
achieve a story-drift angle of 0.04 radian, taking the elastic 

Table 3. Member Overstrength and Rotational Capacity

Specimen
Mmax  

(kip-ft) Mmax/Mpc

θyc 
(×0.01 rad)

θp 
(×0.01 rad) Rp

1L 3148 1.39 0.61 3.99 6.54

1M 2423 1.38 0.50 2.42 4.84

1H 2010 1.43 0.38 1.15 3.03

2Z 2327 1.41 0.63 4.95 7.98

2L 1655 1.12 0.60 2.91 4.85

2M 1430 1.13 0.49 1.07 2.18

2H 1084 1.10 0.37 0.28 0.76

3L 1262 1.03 0.62 2.82 4.55

3M 880 0.99 0.50 0.96 1.92

3H 779 1.03 0.38 0.68 1.79

4L 1039 1.05 0.63 2.85 4.52

4M 897 1.12 0.51 1.32 2.59

5L 599 1.02 0.69 0.60 0.87

5LM 594 1.03 0.63 0.26 0.41

5M 494 1.00 0.61 N.A. N.A.

6L 454 1.15 1.78 5.68 3.19

6L-P 406 0.93 1.79 5.61 3.13

6H 337 1.14 1.74 3.49 2.00
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 (a) Group 1: W24×176 section (b) Group 2: W24×131 section

 (c) Group 3: W24×104 section (d) Group 4: W24×84 section

 (e) Group 5: W24×55 section (f) Group 6: W24×131 section

Fig. 12. Comparison of backbone curves.

 (a) Backbone curve (b) Rotation capacity

Fig. 11. Definition of backbone curve and rotation capacity.
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 (a) Plastic rotation vs. Ca (b) Plastic rotation capacity vs. Ca

Fig. 13. Plastic rotation and plastic rotation capacity.

component as 0.01 radian, the plastic rotation demand would 
be 0.03 radian. Figure 13(a) shows that the majority of deep 
column specimens failed to deliver this rotation.

The plastic rotation capacities of the deep, slender W24 
columns tested in this research program can be compared 
with those of the stockier W14 columns tested by Newell 
and Uang (2008); these W14 columns had a bf/2tf ratio up 
to 7.2 and a h/tw ratio up to 17.7. Taking a W14×233 col-
umn specimen (bf/2tf = 4.62 and h/tw = 10.7) under cyclic 
axial loading with a peak Ca value of 0.6 for example, local 
buckling was limited even for a drift up to 0.08 rad. In-plane 
plastic hinging developed at both ends of the column, and 
the plastic rotation capacity reached 15, much higher than 
those of the W24 columns tested in this test program.

Axial Shortening

With the presence of a constant axial force, most of the col-
umn specimens showed significant shortening after severe 
local buckling or global buckling occurred. The mea-
sured shortenings are summarized in Figure 14. Two plots 
are presented for each group. The first plot compares the 
shortenings at the end of each test. To show the effect of 
axial force level, the second plot compares shortenings at 
a given drift level; the effect of axial force level is obvious 
from these plots. Note that most of the nonlinear analysis 
software for performance-based seismic evaluation cannot 
model column shortening due to buckling. This effect on 
the margin against collapse at the system level remains to 
be investigated.

CONCLUSIONS

Based on the test results of 21 W24 column specimens sub-
jected to cyclic loading with varying levels of constant axial 
load, the following observations can be made:

1. The slenderness ratios for local buckling and LTB had a 
significant effect on the failure mode (local versus global 
buckling).

2. The level of axial load affected the plastic rotation 
capacity. Most of the strong-axis bending specimens were 
not able to deliver a plastic rotation of 0.03 radian (see 
Figure 13).

3. The presence of an axial load produced significant local 
buckling and axial shortening (see Figure 14).

4. Having a seismically very compact section with low 
width-to-thickness ratios may trigger LTB after local 
buckling occurs (see Figure  6 for the failure mode of 
group 1 specimens). The switch from local buckling 
to LTB was due to significant strain hardening, which 
extended the yielded length. From the viewpoint of 
post-earthquake, gravity load-carrying capacity, having a 
column experiencing in-plane plastic hinging with local 
buckling is more desirable than that experiencing global 
buckling of the member.

5. Specimens with weak-axis bending were ductile, showing 
little local buckling up to a very high drift level (see 
Figure  10). The AISC compactness requirement for 
W-shaped members with weak-axis bending is very 
conservative.

Because the number of tests conducted in this study was 
limited, more tests including those with different column 
depths have been planned to enhance the statistical sig-
nificance of the test database. Together with supplementary 
analytical studies, design recommendations on the appropri-
ate limiting cross-section element and member slenderness 
ratios for seismic design and assessment of steel moment 
frames will be provided at a later time.
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(a) Group 1 (W24×176 section)

(b) Group 2 (W24×131 section)

(c) Group 3 (W24×104 section)

(d) Group 4 (W24×84 section)

(e) Group 5 (W24×55 section)

Fig. 14. Column axial shortening.
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BACKGROUND

The exact solution for the load distribution in a long, 
bolted connection was developed by Fisher and Rumpf 

(1965) and reported by Kulak et al. (1987) and Tide (2012a). 
Because the load-deformation relationships for the bolts and 
plates must be known, it is not a practical solution for design 
purposes. Therefore, empirical solutions have been devel-
oped for bolted connections.

The current empirical shear strength of a high strength bolt 
(Tide, 2010) may be expressed by the following equation:

 Pn = Pu Ab R1R2R3 (1)

where
Pu = ultimate tensile strength of bolt, ksi
R1 = 0.625, shear-to-tension ratio
R2 =  0.90, initial connection length reduction factor for 

L ≤ 38 in.
 = 0.75, connection length reduction factor for L > 38 in.
R3 = 1.00, threads excluded from shear plane
	 = 0.80, threads included in shear plane
L = connection length between end bolt center lines, in.
Ab = nominal bolt area, in.2

The design shear values for ASTM A325 and A490 bolts 
are given in RCSC Specification Table 5.1 (RCSC, 2014). The 
design values for other fasteners, such as ASTM A307 bolts 
and threaded material, are given in the AISC Specification 

for Structural Steel Buildings, hereafter referred to as the 
AISC Specification (AISC, 2010), Table J3.2. In load resis-
tance and factor design (LRFD) terms, the design shear 
strength of a bolt is ϕRn, with ϕ = 0.75 and Rn = Pn. A step 
function with an 83.3% reduction exists at connection length 
equal to 38 in.

The design values are based on an extensive research pro-
gram conducted by the steel industry at the Fritz Engineer-
ing Laboratory at Lehigh University from the 1950s through 
the early 1970s. As was the custom at the time, the high-
strength bolts were fully pretensioned, and bolt threads were 
excluded from the shear plane. The test data were previously 
reported by Tide (2010, 2012a) in U.S. customary units and 
in S.I. dimensional units, respectively. The data are summa-
rized in the Guide to Design Criteria of Bolted and Riveted 
Joints (the Guide) by Kulak et al. (1987) and will not be 
repeated in this paper.

The test data have also been used to evaluate and com-
pare the bolt shear provisions of the Australian Code (Tide, 
2012b) and the Eurocode provisions as found in Comite 
Europeen de Normalization (CEN, 2003) and Tide (2012a, 
2014). Because the Canadian provisions (CSA, 2001, 2005) 
are similar to the Eurocode criteria, all of these provisions 
utilize a variable bolt diameter–dependent connection length 
factor instead of a step function, including an increase in 
unit strength with increasing bolt diameter.

CONNECTION TEST VARIABLES

All of the connections considered by Tide (2010) and in the 
Guide (Kulak et al., 1987) were loaded uniaxially to elimi-
nate second-order effects, the bolts were pretensioned, and 
the threads were excluded from the shear plane. Moore et al. 
(2010) recommended a resistance factor, ϕ, of 0.85, based 

Shear Capacity of High-Strength Bolts  
in Long Connections
RAYMOND H.R. TIDE

ABSTRACT

Current design codes reduce the shear strength of individual bolts to account for potentially uneven distribution of force among the bolts 
including a 0.75/0.90 (83.3%) step function at 38 in. Available test data indicate there is no justification for a bolt shear strength reduction, 
especially the step function, due to the length of connection, provided that second-order effects are limited and gross and net section areas 
slightly exceed the AISC Specification limits (2010). A practical, empirical solution is proposed that maintains a reliability, β, slightly greater 
than 4.0 for all connection lengths, using the current AISC resistance factor, ϕ, of 0.75.

Keywords: bolt shear, reliability, resistance factor, connection length.

Raymond H.R. Tide, Principal, Wiss, Janney, Elstner Associates, Inc. (WJE), 
Northbrook, IL. Email: rtide@wje.com

Paper No. 2015-20R

061-068_EJQ117_2015-20R.indd   61 12/6/16   5:02 PM



62 / ENGINEERING JOURNAL / FIRST QUARTER / 2017

on the results of approximately 1500 tests that indicated 
theoretical resistance factors of 0.81 and 0.87 produce a reli-
ability of 4 for the threads excluded and threads included 
conditions, respectively. This can be compared to the AISC 
resistance factor of 0.75. Empirical data indicate that bolts 
will be subjected to nearly uniform shear when designs 
comply with current Specification limit states. Bendigo et 
al. (1963) state:

But, experimental work with riveted connections9 has 
shown that successive yielding of the outer rivets pro-
duces a redistribution of load so that at failure a more 
uniform distribution exists than the elastic analysis 
indicates.

Reference “9” is the work presented by Davis et al. (1940). 
The Guide (Kulak et al., 1987), Section 5.2.6, pages 103 
and 104, indicates that nearly equal load distribution occurs 
when the ratio of the plate net section to the connector shear 
area is large. This was confirmed by the author when the 
referenced papers were reviewed relative to the connection 
failures in long connections.

TEST DATA

Tide (2010) compiled test data from 10 papers and reports: 
Bendigo et al. (1963), Fisher et al. (1963), Fisher and 
Kulak (1968), Fisher and Yoshida (1970), Foreman and 
Rumpf (1961), Kulak and Fisher (1968), Power and Fisher 
(1972), Rivera and Fisher (1970), and Sterling and Fisher 
(1965, 1966). Because of the various reporting formats 
and test parameters, the results were not directly compa-
rable. Instead, the published test ultimate shear strength of 
each connection was reduced to an average ultimate shear 
strength, PTEST, of a single connector, bolt or rivet, loaded 
on two shear planes (double shear). The predicted ultimate 
shear strength of the same connector was computed using 
appropriate single shear connector test data multiplied by 2, 
PPRED, for each lot of bolts or rivets.

The ratio PTEST/PPRED was then computed and entered 
into a database to compare the results with connection 
length as the only independent variable. Tide (2010, 2012a) 
presents the results, which are not repeated here. Though 
Tide included test results for Huck bolts and rivets, these 
fasteners are not considered in this paper.

The test data were then plotted as shown in Figure  1 
after being conditioned according to the AISC Specifica-
tion (2010) limit states of connection gross area and net area 
requirements, respectively. The specifications limit states 
were modified by a factor of 0.90. Development of these cri-
teria is found in Tide (2010, 2012a). Conditions for which 
both the gross area (Ag) and net area (An) limit states are 
satisfied—the PTEST/PPRED

 data—are shown as circles in 
Figure  1. The plotted data are in a nondimensional form, 

eliminating the variability of bolt diameter, material type 
and connection configuration. When only one of the limit 
states is satisfied, the data are shown as triangles. When nei-
ther limit state is satisfied, the data are shown as squares.

The data plotted in this form clearly indicate that when the 
connection gross and net area limit states were satisfied, all 
bolts in the connection were approximately equally loaded 
to their maximum shear capacity. As shown in the Appendix 
of Tide (2010), this load condition occurs when the gross 
area (Ag) and net area (An) comply with the following:

 Ag ≥ 0.47AsFu/Fyp (2)

and

 An ≥ 0.56AsFu/Fup (3)

where
Ag = connection plate gross area, in.2

An = connection plate net area, in.2

As = total effective bolt shear area, in.2

Fu = bolt ultimate tensile stress, ksi
Fyp = plate yield stress, ksi
Fup = plate ultimate tensile stress, ksi

This condition is implied when Figures  5.24 and 5.25 of 
the Guide (Kulak et al., 1987) are examined for large An/
As ratios.

It has been shown by Tide (2010, 2012a, 2012b, 2014) that 
bolt diameter, current rivet and bolt material, and current 
plate material grades do not influence the connection capac-
ity provided the specification limit states are satisfied. These 
limit states have been addressed when the plate material 
gross area, Ag, and net area, An, requirements were devel-
oped as shown in Equations 2 and 3, respectively. Therefore, 
these subjects will not be discussed further in this paper.

Ocel (2013) has addressed bolted and riveted connections 
designs in steel-framed bridges. A major effort of this work 
appears to address the gusset plates that connect the mem-
bers together. The report is essentially silent on the historic 
step function for long connections that deals with the bolt or 
rivet ultimate shear capacity regardless of applicable gross 
and net area limits in the connections.

It should be noted that once the number of bolts are cho-
sen for a particular connection that meet the gross and net 
area limit states, adding additional bolts to the connection 
has limited benefit. The failure mechanism location will 
change from the bolts and will subsequently occur in the 
connected material.

DATA CONDITIONING

A total of 119 connection tests were identified. Of these, 40 
tests were with rivets associated with the design and con-
struction of the San Francisco–Oakland Bay Bridge and 
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contained insufficient information to be included in this 
review. Of the remaining 79 connection tests, the connector 
distribution was 54 A325 bolts, 18 A490 bolts, 5 rivets and 
2  Huck bolts. Shingle connection data were also removed 
from the database. Furthermore, it was stipulated that con-
nection test results would only be considered provided that 
the limit states of gross area and net area were also satisfied. 
The statistical analysis was performed using the remaining 
7  A325 and 11  A490 bolted connections. Because of the 
many connection variables, the test data were reduced to 
a nondimensional form to limit the significance of all the 
variables. As a result, the connection length remained as the 
desired and predominate independent variable.

In the previous papers by Tide (2010, 2012a), all of the 
test results were included in the database. Test data that were 
significantly below the specification limit states were used 
to determine the connection reliability and related resis-
tance factor. Alternatively, Tide (2012b, 2014) chose the data 
whose test results mostly satisfied the gross area and net 
area limit states. As seen in Figure 2, the data were further 
divided into two distinct groups. The first group included 
nine test results having a connection length of 10.5 in. The 
second group included nine test results having connection 
lengths that varied from 21.0 in to 84.0 in. The relevant test 

results are given in Tables  1 and 2, respectively. The two 
data groups were separated because it was felt that the nine 
test results at 10.5 in. would unacceptably influence the reli-
ability calculations of the other nine test results having sig-
nificant variation in connection lengths.

REGRESSION ANALYSIS

Because the latter nine test data occurred over consider-
able connection lengths (L), the results can be combined 
using a regression analysis that represents the nine test data 
from which reliability analysis can be performed at discrete 
lengths. A linear least-square regression analysis produced 
the following relationship for PTEST/PPRED:

 PTEST/PPRED = 1.0637 − 0.00092L (4)

This linear regression analysis is graphically shown in 
Figure 2.

The negative slope to the regression line is small indicat-
ing that there is minimum variation in connection strength 
with connection length. Furthermore, the correlation coef-
ficient is nominally low, at −0.458 and would be expected as 
there are no test replicates in the nine test results.

Fig. 1. Test data plotted indicating limit state considerations.
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Table 1. Limit State Comparison for Compact Bolt Group Connections

Test 
No.

Bolt 
Type

Bolts in 
Line

D
(in.)

L
(in.)

P
P

Test

Pred

Ag

(in.2)
Agl

(1)

(in.2) Ag/Agl

An

(in.2)
Anl

(2)

(in.2) An/Anl

1 A325 4 18 10.5 1.001 13.0 8.3 1.52 8.07 7.8 1.04

2 A325 4 18 10.5 1.012 13.8 8.3 1.66 8.9 7.8 1.14

3 A325 4 18 10.5 1.005 14.5 8.3 1.75 9.66 7.8 1.24

4 A325 4 18 10.5 1.010 15.4 8.3 1.86 10.5 7.8 1.35

5 A325 4 18 10.5 1.022 16.3 8.3 1.96 11.4 7.8 1.46

11 A490 4 1 10.5 1.020 13.9 9.6 1.45 9.58 9.0 1.06

12 A490 4 1 10.5 1.012 14.6 9.6 1.52 10.3 9.0 1.14

13 A490 4 1 10.5 0.994 15.2 9.6 1.58 10.9 9.0 1.21

14 A490 4 1 10.5 1.006 16.0 9.6 1.67 11.6 9.0 1.29

Mean 1.009 1.663 1.214

Standard deviation 0.009 0.169 0.137

(1) Agl = 0.90AsFub/Fyp

(2) Anl = 0.90AsFub/Fup

Fig. 2. Regression analysis of test data that satisfied both limit states.
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RELIABILITY

With the recommended shear strength design criteria estab-
lished, it is now possible to evaluate the test results in terms 
of LRFD procedures. The reliability index (β) is determined 
from Fisher et al. (1978):
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V V
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R Q
2 2
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+  

(5)

And the corresponding resistance, ϕ, is:

 

R

R
VEXP 0.55m

n
R
2( )ϕ = − β

 
(6)

where

ϕ = bolt shear resistance
R = mean resistance
Q = mean load effect
Vr = coefficient of variation for R
VQ = coefficient of variation for Q
Rm = mean test value
Rn = proposed connection length design criteria (R2)

In Equation 6, ϕ is dependent upon knowing β. Similarly, 
when the step-by-step procedures are followed to solve Equa-
tion 5, ϕ is required to solve for β. This dilemma is resolved 
by using the current AISC (2010) and RCSC (2014) speci-
fied resistance value, ϕ, of 0.75. The corresponding ϕ and β 
values for the nine tests at 10.5 in. and at three connection 

lengths of 38 in., 60 in. and 84 in. are given in Table 3. Two 
possible length reduction factors were chosen—initially, 
R2 = 0.90 was considered; subsequently, the reduction factor 
was eliminated or R2 was set equal to 1.0. The reliability, β, 
and resistance, ϕ, in Table 3 are based on a live to dead load 
ratio of 3. Both β and ϕ will slightly change as the live to 
dead load ratio changes.

The critical issues were the importance of connection 
strength and quasi-stiffness as the connections became lon-
ger. The relatively small change in β (Table 3) as the con-
nection length increases reinforces the small change in the 
value of PTEST/PPRED given by the linear-regression analysis 
in Figure 2.

When the computed values shown in Table  3 are com-
pared to the target β value of 4.0 and the resulting resistance, 
ϕ, compared to the specified value of 0.75, it can be con-
cluded, for connections that satisfy Equations 2 and 3, that 
there is no need to reduce the bolt shear strength because 
of connection length. With the reliability values higher than 
the target value (4.0) and resulting resistance greater than 
the assumed starting value (0.75), it can be considered that 
the test results demonstrate ample strength to accommodate 
small amounts of second-order effects.

SUMMARY AND CONCLUSIONS

A review of the historic research test data was made to deter-
mine bolt shear strength in terms of LRFD principles. Of the 
119 identified bolted connection tests only 18 tests—7 A325 
and 11 A490—satisfied the modified limit state require-
ments of gross and net area. These 18 tests were used in 

Table 2. Limit State Comparison for Dispersed Bolt Group Connections

Test 
No.

Bolt 
Type

Bolts in 
Line

D
(in.)

L
(in.)

P
P

Test

Pred

Ag

(in.2)
Agl

(1)

(in.2) Ag/Agl

An

(in.2)
Anl

(2)

(in.2) An/Anl

15 A490 7 d 21.0 1.041 9.56 7.2 1.33 7.66 6.6 1.16

6 A325 11 18 35.0 1.036 18.9 14.0 1.35 15.5 13.3 1.17

16 A490 13 18 42.0 1.049 28.6 22.1 1.29 23.7 20.0 1.19

9 A490 13 d 42.0 1.013 33.6 29.8 1.12 29.8 17.6 1.68

10 A325 13 d 42.0 0.988 29.8 25.7 1.16 26.1 14.8 1.76

17 A490 17 d 56.0 1.016 20.4 17.5 1.17 18.5 15.9 1.16

51 A490 13 d 63.0 1.051 33.8 30.0 1.13 30.0 18.7 1.61

18 A490 25 d 84.0 0.913 28.4 24.6 1.15 24.6 24.1 1.03

19 A490 25 d 84.0 1.035 37.6 26.6 1.41 33.7 24.1 1.40

Mean 52.1 1.016 1.234 1.351

Standard deviation 21.6 0.043 0.110 0.269

(1) Agl = 0.90AsFub/Fyp

(2) Anl = 0.90AsFub/Fup
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the statistical analysis. Recent tests reported by Moore et 
al. (2010) indicated that the reliability index (β of the shear 
strength of individual bolts was similar to that of plates and 
shapes reported in earlier literature. Based on other anec-
dotal information, there does not appear to be any justifica-
tion to change the current AISC/RCSC resistance (ϕ) unless 
all second-order effects are considered and addressed.

The commentary to the AISC Specification (AISC, 2010) 
indicates an implied reliability, β, of approximately 4.0 for 
connections. In comparison, manufactured main members 
typically have β of approximately 3.0 or slightly lower. 
Because the bolt itself is a manufactured product, there is 
some leeway as to what β is acceptable. As a practical mat-
ter, it is prudent to retain a computed reliability relatively 
close to or greater than the stated goal of 4.0, as shown in 
Table 3. This eliminates the need for detailed second-order 
analysis for routinely used connections. To accomplish this, 
the current resistance, ϕ, of 0.75 was used in the computa-
tions, although the resulting computations (Table  3) and 
research by Moore et al. (2010) indicate the resistance could 
be increased.

An unexpected result of the study was the realization that, 
under circumstances of sufficient or slightly increased code 
required connection strength, as manifested by the net area 
(An), and in conjunction with connection quasi-stiffness, as 
manifested by the connection gross area (Ag) in compari-
son to the total bolt shear area (As), there would be no need 
for a connection strength reduction R2 less than 0.90 with 
increasing length. The R2 factor could possibly even equal 
1.0. This condition exists when the inequalities expressed in 
Equations 2 and 3 are satisfied. Equation 2 is not exactly a 
stiffness criterion, but it indicates that the connection plates 
remain essentially elastic as the bolt ultimate shear strength 
is reached.

All of the test data represent uniaxial loaded connections 
with no second-order effects. In reality, many connections 
actually result in small amounts of unintended and unac-
counted for second-order effects. Although not explicitly 
stated, this phenomenon is partially addressed by the speci-
fications employing a slightly reduced resistance, ϕ, of 0.75 
as compared to the value obtained from single-bolt tests as 

reported by Moore et al. (2010).
As a result, it is probable that the current reduction factor 

of 0.90 for connection lengths less than or equal to 38  in. 
is slightly conservative, and the step function change to a 
reduction factor of 0.75 for connections greater than 38 in. 
is excessively conservative. Removing the connection length 
reduction factor, R2 = 1.0, would maintain a reliability, β, 
equal to or greater than 4.0 for all connection lengths. Bolted 
connections with obvious second-order effects would have 
to be properly addressed following LRFD principles.

The statistical study was based on ASTM A325 and A490 
bolts; however, limited studies indicate that similar results 
were obtained for rivets with no inconsistencies found. The 
connection plate material varied from relatively low-strength 
to high-strength steel. This would indicate that the proposed 
solution is applicable for other connectors and material, pro-
vided the specification limit states for gross area, Ag, and net 
area, An, are satisfied as well as Equations 2 and 3.
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