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INTRODUCTION

P ersonal fall arrest systems (PFASs) are a topic of great 
importance in the construction industry as well as rec-

reational facilities such as high ropes challenge courses. The 
Occupational Safety and Health Administration (OSHA) 
governs the design of such systems used by employees, and 
few engineers or lawyers would concede that any person 
in the same environment should have less protection sim-
ply because they are not employees. Many component parts 
of PFASs are readily available in high-quality, ready-made 
products, partly because the loads they are expected to sus-
tain and the way they are used have little variation from site 
to site, and their designs can be tested before manufacture. 
Such is not the case for a horizontal lifeline (HLL). Kits for 
constructing HLLs within certain limitations are commer-
cially available but are not for universal use. Some rely on 
proprietary components such as “impact attenuators” that 
make their analysis difficult. HLLs should be validated for 
use in the specific case before they are placed in service. 
The engineer responsible for the specification of HLLs may 
want to check the design of a proposed HLL or complete a 
design from scratch.

One publication by the Association for Challenge Course 
Technology (ACCT, 2012) referring to a PFAS using an 
HLL with a relatively short span (as opposed to a zipline) 
supported by guyed poles, states that “a single person may 
generate a vertical load up to 500 lbf (2.2 kN) under nor-
mal operating conditions” and goes on to analyze an HLL 
with 5% sag under the assumed arresting load. This HLL is 
similar to the one analyzed in Example 2 herein, where the 
calculated arresting force of 1.57 kip does not agree with the 
arresting force recommended in the ACCT standard.

In a field test performed on August 26, 2014 (Jacobs, pri-
vate correspondence), that used a plastic dummy filled with 
300 lb of steel ball bearings and water arrested by an HLL of 
newly installed, non-prestretched a-in. galvanized aircraft 
cable (GAC) with a specified initial sag of 6% spanning 
25.7  ft between guyed poles, the arresting forces recorded 
by a load cell for three drops were 763, 862 and 807 lb. The 
field test does not agree with the arresting force recom-
mended in the ACCT standard.

Designers looking for guidance may find statements such 
as, “If the lifeline is tight, it won’t sag much when a fall 
occurs, but the impact force on the lifeline will be high.” 
This appeared in a text used for training (OSHAcademy, 
n.d.) until a recent modification. Possibly, this refers to ten-
sion in the HLL, but, even as a rule of thumb, it is untrue 
and possibly dangerous if interpreted as the arresting force 
on the falling person.

Perceiving a need for clarity, a rational method for design 
of HLLs adaptable to many configurations is presented 
herein with examples.
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DEFINITIONS AND DESIGN CRITERIA

Not every provision of OSHA 1926 (n.d. a), which governs 
many details in a PFAS, will be included in this paper. The 
focus will be on compliance with OSHA 1926.502(d)(8): 
“Horizontal lifelines shall be designed, installed, and used, 
under the supervision of a qualified person, as part of a com-
plete personal fall arrest system, which maintains a safety 
factor of at least two.” Referring to OSHA 1926.32(m), 
“Qualified” means one who, “by possession of a recog-
nized degree, certificate, or professional standing, or who 
by extensive knowledge, training, and experience, has suc-
cessfully demonstrated his ability to solve or resolve prob-
lems relating to the subject matter, the work, or the project.” 
The design of HLLs is within the discipline of structural 
engineering in that “safe design and construction require 
that loads and stresses must be computed and the size and 
strength of parts determined by mathematical calculations 
based upon scientific principles and engineering data” (State 
of Illinois, 1989).

To describe a PFAS, these three definitions appear in the 
OSHA (n.d. b) glossary:

Personal fall arrest system: A system used to stop an 
employee in a fall from a working level. It consists of 
an anchorage, connectors, a body harness, and may 
include a lanyard, deceleration device, lifeline, or suit-
able combinations of these.

Lanyard: A flexible line of rope, wire rope, or strap 
which generally has a connector at each end for con-
necting the body belt or body harness to a deceleration 
device, lifeline, or anchorage.

Lifeline: A component consisting of a flexible line con-
nected vertically to an anchorage at one end (vertical 
lifeline), or connected horizontally to anchorages at 
both ends (horizontal lifeline), and which serves as a 
means for connecting other components of a personal 
fall arrest system to the anchorage.

These are a few pertinent OSHA (n.d. a) requirements 
regarding free fall, arresting distance and force:

1926.502(d)(12) Self-retracting lifelines and lanyards 
which automatically limit free fall distance to 2 feet 
(0.61 m) or less shall be capable of sustaining a mini-
mum tensile load of 3,000 pounds (13.3 kN) applied 
to the device with the lifeline or lanyard in the fully 
extended position.

1926.502(d)(16) Personal fall arrest systems, when stop-
ping a fall, shall:

1926.502(d)(16)(ii) limit maximum arresting force on 
an employee to 1,800 pounds (8 kN) [about 6 g’s] … ;

1926.502(d)(16)(iii) be rigged such that an employee 

can neither free fall more than 6 feet (1.8 m), nor con-
tact any lower level;

1926.502(d)(16)(iv) bring an employee to a complete 
stop and limit maximum deceleration distance an 
employee travels to 3.5 feet (1.07 m); and …

1926.502(d)(16)(v) have sufficient strength to with-
stand twice the potential impact energy of an employee 
free falling a distance of 6 feet (1.8 m), or the free fall 
distance permitted by the system, whichever is less.

Note: If the personal fall arrest system meets the criteria 
and protocols contained in Appendix C to subpart M, 
and if the system is being used by an employee hav-
ing a combined person and tool weight of less than 310 
pounds (140 kg), the system will be considered to be 
in compliance with the provisions of paragraph (d)(16) 
of this section. If the system is used by an employee 
having a combined tool and body weight of 310 pounds 
(140 kg) or more, then the employer must appropriately 
modify the criteria and protocols of the Appendix to 
provide proper protection for such heavier weights, or 
the system will not be deemed to be in compliance with 
the requirements of paragraph (d)(16) of this section.

DESIGN OVERVIEW

Consider a person fitted with a harness connected by a lan-
yard running along a horizontal lifeline anchored at both 
ends to supporting structures that may be rigid or elastic, 
thus protected from falling to a surface below his position 
at work. There is usually some slack in both the lanyard 
and the HLL, allowing some distance of vertical free fall 
from initial position until the slack is taken up. From this 
point, the arresting (or decelerating) force increases through 
the arresting distance from zero to a maximum value at the 
stopping point. The shape of a HLL under its own weight is 
a catenary, changing to a shallow V when the slack is taken 
up, and a deepening V as the fall is arrested. The HLL is a 
nonlinear spring. After reaching the low point, there will 
be some rebound and dissipation of energy, reducing the 
dynamic forces to zero. This subsequent behavior is not 
investigated because all the forces within the PFAS are 
greatest at the low point.

The design problem is stated thus: Given the weight of 
the falling person, the free-fall distance, and the spring con-
stants of the supports, determine the proper material prop-
erties, span and initial sag of the HLL so that the arresting 
distance and maximum arresting force are acceptable and 
the limit states of the HLL are not exceeded. The method 
of solution given here will assume a value of tension in the 
HLL, determine the deflected shape that satisfies statics and 
compatibility, and then check that limit states (including 
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restrictions on arresting force and stopping distance) are sat-
isfied. All objects and parts of the system are assumed to 
be stationary at the onset of a fall and again at the instant 
of lowest position when the fall is arrested. At these two 
instants, the kinetic energy is zero. The change in potential 
energy will be compared with the change in strain energy 
within the PFAS. The principle of conservation of energy 
requires that these two must be equal. If not, the assumed 
tension in the HLL is adjusted until the correct solution is 
found. Assumptions, including those already stated, are as 
follows:

•	 The weight of the HLL is small compared with the 
falling person and may be treated as a concentrated 
load equal to half the cable weight coincident with 
the location of the falling object, or even neglected.

•	 Persons are represented by a rigid object having mass 
at a single point.

•	 Except for the falling object, inertia within the PFAS 
is ignored.

•	 Kinetic energy is zero at the onset of a fall and at the 
low point.

•	 No energy is dissipated before reaching the low point 
of a fall.

•	 Lanyards, ropes and cables, and horizontal supports 
of HLLs are linearly elastic.

•	 The tension in a HLL is the same throughout its 
length.

•	 Only one object falls at any given time.

•	 The spring constant of lanyards is large enough that 
strain energy within a lanyard can be neglected.

•	 The trajectory of a falling object and its lanyard are 
vertical and located at midspan of the HLL.

•	 There are no other objects supported by a HLL at the 
time of a fall.

Falls may occur anywhere in the span of an HLL. There are 
reports that one person falling may precipitate subsequent 
falls by one or more others. It is not unreasonable to suppose 
more conservatively that a lifeline may support some previ-
ously fallen person while another fall is arrested.

The designer can specify the cable used for the HLL, but 
there may be a strong preference for some product available 
from existing stock. The supports may be at predetermined 
points. Supports may be rigid, or there may be a horizontal 
spring constant associated with the supports, especially with 
support by poles or long HLLs passing through intermediate 
vertical supports. The body harness and lanyard may be the 
product preferred by the user. The designer should consider 

the worst case.
A designer may have more discretion in specifying the 

sag of the HLL. Too little sag results in high cable ten-
sion, even for small loads. Too much may result in exces-
sive arresting force. From experience, 10 to 12% of span is 
needed for the initial V-shaped sag at midspan. This is con-
verted to unloaded catenary sag for installation and perhaps 
for a specification for installation tension in the unloaded 
HLL, measurable by a mechanical tensionometer. Installa-
tions with less initial sag, 3% or less, are possible, depend-
ing on loads and load combinations, configuration and use 
of special equipment. A breakaway retainer may be used to 
tighten the HLL until a fall occurs. Whatever the initial sag, 
its effect should be determined by analysis.

Galvanized aircraft cable (rarely used in aircraft) may be 
chosen for HLLs because of its flexibility and other desir-
able properties. GAC 7 × 19 meeting ASTM A1023 (ASTM, 
2009) and federal specification RR-W-410E (GSA, 2007) is 
available in diameters from W to a in. The 7 × 19 construc-
tion means there are 7 strands of 19 wires each in the cable. 
The wires should be individually galvanized before they are 
assembled in the cable. Swaged connections can develop 
100% of the tensile breaking strength; other mechanical 
connections can develop not more than 80%.

The properties of rope and cable used in HLLs are not 
the same as the properties of solid bars of the same mate-
rial. Because of the spaces between the fibers, the effective 
cross-section area may be something like 60% of the gross 
area. The nominal area is the area of a circumscribed circle. 
The nominal area is greater than the metallic area. Because 
the arrangement of fibers or wires tightens under tension, 
the effective modulus of elasticity of a steel cable may be 
as low as 18,000 to 20,000 ksi. In addition to elastic behav-
ior, there is some amount of inelastic elongation of newly 
made cable due to compaction when first loaded, perhaps 
1%. If prestretched cable is not specified, the initial sag can 
be made somewhat less to compensate. For the analysis pre-
sented herein, the most important properties are the metallic 
area and the effective modulus of elasticity, or their product 
(called AE in this paper), and the tensile breaking strength. 
The value of AE may be obtained from the manufacturer, or 
by testing, preferably before analysis. The ASTM Interna-
tional standards A931, “Standard Test Method for Tension 
Testing of Wire Ropes and Strand” (ASTM, 2013); A603, 
“Standard Specification for Zinc-Coated Steel Structural 
Wire Rope” (ASTM, 2014a); and A586, “Standard Specifi-
cation for Zinc-Coated Parallel and Helical Steel Wire Struc-
tural Strand” (ASTM, 2014b), are pertinent. The required 
value (not the minimum value) of AE should be specified 
by the designer, and certification of conformance should be 
required. Compliance ultimately depends on testing. Meth-
ods for estimating AE are available from suppliers but not 
recommended. If estimated values of AE are used, expedited 
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redesign might be necessary later when confronted by the 
properties of the material actually available, which may be 
inconvenient at that time.

While every configuration will have a solution to the 
energy equation, the limit states may not be satisfied in 
some cases. If acceptable limit states cannot be achieved 
by changing the initial sag or using a different cable, the 
introduction of devices acting as springs (hereinafter called 
springs) and dampers in HLLs and lanyards may give better 
results. Springs in lanyards and dampers are discussed but 
not analyzed in this paper.

PROCEDURE FOR ANALYSIS

Determine the configuration of the HLL and gather the 
information needed to begin the analysis. The equations 
given with the following definitions are for the arresting 
force of an object falling at midspan of an HLL. Referring 
to Figures 1, 2 and 3:

1.	 The following are known when the analysis begins:
AE	= HLL cable property

	 = �metallic area times the effective modulus of elas-
ticity, kips

Do	= �free-fall distance, same as slack in PFAS lanyard, 
ft

Ho	 = initial span of HLL, ft

So	 = initial V-shaped sag at rest, ft

Tn	 = cable breaking strength, kips

Wo	= weight of a falling person with equipment, kips

2.	 Find the initial length of the unloaded cable, Lo, and the 
cable stiffness, Ke.

	 ( ) ( )= +Lo So Ho4 2 2
� (1)

	

=
+⎛

⎝
⎞
⎠

Ke
Lo

AE Ks

1
1

, if spring is included

�

(2)

	
=Ke

AE

Lo
, if spring is not included

�
(3)

where
Ks = stiffness of a spring included in a HLL, kip/ft

3.	 Select a trial value of T, the cable tension when the fall 
is arrested. This may be a first guess or a better estimate 
based on previous iterations of the solution.

4.	 Find the elongation, e, and cable length, L, under load.

	
=e

LoT

AE �
(4)

	
= + = +⎛

⎝
⎞
⎠L e Lo Lo

T

AE
1

�
(5)

5.	 Find the horizontal reactions, F.

	
=F T

Ho

L �
(6)

[Use Equation 6 for Figures 1 and 2. Use Equation 17 for 
Figure 3.]

6.	 Find the vertical reactions, R, and the arresting force, P.

	 = = −P R T F2 2 2 2
� (7)

7.	 Find the distance, H, between loaded supports, which 
may be elastic.

	
= − +⎛

⎝⎜
⎞
⎠⎟

H Ho F
K K

1 1

1 2 �
(8)

where
K1, K2 = stiffness of horizontal supports, kip/ft

8.	 Find the sag, S.

	
= −

S
L H

2

2 2

�
(9)

9.	 Find the strain energy, U.

	
= ⎛
⎝

⎞
⎠ + +⎛

⎝⎜
⎞
⎠⎟

⎡

⎣
⎢

⎤

⎦
⎥U

T

Ke
F

K K

1

2

1 12
2

1 2 �
(10)

10.	Find the change in potential energy, W.

	 ( )= + −W Wo Do S So � (11)

11.	Compare U and W. They will be equal when the 
solution is found.

	 • � If U > W, return to step 3 and decrease the trial 
tension T.

	 • � If U < W, return to step 3 and increase the trial 
tension T.

	 • � If U = W (or close enough), the value of T is correct. 
Go on to check the limit states.
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Fig. 1.  HLL for Example 1.

Fig. 2.  HLL with spring.

Fig. 3.  HLL with elastic horizontal supports.
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12.	Use T to check the limit states.

	 a.	�If Tn/2 > T the cable strength is o.k. Hardware 
connecting the cable to its supports would also be 
checked.

	 b.	�Stopping distance Ds = S − So is o.k. if less than 
3.5 ft.

	 c.	�Free fall is the slack in the lanyard. Free fall is o.k. if 
slack Do is less than 6 ft.

	 d.	�The total fall (Do + Ds) is o.k. if it is less than the 
distance to obstacles.

	 e.	�Arresting force P is o.k. if it is less than 1,800 lb.

Because there may be many iterations of the solution before 
converging to the correct value of T and because a number 
of configurations may need to be analyzed before arriving at 
an acceptable design, a spreadsheet is suggested. A spread-
sheet should allow changing the initial trial value of T and 
the increment in T, testing perhaps 16 values of T at a time.

Example Problem 1

Given:

A person is connected by a body harness and lanyard to an HLL of a-in.-diameter 7 × 19 GAC; breaking strength = 14.4 kips, 
effective rigidity AE = 1,004 kips, span = 30 ft and weight = 310 lb, including equipment (consistent with OSHA). The HLL is 
connected to rigid horizontal and vertical supports as shown in Figure 1. Slack in the lanyard and HLL will be taken up after a 
free fall of 2 ft. The initial V-shaped sag is 3.0 ft when the slack is taken up. Analyze the system for a fall at midspan and deter-
mine the catenary sag and tension for installation. Ignore the weight of the cable.

1.	 The following are known when the analysis begins:

AE	= 1,004 kips

Do	= 2.00 ft free fall

Ho	 = 30.0 ft

So	 = 3.00 ft = 10% Ho

Tn	 = 14.4 kips for a-in.-diameter 7 × 19 GAC, ASTM A1023

Wo	= 0.310 kips, consistent with OSHA for a person with equipment

Solution

2.	 Find the length of the unloaded cable and find the cable stiffness using Equations 1 and 3:

( )

( ) ( )

( )= +

= +

=

=

=

=

Lo So Ho

Ke
AE

Lo

4

4 3.00 ft 30.0 ft

30.5941 ft

1,004 kips

30.5941 ft
32.8168 kip/ft

2 2

2 2

3.	 Try a cable tension of T = 7.20 kips when the fall is arrested. This may be a first guess or a better estimate based on 
previous iterations of the solution.
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4.	 Find the elongation and cable length under load using Equations 4 and 5:

( )( )

=

=

=

e
LoT

AE

30.5941 ft 7.20 kips

1,004 kips

0.2194 ft

= +
= +
=

L e Lo
0.2194 ft 30.5941 ft
30.8135 ft

5.	 Find the horizontal reactions using Equation 6:

( )

=

= ⎛
⎝

⎞
⎠

=

F T
Ho

L

7.20 kips
30.0 ft

30.8135 ft

7.0099 kips

6.	 Find the arresting force using Equation 7:

( ) ( )

= −

= −

=

P T F2

2 7.20 kips 7.0099 kips

3.2870 kips

2 2

2 2

7.	 Supports are immoveable:

H	= Ho 
	 = 30.0 ft

8.	 Find the sag using Equation 9:

( ) ( )

= −

=
−

=

S
L H

2

30.8135 ft 30.0 ft

2

3.5168 ft

2 2

2 2

9.	 Find the strain energy using Equation 10:

( ) ( )

=
⎛
⎝⎜

⎞
⎠⎟

=
⎛

⎝
⎜

⎞

⎠
⎟

=

U
T Lo

AE

1

2

1

2

7.20 kips 30.5941 ft

1,004 kips

0.7898 kip-ft

2

2
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10.	Find the change in potential energy using Equation 11:

( )
( )

( )
= + −

= + −

=

W Wo Do S So

0.310 kips 2.00 ft 3.5168 ft 3.00 ft

0.7802 kip-ft

11.	Because U > W, the trial value of T is too great. Other values of T may be tested by returning to step 3. The energy equation 
balances within 2%; try other values of T using an increment less than 2% T/2, say, 0.05 kip. The results of trials of nearby 
values of T made with a spreadsheet are summarized in Table 1. From these results, we see that for values of T < 7.15 kip, 
the calculated strain energy U is less than the change in potential energy W. For values of T > 7.15 kip, the calculated strain 
energy U is greater than the change in potential energy W. The correct value of T is 7.15 kip, resulting in U = W = 0.779 
kip-ft.

12.	The following limit states will be checked using T = 7.15 kip.

a.	The cable strength is checked:

		  Tn/2 = 7.20 kip > T = 7.15 kips  o.k. (but very close)

b.	Stopping distance is checked:

		

= −
= −
= < o.k.

Ds S So

3.514 ft 3.00 ft
0.514 ft 3.50 ft

c.	Free fall is limited by lanyard slack adjustment:

		  Do = 2.00 ft < 6.00 ft  o.k.

d.	The total fall (Do + Ds) must be checked against distance to obstacles:

		  Do + Ds = 2.00 ft + 0.514 ft = 2.514 ft

e.	The arresting force is checked:

		  P = 3.261 kip = 3,261 lb > 1,800 lb.  N.G.

The arresting force is too high. Reducing the initial sag will reduce the arresting force but increase the cable tension, which is 
already very close to the limit. The arresting force can also be reduced by introducing a spring in the lanyard or the HLL, in 
the horizontal supports of the HLL or by damping (e.g., using a manufactured load limiting energy dissipating device). Manu-
factured damping devices often operate on the principle that deforming or ripping material dissipates energy, and the length of 
the device is extended in the process. The energy dissipated by a damping device would be included in U, and the elongation 
associated with a damping device would be considered in calculating W. The force required to activate the device, the energy 
dissipated, and the maximum extension would be specified by the manufacturer.

Table 1.  Example 1 T Trials

T 
(kips)

F 
(kips)

P 
(kips)

L 
(ft)

H 
(ft)

S 
(ft)

U 
(kip-ft)

W 
(kip-ft)

7.100 6.913 3.236 30.810 30.00 3.510 0.768 0.778

7.150 6.962 3.261 30.812 30.00 3.514 0.779 0.779

7.200 7.010 3.287 30.814 30.00 3.517 0.790 0.780
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Springs in the Horizontal Lifeline

If a spring is introduced in the HLL attached to rigid sup-
ports as in Figure 2, the arresting force will be softened. The 
effective HLL stiffness, Ke, of this combination of spring 
stiffness, Ks, and cable stiffness, AE/Lo, is given by:

	

=
+⎛

⎝
⎞
⎠

Ke
Lo

AE Ks

1
1

�

(12)

The analysis can proceed as in Example 1 using this modi-
fied value of Ke.

To realize a spring in the HLL, the HLL may take the form 
of a loop running through sheaves (pulleys) at the two sup-
ports. This configuration would nearly double the length of 
cable and reduce Ke by nearly one-half. Other configura-
tions to increase the length of cable are also possible.

Elasticity in the Horizontal Supports

Elasticity in one or both horizontal supports where the 
horizontal reaction causes the vertical support to move also 
softens the arresting force. This is the case of an HLL sup-
ported by vertical elastic poles. A vertical elastic pole may 
be a column fixed at the base and free at the top, or it may be 
guyed at the top. The right support in Figure 3 is a vertical 
elastic pole, where deflection at the top is proportional to 
force. The horizontal span of the cable changes under load, 
and the slope of the cable and the horizontal reaction cannot 
be determined as in Example 1. It is useful to develop an 
equation to quickly evaluate the horizontal reaction.

Suppose the horizontal supports have spring constants K1 
and K2. Recall that L is the length of the elongated cable 
having tension T, and let H be the cable span after movement 
of the supports.

The horizontal reaction is determined:

	
= ⎛

⎝
⎞
⎠F T

H

L �
(13)

	 FL = TH� (14)

The cable span after movement of support due to F is:

	
= − +





H Ho F
K K

1 1

1 2 �
(15)

Substituting H from Equation 15 into Equation 14:

	
= − +⎛

⎝⎜
⎞
⎠⎟

⎡

⎣
⎢

⎤

⎦
⎥FL T Ho F

K K

1 1

1 2 �
(16)

Solving for F:

	

=
+ +⎛

⎝⎜
⎞
⎠⎟

F
Ho

L

T K K

1 1

1 2 �

(17)

Example Problem 2

Given:

Repeat Example 1, but one support has a horizontal spring constant of K2 = 2.00 kip/ft and the initial sag is 5%.

1.	 The following are known when the analysis begins:
AE	 = 1,004 kips (must be obtained from the manufacturer or determined by testing)

Do	 = 2.00 ft (free-fall)

Ho	 = 30.0 ft

K1	 = ∞
K2	 = 2.00 kip/ft

So	 = 1.50 ft (= 5% Ho)

Tn	 = 14.4 kips for a-in.-diameter 7 × 19 GAC, ASTM A1023

Wo	 = 0.310 kips
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Solution:

2.	 Find initial length of cable using Equation 1:

( )

( ) ( )

( )= +

= +

=

Lo So Ho4

4 1.50 ft 30.0 ft

30.1496 ft

2 2

2 2

3.	 Try a cable tension of T = 2.60 kips when the fall is arrested.

4.	 Find the elongation and cable length under load using Equations 4 and 5:

( )( )

=

=

=

e
LoT

AE

30.1496 ft 2.60 kips

1,004 kips

0.0781 ft

= +
= +
=

L e Lo
0.0781 ft 30.1496 ft
30.2277 ft

5.	 Find the horizontal reactions using Equation 17:

=
+ +⎛

⎝⎜
⎞
⎠⎟

=
⎛
⎝⎜

⎞
⎠⎟
+

∞
⎛
⎝

⎞
⎠ +

⎛
⎝⎜

⎞
⎠⎟

⎡

⎣
⎢

⎤

⎦
⎥

=

F
Ho

L

T K K

1 1

30.0 ft

30.2277 ft
2.60 kips

1 1
2.00 kip/ft

2.4741 kips

1 2

6.	 Find the arresting force using Equation 7:

( ) ( )
= −

= −

=

P T F2

2 2.60 kips 2.4741 kips

1.5985 kips

2 2

2 2

7.	 Find the reduced span using Equation 15:

= − +⎛
⎝⎜

⎞
⎠⎟

= −
∞
+⎛

⎝⎜
⎞
⎠⎟

=

H Ho F
K K

1 1

30.0 ft 2.4741 ft
1 1

2.00 kip/ft

28.7629 ft

1 2
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8.	 Find the sag using Equation 9:

( ) ( )

= −

=
+

=

S
L H

2

30.2277 ft 28.7629 ft

2
4.6478 ft

2 2

2 2

9.	 Find the strain energy in the cable and horizontal supports using Equation 10:

( ) ( )( )

= ⎛
⎝

⎞
⎠ + +⎛

⎝⎜
⎞
⎠⎟

⎡

⎣
⎢

⎤

⎦
⎥

= ⎛
⎝

⎞
⎠ +

∞
+⎛

⎝⎜
⎞
⎠⎟

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

=

U
T Lo

AE
F

K K

1

2

1 1

1

2

2.60 kips 30.1496 ft

1,004 kips
2.4741 kips

1 1

2.00 kip/ft

1.6318 kip-ft

2
2

1 2

2
2

10.	Find the change in potential energy using Equation 11:

( )
( )

( )
= + −

= + −
=

W Wo Do S So

0.310 kips 2.00 ft 4.6478 ft 1.50 ft

1.5958 kip-ft

11.	The energy equation balances within 3%. Other values of T may be tried by returning to step 3. The result of trials of 
nearby values of T made with a spreadsheet are summarized in Table 2. The energy equation will balance when T is 
between 2.55 and 2.60 kips. Either of these may be used to check the limit states, or T can be computed as precisely as 
desired by returning to step 3 for further reiteration. Were this to be done, the more precise value of T = 2.57 kip would  
be confirmed.

12.	T = 2.60 kip will be used to check the limit states.

a.	The cable strength is checked:

		  Tn/2 = 7.20 kips > T = 2.60 kips  o.k.

b.	The stopping distance is checked:

		

= −
= −
= o.k.

Ds S So
4.6478 ft 1.50 ft

3.1478 ft < 3.50 ft

Table 2.  Example 2 Results

T 
(kips)

F 
(kips)

P 
(kips)

L 
(ft)

H 
(ft)

S 
(ft)

U 
(kip-ft)

W 
(kip-ft)

2.55 2.428 1.556 30.226 28.786 4.610 1.572 1.584

2.60 2.474 1.599 30.228 28.763 4.648 1.632 1.596

2.65 2.519 1.643 30.229 28.740 4.685 1.692 1.607
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c.	Free fall is limited by lanyard slack adjustment:

		  Do = 2.00 ft < 6.00 ft  o.k.
d.	The total fall (Do + Ds) must be checked against distance to obstacles:

		  Do + Ds = 2.00 ft + 3.1478 ft = 5.1478 ft

e.	The arresting force is checked:

		  P = 1.5990 kip = 1,599 lb < 1,800 lb  o.k.

When compared with Example 1, the arresting force has been reduced to an acceptable level by the elasticity of the horizontal 
support and reduction of initial sag. Tension in the HLL and the loads on its anchors are also significantly reduced.

Table 3.  (So, Sc) Pairs

Sc 
(%)

So 
(%)

2.60 3.00

3.00 3.47

3.46 4.00

3.50 4.04

4.00 4.62

4.32 5.00

4.50 5.18

5.00 5.77

5.18 6.00

5.50 6.35

6.00 6.90

6.07 7.00

6.50 7.47

6.91 8.00

7.00 8.06

7.50 8.64

7.78 9.00

8.00 9.20

8.50 9.76

8.65 10.00

9.00 10.32

9.50 10.96

9.51 11.00

10.00 11.48

10.39 12.00
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Specifying Initial Sag in the HLL

As mentioned in the “Design Overview,” the initial sag in 
the unloaded HLL will be a catenary. If the designer chooses 
to specify catenary sag, it only remains to relate the sag, 
Sc, of the unloaded catenary to the initial V-shaped sag, So, 
when the slack is first taken up during a fall. The length of 
the cable can be found from the span Ho and sag So, and 
then the catenary sag, Sc, can be calculated.

Results of calculating (So, Sc) pairs to two decimal places 
of precision are given in Table 3. From Table 1, the initial 
V-shaped sags So of 10% and 5% in the preceding examples 
correspond to catenary sags Sc of 8.65% and 4.32%, respec-
tively, at time of installation. An approximate linearized 
expression may also be used.

	 Sc = 0.864So� (18)

For these same values of V-shaped sag So, Equation 18 gives 
catenary sag Sc of 8.64% and 4.32%, respectively.

CONCLUSION

A method of calculating the arresting force by rational 
analysis and comparing the state of the PFAS with the limit 
states of the system has been presented herein. Conservation 
of energy is tested for trial values of HLLs with cable ten-
sion T. Having identified the correct value of cable tension to 
any desired precision by reiterative analysis, the maximum 
arresting force and other items of interest can be compared 
with the limit states. When the results are unsatisfactory, 
changing the selection of cable, changing the initial sag, 
introducing a spring in the HLL or introducing elasticity in 
the horizontal supports are among the many available rem-
edies. Examples and suggestions for analysis of modifica-
tions are given in this paper.

The energy absorbed within the body of a person has not 
been accounted for. The assumptions that no energy is dissi-
pated by the PFAS, that lanyards and supports are very stiff, 
and that the falling object is a point mass all act to stiffen the 
system and increase the arresting force. Ignoring the inertia 
within the PFAS (e.g., inertia of an elastic support) acts to 
soften the system and decrease the arresting force. In the 
absence of damping, a PFAS would be oscillatory, but in 
every real PFAS, there will be many sources of damping 
whereby energy is absorbed and dissipated. Suggestions that 
a good estimate of the arresting force is two times the weight 
of a person are known from field tests to be inaccurate in the 
general case.

SYMBOLS

AE	 HLL cable property = Metallic area times the 
effective modulus of elasticity, kips

Do	 Free-fall distance, same as slack in PFAS lanyard, ft

F	 Horizontal reaction at support, kips

H	 Horizontal span after displacement of supports 
under load, ft

Ho	 Initial span of HLL, ft

K1, K2	 Stiffness of horizontal supports, kip/ft

Ke	 Effective stiffness of the HLL, kip/ft

Ks	 Stiffness of a spring included in a HLL, kip/ft

L	 Total length of cable under load, ft

Lo	 Initial length of unloaded cable, ft

P	 Arresting force applied to cable, kip

R	 Vertical reaction at support, kip

S	 Sag of cable in the V configuration under load, ft

Sc	 Initial sag at rest in a catenary configuration, ft

So	 Initial V-shaped sag at rest, ft

T	 Tension in the HLL cable, kip

Tn	 Cable breaking strength, kip

U	 Strain energy, ft-kip

W	 External work = Change in potential energy, ft-kip

Wo	 Weight of a falling person with equipment, kip

e	 Elongation of cable under load T, ft
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INTRODUCTION

Column bases in steel frames (particularly braced 
frames) must often be designed for high-tensile (i.e., 

uplift) forces. These forces may be a result of overturning 
moments induced by high-seismic or -wind events or, in the 
case of concentrically based frames, for the development of 
the tensile capacity of diagonal braces as required by cur-
rent steel design provisions (AISC, 2010). Various detailing 
alternatives are available for transferring this tensile force 
from the steel column into the concrete footing below. Fig-
ures 1a and b show two such details that are commonly used 
in current construction practice.

Figure 1a shows a detail that uses individual, standard-
headed anchors or anchor rods with nuts at the embed-
ded ends. While convenient to fabricate, these details are 
problematic if large tensile loads (i.e., >50 kips or so) must 
be resisted for the following reasons: (1)  The strength is 

calculated in accordance with ACI  318-14 Appendix  D 
(ACI,  2014) as the group capacity based on individual, 
standard-headed anchor bolts or nutted anchor rods. In 
many cases, the embedment depth or number of anchor rods 
required by this provision becomes impractical. (2) There is 
an apparent dichotomy wherein the strength calculation of a 
similar detail for reinforced concrete columns with hooked 
reinforcement bars extending into the footing is not subject 
to ACI 318 Appendix D requirements; only the rebar ten-
sile strength is checked. This results in strength estimates 
that are significantly higher than those determined as per 
ACI 318 Appendix D.

In response to these issues, designers often employ a 
detail similar to that shown in Figure 1b. This detail resists 
uplift force through a single plate embedded at the lower 
end of the anchor bolts. This detail will typically include 
supplemental reinforcement around the embedded plate. 
This detail is attractive to designers because the provisions 
of ACI 318 Appendix D explicitly state that such a detail is 
outside its scope. Specifically, referring to ACI 318 D.2.2:

Specialty inserts, through-bolts, multiple anchors con-
nected to a single steel plate at the embedded end of 
the anchors, grouted anchors, and direct anchors such 
as powder or pneumatic actuated nails or bolts are not 
included in the provisions of Appendix D.

The detail shown in Figure 1b circumvents the provisions 
of Appendix D. However, Appendix D (or any other design 
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standard) does not provide a method for the design of such 
a detail, with the implication that either engineering judg-
ment must be used or alternative design provisions must be 
adapted for design. These alternatives include the current 
ACI provisions for punching shear (ACI 318, Chapter 11) or 
bearing capacity (ACI 318, Chapter 10) of concrete mem-
bers. At first glance, these situations (i.e., the embedded 
plate details and punching shear/bearing) appear similar. 
However, there are subtle differences in physical response 
between these situations and the anchorage details such as 
the one shown in Figure  1b. Specifically, these pertain to 
(1) the reinforcing of the footing with respect to the embed-
ded plate, (2) installation of the embedded plate itself (i.e., if 
the embedded plate needs to be cast in a protective lean mix 
below the bottom of footing prior to the footing pour, such 
that the plate is actually bearing against a cast surface rather 
than cast within the footing) and (3) size effects in concrete 
(i.e., the embedment of these connections is often larger 
than seen in slab/punching shear situations, and thus these 
may be weaker on a unit basis as compared to situations for 
which the punching shear approaches have been developed). 
In the absence of guidance for the design of these anchor-
ages in ACI 318 or any other design codes and the absence of 
test data that demonstrate their strength and response, engi-
neers and review agencies are often required to make design 
choices that are expensive and possibly conservative (e.g., 
requiring the plate to be positioned such that it bears on the 
bottom of the concrete footing).

Motivated by these problems, this paper presents results 
on two full-scale tests on anchorage details similar to the 
ones shown in Figure  1b. The primary objectives of this 
study are as follows:

1.	To develop fundamental understanding of the failure 
modes and force transfer mechanisms in anchor 
group details subjected to tension uplift, based on 
large-/full-scale experimental data.

2.	To develop, validate and establish design provisions 
for these details that are otherwise specifically 
excluded from ACI 318 Appendix D.

3.	To demonstrate details that can economically achieve 
design strength for high uplift forces.

This paper describes two full-scale experiments conducted 
to accomplish these objectives. The next section describes 
the experiments and presents their results relative to com-
monly used strength prediction models. The paper concludes 
by summarizing possible design methods.

EXPERIMENTAL PROGRAM

Two large-scale experiments were conducted to realize the 
objectives of the study. The primary variable considered 
was the embedment depth, dembed, indicated schematically 
in Figure 1b. In this study, two embedment depths were con-
sidered—that is, dembed  = 12 and 18 in. Figure  2 shows a 
photograph of the test setup and specimen prior to testing, 
whereas Figure  3 schematically shows various detailing/
reinforcement aspects of the specimens. The photograph in 
Figure 2 shows test 1; the test specimen for test 2 appears 
identical—the only difference is in the embedment depth.

Test Setup

Referring to Figures 2 and 3, the key aspects of the test setup 
are as follows:

1.	Both specimens featured blocks that measured 
40 in. (height) × 140 in. × 108 in. The large size 
of the block was necessitated by the following 
considerations:

 (a)   (b)  

dembed 

Typical 
reinforcement 

top and bottom 

Fig. 1.  (a) Base connection with individual anchors; (b) base connection with anchors connected to an embedded plate.
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Fig. 2.  Photograph of test setup.

3 x 28 x 28 inch embedded 
plate 

40 

140 

Top rebar mat 
#5 rebar @ 12” 

8 tie downs, embedded 18 
inches from base 108 

Test floor 

(b) (a)

dembed

Fig. 3.  Specimen details: (a) plan; (b) two elevations.
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a.	In plan, the large dimension was necessary 
to ensure that the failure cone was fully 
accommodated within the footing, thereby 
avoiding edge effects. In fact, the size of the block 
was large enough that the zones of compressive 
stress induced by the tie-down rods (shown in 
Figure 3b) had minimal effect on the possible 
failure cone.

b.	In elevation, a key consideration was to ensure 
that the underside of the specimen (i.e., below 
the applied load) was anchored to the strong floor 
such that failure of the footing did not occur due 
to bending. An especially important consideration 
here is that experimental strength for pure tensile 
failure is relatively unaffected by boundary 
conditions.

2.	Following from point 1, the anchor system was 
elaborately designed with two considerations, with 
competing effects: (a) spacing the outside anchors as 
far out as possible to minimize interaction with the 
failure cone and (b) including anchors in the line of 
action of the loads to preclude bending of the block. 
This latter consideration was realized by installing 
tie-downs projecting upward from the strong floor 
over which the specimen was cast in place. These 
tie-downs (whose locations are shown in Figure 3) 
had an embedded plate attached to their top surface to 
enable engagement with the specimen.

3.	The loading apparatus, as shown in Figure 2, included 
a cross beam and a frame between which a hydraulic 
cylinder actuator (with 1,000-kip capacity) was 
inserted such that the loading frame could be lifted 
up. A 4-in. plate was attached to the lower surface of 
the loading frame. Six anchor rods attached to this 
plate were embedded in the concrete and attached to 
the embedded plate, which in turn exerted the uplift 
forces on the concrete. The embedded plates were 
identical in both test specimens, and measured 3 in. × 
28 in. × 28 in. (the plate was sized to remain elastic 
under the applied loads). The anchor rods were A722 
Grade 150 rods of 1a-in. diameter and designed to 
remain elastic during the loading.

4.	Reinforcement was provided in the top layer. This 
consisted of a light rebar mat, which consisted of 
#5 rebar with a spacing of 12 in. The reinforcement 
was used to provide minor resistance against uplift 
as well as to mitigate surface cracking. No vertical 
reinforcement was provided. The main purpose of 
this was to isolate the effect of the concrete resistance 
in a clean way such that it would be transferable to 
design situations with varying reinforcement wherein 

the contribution of reinforcement is addressed 
separately. A systematic study of the effect of 
reinforcement is possible through additional testing, 
which varies the reinforcement as a test parameter.

5.	Both specimens were cast on the same day, although 
tested on different days. Test 1 was tested on day 28 
with respect to the pour, whereas test 2 was tested on 
day 31. Standard test cylinders were taken from each 
of these pours to measure the compressive strength 
of concrete ƒ′c; results from these ancillary tests are 
presented in a subsequent section.

6.	The specimens were all loaded monotonically, with 
an approximate rate of 1 kip per second.

Test Instrumentation

The load in the specimens was monitored using a pressure 
gage. As a secondary measurement of load, a linear strain 
gage was attached to the top surface of the loading beam, 
which remained elastic throughout the loading. Displace-
ment transducers were affixed to three locations on the top 
surface of the concrete as well as to the top plate to mea-
sure upward displacement of the loading frame. A camera 
was suspended directly above the test setup to capture crack 
formation in the entire block. Another camera captured an 
elevation (profile) view of the test to observe vertical dis-
placements of the test equipment and concrete failure cone. 
Based on these instruments, a load deformation curve was 
generated, results of which are discussed in a subsequent 
section.

Ancillary Tests

Six standard, 6-in. × 12-in. concrete cylinder samples were 
collected and tested at the 28-day cure mark. For the con-
struction of the specimen blocks, a total of three trucks were 
required, and two samples from each truck were tested. The 
analysis of test data relative to the models (discussed in a 
subsequent section) is based on the average value of ƒ′c  = 
4,336 psi (standard deviation of 282  psi) for the cylinder 
samples for each test. The low standard deviation suggests a 
relatively uniform strength throughout the specimen block. 
The weight density of the various samples was (on average) 
145 lb/ft3, which is consistent with plain structural concrete 
used in practice.

Test Results

Load-displacement curves for both experiments are shown 
in Figure 4. Peak loads (denoted Ptest

max and also shown on the 
figure) are summarized in Table 1. Both tests showed simi-
lar response, wherein little physical damage was observable 
in the initial elastic region of loading. Failure was observed 
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in the form of (1) a sudden drop in load, (2) appearance of 
a crack on the top surface of the concrete, and (3) a lifting 
of the “failure cone” by approximately 2 in. The failure of 
test 2, with dembed = 18 in., was somewhat more sudden as 
compared to that of test 1. Other than the concrete failure, 
all components in the setup (i.e., anchors, embedded plate, 
loading beam) remained elastic as designed.

Figures  5a and b show post-test photographs of tests  1 
and 2 taken from a high angle above the specimens, illus-
trating the entire failure surface after the loading beam had 
been removed. Figures 6a and b show similar profile photo-
graphs, illustrating the uplift of the concrete cone. Based on 
the location of this crack, an inferred profile of the failure 
cone is illustrated schematically in Figures 7a and b. Refer-
ring to the figures and physical measurements of the failure 
cone, the approximate angle of the failure cone surface with 
respect to the horizontal is 28° for test 1 and 33° for test 2.

STRENGTH MODELS

Referring to the introductory discussion, a major objective 
of this paper is to provide support for the development of 

strength characterization approaches for these anchorages. 
Accordingly, three strength characterization approaches are 
evaluated against the test data. These are (1)  the ACI 318 
Appendix D approach for the breakout strength of anchor 
groups, (2) the ACI 318 Chapter 11 punching shear equation 
and (3)  the concrete capacity design (CCD) approach pro-
posed by Fuchs et al. (1995). The first two are selected based 
on their prevalence in design practice, whereas the third is 
selected based on its promise in characterizing the strength 
of a large variety of concrete embedments and fastenings, as 
shown by previous studies (e.g., Gomez et al., 2009). Each 
of these methods is now briefly described, and the resulting 
strength estimates are compared to test data.

Method 1

ACI 318 Appendix D provides the following equation (which 
has been adapted to the current test parameters) to predict 
the breakout strength of an anchor group in concrete (loaded 
concentrically, cast-in anchors, no edge effects):

	
= × ψ ×−P
A

A
Nn

ACI D Nc

Nco
c N b

318
,

�
(1)
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Fig. 4.  Load deformation curves of the two specimens.

Table 1.  Test Results and Comparison with Strength Prediction Methods

dembed 
(in.)

test
maxP  

(kips)

Test-to-Predicted Ratios

P Ptest n
ACI318–Dmax P Ptest n

PSmax P Ptest n
CCDmax

12 317 1.29 (1.58)* 0.65 0.92 (1.13)†

18 495 1.39 (1.61)* 0.59 1.07 (1.21)†

Mean 1.34 (1.60)* 0.62 0.99 (1.17)†

Coefficient of Variation 0.05 (0.01)* 0.07 0.11 (0.05)†

* Value in parentheses calculated without considering increase in perimeter of projected area due to plate thickness as allowed by (ACI 318, D.5.2.8).
† Value in parentheses calculated by excluding area of plate from projected area. 
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` 

28º 

` 

33º 

Fig. 7.  Schematic illustration of breakout cone: (a) 12-in. embedment; (b) 18-in. embedment.

Fig. 6.  Profile view of breakout surface: (a) 12-in. embedment; (b) 18-in. embedment.

Fig. 5.  Overhead view of breakout surface: (a) 12-in. embedment; (b) 18-in. embedment.
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where, for 11 in. < dembed < 23 in.,

	 = × ×N f d16b c embed′ � (2)

and

ANc	 = �projected concrete failure area of a group of  
anchors, in.2

ANco	= �projected concrete failure area of a single anchor, in.2

ψc,N	= �1.25 for cast-in anchors without cracking at service 
loads

This method was derived based on both the tensile 
capacity of concrete and fracture mechanics concepts. The 
projected area is defined by projecting planes from the 
anchorage depth to the free surface at 35° angles. Modifi-
cation factors are used when the planes intersect free-side 
surfaces. This method is based on experimental data on 
embedded single anchors and anchor groups (Klingner et 
al., 1982; Cook and Klingner, 1992; Fuchs et al., 1995; Far-
row and Klingner, 1995; Zhang et al., 2001; Anderson and 
Meinheit, 2005; Eligehausen et al., 2006; Lee et al., 2007; 
Ožbolt et al., 2007) and, as a result, is accurate for deeply 
embedded single anchors and anchor groups. For the same 
reason, this approach cannot account for the favorable effects 
of connecting the embedded anchors to a common plate. In 
fact, the strength estimate implied by Equation 1 is identical 
to the calculations that would result from considering the 
anchor group without a plate present. It may be argued that 
this is conservative because it does not account for (1)  the 
larger bearing area of the concrete that may delay fracture 
initiation and (2) a greater degree of confinement in the con-
crete above the plate. While the method does not explicitly 
account for the plate as a bearing surface, the plate may be 
considered effective as a washer to determine the location 
from which the failure surface originates (per provision 
D.5.2.8 of the Appendix). Per this provision, the effective 
dimension of this plate or washer may be considered equal 
to the thickness of the attached plate (3 in. in this case).

Method 2

ACI 318 Chapter 11 provides provisions for punching shear 
to be used in the case where a column exerts a vertical load 
on a reinforced concrete slab. As discussed in the introduc-
tory remarks, this method is sometimes used for anchorage 
design because the modes of failure appear to be similar. 
Using this approach, the applicable equation is

	 = × × ×P f b d4n
PS

c embed′ 0 � (3)

The equations have been greatly simplified for ease of 
design and are based on fitting to experimental data (ACI-
ASCE, 1962). Strength predictions are based on the depth 

of the slab, concrete material properties and a “critical sec-
tion” based on the loading area and depth of the slab. The 
formulation is intended to reduce the dependency of strength 
on ratio of column size to slab depth. The critical section is 
defined as the area that minimizes the perimeter a minimum 
while maintaining a distance of dembed/2 to the edges or cor-
ners of the column or loading area. This may be interpreted 
to imply that failure occurs when a tensile stress of × f4 c

′is 
reached over the projected area of a 45° failure cone emanat-
ing from the edges of the embedded plate. For the particular 
geometry of the specimens used in this study, b0 may be 
calculated using the following equation:

	 b0 = 4 (28 in. + dembed)� (4)

However, a closer inspection of the sources (ACI-ASCE, 
1962) used to formulate this approach reveal two interest-
ing factors. First, it does not explicitly incorporate fracture 
mechanics or the “size effect” in concrete (Bažant, 1984), 
which implies that the unit strength (or failure stress) of geo-
metrically self-similar concrete components varies inversely 
with their size because failure is controlled by localized 
fracture rather than by large-scale yielding. The presence of 
reinforcement mitigates this effect by distributing deforma-
tions. Second, this equation is based on 198 tests on concrete 
slabs that were reinforced and included a large set of data on 
slabs thinner than 10 to 12  in. When considered together, 
these two points present an obvious challenge in extrapolat-
ing the equation to the anchorages tested, which have signif-
icantly deeper embedment and are also dissimilar physically 
as compared to a concrete column on a slab.

Method 3

Another approach, which explicitly considers the size 
effect, is based on a method originally proposed Fuchs et 
al., (1995). This method, referred to as the concrete capacity 
design (CCD) method has been demonstrated to character-
ize concrete failure strength for a wide variety of fasten-
ings, including shear lugs (Gomez et al., 2009). In fact, the 
method used in ACI-318 Appendix D is partially based on 
the CCD method. The nominal breakout capacity of con-
crete for cast-in anchors as derived in the CCD method, 
adapted to the conditions of the tests, can be reduced to the 
following equation:

	
= × ⎛⎝

⎞
⎠ × ×P

d
f A

1 40

9
n
CCD

embed
c Nc′

�
(5)

where ANc refers to the projected area assuming a 35° break-
out cone, shown schematically in Figure 8.

Referring to Equation 5, the term dembed  in the denomi-
nator of the right-hand side of the equation may be inter-
preted as a modifier that explicitly incorporates the size 
effect such that the effective tensile stress capacity (or unit 
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strength) of the concrete is diminished as the embedment 
depth increases. The square root dependence of the effective 
stress may be determined directly from fracture mechanics 
concepts (Anderson, 1995). Another observation is that the 
area ANc is different as compared to the area used in the 
punching shear method (in Equation 3). However, as identi-
fied previously (Gomez et al., 2009), the projected area does 
not bear physical significance to the final breakout surface, 
which is a result of fracture propagation, but rather may be 
interpreted as a convenient basis for characterizing the effec-
tive stress at which fracture initiation occurs. The projected 
area may be calculated in two ways—one includes the area 
of the embedded plate within it, whereas the other excludes 
it. Inclusion of the area of the embedded plate assumes that 
the adhesive bond developed between the underside of the 
plate and the concrete is greater than the concrete tensile 
strength, whereas the exclusion assumes that no adhesion is 
present. The effect of these assumptions is discussed in the 
next section.

DISCUSSION

Test-predicted ratios for the three models are presented in 
Table 1. Referring to the table, the following observations 
may be made:

1.	The ACI-318 Appendix D method is quite 
conservative; the test-predicted ratios −P P/test n

ACI Dmax 318  
are determined to be 1.29 and 1.39 for tests 1 and 2, 
respectively (average of 1.34). This is an important 
observation, confirming the concerns about the 
Appendix D method raised earlier, because it 
provides empirical evidence that the method may 
not be economical for designing connections with an 
embedded plate. It is important to note here that the 
attached plate in these tests is fairly thick (3 in.). As 
a result, the use of provision D.5.2.8, which allows 
the consideration of the plate thickness as an effective 
washer dimension, significantly adds to the strength. 
If the strength is calculated without considering this 

`

Elevation 

Plan 

Force 
35o 

Embedded plate 

Projected area Anc 

dembed 

Fig. 8.  Effective projected area for CCD method (may or may not include area of plate).
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increase in perimeter (i.e., projecting the failure area 
from the anchor rods), then the conservatism of the 
ACI method is increased, such that the average test-
predicted ratio is 1.60, as indicated in Table 1.

2.	For the ACI punching shear method, the test-
predicted ratios P P/test n

PSmax  are 0.65 and 0.59 for tests 1 
and 2, respectively, suggesting that when considered 
relative to other methods (such as the CCD method 
discussed next), this method may not be optimal for 
designing the anchorages. A closer inspection of 
the scientific basis for the punching shear method 
indicates that it is based on 198 tests of slabs, of 
which many are thin, compared to the embedment 
depth of the anchorages. As a result, this observation 
is not entirely surprising. On the other hand, it is 
important to note that (a) the current study includes 
only two experiments, such that the limited size of 
the study may compromise its statistical significance, 
and (b) the anchorages are different than a concrete 
column on a slab.

3.	The CCD method appears to be the most accurate 
of the three methods considered. The test-predicted 
ratios P P/test n

CCDmax  are 0.92 and 1.07 for tests 1 and 
2, respectively, resulting in an average P P/test n

CCDmax  
value of 0.995. If the area of the plate is excluded 
from the projected area, the average test-predicted 
ratio is 1.17, suggesting that significant adhesion may 
be present between the steel and the concrete. This 
is consistent with similar results on concrete-steel 
adhesion by the Federal Highway Administration 
(FHWA, 2000), through the use of “pull-off” tests 
that indicate adhesion stresses in the range of 100 to 
150 psi, which are greater than the effective tensile 
stress used in the CCD method.

4.	For each of the models, the test-to-predicted ratios 
are similar for both tests, indicating that the epistemic 
error introduced by any of the models is not 
significantly affected by the embedment depth.

It is informative to compare the assumptions underlying 
the punching shear method and the CCD method because 
they provide insight into the physical processes controlling 
failure. Specifically, the punching shear method assumes 
that the concrete failure strength is directly proportional to 
the projected area of the 45° cone, with the implication that 
a uniform tensile stress is mobilized over the failure surface. 
Research (Bažant, 1984) has shown that this assumption is 
realistic only when the characteristic specimen dimension 
(embedment depth in this case) is within  10 to 20 times 
the aggregate size—that is, approximately 6  to 8  in. For 
larger components, failure is controlled by fracture mechan-
ics, wherein failure initiates over a smaller area and then 

propagates as the failure cone. As a result, the effective fail-
ure stress (when considered over a projected area) is lower. 
The CCD method explicitly captures this effect.

SUMMARY AND CONCLUSIONS

Two full-scale experiments were conducted to examine the 
tensile capacity of anchorage details with anchor bolt groups 
connected by a plate embedded within a concrete footing. 
The anchorage type examined in this study is commonly 
used at the base of columns in braced frames where large 
uplift forces must be resisted. The tests were motivated by 
the lack of guidance in design standards for such a detail 
and by the challenges in adapting design methods originally 
developed for other types of details.

The main variable interrogated in the experiments was 
the embedment depth, such that two values—12 and 18 in.—
were investigated. The specimens were composed of six 
anchor rods (1a-in. diameter, A722 Grade 150  rods) con-
nected to a 3-in. × 28-in. × 28-in. plate embedded within the 
concrete. The specimens were designed with minimal rein-
forcement (to isolate the concrete strength) and were sized 
to minimize the effect of boundary conditions or specimen 
bending on the pullout strength. Both tests showed a similar 
mode of failure with a concrete failure cone emanating at 
approximately 30° from the edges of the embedded plate.

The specimen strengths were evaluated against three 
strength characterization approaches. It was found that the 
concrete capacity design (CCD) method developed by Fuchs 
et al., (1995) provides excellent agreement with test data. On 
the other hand, the ACI 318 Appendix D method is signifi-
cantly conservative, presumably because it does not consider 
the beneficial effects of the embedded plate.

Finally, it is important to recognize the limitations of this 
study in interpreting its results. The most obvious limitation 
is test sample size (i.e., two tests), which was controlled by 
the physical size and expense of these specimens relative 
to the budgetary constraints. A consequence of this small 
sample size is that other variables—such as plate shapes and 
sizes, anchor rod layouts, edge distances or the use of other 
embedments instead of a plate (e.g., interconnected chan-
nels)—were not examined. Another consequence is that it 
in the absence of replicate tests, it is difficult to isolate the 
inherent variability in experimental data from epistemic 
bias in the models evaluated against the data. As a result, 
the test data, in itself, cannot be used to calibrate resistance 
(i.e., ϕ) factors. Moreover, the test specimens did not contain 
vertical reinforcement. This was a deliberate decision, con-
sidering that these experiments are the some of the first of 
their kind, and intended to establish fundamental, baseline 
response of the concrete itself. It is anticipated that the pres-
ence of reinforcement will increase the strength through two 
mechanisms: (1) the additional yielding strength provided by 
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the rebar and (2) the mitigation of the size effect in concrete. 
An explicit incorporation of these effects will require addi-
tional testing, as well as finite element simulation to gener-
alize the results. These are recommended areas for future 
work.
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SYMBOLS

ANc	 Projected concrete failure area of a group of 
anchors for ACI 318 Appendix D and CCD 
methods

ANco	 Projected concrete failure area of a single anchor 
for ACI 318 Appendix D method

b0	 Effective perimeter for the punching shear 
approach

dembed	 Embedment depth; distance from the concrete 
surface to top surface of the embedded plate

ƒ′c	 Compressive strength of concrete

Ptest
max	 Maximum load determined from experiment

−Pn
ACI D318 	 Strength estimated as per ACI 318 Appendix D

Pn
CCD	 Strength estimated as per the CCD approach

Pn
PS	 Punching shear strength estimated as per ACI 

318 Chapter 11

ψc,N	 1.25 for cast-in anchors without cracking at 
service loads for ACI 318 Appendix D method
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INTRODUCTION

The AISC Specification for Structural Steel Buildings 
(2010) allows for the cross-section strength of compact 

composite columns to be computed by the plastic stress dis-
tribution method. In this method, the steel components are 
assumed to have reached the yield stress, Fy, in either tension 
or compression, and the concrete components are assumed 
to have reached a stress of 0.85ƒ′c in compression, where ƒ′c is 
the concrete compressive strength. A higher stress, 0.95ƒ′c, is 
permitted for circular, concrete-filled steel tubes to account 
for confinement. As a design aid, closed-form expressions 
defining several anchor points, labeled Points A through E 
on the interaction diagram (Figure 1), are tabulated in the 
AISC Seismic Design Manual (AISC, 2012) and the AISC 
Design Examples (AISC, 2011). Approximations were made 
in the derivation of some of the closed-form expressions, 
typically resulting in negligible variation from the exact 
solution. In this case, “exact” refers to axial load and bend-
ing moment pairs that have been precisely calculated from 
the assumed plastic stress distribution and assumed cross-
sectional geometry. However, the equation for the axial 

strength of circular concrete-filled steel tubes at Point E 
(Equation 4) tabulated in the AISC publications (2011, 2012) 
produces results that are unconservative due to an assump-
tion made in its derivation.

DERIVATION

Point E is defined by a plastic neutral axis location a distance 
hE from the centroid, where hE is the average of hn, the loca-
tion of the plastic neutral axis for pure bending (Point B) and 
the distance to the inside face of the steel tube. The assumed 
stress distribution at Point E is shown in Figure 2. Based on 
this stress distribution, the axial compression, PE, is defined 
by Equation 1:

	 = − + ′P F A F A f A0.95E y sc y st c cc� (1)

where 
Acc	= area of concrete in compression, in.2

Asc	= area of steel in compression, in.2

Ast	 = area of steel in tension, in.2

The equation can be revised to relate PE to the axial 
strength under pure compression, PA:

	 = + ′P F A f A0.95A y s c c� (2)

	 = − − ′P P F A f A2 0.95E A y st c ct� (3)

where
Ac	 = total area of concrete, in.2

As	 = total area of steel, in.2

Act	 = area of concrete in tension, in.2
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The current formula for PE from Table 7-11B of the AISC 
Seismic Manual is as follows:

 
( ) ( )= − − + ′⎡

⎣⎢
⎤
⎦⎥
θ − θP P F d h

f
h

1

4

0.95

2
sinE A y

c2 2 2
2 2

�
(4)

where
d = outside diameter of steel tube, in.
h = inside diameter of steel tube, in.

The angle between two lines extending from the center 
of the cross-section to the intersections of the plastic neutral 
axis and the inside face of the steel tube is calculated as fol-
lows (see Figure 2):

	
θ = π − ⎛

⎝
⎞
⎠

h

h
2arcsin

2 E
2

�
(5)

Through an examination of Equations  3 and 4, the 
assumed area of concrete in tension and area of steel in ten-
sion can be deduced as Equations 6 and 7, respectively:

	
( )= θ − θA

h

8
sinct
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(7)

Both Act and Ast (Equations  6 and 7) are based on cir-
cular segment geometry as shown in Figures  3a and 3c. 
The expression for Act exactly represents the shape of the 
cross-section and given stress pattern; however, the use of 
θ2 for the circular segment in the expression for Ast leads to 
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	 Fig. 1.  Schematic interaction diagram. 	 Fig. 2.  Assumed stress distribution.

an underestimation of the area of steel in tension and thus 
an overestimation of PE. An exact expression for Ast would 
make use of circular segment geometry with θ2s in lieu of θ2 
(Equations 8 and 9) as shown in Figure 3b:

	
( )= θ − θ −A
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Alternatively, an approximation that is more accurate 
than the current formula and does not increase the com-
plexity of the calculation by introducing a second angle can 
be obtained by assuming a circular-sector geometry (Fig-
ure 3d), where Ast is computed by Equation 10. Most impor-
tantly, the circular-sector geometry matches the geometric 
assumption used in the formula for the bending moment at 
Point E, ME (Geschwindner, 2010). The final formula for PE, 
using Equation 10 for the area of steel in tension, is Equa-
tion 11. This expression is recommended to replace the cur-
rent formula (Equation 4) in the design tables.
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An example illustrating the accuracy of the proposed 
equation is presented in the following section.
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(a) (b) (c)  (d) 

θ2 θ2s θ2

Ast1

Ast = Ast1 − Act

θ2

Fig. 3.  Schematic of cross-sectional areas: (a) Act; (b) Ast, exact; (c) Ast, current; (d) Ast, proposed.

DESIGN EXAMPLE

Given:

Determine the axial compression and bending moment at Point E for an ASTM A500 Grade C HSS10.750×0.250 composite 
compression member filled with 5-ksi concrete (ƒ′c = 5 ksi).

From AISC Manual Table 2-4, the material properties are as follows:

ASTM A500 Grade C
Fy = 46 ksi

From AISC Manual Table 1-13, the HSS geometric properties are as follows:

HSS10.750×0.250
D	= 10.750 in.
t	 = 0.233 in.

Solution:

Determine cross-sectional properties:

( )

( )

( )( ) ( )

=
=
= −
= −
=

= π −

= π −⎡⎣ ⎤⎦
=

d D

h d t

A dt t

10.750 in.

2

10.75 in. 2 0.233 in.

10.3 in.

10.75 in. 0.233 in. 0.233 in.

7.70 in.

s
2

2

2

( )

= π

= π

=

A h
4

4
10.3 in.

83.3 in.

c
2

2

2
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Equation 2 is used to determine PA:

( ) ( )( ) ( )
= + ′

= +

=

P F A f A0.95

46 ksi 7.70 in. 0.95 5 ksi 83.3 in.

750 kips

A y s c c

2 2

From AISC Seismic Manual Table 7-11B, Point B equations, hn is calculated as follows:

( )( )

( ) ( )

= ′

=
=

= −⎛
⎝

⎞
⎠

=
−⎛

⎝⎜
⎞
⎠⎟

=

K f h

K F
d t

t

5 ksi 10.3 in.

530 kips

2

46 ksi
10.75 in. 0.233 in.

2
0.233 in.

56.4 kips

c c

s y

2

2

( ) ( )
( )

( ) ( ) ( )( )
( )

( )
θ = − +

+ +

=
−

+
+⎡⎣ ⎤⎦ +

=

= π − θ⎛
⎝

⎞
⎠ ≤

= ⎛
⎝⎜

⎞
⎠⎟

π −⎛
⎝⎜

⎞
⎠⎟ ≤

=

K K

K

K K K K

K

h
h h

0.0260 2

0.0848

0.0260 2 0.857

0.0848

0.0260 530 kips 2 56.4 kips

0.0848 530 kips

0.0260 530 kips 2 56.4 kips 0.857 530 kips 56.4 kips

0.0848 530 kips

2.34 rad

2
sin

2 2

10.3 in.

2
sin

2.34 rad

2

10.3 in.

2

2.01 in.

c s

c

c s c s

c

n

2

2

From AISC Seismic Manual Table 7-11B, Point E equations, the plastic neutral axis location, hE, and corresponding angle, θ2 is 
calculated as follows:

= +

= +

=

h
h h

2 4
2.01 in.

2

10.3 in.

4
3.58 in.

E
n

( )

θ = π − ⎛
⎝

⎞
⎠

= π −
⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

=

h

h
2arcsin

2

2arcsin
2 3.58 in.

10.3 in.

1.60 rad

E
2
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Determine PE using the current equation (Equation 4):

( )

( ) ( ) ( ) ( ) ( )

( )= − − + ′⎡
⎣⎢

⎤
⎦⎥
θ − θ

= − −⎡
⎣

⎤
⎦ +

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

⎧
⎨
⎪

⎩⎪

⎫
⎬
⎪

⎭⎪
× −⎡⎣ ⎤⎦

=

P P F d h
f

h
1

4

0.95

2
sin

750 kips
1

4
46 ksi 10.750 in. 10.3 in.

0.95 5 ksi

2
10.3 in. 1.60 rad sin 1.60 rad

647 kips

E A y
c2 2 2

2 2

2 2 2

Determine PE using the proposed equation (Equation 11):

( )
( ) ( ) ( ) ( ) ( )( ) ( )

( )= − − θ − ′ θ − θ

= − −⎡
⎣

⎤
⎦ − −⎡⎣ ⎤⎦

=

P P F d h f h
1

4

1

8
0.95 sin

750 kips
1

4
46 ksi 10.75 in. 10.3 in. 1.60 rad

1

8
0.95 5 ksi 10.3 in. 1.60 rad sin 1.60 rad

537 kips

E A y c
2 2

2
2

2 2

2 2 2

From AISC Seismic Manual Table 7-11B, Point E equations, ME is calculated as follows:

( ) ( )

( ) ( )

( ) ( )

( )

= θ⎛
⎝

⎞
⎠

= ⎛
⎝

⎞
⎠

=

= − θ⎛
⎝

⎞
⎠

=
− ⎛

⎝⎜
⎞
⎠⎟

=

= + ′

= +

=

Z
h

Z
d h

M F Z
f Z

6
sin

2

10.3 in.

6
sin

1.60 rad

2

67.2 in.

6
sin

2

10.75 in. 10.3 in.

6
sin

1.60 rad

2

17.9 in.

0.95

2

46 ksi 17.9 in.
0.95 5 ksi 67.2 in.

2
983 kip-in.

cE

sE

E y sE
c cE

3
3 2

3
3

3

3 3
2

3 3

3

3
3

The results for the remaining points are presented in Table 1 along with an evaluation of Point E using the exact geometry 
(Geschwindner, 2010). These values are presented graphically in Figure 4 along with the results of the interaction diagram evalu-
ated by dividing the cross section into many individual fibers, assuming a plastic neural axis location, assigning a plastic stress 
to each fiber according to the assigned material (i.e., steel or concrete) and whether is it in tension or compression, and numeri-
cally integrating the stresses to determine pairs of axial compression and bending moment. As can be observed from Figure 4, 
the current formula for PE overestimates the axial compression at Point E, which results in an unconservative approximation of 
the interaction diagram. Additionally, the proposed equation not only results in a close approximation of the exact results, but, 
because of the consistent approximations in the formulas, the pair (ME, PE) lies nearly on the numerically determined interaction 
diagram, thus introducing nearly no error to the evaluation of the interaction diagram.

To confirm the observations from Figure 4, the error between the proposed Point E and the exact interaction diagram was com-
puted over a range of cross sections. The error in this case can be computed as a function of two nondimensional parameters: the 
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Fig. 4.  Example interaction diagram.

Table 1.  Example Interaction Diagram Anchor Points

Point
Bending Moment 

(kip-in.)
Axial Compression 

(kips)

Point A 0 750

Point E—current 983 647

Point E—proposed 983 538

Point E—exact 1,030 525

Point C 1,400 396

Point D 1,620 198

Point B 1,400 0

tube slenderness ratio, D/t, and the material strength ratio, Fy/ƒ′c. Given the range of compact steel tubes and material strength 
limitations in the AISC Specification (2010), the calculations were performed for tube slenderness ratios ranging from D/t = 10 
to D/t = 125 and material strength ratios ranging from Fy/ƒ′c = 3.5 to Fy/ƒ′c = 25. The maximum error was 0.1%, which occurred 
for D/t = 10 and Fy/ƒ′c = 3.5, confirming that the geometric approximation in the proposed formulas introduces nearly no error 
to the computation of the interaction diagram.
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CONCLUSIONS

The derivation of the plastic cross-section axial strength of 
circular, concrete-filled steel tubes at Point E was reviewed, 
and the formula currently provided in the AISC Seismic 
Design Manual (AISC, 2012) and the AISC Design Exam-
ples (AISC, 2011) was found to be unconservative. A new 
formula that utilizes assumptions about the geometry that 
are consistent with the corresponding formula for the flex-
ural strength at Point E was derived. This formula was veri-
fied against a numerical evaluation of the interaction surface 
and found to be accurate in all cases. It is recommended that 
this paper’s Equation be adopted for use in place of the cur-
rent formula in all AISC publications.
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INTRODUCTION

Sustainable design, or building “green,” includes con-
sideration of resources (e.g., energy, raw materials) but 

also construction and demolition waste. The statistics on 
waste are motivating shifts in structural design. “Current 
estimates in Australia have determined that approximately 
40% of landfill waste is directly attributed to building and 
construction … Current Australian practice in steel build-
ing construction encourage steps that structural designers 
can take to maximize the potential for re-using steel build-
ings including using bolted connections … and ensuring 
easy access to connections” (Uy et al., 2015). This general 
approach is Design for Deconstruction (DfD). “Contrary to 
the conventional linear material flow, which starts with the 
extraction of raw materials and ends with the disposal of 
debris in landfills, DfD could help close this loop by reduc-
ing the cost of recovering and reusing resources” (Wang et 
al., 2015a).

Ongoing and recently completed research on deconstruc-
table steel-concrete composite beams and floor systems for 
steel frame buildings is presented. This research includes 
demountable beam-slab connectors, deconstructable com-
posite floor systems with precast concrete planks, and light-
weight modular two-way steel flooring systems.

An extensive study on connectors to enable reuse of steel 
and composite building components has been undertaken. 
Demountable beam-to-girder connections, column splices 
for concrete-filled tube (CFT) columns and beam-to-slab 
connectors for steel-concrete composite beams were investi-
gated through detailed finite element analyses and full-scale 
experiments. The bolted beam-to-girder connections were 
analyzed to determine details (e.g., geometry of the cope) 
and load limits that would prevent large, plastic deforma-
tions and allow the connections to be easily demounted and 

reused. A blind-bolted sleeve plate CFT column splice was 
designed and analyzed to determine effects of sleeve length, 
bolt position and reinforcement ratio on tensile strength 
of the splice. Research on bolt connectors for composite 
beams, highlighted here, has shown improved performance 
relative to beams with welded connectors (Uy et al., 2015). 
This research is led by Dr. Brian Uy, Professor and Director 
of the Centre for Infrastructure Engineering & Safety at the 
University of New South Wales, Australia.

A deconstructable composite floor system with steel 
framing, precast concrete planks, and bolted clamp con-
nectors has been developed. A comprehensive investigation 
on design and behavior of the proposed system includes 
detailed finite element analyses, parametric studies, and val-
idation testing. The full-scale pushout tests, composite beam 
tests, and in-plane diaphragm tests are in progress. Selected 
results for the pushout tests and diaphragm analyses are pre-
sented here. The principal investigator (PI) for this research 
is Dr. Jerome Hajjar, CDM Smith Professor and Department 
Chair of Civil and Environmental Engineering at North-
eastern University, with co-PI Mark D. Webster, a structural 
engineer with Simpson Gumpertz & Heger Inc.

A new, modular sandwich panel system is envisioned as 
another alternative to steel deck composite floors. Typi-
cal steel-concrete composite floors are designed with slabs 
supported by beams spanning in one direction. Reinforced 
concrete and post-tensioned flat slab construction are able 
to take advantage of two-way bending behavior to increase 
capacity and span lengths, resulting in low floor-to-floor 
heights, but lack modularity. Research is under way on a new 
lightweight modular steel flooring system that takes advan-
tage of two-way bending behavior and rapid-construction/
deconstruction inherent in modular systems. The principal 
investigator for this research is Dr. Matthew Fadden, AISC 
Milek Fellow and an Assistant Professor at The University 
of Kansas.

DEMOUNTABLE BEAM-SLAB CONNECTORS

Bolt connectors can be used in place of welded shear con-
nectors for composite beams that are deconstructable, or 

Judy Liu, Ph.D., Research Editor of the AISC Engineering Journal, Professor 
of Civil and Construction Engineering, Oregon State University, Corvallis, OR. 
Email: Judy.Liu@oregonstate.edu
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demountable, as shown in Figure 1 for a beam with metal 
deck. Limited studies on bolted connectors for composite 
beams were conducted by Lam and Saveri (2012) and oth-
ers. Additionally, post-installable bolted connectors were 
investigated by Kwon et al. (2009) for retrofit of noncom-
posite bridge girders. Meanwhile, pushout tests on bolted 
connectors conducted by Mirza et al. (2010) demonstrated 
shear capacity comparable to that of welded headed connec-
tors. More recent research has considered bolted connectors 
as potential retrofit, or strengthening, options for existing 
beams. This work has expanded upon prior research and 
has also demonstrated the viability of bolted connectors for 
demountable composite beams (Pathirana et al., 2015). The 
connectors used were the same as those studied by Mirza 
et al. (2010) and included welded, headed shear connectors 
(WS) and two different types of M20–grade 8.8 blind bolts. 
One type of blind bolt has a collar (BB1), and the other type 
of blind bolt is secured with a washer and nut cast into the 
concrete (BB2) (Figure 2). When used for retrofitting exist-
ing noncomposite beams, connectors are bolted through 
holes created in the concrete and steel beam flanges. The 
holes are then filled with nonshrink structural grout (Fig-
ure 3) (Pathirana et al., 2015).

Behavior of Demountable Beam-Slab Connectors

Seven full-scale beam specimens were tested statically 
under four point bending (Pathirana et al., 2015). Beam span 
was 19.6 ft, with an 18-in.-deep steel I-beam. The 6-in.-
thick, 3.28-ft-wide concrete slab was reinforced with N12 
(0.5-in. diameter) longitudinal and transverse bars at 9.45-in. 
spacing. One beam was noncomposite, and three composite 
beams were constructed with each of the three connectors; 
specimens CWS-ST, CBB1-ST and CBB2-ST used connec-
tors WS, BB1 and BB2, respectively. Three specimens (CWS-
RT, CBB1-RT and CBB2-RT) were constructed originally as 
noncomposite beams and then retrofitted with each of the 
connectors. Beam specimens all used 27 shear connectors 
in a staggered pattern. For the welded connector specimen, 
this would correspond to a partially composite beam design, 
with approximately 50% of the connectors required for fully 
composite beams (i.e., a shear connection ratio of 0.5). The 
grout hole sizes in the retrofitted specimens corresponded to 
the geometry and installation requirements of the connec-
tor: 3.94-in., 2.95-in. and 1.97-in. hole diameters for the WS, 
BB1 and BB2 connectors, respectively.

Six pushout tests were also conducted to investigate the 

Fig. 1.  Demountable composite beam with concrete on metal deck.

	 (a)	 (b)	 (c)	 (d)

Fig. 2.  (a) BB2 connector; (b) BB1 closed collar; (c) BB1 open collar; (d) WS connector.
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load-slip behavior of the connectors. Each of the pushout 
test specimens corresponded to one of the standard (ST) 
composite beam specimens or one of the retrofitted (RT) 
composite beam specimens. Concrete or grout failure and 
welded stud failures were observed for the WS specimens 
(PWS-ST and PWS-RT). Concrete or grout failure was the 
limit state for the BB1 specimens, while the BB2 connec-
tors failed in shear. The slip responses of the BB1 and BB2 
specimens were variable; this was attributed to bolt hole 
clearances as well as deformations of the bolted connector 
components. Comparisons of the load-slip behavior of the 
connectors (Figure 4) revealed higher stiffnesses for the WS 
and BB1 connectors in the standard and retrofitted speci-
mens. The strengths of the BB1 and BB2 connectors were 
comparable and, for the retrofitted specimens, were higher 
than that for the WS connectors. The BB2 connectors were 

noted to be the most ductile, and the WS connectors were 
noted as having the most slip after yielding (Pathirana et 
al., 2015).

The load-slip behavior from the pushout tests was 
reflected in the composite beam tests. The retrofitted beam 
with the BB2 connectors was much less stiff than the other 
retrofitted beams. Both beams retrofitted with bolted con-
nectors exhibited higher ultimate load capacity than the ret-
rofitted beam with the welded connector. The load capacity 
of a noncomposite beam was increased by 40% with the BB2 
connectors. At the serviceability deflection limit of approxi-
mately 1 in., the load capacities of all retrofitted beams were 
50% higher than predicted (Pathirana et al., 2015). Overall, 
the research confirmed the viability of bolted connectors for 
both retrofit and new construction of composite beams.

Fig. 3.  Finite element model components and element types. 

	 	
	 (a)	 (b)

Fig. 4.  Load-slip response: (a) standard condition; (b) retrofitted condition.
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Finite Element Analysis of Demountable  
Beam-Slab Connectors

In addition to analyses for the retrofitted composite beam 
specimens, Uy et al. (2015) developed detailed finite ele-
ment models and conducted a parametric study of composite 
beams. The finite element models were composed of eight-
node brick (C3D8R) and quadratic brick (C3D20R) elements 
for the shear connectors, concrete slab and beam. Steel rein-
forcement was modeled with two-node, three-dimensional 
truss elements (T3D2). The models allowed for comparisons 
of flat slabs and slabs with profiled metal decking, as shown 
in Figure 1; the thin steel sheeting was modeled with thin 
shell elements (S4R). Structural steels were modeled using 
elastic-plastic behavior, and the concrete was modeled with 
an elastic-plastic stress strain relationship with strain soften-
ing. In addition to profiled decking or flat slab, parameters 
investigated included concrete compressive strength and 
headed or bolted connectors. The bolted connectors were 
the type with the embedded nut. The models were validated 
against the experiments from Mirza et al. (2010), with good 
agreement on the load-slip curves, including initial stiffness 
that was “identical up to the ultimate load” (Uy et al., 2015).

The results of the parametric study showed increases 
in stiffness and strength with greater concrete compres-
sive strengths. Use of a flat slab instead of a profiled slab 
also increased initial stiffness and ultimate strength. The 
beams with the bolted connectors were stronger than beams 
with the welded headed connectors, primarily due to the 
higher yield strength of the bolted connectors. An initial 
0.04-in. slip observed in beams with the bolted connectors 
was attributed to the oversized holes “provided to achieve 
demountability in composite beams” (Uy et al., 2015).

Pathirana et al. (2015) expanded on these results with finite 
element models that were validated against all three of the 
retrofitted beam specimens. The models utilized symmetry 
boundary conditions to represent half of the beam. As with 
the models described earlier, C3D8R elements were used for 
the concrete, grout and steel beams; C3D20R elements were 
used for the shear connectors; and T3D2 elements were used 
for the reinforcing bars (Figure 3). A concrete damage plas-
ticity model was used to capture the behavior of the concrete 
and grout. The stress-strain curves for the steel materials 
were represented by piecewise linear curves. Properties for 
the steel and concrete were based on the measured values 
from material property tests for the materials used in the test 
specimens. The finite element models again demonstrated 
good agreement with the experimental results. Stiffness, 
strength, ductility and limit states such as tensile failure of 
the concrete at the bottom of the slab were well predicted. 
Additional details of the modeling can be found in Pathirana 
et al. (2015).

In a parametric study, the effects of concrete compres-
sive strength, grout strength, grout hole size and shear 

connection ratio were investigated. The results confirmed 
that an increase in concrete compressive strength increases 
the ultimate capacity of the retrofitted beam. However, dou-
bling the grout strength produces marginal increases (less 
than 1%) in the flexural strength of the beam. Similarly, 
doubling the grout hole diameter increases the ultimate 
strength of the beam, but this increase was not significant 
(less than 4%). For shear connection ratio, an increase in this 
ratio resulted in an increase in the ultimate capacity of the 
composite beam, although the rate of increase was generally 
less significant at higher numbers of shear connectors. Fig-
ure 5 shows the ultimate load ratio, or ultimate load normal-
ized to that for 42 connectors (shear connection ratio of 1), 
versus the number of connectors. It is worth noting that the 
composite beam models with the BB2 connectors (CBB2) 
were able to develop an ultimate load ratio close to 1 (i.e., 
capacity of a fully composite beam) with fewer connectors 
than for the CBB1 and CWS models (Pathirana et al., 2015).

Dynamic and Time-Dependent Behavior of Composite 
Beams with Demountable Connectors

Complementary research has been conducted on the time-
dependent behavior of composite beams with blind bolts 
(Ban et al., 2015) and dynamic behavior of composite beams 
with different shear connectors (Henderson et al., 2015a, 
2015b). Ban et al. (2015) conducted four full-scale tests and 
a computational parametric study, identifying important 
parameters for the long-term deflections of these compos-
ite beams, in addition to developing a finite element model 
capable of predicting the time-dependent behavior of com-
posite beams with blind bolts or welded connectors. Test 
results from Henderson et al. (2015a) showed comparable 
dynamic behavior for composite beams with blind bolts and 
welded shear studs. The results were also used to validate 
a Timoshenko beam model for steel-concrete composite 
beams (Henderson et al., 2015b).

Fig. 5.  Ultimate load ratio versus number of shear connectors.
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DECONSTRUCTABLE  
COMPOSITE FLOOR SYSTEM

Similar concepts have been used in the development of a 
new, deconstructable composite floor system that uses pre-
cast concrete planks and clamp connectors. This research 
program includes pushout tests of the clamp connectors, 
beam tests and diaphragm simulations. Finite element mod-
els have been used to investigate behavior of the decon-
structable floor system and components, to study effects 
of various parameters and to inform the experimental pro-
gram. Details of the floor system, finite element models 
and selected results from the diaphragm test finite element 
analyses are described. Results from some of the pushout 
tests are also presented.

Details of the Deconstructable Composite Floor System

Wang et al. (2015a, 2015b) are studying deconstructable 
composite floor systems to enable reuse of all of the struc-
tural components. Precast concrete floor planks are attached 
to steel beams and girders with clamps and pretensioned 
bolts. The clamp connections are designed to provide com-
posite action in the system. Channels that have been cast into 
the planks allow beams of any flange width to be attached at 
any location. Figure 6 shows a schematic of the deconstruc-
table composite beam and cross-sections of the plank.

The planks themselves are envisioned to be 20 ft × 2 ft × 
6  in., with tongue-and-groove side joints and connections 
designed to resist in-plane diaphragm forces. The plank size 
“is believed to be large enough to ensure structural integ-
rity and reduce labor for construction and deconstruction 
but small enough to facilitate handling, transportation and 
reuse in new structures” (Wang et al., 2015b). Instead of the 

conventional procedure of grouting between the planks and 
topping with cast-in-place concrete to achieve diaphragm 
shear resistance, threaded rods are used to allow for future 
deconstruction. The unbonded rods connect the precast 
planks in a staggered pattern as shown in Figure 7 and are 
tensioned. In this manner, friction in the joints resists the 
diaphragm shear, and the horizontal clamping of the panels 
resists joint opening due to diaphragm flexure (Wang et al., 
2015b).

Behavior of Deconstructable Clamping Connectors

To date, seven full-scale pushout tests have been conducted 
to investigate the strength and ductility of the clamping con-
nectors. Prior to the pushout tests, one set of pretension tests 
was conducted. Several bolts were torqued until fracture to 
develop the relationship between the number of turns and 
bolt axial force and to establish pretensioning procedures for 
the clamps. It was determined that two complete turns of the 
nut provide a reliable pretension force.

The test specimens included precast concrete planks 
connected to WT sections representing the top portions of 
a W-shape beam (Figure 8a). The specimen includes a 4-ft 
× 2-ft × 6-in. precast concrete plank that was clamped to 
a WT5×30 or WT4×15.5 section. The loading was applied 
to the flanges of the WT sections using displacement con-
trol “to reduce eccentricity of the force application in the 
WT. Reaction angles are chosen to react against the concrete 
plank to provide realistic compressive stress distributions 
within the concrete” (Wang et al., 2015a). The WT4 flanges 
were smaller and required shims at the clamp connections. 
Additional parameters included the use of heavy or light 
reinforcement in the planks, monotonic or cyclic loading, 

	 	
	 (a)	 (b)

Fig. 6.  (a) Deconstructable composite beam prototype; (b) precast concrete plank cross-sections.
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and different bolt diameters. The light reinforcement pat-
tern was limited to reinforcement necessary to resist grav-
ity loading, while the heavy reinforcement pattern included 
additional bars to limit cracking due to concrete breakout 
(Wang et al., 2015a). In addition to the pushout tests, full-
scale composite beam tests are designed to study the clamp-
ing connectors and the flexural strength and stiffness of the 
composite beams (Figure 8b).

Typical load-slip curves are depicted in Figure  9 for a 
monotonic pushout test and the corresponding cyclic test 

with two cast-in channels and four clamps attaching the 
WT to the plank using 1-in. bolts. In the monotonic test, the 
average peak load for one clamp connector was 22.1 kips, 
comparable to 21.5 kips for a w-in. shear stud embedded in 
a 4-ksi solid concrete slab. The connectors retained almost 
80% of the peak capacity even at a slip of 10 in. Compared to 
the monotonic test results, the peak load was reduced in the 
cyclic test, and pinching behavior was observed, particularly 
at large slip values. This behavior was mainly attributed to 
the reduction of the frictional coefficient as a result of worn 

Fig. 7.  Precast concrete plank layout and connections.

	 	
	 (a)	 (b)

Fig. 8.  Schematics: (a) pushout test setup; (b) composite beam test setup.
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steel flanges and clamp teeth after several cycles. The tests 
were terminated when the linear potentiometer stroke was 
reached, and no specific limit states were observed.

In-Plane Diaphragm Analysis of the Deconstructable 
Composite Floor System

To explore the in-plane shear behavior of the proposed sys-
tem, a model of half of a 30-ft × 30-ft bay was created, with 
symmetry boundary conditions. This model was inspired by 
the test setup used by Easterling and Porter (1994) to study 
the behavior of steel-concrete composite diaphragms. The 
modeled diaphragm system used a W18×40 girder, W14×30 
filler beams and W12×19 beams at the column lines (Fig-
ure  10). The W18×40 girder was considered to be part of 
the seismic force-resisting system and was, therefore, the 
point of application for the loading. The quasi-static, cyclic 

displacement was applied after (1) compression between 
the planks from the threaded rods was simulated with an 
applied pressure and (2) bolt pretension was simulated 
through a change in temperature. Planks were unreinforced 
in the models, and they were staggered as shown in Figure 7. 

The finite element analysis used a combination of eight-
node reduced integration brick elements (C3D8R) and 
six-node reduced integration triangular prism elements 
(C3D6R) to represent the concrete and cast-in channels. 
The steel beams and concrete planks were modeled using 
the eight-node brick elements. The clamps and bolts were 
modeled using four-node tetrahedron elements (C3D4), and 
the steel reinforcement was represented by two-node, three-
dimensional truss elements (T3D2).

Material models include a concrete damage plasticity 
model capable of capturing changes in stiffness with open-
ing and closing of cracks (Wang et al., 2015b). The steel 

(a)

(b)

Fig. 9.  Load-slip curves for specimens under (a) monotonic loading; (b) cyclic loading.
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beam, reinforcement and channels were modeled using  
elastic-perfectly-plastic material in both tension and com-
pression. The bolt material was modeled following Kulak et 
al. (1987). Pretension was simulated by a temperature change 
and the resulting thermal shrinkage in the bolts. Additional 
details can be found in Wang et al. (2015b).

Parameters studied included the level of the compressive 
stress between planks and the number of shear connectors 
between the steel girder and the girder plank. The applied 
compressive stress between the planks ranged from 0.22 ksi, 
equivalent to tensioned rods at 4-ft spacing, to 0.87 ksi. The 
number of shear connectors was either 20 connectors at 3-ft 
spacing, representing the minimum of 25% composite action 
for the girder, or 28 connectors at 2-ft spacing. In total, six 
models with parameters as shown in Table 1 were analyzed.

The results of the analyses showed ductile behavior for 
all diaphragm models, with no strength or stiffness degrada-
tion. Observed limit states included joint sliding and slip of 
the clamps. The diaphragm shear strength increased as the 
compressive stress between planks increased. Joint sliding 
was the limit state for models 1 through 4. Slip at the clamps 

was the limit state for models 5 and 6. Model 4, with fewer 
shear connectors, exhibited a combination of joint sliding 
and slip at the clamps, and was less stiff than model 3, with 
comparable strength. Similarly, model 6 was less strong and 
less stiff than model 5.

Some limit states typically observed for cast-in place con-
crete and conventional precast concrete diaphragms were 
not observed for the proposed system. No diagonal cracking 
was observed in the models, even though the planks were 
modeled with no reinforcement. The “concrete remains 
intact except for localized damage near the clamps” (Wang 
et al., 2015b). Also, the compressive stress at panel joints 
prevented the limit state of joint opening due to diaphragm 
bending.

The diaphragm parametric study, together with the push-
out test results, provided valuable information for design and 
detailing of the proposed floor system. All of the results also 
showed ductile behavior at both the component and system 
level. Full-scale pushout, beam and diaphragm tests will 
further inform design guidelines and confirm the viability 
of this deconstructable composite floor system.

Table 1.  Diaphragm Models and Parameters (Wang et al., 2015b)

Model Number Compressive Stress (ksi)
Number of Shear 

Connectors

1 0.22 28

2 0.22 20

3 0.44 28

4 0.44 20

5 0.87 28

6 0.87 20

Fig. 10.  Finite element model of the composite floor diaphragm. 
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LIGHTWEIGHT, MODULAR, TWO-WAY,  
STEEL FLOORING SYSTEMS

Another alternative to conventional steel deck composite 
floors is a new, lightweight, modular, two-way, sandwich 
panel system (Figure 11) that will allow for more economi-
cal steel frames designed for reduced dead loads and seis-
mic forces. Preliminary analysis shows that 30-ft × 40-ft 
bays with no filler beams are attainable with modular 
panels. Because this project is in an early stage, the sand-
wiched material is currently being modeled and optimized 
using finite element analysis. Possible solutions include 
cold-formed sections, three-dimensional space trusses or 
lightweight cementitious materials. It is important that the 
sandwiched material allows space for mechanical, electri-
cal and fire protection equipment to optimize floor-to-floor 
heights and structural integration.

The modularity provides this new flooring system with 
advantages over traditional steel-concrete composite floors, 
which have significant construction and curing times. Faster 
construction and the possibility of deconstruction given 
future building use changes can reduce long-term costs 
and waste. Additionally, modular pieces can be shipped 
compactly by truck, providing transportation cost savings. 
Each panel will be constructed on site, bolted together and 
lifted into place, thus avoiding any field welding. If build-
ing use changes, deconstruction can be carried out with 
minimal damage to the structure by removing fireproof-
ing and unbolting the floor system. It is even possible that 
panels from the floor could be deconstructed and removed 
while other areas of the structure remain occupied. Simi-
larly, this modular decking system can be reconstructed for 
future needs. Currently, connectors are being designed and 

developed to be able to resist required forces while main-
taining a flat profile. Future work includes conducting full-
scale experimental testing on the proposed system.

SUMMARY

A number of options for building “green” with deconstructa-
ble composite beams and floor systems have been presented. 
Steel-concrete composite beams become demountable with 
blind bolt connectors. A comprehensive experimental and 
computational study confirmed the viability of these bolt 
connectors for retrofit and new construction of composite 
beams. Precast concrete planks and clamp connectors are 
integral to a proposed, deconstructable composite floor sys-
tem. Finite element parametric studies in combination with 
pushout, diaphragm and beam tests, in progress, are advanc-
ing Design for Deconstruction (DfD) with this viable com-
posite floor system. A third option for sustainable design 
is envisioned as a lightweight, modular, sandwich panel 
system that will reduce design loads, accelerate construc-
tion and accommodate building use changes. The proposed 
modular panel system, in early stages of development and 
analysis, will be validated with full-scale experiments.
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