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INTRODUCTION

S tabilizer plates can be used to counteract the effects of
lap eccentricity and to prevent lateral torsional buck-

ling in single-plate shear connections (Thornton and Fort-
ney, 2011). Part 10 of the Steel Construction Manual (AISC, 
2011) presents equations for evaluating the need for stabi-
lizer plates based on these two considerations. For either 
limit state, the role of the stabilizer plate in the connection is 
simply to provide lateral support to the connecting material. 
In the ideal case, the stabilizer plate is not part of the load 
path for transferring the beam end shear to the support. In 
order to minimize the participation of the stabilizer plate in 
transferring the force to the support, the stiffness that the 
stabilizer plate provides to the overall connection must be 
minimized. However, it may not be desirable to provide such 
a “flexible” stabilizer plate. When this is the case, the role 
that the stabilizer plate plays in the load path of the beam-to-
column connection needs to be considered. When develop-
ing analysis and design procedures for stabilizer plates, the 
following questions should be considered:

1. What is the role of the stabilizer plate?

2. What types of stabilizer plates need to be considered?

3. What types of analysis and design procedures should
be used?

a. To what degree does the stabilizer plate act as
part of the load path in the beam-to-column
connection?

b. What is the impact on the beam-to-column
connection design?

c. What impact does the stabilizer plate have on the
supporting member?

These three primary questions are addressed in this paper.

ROLE OF THE STABILIZER PLATE

The purpose of the stabilizer plate is to provide a lateral 
brace to the single-plate shear connection when the required 
shear force in the connection exceeds the shear that initi-
ates lateral torsional buckling or to offset the effects of lap 
eccentricity. A stabilizer plate should only be used when all 
attempts to work with connection geometry and hardware 
cannot provide adequate torsional strength. Stabilizer plates 
not only add unnecessary costs, they potentially change the 
behavior of the connection and induce rotational demands 
not accounted for during the frame analyses as well.

The lateral brace can be thought of as a nodal brace, in 
the sense of AISC Specification Appendix 6 (AISC, 2010), 
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between the connecting plate and the column flange (see 
Figure 1), thus providing lateral stability to the connecting 
plate. To provide adequate bracing, both the axial strength 
and axial stiffness of the stabilizer plate must be considered. 
The required brace force in the stabilizer plate, Ps, would 
need to be transferred from the connection plate to the sta-
bilizer plate. The bracing load acts at approximately mid-
length of the stabilizer plate. If the ends of the stabilizer 
plate are connected to the column flanges, one-half of the 
stabilizer plate is in compression, while the other half is in 
tension (see Figure 1). The axial force can be resisted either 
through bearing at the plate-column flange interface on 
the compression side or through a weld at the plate-column 
flange interface on the tension side.

TYPES OF STABILIZER PLATES

In order to assess the number of different types of stabilizer 
plates that might be used, not only the connected beam and 
column must be considered, but also the members framing 
into the joint from the perpendicular direction. The role the 
stabilizer plate plays in transporting the beam end shear to 
the support also needs to be considered.

For the purposes of the discussion presented in this paper, 
the authors assume that there are two different types of con-
nections provided for the perpendicular members: simple 
shear connections and moment connections. When simple 
shear connections are used to connect the perpendicular 
members, it is assumed that the joint is clean (i.e., no conti-
nuity plates or web doublers). When moment connections are 
used to connect the perpendicular members, it is assumed 
that continuity plates are required and the shear connection 
plate is fitted to the continuity plates. Note that if the per-
pendicular members are moment-connected and continuity 
plates are not required, the joint is clean and, for the purpose 
of a discussion regarding stabilizer plates, can be considered 
to be no different than when the perpendicular members 

were shear-connected. Additionally, it is not uncommon 
to see the connection plate in a single-plate shear connec-
tion fitted to the flanges of a spandrel beam in a beam-to-
spandrel beam connection or a beam-to-beam connection 
with a supported beam on only one side of the support beam. 
This condition is similar to a connection plate fitted to the 
continuity plates in a joint with moment connections fram-
ing in from the perpendicular direction.

Figure 2 shows sketches of three different types of stabi-
lizer plates: types I, II and III. Type I and type II stabilizer 
plates can be used at joints where the perpendicular mem-
bers are shear connected (a clean joint). Where the perpen-
dicular member is moment-connected and continuity plates 
are required, the type III stabilizer plate would be required. 
Type Ia and type Ib stabilizer plates are assumed to play no 
role in transporting the required beam end shear. Types II (if 
not permitted to float) and III will play a role in the transport 
of the beam end shear.

The type Ia stabilizer plate is not practical. This type of 
stabilizer plate would certainly raise concerns in regard to 
surviving transportation and erection. It is presented only 
as a tool to facilitate a discussion regarding the analysis and 
design of the plate. The type Ib stabilizer plate will provide 
a more practical approach to providing lateral stability of the 
single-plate shear connection while not participating in the 
load path for the connection.

Analysis and Design of Stabilizer Plates

A stabilizer plate may increase the amount of rotational 
restraint provided by the connection. One simple way of 
eliminating any concern in this regard is to make no attach-
ment of the stabilizer plate to the column flanges. Note that 
this approach can be considered only for type I and II plates; 
it would not be an option for a type III stabilizer plate, which 
also acts as a continuity plate for the moment-connected 
beam framing into the joint from the perpendicular direc-
tion. If the stabilizer plate is not attached to the column 
flanges, it would be attached to the connection plate only, 
and given a length, ls (see Figure  3)—such that the stabi-
lizer plate fits within the column flanges—but is allowed to 
translate relative to the column flanges as the beam under-
goes simple beam end rotation under the presence of load. In 
essence, the stabilizer plate is permitted to “float” between 
the column flanges.

Where a welded connection of the stabilizer plate to the 
column flange is neither required nor desired, the required 
axial force, Ps, in the stabilizer plate would be transferred 
to the column flange through bearing. Under this condition, 
because no weld is provided on the “tension” side of the sta-
bilizer plate (refer to Figures 1 and 3), buckling of the sta-
bilizer plate would need to be considered when determining 
the cross-sectional dimensions of the stabilizer plate. Where 
a welded connection is required or desired at the stabilizer 

Fig. 1.  Brace force, Ps, provided by stabilizer plate.
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plate-column flange interface, buckling of the stabilizer 
plate would not be a concern because the axial force in the 
stabilizer plate would be resisted on the tension side of the 
plate.

Type Ia Stabilizer Plates

Figure 4 shows a sketch representative of a type Ia stabilizer 
plate. This type of stabilizer plate is relatively flexible and 
can be reasonably assumed to provide no additional stiffness 

or rotational resistance to the single-plate shear connection. 
Furthermore, it is reasonable to assume that the stabilizer 
plate provides no appreciable redundancy to the connection. 
That is, the stabilizer plate is not part of the load path for 
transporting the required beam end shear to the support. 
Therefore, the design of the single-plate shear connection 
would follow established design procedures (Part 10 of the 
AISC Manual). For this type of stabilizer plate, the required 
cross-sectional dimensions can be established as follows.

	 	
	 (a)	 (b)

	 	
	 (c)	 (d)

Fig. 2.  Options for stabilizer plates: (a) type Ia; (b) type Ib; (c) type II; (d) type III.
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Assuming nodal bracing, the required axial strength of 
the stabilizer plate can be taken as given in Specification 
Equation A-6-7 (AISC, 2010). A form of that equation is 
shown here in Equation 1.

	
P

M C

L

0.02
S

b d=
�

(1)

where
Ps	 = the required axial strength of the stabilizer plate
Mb	= Mba = Raa (ASD), Mbu = Rua (LRFD)
Cd	 = 1.0
L	 = connection length (see Figure 2)
R	 = Ra (ASD), Ru (LRFD)

Taking the axial tensile strength of the stabilizer plate as

	 ϕPn = ϕFyAs    (LRFD)� (2a)

	

P F An y s

Ω
=

Ω   
(ASD)

�
(2b)

where As is the cross-sectional area of the stabilizer plate, 
the cross-section of the stabilizer plate can be determined 
by setting Equation 1 equal to Equation 2 and rearranging to 
solve for As, as shown in Equation 3.
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In Equations 3a and 3b, f = 0.75 and W = 2.00.
Similarly, the required axial stiffness of the stabilizer 

plate can be taken as given in Specification Equation A-6-8, 
and shown in Equation 4.
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where
βs	 = required axial stiffness of the stabilizer plate
Mbu = Rua, Mba = Raa
Cd	 = 1.0
L	 = connection depth
a	 = the unbraced length of the connection plate

The axial stiffness of the stabilizer plate is taken as
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	 Fig. 3.  Type I floating stabilizer plate	 Fig. 4.  Type Ia stabilizer plate (flexible). 
	 (no connection to column flanges). 	
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where ls is the length of the stabilizer plate. Note that in 
Equation 5, the stiffness of the stabilizer plate is based on 
the length of the plate between the connection plate and the 
column flange (ls/2). The cross-section of the stabilizer can 
be determined by setting Equation 4 equal to Equation 5 and 
rearranging to solve for As, as shown in Equation 6.
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In Equations 6a and 6b, ϕ = 0.75, Ω = 2.00.
When using a flexible stabilizer plate, it can be assumed 

that little or no additional connection stiffness is provided 
and that no additional rotational restraint is provided by 
the connection. For these given assumptions, the single-
plate shear connection would be designed using the same 
procedures used if the stabilizer plate were not present. 
The stabilizer plate cross-section would be determined 
using Equations 3 and 6 to check against the required axial 
strength and stiffness.

The attachment of the stabilizer plate to the connection 
plate can be made with a fillet weld sized to transfer the 
required axial strength as determined by Equation 1. Note 
that the weld lengths will need to be at least as long as four 
times the fillet weld size (Section J2b of AISC 360-10). 
Therefore, the stabilizer plate width, w, will need to be at 
least w in. (assuming a x-in. fillet weld is used). Because it 
is assumed that the type Ia plate does not participate in the 
load path for transporting the beam end reaction, only the 
axial force, Ps, need be considered in the determination of 
the size of the stabilizer plate or its attachment.

Where the stabilizer plate axial force is transferred to the 
column flange through bearing and no welded connection is 
made at the column flanges, the cross-sectional dimensions 
of the stabilizer plate will be controlled by bearing or buck-
ling. Equations 7 and 8 give design equations for checking 
bearing strength at the column flange–stabilizer plate inter-
face and buckling of the stabilizer plate, respectively, where 
Ps is determined by Equation 1.

	 Psu ≤ ϕ1.8FyAs    (LRFD)� (7a)

	
P
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In Equations 7a and 7b, ϕ = 0.75 and Ω = 2.00.

	 Psu ≤ ϕFcrAs    (LRFD)� (8a)

	
P
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�
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In Equations 8a and 8b, ϕ = 0.90 and Ω = 1.67.

Example Problem 1—Flexible Stabilizer Plate, Type Ia

Problem Statement

Figure 5 shows a single-plate shear connection used as a beam end connection for a W12×35 framing to the web of a W12×30 
column. The required shear force for the design of the connection is Ru = 22 kips.

1.	Determine if a stabilizer plate is required based on

a.	Lateral torsional buckling of the plate.

b.	The effect of lap eccentricity.

2.	Whether a stabilizer plate is required or not, determine the required cross-sectional dimensions for a type Ia A36 stabilizer 
plate. The stabilizer plate will be welded to the column flanges. Specify the welds at the column flanges and connection 
plate. Assume a one-sided x-in. fillet weld is used for attaching the stabilizer plate.
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Solution

Part 1a

The lateral torsional buckling strength of the plate is (Thornton and Fortney, 2011)

R
Lt
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= > → �

Part 1b

The required torsional moment strength due to lap eccentricity is (Thornton and Fortney, 2011)
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The available torsional moment strength is (Thornton and Fortney, 2011)
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	 (a)	 (b)

Fig. 5.  Single-plate shear connection referenced in Example Problem 1: (a) elevation; (b) final stabilizer plate details.
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Part 2

Because a x-in. fillet weld is used to attached the stabilizer plate, the width of the plate must be at least (4)(0.1875 in.) = 0.750 in.

Stabilizer plate size based on required axial strength using Equation 3a:

A
R a

F L

0.02

(0.02)(22 kips)(5 in.)

(0.75)(36 ksi)(9 in.)

0.0091 in.

s
u

y

2

=
ϕ

=

=

Assuming the width of the plate is 0.750 in., the required plate thickness is:

A wt

t
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0.0091 in.

0.750 in.

0.012 in.

s s

s

s

2

2

=

=

=

=

Good detailing practice would suggest using at least a 4-in. plate, which is greater than ts = 0.012 in. Therefore,

Use a 4-in. × w-in. plate.

Stabilizer plate size based on required axial stiffness using Equation 6a:

d t2

12.3 in. (2)(0.44 in.)

11.4 in.

f column( )= −

= −
=

ls

A
R l

LE

5
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0.006 in. 0.0091 in. strength controls over stiffness

s
u s

2 2

=
ϕ

=

= < →

Use a 4-in. × w-in. stabilizer plate.

Attachment of Stabilizer Plate to Single-Plate Shear Connection and Column Flange

The required axial force in the stabilizer plate is determined using Equation 1.

P
M C

L

0.02

(0.02)(22 kips)(5 in.)(1.0)

9.0 in.
0.244 kips

Su
bu d=

=

=

The width of the stabilizer plate is 0.750 in. Check that a x-in. single-sided fillet weld at the connection plate and column flange 
is sufficient.
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R Dnl1.392 1 0.5sin

(1.392)(3 sixteenths)(1)(0.75 in.) 1 0.5sin 90

4.70 kips > 0.244 kips OK

w
1.5

1.5

( )
( )

ϕ = + θ

= + °

=

Use a x-in. fillet weld at the stabilizer plate-to-connection plate and stabilizer plate-to-column flange interfaces.

Note that if one were to choose not to attach the stabilizer plate to the column flanges, the stabilizer plate would need to be 
checked for (1) bearing against the column flanges and (2) buckling on the compression side of the stabilizer plate.

See Figure 5b for a sketch of the details of the stabilizer plate and its attachments.

Type Ib Stabilizer Plates

Type Ib Plate Geometry

The type Ib stabilizer plate is similar to the type Ia plate in 
that it is assumed that the stabilizer plate does not play a role 
in transferring the beam end reaction to the support. There-
fore, as with the type Ia configuration, the single-plate shear 
connection design procedure of Manual Part 10 applies. 
With the type Ia stabilizer plate, a welded connection is 
required at the stabilizer-to-connection plate interface. An 
attachment at this location is not required with the type Ib 
plate. As can be seen in Figure 6, the type Ib plate is notched 
around the connection plate, and the required lateral brac-
ing of the connection plate is achieved through bearing of 
the connection plate on the notched portion of the stabilizer 
plate. A weld is used to transfer the axial load in the stabi-
lizer plate to the column flange. Both ends of the stabilizer 

plate are welded to the column flange so, regardless of the 
direction of the Ps load, the tension side of the stabilizer 
plate will provide the entire brace force. Thus, stabilizer 
buckling does not need to be checked.

The height of the notch, hn, should be sufficient to transfer 
the Ps force in bearing and also provide vertical clearance 
such that the connection plate does not contact the stabilizer 
during simple beam end rotation. The height of the contact 
area between the connection plate and the stabilizer, hp, will 
be driven by what is required for bearing. The authors rec-
ommend a vertical clearance of 0.5 times the thickness of 
the connection plate, tp.

The width of the notch, wn, should be wide enough to 
provide horizontal clearance of the connection plate but 
not so wide as to allow undesirable lateral movement of the 
connection plate. The authors recommend a notch width of 
tp + z in.

Fig. 6.  Type Ib stabilizer plate.
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The total height of the stabilizer, ds, should be sufficient 
to transfer the axial force, Ps, and the moment, Mnotch, pres-
ent at section a-a (see Figure  6 and 7). Section a-a is the 
critical section for bending and axial load (discussed later). 
The authors recommend a stabilizer height, ds, equal to or 
greater than 2 times the height of the notch, hn.

For design, trial geometry of the notch can be assumed 
to have height hn = 2 times the thickness of the connection 
plate (hn = 2tp) and the height of the contact area of the con-
nection plate with the stabilizer plate to be hp = 0.75 times 
the height of the notch (hp = 1.5tp).

Type Ib Plate Analysis and Design

At the connection plate–stabilizer plate interface, the brace 
force is transferred at the center of the contact area of the two 
plates. At the stabilizer–column flange interface, the load is 
transferred at mid-depth of the stabilizer plate. As can be 
seen in Figure 6, the two forces act along two different lines 
of action. Thus, an eccentricity, e, exists. This eccentricity 
is resolved by splitting the stabilizer vertically at section a-a 
located at mid-width (wn/2) of the notch. Figures 7 and 8 
show the free-body diagrams of the compression side and 
tension side of section a-a, respectively.

As can be seen in Figure 7, the stabilizer plate is required 
to transfer the axial load, Ps, and a moment, Mnotch, at the 
notch (section a-a). Ps acts at one-half the height of the verti-
cal dimension of the contact surface of the connection plate 
with the stabilizer (hp). The Ps force acts on section a-a at the 
centroid of section a-a. The distance between the two lines 
of action is 0.5(ds + hn − hp). The moment at the notch is

M P d h h M0 0.5( )i s s n p notch∑ = = + −⎡⎣ ⎤⎦ −

M P d h h0.5( )notch s s n p= + −⎡⎣ ⎤⎦

Referring to Figure 8, it can be seen that the stabilizer-
to-column flange interface must transfer the required axial 
force, Ps, and a moment, Mcf. The distance between these 
two lines of action is 0.5hn. The moment at the face of the 
column is

M P h M M0 (0.5 )cf s n notch cf∑ = = − + −

M M h P0.5cf notch n s= −

Comparing the moments, Mnotch and Mcf, it can be deduced 
that the moment Mnotch will always be larger than Mcf (Mcf = 
Mnotch − 0.5hnPs). The height of the stabilizer at section a-a 
is smaller than at the face of the column. Thus, section a-a 
is the critical section for bending. The axial force, Ps, acts 
at both section a-a and at the face of the column. Because 
section a-a has a smaller cross-sectional area, section a-a 
is the critical section for axial load. Thus, the combination 
of bending and tension yield will be checked at section a-a. 
This check will be done by checking tension yield for a 
force, NTot, equal to the sum of Ps plus the equivalent nor-
mal force of the moment, Mnotch. The weld at the face of the 
column will be sized for the combination of axial load, Ps, 
and moment, Mcf.

Checks at Section a-a

The total equivalent axial force acting on section a-a is

NTot = Ps + Neq

where

N
M

d h

4
eq

notch

s n
=

− �

N P
M

d h

4
Tot s

notch

s n
= +

− �
(9)

Fig. 7.  Type Ib stabilizer plate—free-body diagram: compression side.
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The required plate thickness, ts, for tension yield is

T F d h t Nn y s n s Tot( )ϕ = ϕ − = �

	
t

N

F d h
s

Tot,u

y s n( )
≥
ϕ −   

(LRFD)
�

(10a)

T F d h
Nn y s n

Tot,a
( )

Ω
=

−
Ω

=
�

	
t

N

F d h
s

Tot,a

y s n( )
≥ Ω

−   
(ASD)

�
(10b)

In Equations 10a and 10b, ϕ = 0.90, Ω = 1.67.

Bearing Check at the Notch

The plate provides lateral bracing through bearing of the 
stabilizer-connection plate bearing. Thus, the required 
contact area of the plate is given by Equation J7-1 of the 
Specification.

Rn = 1.8FyApb

Taking Apb as the contact height, hp, times the thickness of 
the stabilizer plate, ts, the nominal bearing strength is

Rn = 1.8Fyhpts

Thus, the required plate thickness based on bearing is

ϕRn = 1.8Fyhpts ≥ Psu�

	
t

P

F h1.8
s

su

y p
≥
ϕ   

(LRFD)
�

(11a)

R F h t
P

1.8n y p s
saΩ

=
Ω

≥
�

	
t

P

F h1.8
s

sa

y p
≥ Ω

  
(ASD)

�
(11b)

In Equations 11a and 11b, ϕ = 0.75, Ω = 2.00, and Fy is the 
smaller of the yield strengths of the stabilizer and connec-
tion plates.

Weld at the Column Flange

The weld is designed for the combination of axial load, Ps, 
and moment, Mcf. As discussed in other parts of the paper, 
the weld is sized for a total axial load equal to the sum of Ps 
plus Neq, where Neq is equal to 4Mcf/ds.

Fig. 8.  Type Ib stabilizer plate—free-body diagram: tension side.
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Example Problem 2—Type Ib Stabilizer Plate

Figure 9a shows a W16×26 framing to the web of a W14×90 column. The required beam end reaction is Ru = 50 kips. Checks 
for connection plate lateral torsional buckling and lap eccentricity show that the connection plate is sufficiently strong for these 
checks without the need of stabilizer plates. However, a type Ib plate is used with the connection. Assume the height of the notch 
is w in.

1.	Generate trial stabilizer and notch dimensions.

2.	Determine the required thickness of the type Ib plate.

3.	Determine the weld size required at the stabilizer-to-column flange interfaces.

All material is Grade 50.

Solution

Part 1

The length of the stabilizer plate, ls, is

l d t( 2 )

14.0 in. (2)(0.71 in.)

12.6 in.

s f column

[ ]
= −

= −
= �

The connection plate thickness, tp, is 0.375 in. Assume the height of the notch, hn, is

h t2

(2)(0.375 in.)

0.75 in.

n p=
=
= �

The width of the notch, wn, is

    
	 (a) 	 (b)

Fig. 9.  Connection and details for Example Problem 2: (a) elevation; (b) final details of stabilizer plate.
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w t z in.

0.375 in. 0.0625 in.

0.4375 in.

n p= +
= +
= �

Assume the height the contact area of the stabilizer with the connection plate, hp, is

h h t0.5

0.75 in. (0.5)(0.375 in.)

0.563 in.

p n p= −
= −
= �

The depth of the stabilizer is estimated to be 2 times the notch depth, hn. The depth, ds, is estimated as

d h2

(2)(0.75 in.)

1.5 in.

s n=
=
= �

Try a 1.5-in.-deep stabilizer with a w-in.-high × v-in.-wide notch.

Part 2

The required axial force in the stabilizer is given by Equation 1 as

P
M C

L

0.02

(0.02)(50 kips)(9.50 in.)(1.0)

12.0 in.
0.792 kips

su
bu d=

=

= �

Checks on Section a-a

The stabilizer thickness required for tension yield is (see Equation 10a)

M P d h h0.5( )

(0.792 kips) (0.5)(1.5 in. 0.75 in. 0.563 in.)

0.666 kip-in.

notch u s s n p,

[ ]
= + −⎡⎣ ⎤⎦
= + −
=

N
M

d h

4

(4)(0.666 kip-in.)

1.5 in. 0.75 in.
3.55 kips

eq
notch

s n
=

−

=
−

=

t
N

F d h

0.792 kips 3.55 kips

(0.9)(50 ksi) 1.5 in. 0.75 in.

0.129 in.

s
Tot u

y s n

,

( )

( )

≥
ϕ −

≥ +
−

≥ �
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Check at Notch

The stabilizer thickness required for bearing is

t
P

F h1.8

0.792 kips

(0.75)(1.8)(50 ksi)(0.75 in.)

0.0156 in.

s
su

y p
≥
ϕ

≥

≥ �

Tension yield on section a-a controls; required ts is greater than or equal to 0.129 in. Use a minimum plate thickness of 0.25 in.

Provide a 4-in. × 12-in. × 12s-in. stabilizer with a v-in. × w-in. notch.

Part 3

The weld at the column flange must transfer the required axial force, Psu = 0.792 kips, and the required moment, Mcfu, equal to

M M h P0.5

0.666 kip-in. (0.5)(0.75 in.)(0.792 kips)

0.369 kip-in.

cfu notch u n su,= −
= −
= �

The total required force for the design of the weld is

N P
M

d

4

0.792 kips
(4)(0.369 kip-in.)

1.5 in.
1.78 kips

Tot su
cfu

s
= +

= +

= �

The weld size required is

D
N

l n1.392

1.78 kips

(1.392)(1.5 in.)(1.5)(1)
0.568 sixteenths of an inch

req
Tot=
μ

=

= �

Provide a minimum x-in. fillet weld at the column flanges.

The final details of the stabilizer and the welds are shown in Figure 9b.

Type II Stabilizer Plates

Figure 2c shows a type II stabilizer plate. Type II is a vari-
ation of the type  I with three primary differences: (1)  the 
type II plate has a significantly larger cross-sectional area 
than what would be required based on the stabilizer plate’s 
required strength and stiffness; (2)  the type  II plate will 
qualitatively provide more stiffness to the beam connection 
than will type I; and (3) the length of the weld at the stabi-
lizer plate to the connection plate is longer, potentially pro-
ducing a couple that should be considered in the design of 

the connection and, therefore, acting as part of the load path 
for transporting beam end shear to the support.

If the type II plate is permitted to float, the design proce-
dure of the single-plate shear connection should be in accor-
dance with the procedure shown in Part 10 of the Manual. 
If not permitted to float and the ends of the stabilizer are 
welded to the column flanges, the stabilizer will participate 
in the transfer of the beam end connection to the support. 
In this case, the Manual Part 10 procedure can be adjusted 
to use “g” in place of “a.” Additionally, the minimum plate 
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thickness requirement for extended shear plate connections 
as well as the (s)tp weld requirement for both conventional 
and extended shear plate connections can be ignored.

For the following methodology, refer to Figures  10, 11, 
and 12. Figure 10 shows a generalized free-body diagram of 
single-plate shear connection in the presence of a stabilizer 
plate along with the distribution of shear and moment over 
the span of the connection plate. Figure 11 shows a specific 
solution when the bolt group is designed for a moment equal 

to Mb = Ra, while Figure 12 shows a specific solution when 
the bolt group is designed for a moment Mb = Rg.

A Generalized Solution

Refer to Figure 10 for the following discussion.

Shear and Moment at the Bolt Group

Referring to the shear and moment acting on the bolt group, 

Fig. 10.  Generalized free-body diagram of the connection plate in the presence of a stabilizer plate.
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the shear in the bolt group, R, is considered to be the beam 
end reaction. The moment acting on the bolt group is given 
as Mb.

Shear and Moment on Connection Plate  
Over the “g” Distance

The shear and moment acting on the bolt group location is R 
and Mb, respectively. The shear acting on the left edge of the 
plate (at the toe of the column flange) by inspection is R. The 
moment, Mtoe, at the left edge of the plate is

ΣMtoe = 0 = Rg − Mb + Mtoe�

Mtoe = Mb − Rg� (12)

Shear and Moment on Connection Plate  
Over the “a′” Distance

The shear acting on the left edge of the plate (at the face of 
the web) by inspection is R. Because it is assumed that only 
shear is delivered to the support, the moment at this location 
is considered to be zero. The horizontal shear acting at the 
stabilizer plate-to-connection plate interface, Vs, is

M M Ra
V L

0 ′ 2

2
web toe

s∑ = = − + +
�

	
V

M Ra

L

′
s

toe= −

�
(13)

Loads Acting on Column

The loads acting at the connection plate-to-column web and 
stabilizer plate-to-connection plate interfaces are transferred 
to the column. As can be seen in Figure 8, the column web 
is subjected to a vertical shear equal to R, and the column is 
subjected to a weak-axis bending moment equal to VsL.

Shear and Moment Distribution in Connection Plate

Figure 8 shows the resulting shear and moment distribution 
along the span of the connection plate. The shear is constant 
with a magnitude of R over the span of the connection from 
the face of the web to the bolt group. The moment at the face 
of the web is zero. The moment at the interior side of the 
stabilizer plate is

	 M R a w( ′ )s,i = − � (14)

and is distributed linear at a slope equal to R.
The moment at the interior side of the stabilizer plate is 

R(a′ − w) and increases over the interval of w to the exterior 
edge of the stabilizer plate to a magnitude, Mtoe, equal to

M R a w V L Rw

M Ra Rw V L Rw

( ′ )

′
toe s

toe s

= − + +
= − + + �

	 M Ra V L′toe s= + � (15)

and is distributed linearly at a slope equal to VsL/w + R.
The moment acting on the plate at the bolt group is equal 

to

	 M Ra V L Rg′b s= + + � (16)

and is distributed linearly at a slope equal to R.

Specific Solution for Bolt Group Moment Mb = Ra

Refer to Figure 11 for the following discussion.
In conventional, extended, single-plate shear connections, 

and in the absence of a stabilizer plate, the bolt group is 
designed assuming the bolt group carries a moment equal to 
R times the full eccentricity—that is, a moment Mb = Ra. If 
the bolt group is designed for that “full” moment (i.e., Mb = 
Ra), then substituting this into Equation 16 gives

	 M Ra Ra V L Rg′b s= = + + � (17)

Recognizing that a′ + g = a, it can be deduced that the 
relationship shown in Equation  17 can only be true when 
Vs = 0 (recognizing that, practically, R, a′, g, and L cannot 
be taken as zero). If Vs = 0, it can be deduced that the pres-
ence of the stabilizer plate has no load at the stabilizer-to-
connection plate interface parallel to the connection plate, 
is not part of the load path, and plays no role in the transfer 
of the beam end reaction to the support; thus, the force dis-
tribution is no different than that of a connection with no 
stabilizer plate. Equally important, it also suggests that the 
presence of the stabilizer plate does cause the connection to 
impart rotational demand to the column. Figure 11 shows 
the force distribution through the connection when the bolt 
group is designed for a moment equal to Mb = Ra.

Specific Solution for Bolt Group Moment Mb = Rg

Refer to Figure 12 for the following discussion.
Suppose the bolt group is designed to transfer the beam 

end reaction from the bolt group to the toe of the stabilizer 
plate (i.e., a moment equal to Mb = Rg). Setting Mb = Rg and 
substituting into Equation 16 gives

	 M Rg Ra V L Rg′b s= = + + � (18)

Upon inspection of Equation 18, it can be seen that Vs is a 
non-zero quantity. In other words, there is a shear force act-
ing parallel to the plate at the stabilizer-to-connection plate 
interface. The shear force, Vs, can be described by rearrang-
ing Equation 18 and solving for Vs given by
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Fig. 11.  Theoretical free-body diagram of connection plate with or without  
presence of a stabilizer plate; bolt group designed for full eccentricity, Mb = Ra.

	
V

Rg Ra Rg

L

Ra

L

′ ′
s =

− −
= −

�
(19)

Multiplying both sides of Equation 19 by L gives

	 V L Ra′s = − � (20)

It can be seen that, in this case, the magnitude of the moment 
at the toe of the stabilizer plate is zero by substituting Mb = 
Rg into Equation 9 giving

	 M M Rg Rg Rg 0toe b= − = − = � (21)

The change in moment from the face of the column web 
to the interior edge of the stabilizer plate is not affected by 
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the stabilizer force and is R(a′ − w). The change in moment 
from the interior edge of the stabilizer to the toe of column 
flange is the sum of the moments caused by the Vs force plus 
the area under the shear distribution. Thus, the moment at 
the toe of the column is

M R a w Rw
V L

w
w′toe

s( )= − + +
�

	 M Ra Rw Rw V L′toe s= − + + � (22)

Substituting Equation 20 into Equation 22 gives

M Ra Rw Rw
Ra

L
L′
′

toe = − + +
−

�

	 M Ra Rw Rw Ra′ ′ 0toe = − + − = � (23)

Fig. 12.  Free-body diagram of connection plate in presence of a stabilizer plate; bolt group designed for eccentricity equal to g, Mb = Rg.
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The force distribution, load path, and distribution of shear 
and moment when Mb = Rg is shown in Figure 12. Several 
observations can be made when referring to Figure  12: 
(1) The shear demand on the connection plate is the same 
regardless of whether or not a stabilizer plate is present and 
regardless of the bolt group being designed for Mb = Ra or 
the reduced Mb = Rg; (2) the moment demand on the plate is 
reduced when Mb = Rg relative to Mb = Ra; and (3) because 
the magnitude of Vs is non-zero, a rotational demand is 
imparted to the column.

Mb = Ra versus Mb = Rg

In the preceding discussion, it has been shown with statics 
that the presence of a stabilizer plate does not impart a rota-
tional demand to the column if the bolt group is designed for 
a moment equal to Mb = Ra; when the bolt group is designed 
for a moment equal to Mb  = Rg, a rotational demand is 
imparted to the column. On face value, it might be surmised 
that it is advantageous to design the bolt group for the full 
eccentricity from the bolt group to the weld line. However, 
we must recognize that stiffness attracts load.

Statically it seems that Vs = 0 when Mb = Ra. However, the 
attachment of the stabilizer plate to the connection plate—
and, ultimately, connecting the stabilizer plate to the flanges 
of the columns—is going to produce a condition in which 
the stabilizer plate becomes part of the load path for trans-
ferring the beam end reaction to the column support. The 
weld at the stabilizer-to-connection plate will carry load 
(Vs not equal to zero), which will indeed impart a rotational 
demand to the column, Mc. The authors caution designers 
to carefully consider the impact on the behavior of the con-
nection and the rotational demands on the support in the 
presence of a type II or type III stabilizer plate. Ultimately, 
the stabilizer plate will participate in the load transfer and 
impart a rotational demand to the column. Consequently, the 
authors suggest the following:

1.	Only use a stabilizer plate when all other alternatives, 
such as changing the geometry and proportioning of the 
connection, have been exhausted to no avail. Stabilizer 
plates are rarely required in this type of connection (see 
Thornton and Fortney, 2011).

2.	In the unlikely event that a stabilizer plate is required, 
recognize that the plate will play a role in load transfer. 
As such, the bolt group only need be designed for a 
moment Mb = Rg, and the weak axis rotational demand 
imparted to the column, Mc, should be accounted for 
when sizing the column. For typical connections, the 
rotational demand on the produced by the Vs force will 
be relatively small; however, because it is a weak axis 
rotational demand, it may require consideration.

Design of Type II Stabilizer Plates

In addition to the required axial strength and stiffness of 
the stabilizer plate, a type II stabilizer plate would have to 
be checked for shear and bending as shown in the shear and 
bending distribution presented in Figure  13. The authors 
recognize that the Vs force is not located directly at the cen-
ter of the stabilizer plate, offset from the center by (tw + tp)/2, 
but, for simplicity, it is assumed to be. Shear rupture of the 
stabilizer plate beneath the weld of the stabilizer plate to the 
connection plate also needs to be checked.

The cross-sectional dimensions of a type II stabilizer plate, 
based on the required shear, Vs, are given in Equation 24.

V V
V

F A V

2

2 0.6

n u
su

y s su( )
ϕ = =

ϕ = �

	
A

V

F1.2
s

su

y
=
ϕ   

(LRFD)
�

(24a)

V V

F A V
2

0.6

2

n sa

y s sa

Ω
=

Ω
=

�

	
A

V

F1.2
s

sa

y
=
Ω

  
(ASD)

�
(24b)

In Equations 24a and 24b, ϕ = 1.00 and Ω = 1.50.

Fig. 13.  Shear and bending in stabilizer plate.
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The required thickness of a type II stabilizer plate, based 
on the required bending, Vsls/4, are given in Equation 25.

M
V l

F Z
F t w V l

F t w V l

4

4 4

n
su s

y s
y s su s

y s su s

2

2

ϕ =

ϕ =
ϕ

=

ϕ = �

	
t

V l

F w
s

su s

y
2≥

ϕ   
(LRFD)

�
(25a)

M V l

F Z F t w V l

F t w
V l

4

4 4

n sa s

y s y s sa s

y s
sa s

2

2

Ω
=

Ω
=

Ω
=

Ω
=

�

	
t

V l

F w
s

sa s

y
2=

Ω

  
(ASD)

�
(25b)

In Equations 25a and 25b, ϕ = 0.90 and Ω = 1.67.
The thickness, ts, of the stabilizer plate based on shear 

rupture beneath the weld of the stabilizer plate to the con-
nection plate is determined as follows.

R F wt
V

0.6
2

n u s
su( )ϕ = ϕ =

�

	
t

V

F w2 0.6
s

su

u( )
=
ϕ   

(LRFD)
�

(26a)

R F wt V0.6

2
n u s sa( )
Ω

=
Ω

=
�

	
t

V

F w2 0.6
s

sa s

u( )
=

Ω

  
(ASD)

�
(26b)

In Equation 26a and 26b, ϕ = 0.75, Ω = 2.00.
The weld at the stabilizer plate to the connection plate is 

sized for the force, Vs, and the weld at the stabilizer plate to 
the column flanges is sized for Vs/2.

Example Problem 3—Type II Stabilizer Plate

Problem Statement

Figure 14a shows a single-plate shear connection used as a beam end connection for a W30×90 framing to the web of a W12×152 
column. The required shear force for the design of the connection is Ru = 150 kips. For the given geometry, an evaluation of the 
lateral torsional buckling capacity of the single-plate connection and the effect of lap eccentricity indicate that a stabilizer plate 
is not required. However, the engineer of record has implemented a design parameter requiring all single-sided connections to 
be supported with a stabilizer plate with a width approximately equal to bf/2 − k1. Additionally, the bolt group in the single-plate 
shear connections must be designed for a moment equal to Mb = Ra.

1.	Demonstrate that a stabilizer plate is not required based on:

a.	Lateral torsional buckling of the plate.

b.	The effect of lap eccentricity.

2.	Determine the required cross-sectional dimensions of the type II stabilizer plate, assuming Mb = Ra.

3.	Determine fillet weld sizes required for attaching the stabilizer plate assuming Mb = Ra.

Assume all material is GR 50.

Solution

Part 1a

The lateral torsional buckling strength of the plate is
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R
Lt

a

1,500

(0.9)
(1,500 ksi) (24 in.)(0.50 in.)

(9 in.)
157 kips > 150 kips stabilizer plate not required

n

3

2

3

2

ϕ = ϕ
π

=
π

= → �

Part 1b

The required torsional moment strength due to lap eccentricity is

M R
t t

2

(150 kips)
0.47 in. 0.50 in.

2
72.8 kip-in.

tu
w p=
+⎛

⎝⎜
⎞
⎠⎟

=
+⎛

⎝
⎞
⎠

= �

The available torsional moment strength is

M F
R

Lt

Lt R t t b

F L t
0.6

2

2

(1.0)(0.6)(50 ksi)
150 kips

(24 in.)(0.50 in.)

(24 in.)(0.50 in.)

2

(2)(150 kips) 0.47 in. 0.50 in. (10.4 in.)

(0.90)(50 ksi)(28 ft)(12 in./ft)(0.47 in.)

52.5 kip-in. 136 kip-in.

188 kip-in. > 72.8 kip-in. stabilizer plate not required

t v yp
u

p

p u w p f

b yb s w

2 2

2

2 2

2

( ) ( )

( )

ϕ = ϕ −
⎡

⎣
⎢

⎤

⎦
⎥
⎛

⎝⎜
⎞

⎠⎟
+

+
ϕ

= −⎡
⎣⎢

⎤
⎦⎥
⎛
⎝⎜

⎞
⎠⎟
+

+

= +
= → �

	 	
	 (a)	 (b)

Fig. 14.  Single-plate shear connection—examples 3 and 4: (a) elevation; (b) final stabilizer plate details.
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Part 2

In Part 1 of this solution, it is demonstrated that a stabilizer plate is not required. However, the problem statement requires a 
stabilizer plate with a width of w = (bf /2) − k1 be provided regardless of the outcome of Part 1.

The width, w, of the stabilizer plate is half the flange width of the column minus k1.

w
b

k
2

12.5 in.

2
1.25 in.

5.00 in.

f
1= −

= −

= �

Take w = 5.00 in.

Stabilizer plate size based on required axial strength using Equation 3a.

A
R a

F L

0.02

(0.02)(150 kips)(8.25 in.)

(0.75)(50 ksi)(24.0 in.)

0.0275 in.

s
u

y

2

=
ϕ

=

= �

Given the width of the plate is 5.0 in., the required plate thickness is

t
0.0275 in.

5.0 in.
0.006 in.

s

2

=

= �

Stabilizer plate size based on required axial stiffness using Equation 6a.

l d t2

13.7 in. (2)(1.40 in.)

10.9 in.

s f column( )= −

= −
= �

A
R l

LE

5

(5)(150 kips)(10.9 in.)

(0.75)(24.0 in.)(29,000 ksi)

0.016 in. 0.0275 in. strength controls over stiffness

s
u s

2 2

=
ϕ

=

= < → �

The required axial force in the stabilizer plate is determined using Equation 1.

P
M C

L

0.02

(0.02)(150 kips)(8.25 in.)(1.0)

24.0 in.
1.03 kips

su
bu d=

=

= �

To determine the transverse shear and bending on the stabilizer plate, the force Vs is required. From the previous discussion, 
when the bolt group is designed for a moment Mb = Ra, the force Vs = 0. To demonstrate this, the moment at the exterior edge of 
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the stabilizer (equal to the moment at the toe of the column flange because the stabilizer is flush with the toe, i.e., a′ + g = a) is 
given by Equation 12:

M M Rg Ra Rg Ra′toe b= − = − = �

M (150 kips)(8.25 in. 2.44 in.)

872 kip-in.
toe = −

= �

Substituting the value for Mtoe into Equation 13 shows that Vs = 0 when Mb = Ra.

V
M Ra

L

′

872 kip-in. (150 kips)(5.815 in.)

24.0 in.
0

su
toe=

−

=
−

= �

Because Vs = 0, there are no transverse loads on the stabilizer plate. Thus, transverse shear and bending of the stabilizer plate do 
not apply. The stabilizer and its attachments only need be based on the axial force, Psu.

Axial strength controls (ts greater than 0.006 in.).

Use a 4-in. × 5.0-in. stabilizer with x-in. fillets welds.

Part 3

Weld at Connection Plate to Stabilizer Plate

The force to be transferred by the weld is the axial force Ps = 1.03 kips. Assuming a 5-in.-long × x-in. fillet weld is provided 
on both sides of the connection plate, and on both sides of the stabilizer at the column flanges, the weld strength provided is

90°

1.0 0.5sin (90°) 1.501.5

θ =

μ = + = �
R Dln1.392

(1.392)(3 sixteenths)(5.0 in.)(2)(1.50)

62.6 kips > 1.03 kips OK

wφ = μ
=
= �

Provide a 5-in.-long × x-in. fillet weld on both sides of the connection plate. The final details of the stabilizer plate and welds 
are shown in Figure 14b.

Example Problem 4—Type II Stabilizer Plate

Problem Statement

For the connection given in Example 3, it was required that a stabilizer plate be provided and that the bolt group be designed for 
a moment equal to Mb = Ra. As discussed previously, in the presence of a stabilizer plate, attached with welds at the connection 
plate and the column flanges, there will be a moment imparted to the column regardless of the statics discussion supporting 
Equation 17. Considering that imparting a moment to the column is inevitable in the presence of a stabilizer, the cost of providing 
the stabilizer plates can be offset, somewhat, by reducing the moment for which the bolt group is designed (Mb = Rg). A force Vs 
not equal to zero will be present.

For the connection shown in Example 3, size the stabilizer plate and welds assuming the bolt group is designed for a moment 
equal to Mb = Rg.

1.	Describe the how the approach to the design would differ from the solution given in Example 2.

2.	Size the stabilizer plate and welds assuming the bolt group is designed for a moment equal to Mb = Rg.

001-028_EJQ116_2013-15.indd   22 12/18/15   3:12 PM



ENGINEERING JOURNAL / FIRST QUARTER / 2016 / 23

3.	Draw the shear and moment distribution along the span of the connection plate (from the face of the support to the centroid 
of the bolt group). This is a special case of Figure 12.

Solution

Part 1

The column moment, Mc, will be VsL/2 or VsL (see Figure 12), depending on whether the column is continuous or discontinuous 
at the connection location, respectively.

When the bolt group is designed for a moment Mb = Ra, statics dictates that Vs = 0, but the presence of the stabilizer plates will 
induce a non-zero statically indeterminate Vs force due to simple beam end rotation. The authors believe that it would be better 
to consider the Vs force and its effect on the column. A statically determinate force Vs can be calculated when the bolt group can 
be designed for the shear, R, and the moment, Mb = Rg. Because g < a, a more economical bolt group will result, and the effect 
of the stabilizer plate on the column can be easily evaluated.

Part 2

When the bolt group is designed for a moment Mb = Rg, the transverse force on the stabilizer is not zero. From Equation 23, when 
Mb = Rg, the moment at the exterior edge of the stabilizer (toe of the column in this example) is Mtoe = 0.

From Equation 20, when Mb = Rg, the transverse force, Vs, is given as

V
Ra

L

′

(150 kips)(5.815 in.)

24.0 in.
36.3 kips

s = −

= −

= − �

Stabilizer plate area based on shear yielding strength is determined using Equation 24a.

A
V

F1.2
36.3 kips

(1.00)(1.2)(50 ksi)
0.605 in.

s
su

y

2

=
ϕ

=

= �

The required thickness for shear yield of the 5.0-in.-wide plate is

t
0.605 in.

5.0 in.
0.121 in.

s

2

=

= �

Stabilizer plate thickness based on bending strength is determined using Equation 25a.

t
V l

F w

(36.3 kips)(10.9 in.)

(0.90)(50 ksi)(5.0 in.)
0.352 in.

s
su s

y
2

2

=
ϕ

=

= �

Stabilizer plate thickness based on shear rupture is determined using Equation 26a.
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t
V

F w2 0.6

36.3 kips

(0.75)(2)(0.6)(65 ksi)(5.0 in.)
0.124 in.

s
su

u( )
=
ϕ

=

= �

Bending controls the required plate size.

Provide a a-in. × 5-in. stabilizer plate.

Weld at Connection Plate to Stabilizer Plate

The force to be transferred by the weld is the shear force Vs = 36.3 kips and Ps = 1.03 kips. Assuming a 5-in.-long × x‑in. fillet 
weld is provided on both sides of the connection plate, the weld strength provided is

R (1.03 kips) (36.4 kips)

36.4 kips

tan
1.03 kips

36.4 kips

1.62

1.0 0.5sin (1.62 )

1.00

2 2

1

1.5

�

�

= +
=

θ = ⎛
⎝⎜

⎞
⎠⎟

=

μ = +
=

−

�
R Dln1.392

(1.392)(3 sixteenths)(5 in.)(2)(1.00)

41.8 kips > 36.3 kips OK

wϕ = μ
=
= �

Provide a 5-in.-long × x-in. fillet weld on both sides of the connection plate.

Weld at Stabilizer Plate to the Column Flange

The required force to be transferred by the weld is one-half of the shear force, Vs/2 = 36.3 kips/2 = 18.2 kips, and Ps = 1.03 kips. 
Assuming a 5-in.-long × x-in. fillet weld is provided on both sides of the stabilizer plate, the weld strength provided is

R (1.03 kips) (18.2 kips)

18.2 kips

tan
1.03 kips

18.2 kips

3.24

1.0 0.5sin (3.24°)

1.01

2 2

1

1.5

�

= +
=

θ = ⎛
⎝⎜

⎞
⎠⎟

=

μ = +
=

−

�
R Dln1.392

(1.392)(3 sixteenths)(5 in.)(2)(1.01)

42.2 kips > 18.2 kips OK

wϕ = μ
=
= �

Provide 5-in.-long × x-in. fillet weld on both sides of the stabilizer plate.

Figure 12b shows the final details of the stabilizer plate when the bolt group is designed for a moment Mb = Rg.

001-028_EJQ116_2013-15.indd   24 12/18/15   3:12 PM



ENGINEERING JOURNAL / FIRST QUARTER / 2016 / 25

Part 3

In this case, the bolt group is designed for a moment, Mbu, equal to

M R g

(150 kips)(2.44 in.)

366 kip-in.

bu u=
=
= �

The moment at the interior edge of the stabilizer plate, Ms,i, is

M R a w( ′ )

(150 kips)(8.815 in. 0.815 in.)

122 kip-in.

s iu u, = −
= −
= �

The moment at the exterior edge of the stabilizer plate (Mtoeu = Ms,eu) is Ms,iu plus the area under the shear distribution over the 
interval “w” (5.0 in.) plus the moment associated with the stabilizer shear force, Vsu, and is

M 122 kip-in. (150 kips)(5.0 in.) (36.3 kips)(24 in.)

0
toe = + −

≈ �

The moment at the bolt group is

M M R g

0 (150 kips)(2.44 in.)

366 kip-in.

bu toe,u u= +
= +
= �

The free-body diagram and distribution along the span of the connection plate is shown in Figure 15.

Type III Stabilizer Plates

Type III stabilizer plates are not only connected to the col-
umn flanges, but also to the column web. The discussion 
presented for type  II stabilizer plates are applicable to 
type III stabilizer plates as well, with the exception that the 
flexure in the plate can be neglected. The stabilizer plate 
would need to be checked for shear rupture at the connection 

plate-stabilizer plate and column flange-stabilizer plate 
interfaces for a shear equal to Vs/2.

The design approach given in the Manual Part  10 for 
conventional and extended single-plate shear connections 
does not apply in the presence of this type of stabilizer plate. 
Therefore, the maximum plate thickness criterion and the 
(s)tp weld criterion do not apply.

Example Problem 5—Type III Stabilizer Plate

Problem Statement

The connection given in Example 4 is used. In that example, the bolt group is designed for the combination of the required shear, 
Ru, and a moment equal to Mb = Rg. In lieu of the type II plate used in Example 4, a type III plate is required.

Describe how the approach to the design would differ from the solution given in Example 4.

Solution

For this type of stabilizer plate, the bolt group is designed for a moment equal to Mb = Rg. Because the type III plate is attached 
to the column web as well as the column flanges, shear yielding and bending due to the Vs force are not applicable. The follow-
ing applicable limits states and considerations apply. Also, because the Vs force acts over the entire distance from the face of the 
web to the exterior edge of the stabilizer, the moment in the connection plate over that interval is zero (i.e., the connection plate 
is in pure shear over the interval).

1.	Shear rupture of the stabilizer at the stabilizer-to-connection plate weld.
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Fig. 15.  Free-body diagram of force distribution for Example 4.

2.	Axial tension due to the required Ps bracing force.

3.	Presence of the type III stabilizer plate as it plays the role of a continuity plate for the moment connection(s) framing into 
the column flanges. The welds of the continuity plate to the column are sized based on the requirements for the moment 
connection(s). The load from the Ps force must be included with the moment connection requirements when determining the 
required continuity plate-to-column web/flanges welds.
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SUMMARY

Only after all attempts to proportion the geometry and hard-
ware of a single-plate shear connection to have adequate lat-
eral torsional buckling and lap eccentricity strength, without 
the use of a stabilizer plate, have been exhausted, can a sta-
bilizer plate be considered as an option.

Three types of stabilizer plates are discussed in this paper: 
types I, II, and III. Types I and II may be used when mem-
bers framing in from the perpendicular direction require 
only simple shear connections or moment connections with 
no continuity plates. The type III connection is applicable 
when the perpendicular member framing into the joint is a 
moment connection that requires continuity plates.

For each type of stabilizer plate, the analysis and design 
of the beam end connection, and the loads imparted on the 
support, need to be considered. However, one option for 
eliminating a need for reevaluation of the connection design 
and the impact on the support is to allow the stabilizer plate 
to “float” inside the column flanges. If this option is used, 
the stabilizer plate cross-section need only satisfy axial 
strength and stiffness requirements, in addition to bearing at 
the column flange and buckling on the compression half of 
the stabilizer plate.

The analysis of the stabilizer plate involves an evaluation 
of the required axial strength and stiffness assuming the sta-
bilizer plate provides nodal bracing to the connecting plate. 
When the stabilizer plate is welded to the column flanges, 
the weld needs to be designed for the required axial force, 
Ps, imposed on the tension half of the stabilizer plate and the 
shear force, Vs, if present.

For type I stabilizer plates, it is assumed that the stabilizer 
plate is flexible enough such that the plate goes along for the 
ride during beam end rotation and that no shear or bend-
ing is imposed on the stabilizer plate. The type Ia plate is 
presented only for the purpose of generating a generalized 
analysis and design procedure. If a type I plate is desired, 
the type Ib plate would be more practical with regard to sur-
viving transportation and erection. Recommendations have 
been made on the dimensions of the notch and attachment 
of the stabilizer plate to column flanges. It is recommended 
that the connection plate not be attached to the stabilizer 
plate, but rather allow simple beam end rotation by permit-
ting the connection plate to float within the notch. This also 
ensures that the type Ib stabilizer plate does not become part 
of the load path for transferring the beam end reaction.

For type II stabilizer plates, it is assumed that the plate 
provides stiffness that would require an evaluation of the 
shear and bending imposed on the stabilizer plate. Type III 
stabilizer plates need only be evaluated for required axial 
stiffness and strength assuming the stabilizer plate has two 
pinned ends and two free sides. Shear and bending in a type 
III stabilizer plate are not applicable. However, shear rupture 
beneath the connected interfaces should be evaluated.

The design of the bolt group is also an important consid-
eration. For type II stabilizer plates, if the bolt group in the 
beam end connection is evaluated as if the stabilizer plate is 
not present (i.e., design bolt group for Mb = Ra), statics sug-
gest that no moment is imparted to the support. However, 
the stiffness provided by the weld at the stabilizer plate-to-
column flange will attract load, forcing the stabilizer plate 
to become part of the load path and ultimately imparting 
rotational demand on the support. It is recommended that 
if a type II plate is used, and not permitted to float, the 
bolt group should be designed for a moment Mb = Rg. This 
reduces the moment demand on the bolt group and reduces 
the moment demand on the connecting plate. A moment 
generated by the Vs force will be imparted to the column in 
this condition.

When the bolt group is designed for a moment Mb = Rg, 
the moment would need to be considered when evaluating 
the strength of the column. Regardless of the moment con-
sidered in the bolt group, the presence of the stabilizer plate, 
if not permitted to float between the column flanges, alters 
the behavior of the connection and reduces the eccentricity 
on the bolt group. In this condition, the weld of the connec-
tion plate to the support can be sized based on the required 
shear while neglecting the ductility checks that require a 
minimum weld size equal to s times the thickness of the 
connection plate and a maximum plate thickness.

SYMBOLS

As	 Gross cross-sectional area of stabilizer plate

E	 Young’s modulus (29,000 ksi)

Fy	 Nominal specified yield strength

Fu	 Nominal specified tensile strength

L	 Length of single-plate connection (vertical 
dimension)

Mb	 Moment in bolt group

Mb	 Moment in single-plate shear connection

Mc	 Moment imparted to column by stabilizer plate 
force, Vs

Mn	 Nominal moment strength

Ms,i	 Moment in connection plate at the interior edge of 
the stabilizer plate

Mtoe	 Moment in connection plate at toe of column flange 
when exterior edge of stabilizer plate is aligned with 
toe of column flange (Ms,e = Mtoe in this condition)

Ps	 Nominal required axial force in stabilizer plate

R	 Required shear strength; Ra for ASD; Ru for LRFD
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Rn	 Nominal shear strength

Rw	 Nominal weld strength

a	 Distance from face of support to centroid of the bolt 
group

a′	 Distance from face of support to exterior edge of 
stabilizer plate

d	 Depth of beam

g	 Distance from centroid of bolt group to exterior edge 
of stabilizer plate

hn	 Height of notch in a type Ib stabilizer plate

hp	 Vertical dimension on contact area between 
connection plate and stabilizer in a type Ib stabilizer 
plate

ls	 Length of stabilizer plate

tf	 Thickness of beam or column flange

tp	 Thickness of connection plate

ts	 Thickness of stabilizer plate

w	 Width of stabilizer plate

wn	 Width of notch in a type Ib stabilizer plate

Ω	 ASD strength reduction factor

βs	 Nominal required stabilizer plate stiffness

ϕ	 LRFD strength reduction factor
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INTRODUCTION

Buckling-restrained braced frames (BRBFs) are con-
centrically braced frames (CBFs) that utilize buckling- 

restrained braces (BRBs) to provide stiffness, strength 
and energy dissipation during an earthquake. Developed 
in Japan in the 1970s, BRBs are proprietary members that 
have become increasingly popular in the United States. As 
the name implies, a BRB prevents the brace from buckling 
in compression and, therefore, provides nearly symmetric 
force-displacement behavior in tension and compression. 
This results in superior energy dissipation capacity for the 
BRB component relative to a conventional buckling brace. 
A BRB consists of a steel core, which resists the axial load 
demands, and is placed inside a steel tube filled with a 
cementitious material to prevent buckling. Additional mate-
rial is placed between the steel core and the cementitious fill 
to debond the steel core from the filled tube restrainer and 
limit transfer of axial load to the tube (Figure 1).

The primary difference in design for different BRBFs lies 
in the connections as shown in Figure 2. Figure 2a shows a 
bolted connection of the cruciform shape of the BRB outside 
of the restraining tube for one BRB type. Figure 2b shows a 
clevis that is welded to an end plate, which in turn is welded 
to the BRB core and used to connect the BRB to the gusset 
plate. The pinholes in the gusset plate and clevis are rein-
forced to prevent a bearing failure, and this brace-to-gusset 
connection approaches a true pin about an axis perpendicu-
lar to the plane of the frame. In most cases, the beam is 
continuous between the faces of the two columns, but some 
BRBF connections have a beam moment release adjacent to 
the gusset as shown in Figure 2b to limit potential damage 
in the connection region. The connection of Figure 2c has a 
plate welded to the core end plate that is slotted to fit over the 
gusset plate and is welded to the gusset plate on four sides. 
Some connections have a collar that wraps around the BRB 
restrainer to add stability to the core extension beyond the 
filled steel casing, as shown in Figures 2b and 2c.

The design and testing of BRBs in the United States is 
governed by the AISC Seismic Provisions (AISC, 2010). 
These provisions focus on the tensile and compressive 
inelastic deformations of the BRBF under the design earth-
quake. The BRB must be designed, tested and detailed to 
accommodate expected deformations associated with a 
story drift of at least 2% of the story height or two times 
the design story drift, whichever is larger, in addition to the 
brace deformations associated with frame deflection due 
to gravity loading. BRBs must pass qualifying cyclic brace 
component and subassemblage tests as specified in Section 
K3 of the Seismic Provisions. The component test consists 
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of cyclic uniaxial loading, but the subassemblage test also 
simulates connection rotational demands on the BRB caused 
by frame action. The BRB must achieve a cumulative inelas-
tic deformation capacity of 200 times the yield deformation 
or greater in the component test.

Recent experiments on BRBF systems suggest that 
the BRB may reach its expected strength and deforma-
tion capacity, but the system deformation capacity may be 
limited by damage to other components or by unintended 
system response mechanisms (Palmer et al., 2014). As a con-
sequence, the BRBF system performance is often more com-
plex than suggested by current design methods.

SUMMARY OF PRIOR RESEARCH RESULTS

Experimental Research

Numerous component tests (e.g., Black et al., 2004; Mer-
itt et al., 2003; Romero et al., 2007) have been performed 
on BRBs in the United States, and these tests demonstrate 

the ability of the BRB component to achieve ductility and 
cumulative inelastic deformation greater than demands 
expected during the design basis and the maximum consid-
ered earthquakes.

Uriz (2005) tested three large-scale, partial, two-story, 
one-bay, planar BRBFs, and Christopolus (2005) tested five 
full-scale, single-story, one-bay, planar BRBFs. The BRB 
ductility values achieved during these tests ranged between 
14 and 22, which are comparable to those achieved in BRB 
component tests. Additionally, the cumulative ductility 
values achieved in these BRBF experiments exceeded the 
minimum value of 200 required by the Seismic Provisions 
for BRB component tests. However, significant column and/
or beam yielding and local buckling and tearing of flanges, 
welds and gusset plates occurred in these tests such as illus-
trated in Figure 3a. In many cases, out-of-plane rotation of 
and plastic hinge formation in the BRB core plate outside of 
the restrainer occurred at story drift ratios less than 2.5% 
as illustrated in Figure 3b. This plastic hinge formation was 
likely a consequence of a combination of frame yielding and 
deformation and the stiffness of the gusset plate and unre-
strained BRB core.

Fahnestock et al., (2007) tested a 0.6-scale, four-story, 
planar, one-bay BRBF, in which the frame beam fixity was 
released at the gusset plate connections through a web-only 
connection similar to that shown in Figure 2b. The maxi-
mum ductility achieved by the BRBs ranged between 18 and 
26, and the cumulative ductility ranged between 388 and 
453, which are much larger than the 200 required by the 
Seismic Provisions. No undesirable behaviors were observed 
during the experiment prior to BRB fracture, and this may 
be at least partially attributed to the beam-moment release 
connection detail (see Figure 2b).

A large-scale, two-story, one-bay by one-bay, three-
dimensional BRBF was tested (Palmer, 2012). The BRBs 
were placed in two orthogonal bays, with a single BRB in Fig. 1.  Typical design of BRB.

	 (a)	 (b)	 (c)

Fig. 2.  BRB connection types: (a) bolted BRB, fixed beam; (b) pinned BRB, pinned beam; (c) welded BRB, fixed beam.
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each story (Figure  4a); the remaining bays were designed 
and detailed as gravity frames. The floor system consisted of 
intermediate beams and composite slab on metal deck on the 
first level, to simulate the strength and stiffness of the floor 
system, and a reinforced concrete slab on the second level, 
to also transfer loads to the frame from the actuators. A bi-
directional, cyclically increasing displacement history was 
applied to the top floor of the system. In the braced bays, the 
beam flanges and webs were attached to the columns with 
complete-joint-penetration (CJP) welds. The gusset plates 
were attached to the beams and columns with fillet welds 
sized according to the uniform force method (with interface 
moments included) and the Seismic Provisions (AISC, 2005, 
2010) using overstrength factors corresponding to 3% story 
drift. The welds were performed by AISC-certified welders 
and visually inspected afterward. The beams and columns 
were checked to ensure that they passed the web crippling 
and web yielding checks. The dimensions and member sizes 

of the south frame (frame 1) are shown in Figure 4b. Addi-
tional information may be found elsewhere (Palmer, 2012).

Significant BRBF damage concentrated adjacent to 
the beam-column-gusset plate connections was observed 
(Palmer et al., 2014), and very little damage was observed 
at joints without gusset plates. Tearing of the gusset plate–
column interface welds occurred when the brace was in 
compression, and these tears propagated the total length of 
the weld in three locations by story drifts ranging between 
2.3 and 2.9%, as illustrated in Figure 3c. The BRBs were 
still performing well after these tears, and no other negative 
behaviors were observed due to these tears. Local flange 
and web buckling occurred at the base of two braced frame 
columns and in the beams adjacent to the gusset plate cor-
ner connections at approximately 2.5% story drift. Exten-
sive beam flange and web tearing and fracture occurred at 
approximately 3.5% story drift. Column flange and web tear-
ing also occurred in one location (second floor in the right 

	 	
	 (a)	  (b)

	 	
	 (c) 	 (d)

Fig. 3.  Damage noted in prior BRBF test results: (a) yielding of beams and columns; (b) out-of-plane  
movement of BRB; (c) gusset weld fracture; (d) fracture through column flange and web.
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column in Figure 4b) and initiated in the column k-region 
at the CJP weld connecting the braced frame beam bottom 
flange to the column as shown in Figure 3d. The bolts in the 
column web are for the transverse gravity beam connection. 
The second-story BRBs fractured at 4.2 and 3.6% story drift 
in frames 1 (in foreground) and B (on right), respectively.

Analytical Research

Accurate simulation of BRBFs cannot be accomplished 
with simple line-element modeling because these models 
do not capture the complex nonlinear interaction among 
BRBs, other framing members and their connections. Most 
researchers have used continuum models, which simulate 
nonlinear performance but have limitations in modeling 
tearing and fracture of welds or steel. Fracture due to ultra-
low-cycle fatigue occurs after a relatively small number of 
cycles at large inelastic strains, and therefore, both cyclic and 
maximum strain indices have been considered by research-
ers to implicitly predict fracture or tearing (Palmer, 2012).

Wigle and Fahnestock (2010) used ABAQUS to simulate 
the BRBF tested by Fahnestock et al., (2007). The third 
story of the test frame, including the BRB, was modeled 
with shell elements. The BRB casing was modeled using a 
flexurally stiff and axially flexible line element for the cas-
ing element that was connected to the nodes of the BRB core 
shell element. This approach prevented buckling of the core 
and minimized the axial load in the restrainer. The beams 
and columns in the lower two stories of the frame were mod-
eled using line beam-column elements with lumped plastic 

hinges at the ends, and the BRBs were modeled as nonlin-
ear axial springs. The simulated BRB response matched the 
global experimental response for the drift ranges simulated. 
The model was used to study the effect of bolted, pinned and 
welded BRB end connections; fully restrained and moment 
release beam end conditions; and gusset plate thicknesses 
[0.25 and 1.0 in. (6.35 and 25.4 mm)]. The results indi-
cated that the type of BRB-to-gusset plate connection did 
not significantly affect the force-deformation behavior or 
local strain demands in the gusset plate connection region. 
Thicker gusset plates induced larger plastic strain demands 
at the interface of the gusset plate with the beams and col-
umns but did not affect the global response.

This brief summary of prior research shows that the 
excellent component behavior measured for BRBs does not 
necessarily translate to equivalent system behavior. BRBF 
system performance often fell short of the expected per-
formance based on the component results. Experiments 
on BRBF systems can be used to evaluate mechanisms to 
improve the system response, but experiments are too costly 
for evaluation of all critical parameters. Therefore, this 
paper describes the use of robust, high-resolution numerical 
simulation for this purpose.

FE MODELING APPROACH

The ABAQUS analysis platform (ABAQUS, 2010) was used 
to accurately simulate the global and local responses of the 
BRBF test specimen shown in Figure  4 and summarized 

 
 (a) (b)

Fig. 4. BRBF used for finite element simulations: (a) experimental frame; (b) frame elevation (Palmer, 2012).
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earlier (Palmer, 2012). Variations on that basic model were 
then made to study selected parameters. The test speci-
men had two orthogonal and adjacent braced bays, but the 
ABAQUS model simulated only one planar braced frame as 
highlighted in the foreground in Figure 4a and shown sche-
matically in Figure 4b.

Beams, columns, slabs and connections were modeled 
using three- and four-node quadrilateral shell elements as 
shown in Figure  5. The shell elements had six degrees of 
freedom per node. First-order (linear-interpolation) ele-
ments with reduced integration and hourglass control were 
used to reduce runtime and prevent locking and zero-energy 
deformation modes. Transverse shear stiffness was included 
in the formulation of the shell sections, which had five layers 
through the thickness and were numerically integrated dur-
ing the analysis to calculate cross-sectional behavior.

The BRBs were modeled using nonlinear truss elements 
because of the complications and computational expense 
involved in modeling the core, end collars, steel tube 
restrainer, infill grout, contact and friction between these 
elements, and higher-mode core buckling. Greater model-
ing accuracy, using shell elements for the BRB and a line- 
element casing model following Wigle and Fahnestock 
(2010), was deemed unnecessary in this study as BRB per-
formance was secondary to frame behavior caused by BRB 
forces. The truss element was calibrated to measured BRB 
behavior and provides accurate simulation of the local and 
global performance of the BRBF system.

The base of each column was fully restrained in the three 
orthogonal directions as shown in Figure  5. Out-of-plane 
restraint was provided to the braced frame beams at mid-
span where transverse floor beams framed into them in the 

Fig. 5.  BRBF finite element model with element types and boundary conditions (see Figure 3b for component sizes and frame dimensions).
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test frame. In the laboratory, the displacement history was 
applied to the test specimen through a large, strong, and stiff 
crosshead attached to the floor slab. In the analysis, a rigid 
control node was used to apply the displacement history of 
the frame (shown at the top of the frame in Figure 5). The 
movement of the third floor slab was constrained to the move-
ment of this control node. The concrete slabs were simulated 
with shell elements, which were linked to the shell elements 
of the steel beam to develop composite action. Kinematic 
coupling constraint tied the top floor slab degrees of free-
dom in the area outlined in the figure to the control node. 
The width of the concrete slab was defined by the effective 
width design rules of the Seismic Provisions. The cyclic dis-
placement history for the test frame was bi-directional, and 
the specific deformations applied to the simulation at the 
control node of frame 1 are shown in Figure 6.

Geometric nonlinearities were included in the analyses 
using the updated Lagrangian approach to capture local (and 

global if it occurs) buckling of the beams, columns and gus-
set plates. In this approach, the element stiffness is formu-
lated at each step using the nodal coordinates in the current, 
deformed configuration.

The concrete was modeled using a linear, elastic consti-
tutive model because minimal cracking and crushing were 
observed during the testing. The steel yield strengths were 
obtained from mill test certificates and test coupons (see 
Table 1), while the concrete strength and elastic modulus was 
obtained from cylinder tests. Twenty-eight-day compressive 
4 × 8 cylinder strengths of 6 and 8 ksi (42 and 55 Mpa) were 
measured for the second and third floor slabs, respectively. 
Steel material nonlinearities were simulated using the von 
Mises yield criterion with an associative flow rule and a 
combined, nonlinear kinematic and isotropic hardening law.

A mesh refinement study was performed to balance con-
vergence and accuracy with minimizing the run time. Four 
models with different mesh densities were analyzed, and 
the average element sizes in the connection region ranged 
between 0.5 and 2.0 in. (12.7 and 50.8 mm). The results indi-
cated that a mesh size of 1 in. (25.4 mm) was needed in 
the connection regions. A 2-in. (50.8-mm) mesh size was 
used in regions away from the connection regions (Palmer, 
2012). The connection regions are defined as the area in the 
beams and columns that extend approximately three times 
the depth of the beam in each direction from the intersection 
of the column and beam centerlines.

Fracture is not simulated directly by the ABAQUS 
computer program. El-Tawil et al., (2000) and Kan-
vinde and Deierlein (2006) showed that tearing and 
fracture can be predicted using FEA and a micromechanics- 
based approach. That approach uses the strain at ductile 
fracture initiation according to Hancock and Mackenzie 
(1976), which is a function of a material constant and the 
stress triaxiality ratio. This strain is then divided by the 
cumulative equivalent plastic strain (PEEQ) multiplied by Fig. 6.  Imposed cyclic displacement protocol in  

experiment (Palmer, 2012) and finite element simulation.

Table 1.  Material Yield Strengths from 3D BRBF Experiment (Palmer, 2012)

Shape

Measured Properties

Fy  
ksi (MPa)

Fu  
ksi (MPa)

W12×106 55.5 (386) 73.4 (510)

W12×72 56.5 (393) 72.4 (503)

W12×45 56.5 (393) 71.4 (496)

W16×50 52.5 (365) 68.5 (476)

W16×31 54.5 (379) 68.5 (476)

W14×22 54.5 (379) 67.5 (469)

BRB-1 core 43.0 (299) 62.7 (436)

BRB-2 core 41.7 (290) 64.5 (448)
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the material constant needed to define a rupture index. This 
rupture index is used as an indicator of the susceptibility of 
the material to fracture. Studies confirm the accuracy of this 
approach (e.g., Chao et al., 2006), but this method requires 
very small, eight-noded brick elements with dimensions on 
the order of the characteristic length of the material [0.1 in. 
(0.3 mm) for structural steel], which results in a large com-
putational expense.

Yoo (2006) investigated and validated the use of strain 
indices in shell element models for predicting initial gusset 
plate weld tearing as part of a prior study on special concen-
trically braced frames (SCBFs). Two indices were investi-
gated: the equivalent plastic strain (PE) and the PEEQ. The 
simulation results of concentrically braced frame (CBF) sys-
tems experiments indicated a strong correlation between the 
PE with the first instance of observed tearing in the hollow 
structural section (HSS) braces and gusset plate, and this 
approach was used in this study.

MODEL VALIDATION

The model was validated using three categories of met-
rics: (1) global response, (2) observed damage modes and 
(3) local deformation measures.

Global response depends on accurate simulation of the 
BRB. BRB response is not completely symmetric because 
the compression overstrength and isotropic hardening vary 
with axial strain and history. However, a truss element with 
the von Mises yield criterion provides symmetric behav-
ior. As a result, the BRB truss element was calibrated to 
(1) reach the average of the maximum tension and compres-
sion strengths, (2) match the initial yield load, (3) match the 
total energy dissipated and (4)  match the residual load at 
zero displacement.

The simulated and measured force-displacement 
responses of the second-story BRB at four different story 
drift levels are shown in Figure 7a. At small story drifts, the 
elastic and inelastic behavior is accurately captured. At large 
inelastic deformations, the simulated tensile resistance and 
hardening slope are larger than the measured slope, while 
the compressive resistance and hardening slope are under-
estimated. However, the ultimate objective of the analytical 
study was to provide relative comparisons between different 
connection designs. Relative differences among the models 
are independent of the BRB material model (Palmer, 2012); 
therefore, this approximate simulation of the strength was 
deemed appropriate.

Figure 7b shows the total base shear as a function of the 
average story drift of the top of the frame. There is excellent 
agreement between the measured experimental results and 
the simulation. Fracture was not simulated, and therefore, 
the loss in strength resulting from BRB fracture is not cap-
tured in the FE model.

Figures 7c and 7d compare the experimental and simu-
lated third-floor beam deformation within the gusset plate 
connection region at approximately 3.5% story drift. The 
figures show excellent agreement of the local flange buck-
ling and out-of-plane web deformation at this location. Simi-
larly, excellent agreement is observed in the simulated and 
tested models at the base of column A-1, as shown in Fig-
ures 7e and 7f. This buckling mode occurred at the base and 
not at the elevated gusset plate. The difference in the buck-
ling modes at these two locations results from the differ-
ence in the boundary conditions. These comparisons show 
that the ABAQUS model provides accurate local and global 
simulation of the true BRBF behavior.

PARAMETRIC STUDY OVERVIEW

After verification of the accuracy of the basic model, that 
model was expanded to investigate salient parameters that 
affect the BRBF response and to evaluate potential improve-
ments to BRBF design. Approximately 50 different models 
were analyzed to study the effects of:

1.	Gusset plate thickness.

2.	Gusset plate taper.

3.	Gusset plate edge reinforcement.

4.	Beam reinforcement at the joint, including web doubler 
plates (see Fig. 8) and flange stiffeners.

5.	Column size and reinforcement at the joint, including 
web doubler plates (see Fig. 8) and continuity plates.

6.	Beam fixity at joint region.

7.	Variations in modeling the interface weld connecting the 
gusset plate to the beams and columns.

8.	Strength and stiffness of BRB.

The reference model for the parameter study was the 
three-dimensional test frame model described earlier. All 
other analyses had well-defined variations from the refer-
ence model to evaluate the parameter in question. Compari-
sons and evaluations were based upon three performance 
metrics.

1.	Global force-displacement and local moment-
displacement relationships were compared to 
establish relative stiffness, resistance and initiation of 
strength degradation for a given model. Early strength 
degradation clearly represents substandard performance.

2.	The computed von Mises stress distributions and 
deformed shapes were compared in critical regions 
(including gusset plates, beams and columns adjacent to 
the gusset) to identify potential locations of concern (see 
Figures 7d and 7f for an example).
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 (a)  (b)

 
 (c)   (d)

 
 (e)  (f)

Fig. 7. Reference model validation: (a) BRB force-deformation response; (b) global base shear-story drift 
response; (c) observed beam yielding and local buckling; (d) simulated beam yielding and local buckling: 

(e) observed column yielding and local buckling; (f) simulated column yielding and local buckling.

029-046_EJQ116_2014-08R.indd   36 12/18/15   3:13 PM



ENGINEERING JOURNAL / FIRST QUARTER / 2016 / 37

3. Local strains along the gusset plate interfaces with the 
beams and columns were compared to identify weld 
yielding and potential crack initiation or fracture. The 
PE and PEEQ values were compared as approximate 
indicators of potential crack initiation and fracture (Yoo, 
2009).

These performance indices were evaluated at story drift 
levels of 2 and 3.5% because these drift levels approximate 
the design basis and the maximum considered earthquake 
demands, respectively (Chen et al., 2008). The stresses and 
strains sampled in the beams and columns at gusset plate 
interfaces were the average of the two elements simulating 
fillet welds on either side of the gusset plate. The gusset 
plate stresses and strains were sampled from single elements 
that occurred at the interface, as shown in Figure 9a. Typical 
plots of the PEEQ as a function of distance along the edge 
of the gusset from the intersection of the beam and column 
flanges (corner of the gusset) are illustrated in Figure 9b, and 
maximum PEEQ values in the beam, column and the edges 
of the gusset plate at 2% story drift are listed in Table 2. The 
table also lists the peak base shear and peak moment at the 
top of the right column in the second story. The maximum 
PEEQ invariably occurred at locations shown in Figure 9b.

ANALYSIS RESULTS

The initial stiffness values of all models were within 5% of 
each other; this is logical because the BRB provides the main 
contribution to elastic stiffness. The columns (W12×106 and 
W12×72) used in the test frame were larger than required by 
current seismic provisions (due to multiple tests performed 
on the frame), so smaller permissible columns (W12×50) 

Fig. 8.  Finite element model details: 
beam and column reinforcement.

 (a) (b)

Fig. 9. Finite element simulation performance indicator sampling regions: (a) elements 
sampled within connection region; (b) schematic description of plots used in comparisons.
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were investigated along with potential reinforcement to criti-
cal areas of the smaller columns. The peak base shears were 
similar for all models with the same columns, but models 
with the smaller columns developed a base shear force that 
was 9 to 15% less than the reference model. The smaller 
column resisted approximately half the shear of the larger 
column in the reference model.

Reinforcement of Beam and Column Webs

While some columns were larger than required in the three-
dimensional test specimen, significant damage was noted in 
nearly all beams and columns adjacent to gusset plates in test 
frames. This raises logical questions as to how the specimen 
would have performed if the minimum permissible column 
were employed and how damage can be reduced in the beam 
and column locations without excessively increasing beam 
and column sizes. Figure 10 plots the envelope of the cyclic 
moment-story drift response, where the moment is measured 
at the top of the column of the second story for four different 
models. The analysis shows that the reference model (test 
specimen) provided somewhat larger base shear resistance 
than the model with weaker columns because of the larger 
column shear resistance provided as noted earlier. The fig-
ure also shows that deterioration in resistance occurred with 
both the reference model and the reduced column model 
due to the inelastic damage in the beam and column, which 
included local buckling, but the deterioration and damage 
were significantly greater with the smaller column. The fig-
ure shows that the addition of web reinforcement (a doubler 
plate to the column web to create a column web thickness of 
75% of the gusset plate thickness) eliminated the deteriora-
tion of resistance and reduced column damage for both the 
reference column and the smaller column specimen. While 

the addition of column web reinforcement reduced damage 
to the column, it invariably increased damage to the beam 
unless comparable measures were taken for the beam web.

Comparison of analytical results in Figure 11 amplifies 
these observations and also shows the effect of local dam-
age to the beam. Figure 11a shows the extensive damage to 
the beam and lesser damage to the column for the reference 
specimen at 3.5% story drift for one connection in the frame. 
It must be emphasized that the ABAQUS model does not 
directly include cracking, tearing or fracture, and prior dis-
cussion has demonstrated extensive cracking and fractures in 
beams, columns and gussets at deformations well below this 
level. Figure 11c shows the increased damage to the column 
web and reduced damage to the beam if the lighter column 
is employed. Figure 11b shows the reduced damage to the 
beam web if the web of the reference model is reinforced as 
noted earlier, while comparison of Figure 11c and 11d shows 
the reduced damage and stress levels in the column when the 
web of the smaller column is reinforced. Finally, Figure 11e 
shows that the reduced damage to both the beam and the 
column webs is reinforced with the model with the lighter 
column section. These comparisons show that the addition 
of web reinforcement to create a total effective thickness of 
75% of the gusset plate thickness eliminated all damage to 
the beam and the columns and significantly changed and 
reduced local stress demands in the beam and column webs.

Extensive beam and column damage was observed in the 
experiment, and the comparisons in Figures 10 and 11 sug-
gest that the relative thickness of the gusset plate to beam 
and column web thickness is a contributing cause of this 
damage. In the experiments, the relatively thicker gusset 
plates sustained minimal yielding in contrast to the exten-
sive yielding in the relatively thin beam and column webs. 
In addition, the gusset plate welds sustained damage. This 
is logical when considering that the webs of the W16×50
beam, W12×72 column and W12×106 column were 0.38, 
0.43 and 0.61 in. (9.7, 11 and 15.5 mm) thick, respectively, 
while the gusset plates were 1 in. (25.4 mm) thick. The stress 
in the gusset plate has a direct path into the beam and col-
umn web, so a BRB that requires a thick gusset plate should 
also require a relatively thick beam and column web. This 
situation is aggravated with BRBs as compared to buck-
ling braced frames because brace buckling reduces stress 
demands on the gusset although increasing deformation 
demands on the gusset.

Analyses were performed to evaluate this observation. 
Stresses in the beam and column webs may be reduced by 
increasing the thickness of the beam and column web by the 
addition of web reinforcement, decreasing the thickness of 
the gusset plate, or changing the connection configuration to 
alleviate the problem.

Fig. 10. Moment-story drift backbone 
at top of second-story column.
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	 (a)	  (b)

	 	
	 (c)	   (d)

	 	
	 (e)	  (f)

Fig. 11.  Simulation results stress contours and deformed shape at 3.5% story drift (typical for deformed shapes):  
(a) reference model; (b) reference with 75% beam web stiffener; (c) small column model; (d) small column model  

with 75% column web stiffener; (e) small column model with 75% beam and column stiffeners; (f) contour legend.
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Reducing Gusset Plate Thickness

Because the relative thickness of the gusset plate to the 
beam and column web affects the frame damage, it is logical 
to think that slightly thinner gusset plates may be beneficial. 
The reference frame had a 1-in. (25.4-mm) gusset plate thick-
ness, but a number of factors, including pin bearing stress, 
were considered in the selection of that thickness, so thinner 
plates may be possible. Four modifications to the reference 
frame were made with 0.5-, 0.625-, 0.75- and 1.25-in. (12.7-, 
15.9-, 19.1- and 38.1-mm) gusset plate thickness. The 0.75- 
and 1.25-in. (19.1- and 38.1-mm) gusset plate satisfied all 
AISC Steel Construction Manual (2005) design limit states. 
The 0.5- and 0.625-in. (12.7- and 15.9-mm)-thick gusset 
plates did not satisfy the standard buckling expression but 
were included in the analysis for completeness and to assess 
the effectiveness of this design expression. Thinner gusset 
plates clearly reduced the damage and stress levels in the 
beam and column webs. Table 2 shows that the maximum 

PEEQ demand in the beam was 0.196 and 0.286 with the 
0. and 1.0-in. (12 and 25-mm)-thick gusset plates, respec-
tively. Larger reductions were noted in the column, where 
the maximum PEEQ was 0.017 and 0.106 with the 0.5- and 
1.0-in. (12.7- and 25-mm)-thick gusset plates, respectively. 
These reductions in PEEQ reflect reduced strain demand 
and inelastic damage to the beam and the column, but there 
was a corresponding increase in damage to the thinner gus-
set plates. Buckling of the gusset plate occurred in the analy-
sis of models with 0.5-, 0.625- and 0.75-in. (12.7-, 15.9- and 
19.1-mm)-thick gusset plates. These instabilities occurred at 
story drifts less than 1% for the 0.5- and 0.625-in. (12.7- and 
15.9-mm)-thick gusset plates and at approximately 2.5% for 
the 0.75-in. (19.1-mm)-thick gusset plate.

Edge stiffeners were added to thinner gusset plates along 
the long edge to prevent extreme deformation of the gus-
set, and these stiffeners reduced the damage to the gusset 
and correspondingly increased the damage to the beam and 

Table 2.  Parametric Study Response Values

Model
Peak Base 

Shear,
kips (kN)

Peak 
Moment,*

kip-ft (kN-m)

Maximum PEEQ at Connection Interface (see Figure 9)

Beam Column
Gusset Plate 

at Beam
Gusset Plate 

at Column

Reference 347.2 (1545) 611.8 (830) 0.286 0.106 0 0.143

Reference with 1-in.  
gusset plate

346.7 (1543) 612.5 (831) 0.318 0.166 0 0.055

Reference with 0.75-in. 
gusset plate

345.2 (1536) 578.6 (785) 0.256 0.046 0.023 0.565

Reference with 0.625-in. 
gusset plate

343.8 (1530) 570.5 (774) 0.233 0.03 0.047 0.689

Reference with 0.5-in. 
gusset plate

344.9 (1535) 542.5 (736) 0.196 0.017 0.097 0.818

Reference with 0.75-in. 
gusset plate and edge 
stiffener

344.9 (1535) 609.6 (827) 0.277 0.089 0.027 0.12

Reference with 0.5-in. 
gusset plate and edge 
stiffener

345.8 (1539) 580.1 (787) 0.208 0.03 0.112 0.354

Reference with 75% beam 
web stiffener

369.7 (1645) 612.5 (831) 0.087 0.114 0 0.157

Reference with 50% beam 
web stiffener

364.7 (1623) 614 (833) 0.175 0.11 0 0.148

Smaller column 303.4 (1350) 263.1 (357) 0.04 0.297 0 0

Smaller column with column 
web stiffener

312.8 (1392) 361.2 (490) 0.082 0.08 0 0.031

Smaller column with beam 
and column web stiffener

320 (1424) 375.9 (510) 0.026 0.08 0 0.09

*	Moment in column B-1 at gusset plate edge at top of second story.
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column so that it approximated the damage of the thicker 
gusset plates. This can be seen by comparison of PEEQ 
values in Table 2. With this evaluation, it is clear that thin-
ner gusset plates are unlikely to be effective in reducing 
unwanted damage in BRBs because BRBs have large strain 
hardening and increasing brace forces compared to buckling 
brace frames.

Continuity Plates

A model with column continuity plates added at the sec-
ond floor of the W12×72 column was analyzed to assess 
the impact on the column flange demands at the beam bot-
tom flange. As previously discussed, the column flange was 
damaged at this location in a similar manner to the damage 
observed in moment frame columns in the 1994 Northridge 
earthquake (see Figure 3d). Figure 12 shows the plastic strain 
demand in the column flange in the elements on either side 
of the beam bottom flange for the models with and with-
out the continuity plates. The continuity plate thickness was 
equal to one-half the beam flange thickness. The maximum 
strain demand occurs in the center of the column at the web 
location, and the demands in the column without the conti-
nuity plates are three times the demands in the column with 
the continuity plates, indicating a much higher likelihood of 
flange tearing when continuity plates are not provided.

Beam Moment Releases

Beam moment releases such as illustrated in Figure 2 and 
employed by Fahnestock and colleagues in a prior test pro-
gram (2007) were also evaluated in a separate model. This 

detail dramatically reduces the demands on both the beam 
and columns. It effectively eliminates the need for beam 
and column web stiffeners and reduces the demands on the 
gusset plates. However, there are some consequences of this 
choice. In particular, a significant rotation must be permit-
ted in the floor beam at the edge of the gusset plate con-
nection. Allowances in the design of the floor slab may be 
required to permit this rotation. More research needs to be 
performed on this type of connection to assess the effect of 
the slab before recommendations can be made regarding the 
use of this.

Welds Joining Gusset to Beam and Column

Weld fracture was noted in the test frame, and one model 
explicitly investigated the weld cracking. This model was 
basically the reference model, but it explicitly modeled 
the geometry of the fillet welds joining the gusset to the 
beam and column. This was accomplished by using a weld- 
specific constitutive model and shell elements modeling the 
weld geometry at the interface. The thickness assigned to the 
shell elements was total throat thickness of the fillet welds 
(a-in. fillets were used on both sides of the gusset plate).

The constitutive model was calibrated to match the force-
normalized deformation (p) response given by Equation 1 
(AISC, 2005).

	 P = 0.60FEXX(1.0 + 0.5sin1.5θ) [p(1.9 − 0.9p)]0.3� (1)

where P is the nominal strength of the weld segment at a 
deformation Δ, FEXX is the weld electrode strength (70 ksi), 
θ is the load angle measured relative to the weld longitudi-
nal axis and p is the ratio of element deformation Δ to its 
deformation at maximum stress, Δmax, given by Equation 2. 
A load angle, θ, of 50 degrees was used because the simula-
tions showed that the stress perpendicular to the weld was 
a larger component than shear. This angle results in a weld 
strength increase of 35% relative to a longitudinally loaded 
weld. The strength increase for a weld that is loaded at 90 
degrees is 50%.

	 Δmax = 1.087w(θ + 6)-0.65 ≤ 0.17w� (2)

where w is the weld size.
In the test frame, initial tearing was observed in the gus-

set plate welds at a roof story-drift ratio of approximately 
2.3%. The PEEQ, PE and elongation of the shell element 
modeling the weld were sampled in the elements at the edge 
of the gusset plates at this drift level, and they are listed 
in Table 3. Also listed are the mean values for each index 
and the standard deviation and the coefficient of variation 
(COV). The PE and PEEQ are commonly used as indica-
tors of crack initiation and fracture, and Table 3 shows that 
these parameters are extremely large when the fillet welds 
designed by the uniform force method are considered. PEEQ 

Fig. 12.  Strain demand in column A-1 flange  
at second-floor bottom beam flange.
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had the smaller COV and was used as a better indicator of 
weld cracking in the test frame. Cracking was observed at 
an average PEEQ of 3.11. Figure 13 shows the variation of 
the PEEQ at the three different gusset plates as a function of 
story drift. PEEQ is increasing rapidly at larger drift levels

A second simulation was performed with welds sized to 
develop the plastic tensile capacity of the gusset plate (d-in. 
fillet welds). Figure 13 also shows the PEEQ values for this 
model. PEEQ is dramatically smaller with the increased 
weld size, and crack initiation in the welds would not be 
expected even until deformations have increased beyond 
3.25% drift. This analysis shows that the likelihood of weld 
tearing is significantly reduced or eliminated when the 
welds are designed for the strength of the plate.

DESIGN AND DETAILING RECOMMENDATIONS

Based on the experimental work and simulations described 
earlier, the following recommendations are made for the 
corner connection region of BRBF systems.

Beam

1.	Beam web reinforcement should be placed at the corner 
gusset plate locations and extend at least to the larger 
of 0.75db and 12 in. (300 mm) beyond the gusset plate 
edge, as shown in Figure 14. This reinforcement should 
be placed as close to the column face as possible and will 
be limited by the beam web connection plates or angles. 
The web reinforcement should increase the total web 

Table 3.  Weld Tearing Analysis Results

With Weld Model Without Weld Model

Gusset Plate PEEQ PE
Elongation,  

in. (mm) PEEQ PE

2nd floor column A-1 3.6 0.23 0.0041 (0.105) 0.125 0.011

3rd floor column B-1 3.04 0.17 0.0025 (0.064) 0.149 0.0131

2nd floor column B-1 2.68 0.134 0.0019 (0.048) 0.071 0.005

Mean 3.11 0.178 0.0028 (0.072) 0.115 0.001

Standard deviation 0.463 0.049 0.0011 (0.029) 0.04 0.005

COV (%) 14.9 27.4 40.7 34.8 46.4

Fig. 13.  Plastic strain demands at gusset plate edge.
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thickness to 75% of the gusset plate thickness. This ratio 
may be reduced given further experimental verification.

2. Backing bars should be removed at the beam bottom 
flange CJP connection to the column, as they are 
required in special moment frames per the Seismic 
Provisions, unless there is a gusset plate connection to 
the column and bottom flange of the beam.

Column

3. Column web reinforcement should be installed in the 
panel zone and within the gusset region and extend at 
least to the larger of 0.75dc and beyond the gusset plate 
edge as shown in Figure 14. The web reinforcement 
should increase the total web thickness to 75% of the 
gusset plate thickness.

4. Continuity plates should be provided in the column at 
the beam flanges according to the Seismic Provisions 
when the beam flanges are connected to the column 
and expected to behave as a partially or fully restrained 
connection (Figure 14).

Gusset Plate

5. The current LRFD gusset plate design limit states should 
be used, except all welds connecting the gusset plate to 
the beams and columns should be CJP welds or fillet 
welds with a strength equal to the yield capacity of the 
gusset plate. The expected yield strength of the plate, 
RyFy, should be used in this calculation.

SUMMARY AND CONCLUSIONS

BRBFs are a commonly used seismic resisting system. How-
ever, most studies have focused on the BRB and neglected 
its interaction with the adjacent components. Recent tests 
indicate that unwanted damage modes are sustained by 
BRBFs, including local buckling of the beams and tearing 
of the interface weld. To improve the response and mitigate 
these mechanisms, an analytical study was undertaken. The 
study used an experimental study of a two-story frame as 
its basis. Using high-resolution modeling techniques, a vali-
dated model was developed. This model was then used to 
perform a parametric study. The primary objectives of the 
study were to quantify the effects of various parameters on 
the demands and behaviors of the joint region and develop 
verified design and detailing recommendations to improve 
the performance of these systems.

The study resulted in the following conclusions:

1. Reducing the gusset plate thickness reduced the demands 
in the beam and column at the gusset interfaces. 
However, buckling of the gusset plate limits how thin 
these can be. Therefore, this is not an effective way of 
reducing component demands in the connection region 
of BRBFs. This is different than recommendations for 
SCBFs because buckling braces are a softening system 
after brace buckling, while BRBFs continue to sustain 
large increases in brace force after yielding of the BRB.

2. Analyses shows that designing the weld for the strength 
of the plate significantly reduces the local strain demand 
in the connection and is expected to reduce crack 
initiation and prevent weld tearing and fracture until 
much larger story drifts. Therefore, weld connecting the 

Fig. 14. Recommended detailing at corner connection region of BRBF.
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gusset plate to the beam and column should be sized to 
meet the strength of the gusset plate to mitigate weld 
tearing.

3.	A smaller column reduced the demands in the beam, 
including local web and flange deformation at all 
drift levels. However, the demand and deformation 
in the column was increased. Adding column web 
reinforcement within the gusset region mitigated these 
demands and deformations, and while this caused a 
slight increase in beam demands, the resulting beam 
demands were still considerably less than those seen 
in the reference model and had negligible impact on 
the behavior and performance of the beam. In lieu of 
adding doubler plates, it may be more economical to 
increase the column or beam shape to a size that has an 
appropriate web thickness but may be overdesigned for 
flexure and axial load.

4.	The demands and local deformation in the beams and 
columns within the connection region were shown to 
be inversely proportional to the ratio of the beam web 
thickness to the thickness of the gusset plate. In other 
words, for a given beam or column size, a thick gusset 
plate will increase the demands on these elements 
relative to a thinner gusset plate. These demands are also 
dependent on other factors, such as the relative beam 
and column size and the mechanism used to accomplish 
the target thickness ratio (e.g., thin gusset plate versus 
adding a web reinforcement). Given that there is a 
limit on how thin a gusset plate can be due to potential 
buckling, adding beam web reinforcement is a more 
appropriate solution to mitigate damage. Adding beam 
web reinforcement such that the web to gusset plate 
thickness ratio was 0.75 is recommended.
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INTRODUCTION

There is a lack of tools for modeling the response of struc-
tural system response, including connections, to realis-

tic, uncontrolled fires. Fire protection of steel structures is 
usually provided through prescriptive requirements based 
on the standard fire test (ASTM, 2011), which has changed 
little since it was introduced in 1917. Such tests typically 
characterize heat transmission through elements and subsys-
tems but do not provide information about structural perfor-
mance in real fire. A fuller understanding of the problem 
will lead to the development of analytical tools and design 
standards that explicitly consider realistic fire loading for 
both the design of new buildings and the assessment and 
retrofit of existing ones. Development of design tools for 
evaluating fire effects usually requires detailed finite ele-
ment (FE) analyses that consider all failure modes, includ-
ing local buckling, at elevated temperatures.

During exposure to fire, large axial compressive and/or 
tensile forces may develop in floor beams and their connec-
tions. A number of researchers have studied the effects of 
fire on connections, though most of the literature addresses 
shear connections and semi-rigid connections. Sarraj et al., 
(2007) developed detailed solid element models for shear tab 
connections with bolts to evaluate bolt shear and bearing 
behavior. Yu et al., (2009) performed an experimental inves-
tigation of the behavior of shear tab connections subjected 
to vertical shear and tensile forces at elevated temperatures 
and measured the moment-rotation capacity of the shear tab 
connections. Seif and McAllister (2013) discussed failure 
modes of shear tab connections at elevated temperatures. 
Yang et al., (2009) conducted tests of welded moment con-
nections where connections and members immediately adja-
cent to the connection were heated to 550 °C to 650 °C and 
then loaded to failure under an applied moment (top flange 
in tension and bottom flange in compression). Yielding, 
necking, fracture, bolt elongation (shear) and local buckling 
were observed, and a reduction of member stiffness to 25% 
of ambient values was reported. Al-Jabri et al., (2006) stud-
ied the moment–rotation–temperature characteristics of the 
end plate moment connections subjected to a concentrated 
load and elevated temperatures. Quiel and Garlock (2010) 
conducted detailed finite element analyses of shear and 
moment connections for two- and three-dimensional build-
ing frames. Their results indicate that thermal gradients can 
produce significant changes in the deflection mechanics and 
plastic P-M limit-state behavior.

This paper presents a study employing FE analysis with 
geometric and material nonlinearities, using solid elements 
to model the failure modes of a steel moment connection 
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under axial loading at elevated temperatures. Recently 
developed temperature-dependent material models for dif-
ferent types of steels used in connections are implemented. 
FE analyses of coupon models are performed to verify the 
implementation of these material models. Results are pre-
sented that illustrate the detailed modeling of the connection 
and the failure modes under varying load and temperature 
conditions. While these results apply to a particular type 
of moment connection under axial loading, the modeling 
approach is quite general and could be used to analyze other 
types of steel connections under more realistic thermal and 
structural loading scenarios. The analysis results presented 
in this paper will be used in formulating reduced connection 
models for FE analyses of structural systems at ambient and 
elevated temperatures.

PROTOTYPE BUILDING DESIGNS

As described in Lew et al., (2013), the National Institute of 
Standards and Technology (NIST) worked with a panel of 
practicing structural engineers across the United States to 
develop a number of prototype steel-frame building designs 
for use in assessing the robustness of structural systems. The 
buildings were designed according to the American Soci-
ety of Civil Engineers 7-02 standard (ASCE, 2002) and its 
referenced material design standards, including the Ameri-
can Institute of Steel Construction’s Load and Resistance 

Factor Design Specification for Structural Steel Buildings 
(AISC,  1999) and Seismic Provisions for Structural Steel 
Buildings (AISC, 2002). These prototype buildings are con-
sidered representative of typical construction, and a moment 
connection from one of the prototype buildings, shown in 
Figure 1, was selected for analysis in this study.

The moment connection shown in Figure 1 is a welded 
unreinforced flange, bolted web (WUF-B) connection, 
which is one of the prequalified steel connections listed in 
FEMA 350 (FEMA, 2000). The WUF-B connection in Fig-
ure 1 is taken from the second-floor level of a seismically 
designed intermediate moment frame (IMF) in a 10-story 
prototype building designed for Seismic Design Category C. 
The number and size of the ASTM A490 bolts varied for the 
WUF-B connections within the moment frames, as did the 
thickness and height of the shear tabs. ASTM A992 struc-
tural steel (Fy = 50 ksi [345 MPa]) was used in all beams and 
columns. ASTM A36 steel (Fy = 36 ksi [250 MPa]) was used 
for the shear tabs and continuity plates at the beam-column 
connections.

CONNECTION FINITE ELEMENT MODELING

Detailed nonlinear FE analyses were conducted to simulate 
the failure modes of moment connections under elevated 
temperatures. In each analysis, the connection was sub-
jected to a monotonically increasing axial displacement, 

 or

CJP Typical

PL ½ x12x6 (A36) 

Continuity plate (A36): 
3/4” thick (Int. panels)
3/8” thick (Ext. panels)

3 A490 H.S.B. of D = 1”. 
(Class A Faying surfaces)

or

Beam W21x73  

Column W18x119
5/16

Fig. 1.  Details of WUF-B moment connection.
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either tensile or compressive. Analyses were performed 
using explicit time integration in LS-DYNA (LSTC, 2012), 
and the prescribed displacements were applied gradually to 
ensure that dynamic effects were negligible (i.e., to ensure 
quasi-static loading conditions). Both compressive and ten-
sile loading conditions are of interest because they represent 
the types of loading imposed on connections in the heating 
and cooling phases of a fire, respectively.

While the displacements imposed on a connection in a 
realistic fire depend on the temperature distribution within 
the structural elements and the thermal restraint imposed by 
the structural configuration, the controlled loading protocol 
considered (see Figure 2) enabled investigation of the behav-
ior, failure modes and ultimate capacities of the connec-
tions at different temperatures. Analyses under prescribed 
displacements were performed at four temperatures (20 °C, 
400 °C, 500 °C and 600 °C), with the temperature in each 
analysis being uniform and constant. With constant temper-
ature throughout each analysis (i.e., temperatures were not 
ramped up from the ambient temperature), no stresses due 
to restraint of thermal expansion were present in the anal-
yses. Future research will consider more realistic thermal 
restraints, loads and fire scenarios.

The WUF-B connection shown in Figure 1 was modeled 
using finely meshed three-dimensional solid elements for 
the beam, bolts and shear tab, as shown in Figure 3. Fully 
integrated eight-node solid elements were used. A typical 
element size of 0.12 in. (3 mm) was used for the beam and 
the shear tab. A finer mesh with a typical element size of 
0.06 in. (1.5 mm) was used for the bolts. Contact was defined 

between the bolts, shear tab and beam web to model the 
transfer of forces through the bolted connection, including 
friction, with a value of 0.3 assumed for both the static and 
dynamic coefficients of friction. No pretension in the bolts 
was considered in the analyses. All degrees of freedom were 
restrained for nodes on the welded ends of the shear tab and 
the beam flanges.

The temperature-dependent material models used for FE 
analysis of the moment connections at elevated tempera-
tures are discussed in the following section. ASTM A572 
Grade 50 steel, with an ambient-temperature yield strength 
of Fy0 = 50 ksi (345 MPa), is used for the beam and column; 
ASTM A36 steel, with Fy0 = 36 ksi (250 MPa), is used for 
the shear tab; and steel with Fy0 = 70 ksi (485 MPa) is used 
for the welds. ASTM A490 bolts, with Fy0 = 130 ksi (896 
MPa), are used for the WUF-B connection (see Figure 1 for 
connection details).

TEMPERATURE-DEPENDENT 
MATERIAL MODELING

A key issue in evaluating the response of structural systems 
to fire effects is the representation of material behavior at 
elevated temperatures. In addition to stress-strain behavior, 
modeling of fracture is required to capture failure modes 
such as tear-out in connection plates and bolt shear. The use 
of explicit finite element software packages allows for mod-
eling of sequential failures, including fracture. Fracture can 
be simulated using element erosion, in which elements are 
removed from the analysis when specified failure criteria 
are satisfied. However, the basis for determining and imple-
menting material failure criteria at elevated temperatures is 
not well established in the literature. This section presents a 
finite element material modeling methodology for structural 
steels at elevated temperatures, including erosion-based 

Fig. 2. Schematic of compressive axial 
displacements imposed on a WUF-B connection.

Fig. 3. Detailed model of the WUF-B connection: 
(a) full model, (b) beam, (c) bolt, and (d) shear tab.
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modeling of fracture. A recently developed temperature-
dependent material model for structural steels is combined 
with a plastic strain-based failure criterion for element ero-
sion. Using finite element models of tensile coupons, this 
failure criterion is calibrated against experimental data on 
elongation at fracture, and the influence of temperature and 
mesh size on the failure criterion is investigated.

Seif et al., (2015) developed an empirical model that 
provides temperature dependent material models for any 
structural steel. The model is based on experiments con-
ducted at NIST and published data from numerous experi-
ments reported in the literature. The model accounts for 
the change in yield strength and post-yield strain harden-
ing with temperature. However, the model does not account 
for creep effects. Equations for true stress and true strain, 
discussed later, are required to define material models in 
LS-DYNA analyses. However, as discussed subsequently, 
detailed finite element models of tensile coupons are used 
to obtain engineering stress-strain curves for comparison 
with experimental measurements, particularly regarding the 
post-ultimate behavior, including necking and fracture.

Experimental data to support temperature-dependent 
material properties for structural bolts are more limited 
than for structural steel, particularly data regarding the 
temperature-dependence of deformations or elongations at 
fracture. Much of the available experimental data for bolt 
shear tests is influenced by deformation of the shear loading 
assembly, making it difficult to isolate the bolt performance. 
Given these limitations, an interim approach for modeling 
the temperature-dependent nonlinear material behavior and 
fracture of bolts is described later.

Structural Steel

For structural steel (beams, columns and shear tabs), the  
temperature-dependence of the yield strength Fy is expressed 
as:
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where Fy0 is the yield strength at ambient temperature, ∆T 
(in °C) is the increase in temperature above the ambient 
temperature and r1 through r5 are coefficients depending on 
the type of steel. For rolled structural steel, r1 = 7.514, r2 = 
1.000, r3 = 588 °C, r4 = 676 °C and r5 = 0.090.

The elastic modulus E (in GPa) is expressed a function of 
the temperature T (in °C) as follows:
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where E0 = 206 GPa (2987 ksi) is the value at ambient tem-
perature and e1 through e4 are coefficients depending on 
the type of steel. For rolled structural steel, e1 = 3.768, e2 = 
1.000, e3 = 639 °C and e4 = 1650 °C.

The true stress, σtrue, is expressed as a function of true 
strain, εtrue, as follows:
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where it is noted that E and Fy depend on temperature 
according to Equations  1 and 2. Figure  4 shows the true 
stress-strain curves for the A572 steel, generated using this 
temperature-dependent material model. The point corre-
sponding to the ultimate engineering stress (also referred to 
as the tensile strength) for each temperature is indicated by 
a red dot, and the true stress-strain curves are extended lin-
early beyond this point, as discussed subsequently.

Equation 3 was calibrated to match available experimen-
tal data up to the tensile strength, and special care is needed 
in modeling the post-ultimate material behavior, includ-
ing necking and fracture. Seif et al., (2015) developed an 
approach for modeling the post-ultimate behavior of struc-
tural steel at elevated temperatures by using element erosion 
to represent fracture. The onset of erosion was calibrated 
to match available experimental data of fracture in coupons 
at elevated temperatures. Because the simulation of post- 
ultimate necking and fracture depends on the model mesh 
size, the coupon models had the same mesh size as the con-
nection model for the calibration procedure. The calibra-
tion is invalid if the mesh sizes between the coupon and the 
model are different. The stress-strain relationship computed 
from Equation  3 was used up to the ultimate engineering 
stress, after which the post-ultimate stress associated with 
necking and fracture was modeled with a tangential exten-
sion from the ultimate stress.

The failure criterion used for element erosion is based on 
the effective plastic strain, a scalar measure of plastic strain 
that incorporates its various tensor components. Element 
erosion is activated when the effective plastic strain in any 
element (i.e., the local plastic strain in a section or compo-
nent) exceeds a specified critical value, called the erosion 
strain, εer. The erosion strain can be significantly larger than 
the engineering strain at fracture because the engineering 
strain represents an average strain over the gauge length, 
and the local plastic strain in the necked region can sig-
nificantly exceed this average value. Analyses of detailed, 
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three-dimensional solid element models tensile coupons 
were conducted to calibrate the erosion strain values against 
available experimental data on elongation of tensile cou-
pons, including data for ASTM A992 steel from Hu and 
Morovat (2009) and data for ASTM A572 Grade 50 steel 
from Luecke et al., (2005). Temperature-dependent values 
of the erosion strain were used in order to achieve the best 
agreement with the experimental data.

As the value of εer increases, the computed engineering 
strain at fracture also increases. For instance, at 400  °C, 
when εer, increases from 0.70 to 0.90, the engineering strain 
at fracture, εeng,f, increases by about 10% from 0.45 to 
0.50. To determine the appropriate value of erosion strain 
at each temperature, the erosion strain was adjusted until 

the resulting engineering strain at fracture matched a tar-
get value determined from the available experimental data. 
The target value of the engineering strain at fracture was 
selected as the mean value of experimental data at each tem-
perature of interest (20 °C, 400 °C, 500 °C and 600 °C), and 
is plotted along with the experimental data in Figure 5.

The values of erosion strain, εer, in the FE model that 
matched the target values of engineering strain at fracture 
shown in Figure 5 for Grade 50 structural steels are listed 
in Table  1. Note that beyond 500  °C, the erosion strain 
greatly increased due to increased plasticity at elevated 
temperatures. Figure  6 shows engineering stress-strain 
curves obtained from FE analysis of tensile coupons for the 
engineering strain at fracture values shown in Figure 5 at 

Table 1.  Engineering and Erosion Strain Values at Fracture for Structural Steel

Temperature (°C) Engineering Strain at Fracture Erosion Strain at Fracture

20 0.47 0.70

400 0.38 0.35

500 0.35 0.40

600 0.46 1.40
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Fig. 4.  True stress-strain curves for A572 steel, generated with Seif et al., (2015)  
temperature-dependent material model (1 ksi = 6.895 MPa).
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temperatures of 20 °C, 400 °C, 500 °C and 600 °C. Due to 
the calibration procedure described earlier, the engineering 
strain values at fracture in Figure 6 closely match the target 
values in Figure 5. Note that due to the lack of experimental 
data in the literature regarding the effect of elevated temper-
atures on the strain at fracture of mild steel, A36 (of which 
the shear tabs are typically constructed), the values of εer 
were assumed to be equal to those of the A572 steel for the 
purpose of the analysis. This assumption did not affect the 
results because no fracture occurred in the shear tab. Simi-
larly, the same values of εer were used for the weld material. 
However, because the Fy0 of the welds was higher than that 
of the surrounding material, fracture of the welds did not 
occur.

Bolts

For high-strength bolts (A325 and A490), the temperature-
dependence of the yield strength Fy is calculated from Equa-
tion 1, with r1 = 4.967, r2 = 1.000, r3 = 456 °C, r4 = 2040 °C 
and r5 = 0.000. Compared to rolled steel, bolts sustain their 
Fy value with the increase of temperature up to about 400 °C, 
after which it drops dramatically. Figure 7 shows the degra-
dation of the normalized yield strength with increasing tem-
perature for ASTM A572 rolled steel and ASTM A325 and 
A490 bolts. Note that at 400 °C, both rolled steel and bolts 

sustain about 80% of their yield capacity. At 600 °C, rolled 
steel sustains about half of its yield capacity, while bolts lost 
more than 82% of their yield capacity. The ultimate strength, 
Fu, is calculated by using Equation 1 with the same values of 
r1 through r5 as for the yield strength, but with the ambient-
temperature yield strength, Fy0, replaced by the ambient-
temperature ultimate strength, Fu0.

The elastic modulus E for bolts is the same as that for 
rolled steel, calculated from Equation  2. The stress-strain 
relationship is not calculated from Equation 3, but rather a 
trilinear relationship as follows:
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where εy(T) = Fy(T)/E(T) is the temperature-dependent yield 
strain. The temperature-dependent ultimate strain, εu(T), is 
assumed to have a value of 0.1 at 20 °C and to decrease lin-
early with temperature to a value of 0.05 at 600 °C. Figure 8 
shows the trilinear stress-strain relationship of the A325 
bolts at 20 °C, 400 °C, 500 °C and 600 °C. Similar to rolled 
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Fig. 5.  Target values of engineering strain at fracture determined from experimental data.
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steel, the failure criterion used for element erosion is based 
on the effective plastic strain. Element erosion is activated 
when the effective plastic strain in any element exceeds εer. 
The erosion strain is temperature dependent and based on 
analyses of detailed, three-dimensional solid-element mod-
els of A325 and A490 steel bolts. The values of εer were cali-
brated against available experimental data from Kodur et al., 
(2012). To determine the appropriate value of erosion strain 
at each temperature, the erosion strain was adjusted until 
the resulting engineering strain at fracture matched a target 
value determined from the available experimental data. Val-
ues of engineering strain and erosion strain at fracture for 
the A325 and A490 bolts reported by Kodur et al., are listed 
in Table 2. A more detailed discussion of the temperature-
dependent models for structural steels at elevated tempera-
tures is provided in Seif et al., (2015).

RESULTS AND DISCUSSION

The discussion in this section focuses on the behavior and 
failure modes of the WUF-B connection subjected to axial 
loading, as illustrated in Figure 2. Figure 9 shows the total 
axial load versus displacement curves for the WUF-B con-
nection under both tensile and compressive loading at dif-
ferent temperatures. The displacement plotted in Figure  9 
(and in Figures 10 and 11 subsequently) is the axial displace-
ment imposed at the free end of the beam (the left end in 
Figure 2). A uniform axial displacement is imposed for the 
entire cross-section, with out-of-plane displacements unre-
strained. Results in Figure 9 show that despite differences 
in failure modes, the overall capacity of the connection did 
not differ significantly between tensile and compressive 
loading conditions for each temperature (differences less 

Table 2.  Engineering and Erosion Strain Values at Fracture for A325 and A490 Bolts

Temperature (°C)

Engineering Strain at Fracture Erosion Strain at Fracture

A325 A490 A325 A490

20 0.210 0.16 0.50 0.35

400 0.204 0.16 0.55 0.40

500 0.246 0.19 0.75 0.55

600 0.276 0.22 0.75 0.60
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Fig. 8.  True stress-strain curves for A325 bolts at 400 °C (1 ksi = 6.895 MPa).
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than 5%). Results also show that increasing the temperature 
from 20 °C to 400 °C reduced the capacity of the connection 
by only about 20%. However, increasing the temperature 
from 400 °C to 500 °C reduced the capacity an additional 
30%. By 600 °C, the ultimate capacity of the connection has 
dropped by about 70%.

In developing reduced models to capture the connection 
behavior at elevated temperatures, it is important to consider 
the contribution of each component of the connection in 
resisting axial loads. To this end, the total axial force in the 
WUF-B connection, as shown in Figure 9, can be decom-
posed into the axial forces in each of five components of the 
connection: the two flanges and three bolt rows. The axial 
force in a single flange can be obtained by summing the 
reaction forces of all nodes at the welded end of that flange 
(at the right end in Figure 2). Figure 10 shows a resulting 
plot of the axial force in a single flange of the WUF-B con-
nection against the axial displacement imposed on the free 
end of the beam. The axial force in each bolt row can be 
obtained by defining three sets of nodes at the welded end of 
the shear tab, corresponding to three strips of the shear tab 
with equal height, each containing a single bolt. Summing 
the reaction forces of all nodes corresponding to a single 
strip then gives the force in that bolt row. Figure 11 shows a 
resulting plot of the axial force in a single bolt row against 
the axial displacement imposed on the free end of the beam.

Figures 10 and 11 (note the different scales on the vertical 
and horizontal axes) show that the flanges of the WUF-B 
connection have much greater capacity than the bolts and 
that they can sustain much greater deformations before frac-
ture. The peak values in the total load-displacement curves 
in Figure 9 correspond to the ultimate load in the bolt rows, 
while the connection continues to sustain substantial load 
beyond this point through the contribution of the flanges. 
Figure 10 shows that at 20 °C, the flange of the WUF-B con-
nection can sustain deformations exceeding 2 in. (51 mm). 
However, this axial deformation at fracture is about twice as 
large as what was calculated using a previously developed 
model of this WUF-B connection (Sadek et al., 2013). The 
differences are believed to be due partly to the modeling 
of the k-area of the beam section, where the web thickness 
increases as it joins the flange. The increased web thickness, 
which was accounted for by Sadek et al., but not in the pres-
ent study, forces plastic deformations into a smaller portion 
of the flange, thus reducing the deformation at fracture. This 
issue, and other factors that may have contributed to the dif-
ferences, are currently being investigated.

The failure modes of the WUF-B connection depend on 
the relative reduction in the yield capacity with the increase 
in temperature between the rolled steel sections and the 
bolts. As mentioned previously and shown in Figure  8, 
both the A572 steel and the A490 bolts sustain 80% of their 
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Fig. 9.  Load-displacement curves for the WUF-B connection at different temperatures (1 kip = 4.448 kN, 1 in. = 25.4 mm).

047-060_EJQ116_2014-17R.indd   55 12/18/15   3:15 PM



56 / ENGINEERING JOURNAL / FIRST QUARTER / 2016

0 0.5 1 1.5 2 2.5
0

100

200

300

400

500

600

Displacement (in.)

Lo
ad

 (k
ip

)

20 °C
400 °C
500 °C
600 °C

Tension
Compression

Fig. 10.  Load-displacement curves for a single flange of the WUF-B  
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yield strength until 400 °C, after which the A490 bolts lose 
their yield capacity much faster than the A572 steel. Failure 
modes have a mix of bolt and beam failure up to 400 °C, 
but only shear fracture failure modes occurred beyond the 
400 °C.

The failure modes under tensile loading conditions can be 
summarized as follows:

1. At 20 °C, failure is due to shear fracture of the bolts, 
followed by fracture of the flanges, as shown in 
Figure 12a.

2. At 400 °C, tear-out of the beam web around the bolts 
is followed by fracture of the flanges, as shown in 
Figure 12b.

3. At 500 °C and 600 °C, the failure mode was similar to 
the 20 °C case.

The failure modes under compressive loading can similarly 
be summarized as follows:

1. At 20 °C, failure is due to local buckling of the beam 
cross-section. The tab also bends along the deformed 

beam section, and no fracture is observed, as shown in 
Figure 13a.

2. At 400 °C, 500 °C and 600 °C, failure is due to shear 
fracture of the bolts, followed by local buckling of the 
flanges, as shown in Figure 13b.

All failure modes observed in the computational models 
of the WUF-B connections at different temperatures under 
tensile and compressive loading conditions are summarized 
in Table 3.

CONCLUDING REMARKS

This paper presented a detailed finite element analy-
sis approach to determine the performance and failure 
modes of steel-framed connections subject to elevated 
temperatures. Finite element models of typical shear and 
moment connections have been developed that incorporate 
temperature-dependent material models. Temperature-
dependent material models for structural steel and bolts were 
supplemented with erosion-based failure criteria to simulate 

 (a) (b)

Fig. 12. Failure modes of the WUF-B connection in tension: 
(a) shear fracture in bolts; (b) tear-out in beam web.

 (a) (b)

Fig. 13. Failure modes of the WUF-B connection 
in compression: (a) local buckling of beam’s 

cross-section; (b) shear fracture of bolts.

Table 3. Failure Modes Observed in the Computational Models of the WUF-B 
Connection at Different Temperatures under Tensile and Compressive Loading Conditions

Temperature

Failure Mode Observed in Computational Model

Tension Compression

20 °C
Shear fracture of bolts, followed by fracture of 
flanges (Figure 12a).

Beam local buckling, including bending of tab 
(Figure 13a)

400 °C
Tear-out of beam web, followed by fracture of 
flanges (Figure 12b)

Shear fracture in bolts, followed by local buckling 
(Figure 13b)

500 °C
Shear fracture of bolts, followed by fracture of 
flanges

Shear fracture in bolts, followed by local buckling

600 °C Shear fracture of bolts, followed by fracture flanges Shear fracture in bolts, followed by local buckling
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fracture. The erosion strains were calibrated by simulating 
experimental data on elongation of steel coupons at fracture 
to determine the appropriate local plastic strain value for the 
model mesh discretization.

The connection models were axially loaded in tension and 
compression for temperatures of 20 °C, 200 °C, 400 °C and 
600 °C to identify primary failure mechanisms as a function 
of temperature, including fracture of bolts, beam and plate 
elements, local buckling of beam elements, and tear-out fail-
ure at bolt holes.

The effect of elevated temperature on the failure modes of 
WUF-B connections was presented in this paper. Increasing 
the temperature from 20 °C to 400 °C reduced the overall 
connection capacity by about 20% under both tensile and 
compressive loads. Further increasing the temperature from 
400 °C to 500 °C reduced the capacity an additional 30%. 
By 600 °C, the connection had lost about 70% of its overall 
capacity.

Primary failure modes under tensile loading conditions 
were similar, where shear fracture of the bolts was followed 
by fracture of the beam flanges, except at 400  °C, where 
tear-out of the bolts through the beam web occurred rather 
than bolt fracture. Primary failure modes under compres-
sive loading conditions changed between room temperature 
and temperatures at or above 400 °C. At 20 °C, the primary 
failure mode was local buckling of the beam cross-section, 
with no bolt fracture. At 400 °C and above, the failure mode 
changed to shear fracture of the bolts followed by local 
buckling of the cross-section.

DISCLAIMER

Certain commercial software or materials are identified to 
describe a procedure or concept adequately; such identifica-
tion is not intended to imply recommendation, endorsement 
or implication by the National Institute of Standards and 
Technology (NIST) that the software or materials are neces-
sarily the best available for the purpose.
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BACKGROUND

Two high-mast lighting towers (HMLTs) near Rapid City,
South Dakota, collapsed within five months of each 

other (November 2005 and April 2006). Both towers were 
identical hexadecagonal (16-sided), 150-ft-tall galvanized 
structures. Each pole had a base plate thickness of 1.75 in., 
tube wall thickness of 0.375 in., base diameter of 29 in., 
eight anchor rods and a complete-joint-penetration (CJP) 
weld with backing ring connecting the base plate to the tube 
wall. Failure in each case occurred at the base plate–to–
tube wall connection detail. A forensic evaluation of both 
poles confirmed the cause of failure was wind-induced 
fatigue (Sherman et al., 2011). Fatigue cracks of various 
lengths, including those resulting in total collapse, have 
been observed in HMLTs around the United States (Con-
nor et al., 2011). The two failures in South Dakota prompted 
a statewide inspection effort of approximately 140 towers. 
Cracking was discovered in both welded through-socket and 
full-penetration weld connection types: 14 instances and 3 
instances, respectively. This resulted in 11 additional towers 

being removed from service. Sketches of these connection 
details can be found in Figure 1.

Fatigue of HMLTs typically has been a direct result of 
wind-induced vibration. HMLTs are flexible structures and 
can, therefore, experience rapid accumulation of damag-
ing fatigue cycles. It is well established that there are two 
types of wind phenomenon that must be considered during 
the fatigue design of HMLTs: natural wind gusts and vortex 
shedding (AASHTO, 2013). Natural wind gusts cause the 
pole to move parallel to the direction of wind flow, while 
vortex shedding is a complex aero-elastic phenomenon. 
When wind flows past the pole at a steady rate, vortices are 
formed that create a wake. The force of the wake drives the 
pole back and forth perpendicular to the direction of the 
wind. When the pole is moving transverse to the direction of 
the wind flow, it is referred to as vortex shedding, which can 
produce a large number of stress cycles in a short period of 
time (Kaczinski et al., 1998; Ahern and Pucket, 2010).

From a survey conducted during a recent National Coop-
erative Highway Research Program (NCHRP) study (Connor 
et al., 2011) more than 10,000 HMLTs have been installed 
across the country. As such, robust, cost-effective retrofit 
strategies are needed because it is not economically feasible 
to replace all poles susceptible to fatigue cracking. One con-
cept, referred to as “jacketing,” has been developed. Retrofit 
jackets installed at the base plate and lowest portion of the 
pole shield the details commonly susceptible to fatigue crack 
growth: the base plate–to–tube weld connection detail and 
the hand-hole detail (Koob, 2007; Roy et al., 2011; Callahan 
and Connor, 2011). Comprised of multiple pieces, the jack-
ets can be installed without removing the HMLT from ser-
vice. The jacketing concept has been successfully installed 
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ABSTRACT

Fatigue cracking has been the cause of a number of high-mast lighting tower (HMLT) failures throughout the United States. In almost every 
case, forensic evaluations have shown cracking initiates and propagates due to wind-induced fatigue at mainly the base plate–to–tube wall 
connection detail or the hand-hole weld detail. Subsequent inspections of HMLT inventories have revealed a number of additional cases of 
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HMLTs. The retrofit strategies are employed without removing the pole from the foundation using simple bolting techniques and moderately 
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in Iowa and Texas on four different pole types (Koob, 2007). 
Field monitoring and laboratory fatigue testing were con-
ducted on one Iowa HMLT to confirm the performance of 
the jacket retrofit (Connor and Hodgson, 2006; Phares et al., 
2007; Callahan and Connor, 2011).

Details used on HMLTs in South Dakota required a ret-
rofit jacket with different geometry than previously tested 
during research performed by Callahan and Connor (2011) 
to be fabricated; hence, there was concern the data obtained 
during that study were not directly applicable. Therefore, 
laboratory fatigue testing was conducted on jacket retro-
fits designed for typical South Dakota HMLT details. The 
research confirmed the jacket retrofit concept was an effec-
tive method for extending the life of HMLTs with and with-
out existing fatigue cracks. This paper reports on the results 
of the experimental program, fit-up issues and general com-
mentary on performance and detailing. The objective of this 
study was not to investigate causes of cracking (i.e., vortex 
shedding versus natural wind) or perform finite element 
analysis, but to focus on the development and testing of a 
robust retrofit strategy.

TEST SPECIMENS

General

Laboratory fatigue testing was conducted on three types of 
specimens: as-built specimens, tall-jacket retrofit specimens 
and short-jacket retrofit specimens. The first phase (as-built 
specimens) consisted of testing two HMLT base sections 
similar to in-service South Dakota HMLTs that experi-
enced fatigue crack growth. The second phase (tall-jacket 

retrofit specimens) consisted of three specimens using a 
jacket retrofit approximately 60 in. tall fastened to a pre-
cracked, as-built specimen. The third phase (short-jacket 
retrofit specimens) consisted of three specimens using a 
jacket retrofit approximately 30 in. tall fastened to a pre-
cracked, as-built specimen.

The as-built specimens had a through-socket fillet-
welded base connection detail typical of the majority of the 
in-service inventory in South Dakota where cracking had 
been observed. Socket-type connections are constructed by 
extending the tube base through a hole in the base plate and 
fillet welding around the perimeter at both the top and bot-
tom of the base plate. In each jacket retrofit test, the base 
connection of the as-built pole was nearly completely sev-
ered (approximately 90%) with a cutting wheel to ensure the 
entire load was carried by the retrofit. This was conservative 
because an in-service structure would collapse if the base 
plate to tube weld were cracked to such a degree.

As-Built Test Specimens

Only the base section of the pole was tested as the location 
of fatigue-sensitive details, located within the bottom 72 in. 
of the HMLT, was tested. Two as-built specimens were 
tested to establish their baseline fatigue performance. No 
additional specimens were deemed necessary because the 
fatigue resistance of the as-built pole with the socket connec-
tion was known to be poor, typically worse than Category E′ 
(Rios, 2007; Roy et al., 2011). The as-built specimens were 
then used as a “fixture” for the jacket retrofit testing.

The as-built specimens were fabricated using a 35‑ft‑tall, 
16‑sided HMLT made of galvanized steel. The tube 

Fig. 1.  Typical HMLT base connection details: welded-through socket (top) and full-penetration weld (bottom).
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section base diameter was 25.89 in. and tapered at a rate of 
0.14 in./ft. The tube wall thickness was 0.19 in., base plate 
thickness was 1.5  in. and ten 1.5‑in. anchor rods secured 
the base plate to the foundation. A welded through-socket 
connection detail was used for the base plate-to-tube wall 
connection, and a doubler plate was used for the hand-hole 
detail. Strain gage locations for the as-built specimens can 
be seen schematically in Figure 2, and a photograph can be 
seen in Figure 3.

Tall-Jacket Retrofit Specimens

The tall-jacket geometry was similar to that used during 
a previous testing program sponsored by the Iowa Depart-
ment of Transportation (DOT) (Callahan and Connor, 2011). 
Three identical tall-jacket retrofit specimens were tested 
to evaluate their fatigue performance on the same as-built 
specimen.

The tall-jacket retrofit specimen was comprised of two 
“half-jacket” base sections connected with splice plates. 
Both half-jacket sections were 60 in. tall and made of galva-
nized steel. One hundred fifty d‑in. A325 tension-controlled 

galvanized bolts were used to secure the new 0.5‑in.‑thick 
jacket tube wall to the existing tube wall of the pole. All 
holes were drilled through the existing tube wall using the 
retrofit jacket as a template. The holes were z in. over the 
fastener size. This number of fasteners was used to meet the 
American Association of State Highway and Transportation 
Officials (AASHTO) maximum fastener spacing and edge 
distance requirements and subsequently was well beyond 
the capacity required for strength considerations to ensure 
the as-built pole and jacket retrofit acted as one.

The new 1.5‑in.‑thick jacket base plate was attached to 
the original base plate with the ten existing anchor rods in 
addition to twelve 1.0‑in. galvanized heavy hex A325 bolts. 
The A325 bolts connected the two base plates only, and had 
no connection to the concrete footing. In addition to the half 
jackets and splice plates, the tall-jacket retrofit also included 
four fill plates. Fill plates were required to ensure proper 
bolt tightening at the locations covered by the jacket directly 
above and below the hand-hole doubler plate. Figure 4 shows 
the strain gage locations used for the tall-jacket retrofit. A 
photograph of one of the tall-jacket halves can be found in 
Figure 5.

Fig. 2.  Strain gage layout for as-built specimen.
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Fig. 4.  Dimensions and strain gage layout of tall-jacket specimen.

Fig. 3.  Base section of as-built test specimen (note doubler plate around hand-hole detail).
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Short-Jacket Retrofit Specimens

Although the tall retrofit proved to be effective, a second ret-
rofit configuration was developed to reduce the installation 
challenges that had previously been observed in the field. 
After evaluating several alternatives, the decision was made 
to divide the jacket into quarters. Additionally, cracking had 
not been observed around the hand-hole during field inspec-
tions with the doubler plate hand-hole detail. Thus, field per-
formance indicated the jacket did not need to extend above 
the hand-hole; therefore, the jacket was designed to extend 
approximately half the height of the tall-jacket retrofit. 
Reducing the height of the short-jacket retrofit lowered the 
fabrication cost and aided in quicker and easier installation.

Each short-jacket quarter was 31  in.  tall, including the 
1.5‑in.‑thick base plate. The short jacket had the same 
0.5-in.-thick tube wall connected to a 1.5-in.-thick base plate 
with a CJP weld. The weld was inspected using ultrasonic 
testing during fabrication. Due to the reduction in height, 
only ninety-eight d‑in. A325 tension controlled bolts were 
required to secure the jacket tube wall to the existing tube 
wall of the pole. The ten existing anchor rods were used 
in addition to eighteen 1.0-in. galvanized heavy-hex A325 
bolts to connect the new and existing base plates. Strain gage 
locations for the short jacket are shown in Figure 6. Photo-
graphs of the short-jacket retrofit can be found in Figure 7.

The primary differences between the tall and short jack-
ets were height and number of components. Additionally, 
the short-jacket retrofit incorporated other modifications to 

resolve some fit-up issues encountered during the tall-jacket 
installation. Whereas the tall retrofit utilized splice plates 
between the tube walls of the two jacket halves, the short 
design eliminated these plates by considering the original 
as-built tube wall as a splice plate. Both fill plates were sub-
sequently omitted from the short-jacket retrofit. The upper 
fill plate was no longer required because the top of the short 
jacket did not extend beyond the doubler plate of the hand-
hole. The lower fill plate was omitted because the lowest row 
of bolts was relocated up to the doubler plate section. Col-
lectively, these design improvements minimized problems 
experienced during the installation of the tall-jacket retrofit 
and reduced the total fabrication and installation costs.

Fabrication and Fit-Up Issues

Additional fabrication and fit-up issues were encountered 
during the installation of the jacket retrofits. A fabrication 
error resulted in poor alignment between the breaks in the 
pole and those in the jacket. It was believed to be a result of 
a combination of inaccurate field measurements and radial 
misalignment (see Figure 8 for resulting retrofit fit-up). This 
fabrication issue was only present in the short-jacket retrofit.

A tolerance issue was observed at the base plate–to–tube 
wall connection. The angle between the jacket base plate 
and jacket tube wall differed from the angle of the original 
pole. Due to the differing angles, full contact between all 
components was not achieved, resulting in an “oil canning” 
effect observed during the fatigue testing.

In addition, the internal winch plate on the as-built tube 
wall conflicted with bolt holes in both the tall and the short-
jacket retrofits. The box in Figure 9 highlights the location 
of the conflict on the short-jacket retrofit. The decision was 
made to omit a number of fasteners to represent a worst-case 
field-installed condition.

Given the fabrication and fit-up issues encountered during 
the testing of the retrofits, the fatigue life results presented 
herein characterize a conservative representation for simi-
lar jacket retrofits. If these issues were improved a longer 
fatigue life would be expected.

EXPERIMENTAL TESTING

Experimental Test Setup—General

The HMLTs were tested in the vertical position. A rein-
forced concrete foundation, post-tensioned to the laboratory 
reaction floor, encased the full-size anchor rods supporting 
the HMLT. The anchor rod nuts were fastened to the base 
plate using the turn-of-the-nut tightening procedure and a 
hydraulic wrench (Dexter and Ricker, 2002). Cyclic load-
ing was applied through an 11‑kip MTS servo-controlled 
hydraulic actuator connected between the top of the HMLT Fig. 5.  Typical tall-jacket retrofit.
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and the laboratory reaction wall (see Figure 10). To simulate 
worst-case stress conditions for the weld termination of the 
jacket, the load was applied perpendicular to the hand-hole 
location (from south to north). The hand-hole detail was 
located at the center of a jacket section. During the Iowa 
retrofit testing, it was found that locating the jacket splice 
through the hand-hole resulted in poor fatigue performance 
(Callahan and Connor, 2011).

Strain gages were installed to measure the nominal stress 
range in the as-built pole as well as to measure load transfer 
to the jackets. Due to the flexibility of the specimens, the 
MTS servo-controller was programmed using displacement 
control. The displacement range was manually adjusted 
throughout the test to maintain the desired nominal stress 
range as the specimen cracked. Static tests were conducted 
periodically during fatigue loading to monitor the stiffness 
of the pole. The fatigue test was considered complete upon 
a 10% drop in stiffness relative to the initial conditions or 
after substantial cracking: total crack length of approxi-
mately 20 in. Similar approaches were used on tests of flex-
ible ancillary structures (Koenigs et al., 2003; Callahan and 

Connor, 2011). Magnetic-particle and liquid-dye-penetrant 
nondestructive testing were used to verify the crack lengths 
at the completion of each fatigue test.

Specimens were cycled at a constant amplitude stress 
range of 8  ksi measured with strain gages at a nominal 
location on the tube portion of the specimen. Maximum 
stresses were measured at the strain gages located on the 
north and south faces of the HMLT, in line with the actua-
tor. Based on previous research, the 8‑ksi stress range was 
found to be representative in terms of upper bound in-situ 
nominal stress range in poles of similar cross-section while 
minimizing test duration (Rios, 2007; Callahan and Connor, 
2011). Additionally, field monitoring of HMLTs described 
in NCHRP Report 718 found 8  ksi to be an upper bound 
effective stress range (Connor et al., 2011). Nominal stresses 
were measured to avoid stress concentrations around the 
base plate–to–tube wall connection and to avoid any other 
jacket effects. The nominal stresses were extrapolated to the 
base using basic mechanics. Nominal stresses were selected 
to compare the relative fatigue resistance of the as-built pole 
with both jacket types. Strain gages were installed on the 

Fig. 6.  Dimensions and strain gage layout of short-jacket specimen.
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	 Fig. 7.  Typical short-jacket retrofit.	 Fig. 8.  Short-jacket retrofit misalignment.	 Fig. 9.  Short-jacket retrofit with  
			   bolts removed at winch plate conflict.

Fig. 10.  As-built specimen test set-up (similar for all other specimens).
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jacket to establish the stress transfer distribution from the 
pole to the jacket. Though details of these measurements are 
not discussed herein, the data confirmed the jacket was fully 
engaged and no slip occurred between the jacket and as-built 
pole.

As-Built Specimen Results

At the 8‑ksi constant stress range, the two as-built speci-
mens lasted 162,000 cycles and 260,000 cycles (Specimens 
AB_1 and AB_2, respectively) before reaching failure (see 
Table 1). The resulting fatigue life was worse than category 
E′ and was comparable with previous research on HMLT 
through-socket connection details (Rios, 2007; Roy et al., 
2011). Fatigue cracks formed at the points of maximum 
stress at the base plate‑to‑tube wall connection. Specimen 

AB_1 had cracks of 14 in. (see Figure 11) on the south and 
3.5 in. on the north. Specimen AB_2 had cracks of 21.5 in. 
and 17  in. (south and north, respectively). All cracks initi-
ated from the base plate to tube wall weld at the upper weld 
toe. Both tests were stopped due to the size of the fatigue 
cracks.

Tall-Jacket Retrofit Specimen Results

Three tall-jacket retrofit specimens were tested to estab-
lish their fatigue resistance. The addition of the tall-jacket 
retrofit resulted in a substantial increase in fatigue life of 
the as-built pole. At a stress range of 8 ksi in the as-built 
pole, specimen TR_1 had a fatigue life of 6,235,000 cycles, 
specimen TR_2 had a fatigue life of 10,045,000  cycles 
and specimen TR_3 had a fatigue life of 2,887,000 cycles 

Fig. 11.  Cracking on south face of AB_1.
Fig. 12.  Specimen TR_1: north crack at upper  
weld toe after inspection with dye penetrant.

Table 1:  Jacket Retrofit Performance Summary

Specimen
Projected* SR

(ksi)

Cycle Count Final Crack Length (in.)

Crack First 
Observed Final North Face South Face

AB_1 9.1 162,000 162,000 1.0 14.0

AB_2 9.1 25,800 260,000 21.5 17.0

TR_1 2.9 1,856,260 6,234,949 21.0 No crack

TR_2 2.9 — 10,045,448 No crack No crack

TR_3 2.9 931,234 2,886,760 19.5 No crack

SR_1 2.9 309,008 1,145,540 17.0 2.0

SR_2 2.9 770,422 2,323,369 16.5 5.0

SR_3 2.9 1,498,373 5,037,731 11.8 7.9

*	Nominal stress range in as-built pole 72 in. above base was 8 ksi for all specimens.
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(see Table 1). In two specimens (TR_1 and TR_3), cracks 
formed at the tube‑to‑base plate connection in the upper 
weld toe at the point of maximum stress. Specimen TR_2 
was considered a runout for this test after cycling more than 
10,000,000  cycles. The other two specimens had fatigue 
cracks that initiated in the weld toe at the points of maxi-
mum stress. Figure 12 shows the completed TR_1 specimen 
with fatigue cracks after using dye penetrant to verify crack 
length. The final crack length for specimen TR_1 was 21 in., 
while TR_3 had a crack measuring 19.5  in. All tests were 
stopped due to the crack length.

Short-Jacket Retrofit Specimen Results

Strain gages were placed in similar locations as the tall 
jacket in order to compare behavior. The stress range was 
maintained in the as-built pole at 8 ksi for the short jack-
ets. Specimen SR_1 had a fatigue life of 1,146,000 cycles, 
specimen SR_2 had a fatigue life of 2,323,000 cycles and 
specimen SR_3 had a fatigue life of 5,037,731 cycles before 
reaching failure (see Table 1). Fatigue cracks initiated at the 
points of maximum stress and generally had consistent crack 
growth. Cracks initiated at the upper weld toe of the base 
plate‑to‑tube wall connection and grew circumferentially. 
Each of the three specimens formed cracks at both sides 
of the jacket (where stresses were highest). Crack lengths 
varied from 2.0 in. to 17.0 in. (see Figure 13 for cracks on 
specimen SR_1). Once again, all tests were stopped due to 
crack length.

DISCUSSION

Results from the fatigue testing are summarized in Table 1. 
The nominal constant amplitude stress range measured in 

the tube wall, 8 ksi, versus the number of cycles to failure 
for each specimen was plotted on an S-N curve (see Fig-
ure 14), showing the increase in life for the jacket retrofits 
compared to the as-built pole specimens. This fatigue curve 
was indicative of the performance for in-service conditions 
because, for an in-service HMLT, the nominal stress-range 
due to loading does not change (i.e., wind or loading did not 
increase because a retrofit was installed). By comparing the 
best performing as-built pole specimen to the worst retrofit 
specimen (AB_2 to SR_1), an increase in life of greater than 
440% was achieved.

Two potential reasons for the observed increase in fatigue 
performance were evaluated: (1)  an improvement in cat-
egory of the fatigue detail and (2) a decrease in the stress 
range at the controlling fatigue detail. The test data were 
examined to determine the primary factors for the increased 
fatigue life of the retrofits.

The nominal stress range for each test was projected to the 
base of the pole using basic mechanics of materials. Using 
the nominal stress was desired for comparison to eliminate 
any local stress concentration effects, base plate flexibility 
effects and local effects due to the jacket. Strain gage mea-
surements were used to verify the calculated stresses and 
were representative of the behavior of the pole. In doing so, 
it was found that the vertical stress near the base appeared to 
be resisted by a section modulus that included the thickness 
of the original tube wall and retrofit jacket. As expected, the 
reinforcing plate around the hand-hole did not significantly 
contribute to the section modulus because it did not extend to 
the base of the pole (see Figures 2 and 3). The original tube 
wall was generally observed to act in conjunction with the 
jacket near the base, even though there was a gap between 
these two plates at the very bottom. However, at the very 

Fig. 13.  Specimen SR_1: north crack at upper  
weld toe after inspection with dye penetrant.

Fig. 14.  Fatigue test data (nominal stress-range)  
plotted with AASHTO fatigue curves.
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Fig. 15.  Fatigue test data (nominal stress-range projected to base) plotted with AASHTO fatigue curves.

bottom of the retrofit jacket, adjacent to the weld, only the 
retrofit jacket was available to carry the moment due to the 
severed as-built pole to base connection. As a result, only 
cross-section of the retrofit jacket was used to calculate the 
stress range at this location. Using these revised stresses and 
the projected stresses from the as-built pole, the data were 
plotted again as shown in Figure 15.

Plotting the adjusted data indicated that the increase in 
fatigue life was primarily due to the decrease in stress range 
at the controlling fatigue detail and not due to a significant 
improvement in detail category. The sloped line through the 
fatigue data points in the S-N curve of Figure 15 suggested 
the behavior of the tall-jacket retrofit was approximately the 
same as the as-built pole. In fact, the fatigue behavior of 
the short-jacket retrofit appeared to be slightly worse than 
that of the as-built structure. The lower fatigue life was 
not surprising because the short jacket was observed to be 
more flexible. This added flexibility produced out-of-plane 
bending stresses near the base plate weld, which are not 
accounted for by the basic nominal stress range calculations. 
Thus, a lower fatigue life is observed. Figure 15 shows that 
the fatigue life of the short jackets was lower than both the 
as-built specimens and the tall jackets. Thus, the increase 
in life realized by adding the retrofit jacket was due to the 
drop in the effective stress range and not an improvement in 
fatigue category associated with the CJP weld.

Interpretation of Results

The lower fatigue performance of TR_3, compared with 
TR_1 and TR_2, is attributed to poor fit-up resulting in 
cyclic distortion between the original base plate and the 
base plate of the jacket. This was visually observed during 

testing. The distortion resulted in increased local stress 
ranges at the base plate weld of the jacket. Similar observa-
tions were made during the HMLT retrofit testing conducted 
for Iowa (Callahan and Connor, 2011).

The stress range applied in the laboratory was greater 
than the typical in-service effective stress ranges measured 
in the field on poles of similar cross-section. For example, 
the average nominal effective stress range in a nearly identi-
cal as-built pole located in Rapid City, South Dakota, was 
approximately 1.0 ksi (Connor et al., 2011). Further, based 
on field measurements of the Rapid City pole, an average of 
approximately 12,000 cycles were accumulated per day over 
an interval of about 590 days. Assuming all cycles less than 
0.5 ksi were truncated (due to insignificance), a life estimate 
of an in-service retrofit jacket was made using the data col-
lected from the in-service measurements in conjunction with 
the laboratory fatigue test data presented herein.

This estimate was made using several conservative, but 
reasonable assumptions:

1.	The number of cycles per day (12,000) is reasonable 
based on the field measurements made at 11 other 
locations across the country as reported in NCHRP 
Report 718 (Connor et al., 2011).

2.	If the laboratory pole was placed under identical loading 
conditions as the field-tested pole (Rapid City, South 
Dakota, as reported in NCHRP Report 718), the ratio of 
the section modulus of the field tested pole (Sx_Field) and 
laboratory pole (Sx_Lab), calculated to be approximately 
2, should be applied to the field-measured effective stress 
range (Sref_Field) to obtain the effective stress range of 
the laboratory pole and/or jacket (Sref_Lab) in field-like 
conditions.
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3.	The number of cycles to failure follows the normal 
AASHTO S-N curve relation:
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where A is the detail constant

4.	Although Sref is less than the fatigue limit, the fatigue 
limit is exceeded in the variable amplitude stress range 
spectrum more than 1 in 10,000 times (i.e., all cycles 
contribute to damage).

Based on these assumptions the estimated number of 
cycles to failure, assuming the poorest performing of the six 
tested jackets was installed in the field with a completely 
severed base connection (an extreme, worst-case condition), 
was calculated as:
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Converting cycles into years (assuming 12,000 cycles/day) 
yields:
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Next, using the best performing as-built pole (i.e., no jacket) 
tested in the laboratory, the life of that same pole installed in 
the field can be estimated as follows:
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The preceding example indicates a life increase from 
3.8 years to 16.7 years, or 440%. This approach was applied 

to all jacket retrofit specimens tested. Life increases ranged 
from the earlier reported 440% to greater than 3,800% 
for the run-out specimen, with an average life increase of 
1,770%. During the fatigue testing, the jackets resisted the 
entire bending moment because the tube walls were com-
pletely severed. Thus, these calculations were a conserva-
tive assessment of the increase in fatigue life for a retrofitted 
HMLT.

CONCLUSIONS AND RECOMMENDATIONS

Based on the results of the research, the following conclu-
sions and recommendations are made:

•	 The fatigue performance of the fillet-welded socket base 
connection is poor.

•	 Fabrication quality has a large impact on performance; 
therefore, onsite measurements of the pole to be 
retrofit are recommended to improve fit-up. Further, an 
ultrasonic testing (UT) examination should be performed 
on the base plate–to–tube wall connection detail.

•	 Installation and fit-up challenges associated with the 
tall-jacket retrofit concept are much greater than those 
associated with the short-jacket retrofit concept as tested 
herein. It is expected that dividing the tall jacket into 
quarters—though not explicitly tested as part of this 
research—will improve installation fit-up with little to no 
impact on fatigue performance (based on the results of 
the short-jacket retrofit).

•	 Both jacket retrofit concepts have been shown to provide 
an effective repair/retrofit solution for existing in-service 
HMLTs in extending their functional life more than 
400%.
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