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Message from the Editor

The American Institute of Steel Construction was based in New York City in 1963. AISC’s chief engi-
neer at the time was Robert O. Disque, a graduate of Northwestern University and Drexel University
who had joined AISC in 1959.

Now, you may not know Bob—as he is known to his friends—but you are probably familiar with his
work: he supervised the production of the 9th (green) edition ASD Manual and the 1st (blue) and 2nd
(silver) editions of the LRFD Manual. Bob is a member of the Research Council on Structural Connec-
tions and was instrumental in the introduction of the “snug-tight” bolt concept. You may also have run
across him via one of his textbooks or papers, by taking one of his classes at the University of Maine
in the 1980s, or through his consulting at GNCB Engineers in Connecticut. Bob retired from AISC in
1991 and in 2000 received AISC’s Lifetime Achievement Award for his outstanding service to AISC
and the structural steel design, construction and education community.

One little known fact is that it was Bob and his colleagues who developed the idea for Engineering
Journal. He was kind enough to share the memory, below. Many thanks, Bob!

Vs Q- fpuite

Keith A. Grubb, PE., S.E.
Editor

In 1963 the only periodical AISC published was “Steel Construction Digest,” a thin quar-
terly magazine consisting mainly of articles reproduced—with permission—from other
periodicals, such as Engineering News Record.

There were several of us on the AISC headquarters staff who thought we needed some-
thing additional—and more technical. There was a lot of discussion among us and with
interested engineers from member companies. Finally, it was agreed that there should be a
quarterly publication. Interestingly, there was quite a debate on what it should be named.

Most of the staff thought the title should contain the word “steel.” However, I differed and

modestly offered the title “Engineering Journal,” which prevailed. We started publication
in 1964.

At first, most of the papers were written by staff or solicited from the steel community.
There were no reviewers and only the staff decided what would be printed. We did a lot of
editing and rewriting. After several years, and not without some internal controversy, we
decided to use outside reviewers. Engineering Journal continued to grow to become the
great publication that it is today.

Robert O. Disque
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Flange Bending in Single Curvature

BO DOWSWELL

ABSTRACT

Local bending of beam and column flanges is a common design consideration in steel structures. In most cases, the flange bends in double
curvature due to the restraining effect of the connecting element. When a restraining force is not present, the flange will deform in single
curvature. Common cases of single-curvature bending occur at the bottom flange of monorail beams and at hanger rod connections. In this
paper, the equivalent-width method was explored in an effort to determine design procedures for elastic and plastic strength of flanges in
single-curvature bending.

This paper compares the available procedures for designing flanges bent in single curvature. New finite element models and yield line analy-
ses are used to verify, expand and improve the existing design methods. Design recommendations are made for both elastic and ultimate
strength approaches. Recommendations are also made for interaction of the local bending strength with longitudinal stresses in the flange.

The effects of closely spaced loads and loads acting near the ends of members are also addressed.

Keywords: flange bending, design recommendations.

INTRODUCTION

ocal bending of beam and column flanges is a common

design consideration in steel structures. Flange bend-
ing usually occurs when a tension member is bolted to the
flange as shown in Figure la. In this case, the flange bends
in double curvature due to the restraining effect of the con-
necting element. When a restraining force is not present, the
flange will deform in single curvature as shown in Figure
1b. Common cases of single-curvature bending occur at the
bottom flange of monorail beams and at hanger connections
as shown in Figures 2a and 2b, respectively.

Geometry is the dominant factor in the behavior of bolted
flange connections. Another major factor is the amount of
inelastic deformation that can be tolerated before service-
ability requirements are exceeded. The monorail beam
flange in Figure 2a must remain essentially elastic under
service loads. Conversely, the strength of the hanger con-
nection in Figure 2b can normally be calculated on the basis
of a fully plastic yield line solution. Additionally, it may be
practical to use an ultimate strength approach when calcu-
lating the strength of a monorail flange to ensure safety at
overload conditions.

Figure 3 shows a generic load versus deformation curve
for flanges bent in single curvature. The curve is linear up
to the elastic load, P,. After yielding, the curve is nonlinear
over a large increment of the total load, and then the curve
flattens out and becomes essentially linear until collapse.

Bo Dowswell, P.E., Ph.D., Principal, ARC International, LLC, Birmingham, AL.
E-mail: bo@arcstructural.com

The inelastic load, P;, is at the intersection of the elastic load-
ing line and the plastic loading line. Tests and inelastic finite
element results summarized by Dowswell (2011) indicate
that P; is generally 60 to 70% greater than the initial yield
load, P,.. The plastic collapse load, P, can be more than four
times the initial yield load; however, Dowswell also showed
that the deformation will be approximately % in. at the nom-
inal load calculated with the yield line method.

When a concentrated load is applied to the flange, bend-
ing stresses develop in two directions. Because the stresses
in the longitudinal direction (Z-axis in Figure 2a) are much
smaller than those in the transverse direction (X-axis in
Figure 2a), the stresses in the longitudinal direction are
often neglected in design. A simple method to calculate
the stresses in the transverse direction is the equivalent-
width method. In the equivalent-width method, the flange
is treated as a rectangular cantilever beam of width, b,
based on an assumed load distribution angle, 6, as shown
in Figure 4. Goldman (1990) recommended a load distribu-
tion angle of 45°, which results in an equivalent width of 2b.
Although the 45° angle is common for design use, this paper
shows that the equivalent width is dependent on the b/c ratio
and the level of inelasticity.

The equivalent-width method will be explored in an effort
to determine procedures for elastic and plastic design of
flanges in single-curvature bending. The effects of closely
spaced loads and loads acting near the ends of the member
will also be addressed.

Using the equivalent-width approach, the required
moment is

M, =Pb )
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For design of flanges that must remain elastic, the nominal
yield moment is

M, =S,F, )
b,t2
s, =< 3)
6

When the plastic strength is used, the nominal moment is

M, =Z,F, @)
b,i%
z, =21 5)
4

where
Fy = specified minimum yield stress, ksi
P = concentrated force, kips
S. = section modulus of the equivalent beam, in3
Z, = plastic modulus of the equivalent beam, in.3

H

(a) (b)

Fig. 1. Effect of restraint on flange bending:
(a) double curvature; (b) single curvature.
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b = distance from the concentrated load to the fixed end
of the equivalent beam, in.

b, = equivalent width, in.

ty =flange thickness, in.

ELASTIC STRESSES

In this section, the previous research on elastic bending
stresses in flanges will be summarized. The equivalent-
width equations discussed are for use with the section modu-
lus, and the nominal strength is calculated with Equation 2.

Jaramillo (1950)

The first research was published by Jaramillo (1950), who
transformed the exact solution into series form and solved
for the moments in an infinitely long plate with one edge
fixed and the other edge free. The results were presented in
the form of a table, which was reproduced in Young (1989).
The equivalent width is calculated using Equation 6 with the
values for K, listed in Table 1.

b
be _K_ 6)

Timoshenko and Woinowsky-Krieger (1959) published the
solution for an infinitely long plate fixed at one edge and
free at the other edge with a concentrated load at the free
edge. The unit moment causing bending stress perpendicu-
lar to the length of the beam is

m, =0.509P )

The unit moment causing bending stress parallel to the
length of the beam is

m, =vm,

=0.153P

@®)

The equivalent width can be determined by combining
Equations 1 and 7.

<

<

&)

F[3F

t
)
S

This results in a load distribution angle of 45°, which is the
same as Jaramillo (1950) when b/c = 1.



Table 1. Bending Coefficients
According to Jaramillo (1950)

b/c Km

0.25 0.332
0.50 0.370
0.75 0.428
1.00 0.509

Ballio and Mazzolani (1983)

Ballio and Mazzolani (1983) presented the results of a finite
element study aimed at generalizing the solution of Timosh-
enko and Woinowsky-Krieger (1959). They published Equa-
tion 10 for calculating the equivalent width.

b, =b(3.5—1.59) (10)
C

POINT 3 ~/ > >~—POINT 1

/ bc | |a
POINT 2 —

(a)

where
¢ = horizontal distance from the face of the web to the tip
of the flange, in.

Current Study

To supplement the previous research, the problem was
modeled by the author using elastic finite element models
with rectangular plate elements. The plate was fixed at one
boundary and free at the remaining three edges. It was deter-
mined that a length of five times the width was adequate to
model an infinitely long plate in the elastic range. The mesh
size was chosen to provide a convenient number of equally
spaced load points. However, a mesh study revealed that the
element size provided convergence within 2%.

The results are presented in the same form as Jaramillo
(1950), and the equivalent width can be calculated using
Equation 6 with the values for K, listed in Table 2. The
results agree well with those of Jaramillo (1950), Timosh-
enko and Woinowsky-Krieger (1959) and Ballio and Maz-
zolani (1983).

v

(b)

Fig. 2. Common cases of flange bending in single curvature: (a) monorail; (b) hanger.
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Table 2. Bending Coefficients
According to Current Study
b/c Km
0.125 0.252
0.250 0.312
0.375 0.337
0.500 0.363
0.625 0.392
0.750 0.426
0.875 0.464
1.00 0.508
INELASTIC STRENGTH

In this section, the research on inelastic bending strength
of flanges are summarized. The equivalent-width equations
discussed are for use with the plastic modulus, and the nom-
inal strength is calculated with Equation 4.

Fig. 3. Load versus deformation curve.

N \ ~ Load
Point
) X
<l be
v b [ a ]
Z| ¢ |

Fig. 4. Equivalent-width approach.
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Ballio, Poggi and Zanon (1981)

Ballio, Poggi and Zanon (1981) used experimental tests on
monorail beams and inelastic finite element models of long
plates with one edge fixed and three edges free. The sug-
gested design equations contain variables for the load appli-
cation width, assuming a uniform load over a finite-width
patch. For a concentrated load, the width of the load is zero,
and the equivalent width is calculated with Equation 11.

b, =b(9-69) (an
C

Equation 11 was derived to provide a target nominal strength
at the intersection of the elastic loading line and the plastic
loading line as labeled P; in Figure 3 when used with the
plastic modulus.

PLASTIC STRENGTH

In this section, the available yield line patterns for single-cur-
vature bending of flanges are summarized. The equivalent-
width equations discussed are for use with the plastic modu-
lus, and the nominal strength is calculated with Equation 4.
Triangular Yield Line Pattern (Dranger, 1977)

Dranger (1977) derived an equation for the flange strength
using the yield line pattern of Figure 5. The nominal load is

2 ¢
P, =F, tfﬁ(z) (12)
Combining Equations 1, 4 and 12, the equivalent width is

b, =4c\2 (13)

L 2

Fig. 5. Triangular yield line pattern.



Parabolic Yield Line Pattern (Otegui, 1996)

Based on earlier work on curved yield line patterns by
Packer and Morris (1977) and Mann and Morris (1979), Ote-
gui (1996) derived the flange bending strength of a tee stub
with bolts near the end, as shown in Figure 6. Otegui used
a parabolic pattern with an experimentally located distance
from the focal point to the vertex of 2.17b. He showed that
the internal work is independent of the radius of the yield
line pattern; therefore, the radius can vary around the arc
of the curve, but the internal work is dependent on the total
angle of the parabola. Another important concept in Ote-
gui’s derivation is that the work done along the curved yield
lines is equal to that of the straight yield lines projecting
from the center of the load point.

The strength of the yield line pattern in Figure 7 can be
derived based on the principles developed by Otegui. The
external work is

W, =P3 (14)

e

where
d = virtual displacement of the load

The internal work is

W; =4m 0 (15)

where

mp = plastic moment capacity per unit length, kips
o = half angle around the parabola (Figure 7), radians

The plastic capacity per unit length of yield line is

m =2 (16)

The half angle around the parabola is

oc:§+[3 (a7)

where

tanf=2 (18)
x

Dimensions a and x are shown in Figure 7.
From Otegui (1996),

x=3bc (19)

Set W, = W; and substitute m,, from Equation 16 to get the
nominal load

P,=F, ;0 (20)

Fig. 6. Yield line pattern of Otegui (1996).
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Equation 17 is substituted into Equation 20 to get the final
design equation

2| T
P =Ft7|—+ 21
n yif ) B 2D
Equation 19 can be substituted into Equation 18 to get
tan B =— (22)

3vbe
Combining Equations 1, 4 and 21, the equivalent width is

b, = 4b(§+[3) (23)

REVIEW OF MONORAIL
DESIGN SPECIFICATIONS

In this section, the available monorail design specifications
will be summarized. Because the beam flange must remain
essentially elastic, the equivalent-width equations discussed
are for use with the section modulus and the nominal
strength is calculated with Equation 2.

Fig. 7. Parabolic yield line pattern.

76 / ENGINEERING JOURNAL / SECOND QUARTER / 2013

CMAA Specification

CMAA Specification (CMAA, 2008) Section 3.3.2.4 con-
tains detailed design provisions for calculation of flexural
normal stresses in directions parallel and perpendicular to
the longitudinal axis of the beam. The rules were taken from
FEM (1983), with the development and background research
by Hannover and Reichwand (1982). Hannover and Reich-
wand developed the equations by curve-fitting data from
experimental tests, finite element models, and theoretical
calculations using Kirchoff’s plate theory. The notation in
the design equations reproduced here is shown in Figure 2a.

Stresses at point 1

P
Gy =Cy —2) 24
ta
P
6,1=Cy (—2 (25)
td
Stresses at point 2
P
6,2=Cp —2) (26)
tll
P
6,=Cp —2) 27)
t(l
Stresses at point 3
0x3= ~Ox2 (28)
023 = _GZZ (29)
For tapered flange sections
b
o a
fo=t,———+— (30)
“ 46
C, = 3.97—4.841—3.97¢ 208 @31
Cyp = —1.10+1.101+0.192¢ 0004 32)
_ ~7.70%
C,;=1.81-1.15L-1.06e (33)
_ 1.321
C,,=-0.981-1.48x+1.12¢ (34)



For parallel flanged sections

t,= 1y 35)
Cyp =10.1-7.410.-10.1¢” 1364 (36)
Cyp =-2.11+1.981 +0.0076¢%>3* (37)
C. =2.23-1.49%—1.39¢ 83 (38)
C., =0.050—0.5802 +0.148¢> 0% (39)
where
A= - 2a
-t
r @0)
-4
c

t, =beam flange thickness at the point of load applica-
tion, in.
= tyfor parallel flange sections
t,, = web thickness, in.
by = flange width, in.
a =distance from the edge of the flange to the point of
load application, in.

For parallel flanged sections, the equivalent width can be
determined by substituting G2 from Equation 26 for Fy in
Equation 2, and combining with Equations 1 and 3, which
results in Equation 41.

b,=— @1

Australian Standard AS 1418.18-2001

Australian Standard AS 1418.18-2001 (AS, 2001) Section
5.12.3.1 specifies Equation 42 to calculate the allowable
wheel load for the limit state of local flange bending. In
order to use consistent terminology and units throughout
this paper, some of the constants and variable names were
changed from the original equation.

a

aky
1+8b, /b, “2)

where
P, =allowable wheel load, kips

K1 =load position factor
= 1.7 where the distance from the end of the beam to
the wheel load is at least by + d
= 1.0 where the distance from the end of the beam to
the wheel load is less than by + d
b, =horizontal distance from the center of the beam to
the wheel load, in.
by =beam flange width, in.
d =beam depth, in.
o = reduction factor to account for longitudinal stress in
the bottom flange due to global bending of the beam

For comparison with the other design equations, K; = 1.7
and o = 1.0 are substituted into Equation 42, which then
reduces to Equation 43.

2
1.7Fytf

=—2 43
¢ 1+8b,. /by )

Combining Equations 1, 2 and 43, assuming a safety fac-
tor of 1.67, and neglecting the web thickness, the equivalent
width is

17b

= @4)
¢ 1+4b/c

Eurocode 1993-6

For design at service loads, Eurocode (1999) specifies the
same equations as CMAA Specification (CMAA, 2008)
Section 3.3.2.4. For ultimate strength design, Eurocode
specifies the equations developed by Dranger (1977), except
that the critical section for bending is assumed to be at the
tangent point of the fillet radius instead of the face of the
web. For wheel loads remote from the end of the member and
at large enough spacings to preclude interaction between any
adjacent yield lines, the available load for strength design is

2
_ btk 45)
a 4 br 'Y
where
b,=4c\2 (46)

b’ = horizontal distance from the tangent point of the fil-
let radius to the concentrated load, in.
=b-r
¢’ = horizontal distance from the tangent point of the fil-
let radius to the tip of the flange, in.
=c—r
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r = fillet radius, in.
Y = partial safety factor for LRFD design
=11

SUMMARY AND CONCLUSIONS FOR
EQUIVALENT-WIDTH EQUATIONS

Comparison of Equivalent-Width Equations

Figure 8 shows a plot of the normalized equivalent width,
b./b, versus the normalized load location, a/c, for each of the
equivalent-width equations discussed in this paper. All of
the equivalent-width equations are for parallel flanged sec-
tions; therefore, the CMAA (2008) curve used Equation 37
to calculate Cyo.

The equivalent-width equations are separated into three
groups: elastic (green line), inelastic (red lines) and plastic
(blue lines). Figure 8 shows that the curves are bunched
accordingly, with the smallest equivalent width in the elastic
group. The largest equivalent widths are in the plastic group,
and the inelastic group falls between the elastic group and
the plastic group. This behavior is expected because stress
redistribution allows the equivalent width to increase with
the amount of plastic material. As discussed previously, the
equivalent widths of Dranger (1977), Otegui (1996) and Bal-
lio et al. (1981) were derived for use with the plastic modulus,
and the equivalent widths of AS 1418 (AS, 2001), CMAA
(2008) and Ballio and Mazzolani (1983) were derived for use
with the section modulus.

Because the equation developed by Ballio and Mazzolani
(1983) is in very close agreement with the work of Jara-
millo (1950), Timoshenko and Woinowsky-Krieger (1959)

L
10 //

Dranger \/ e
e
_
8 P Otegui
P -~
___,_,_,::..-//“

-
-
= 7

-

AS 1418.18

6 _
be/b  Ballio et al. (1981) ~\

—_—
—_——

—_—

\ Ballio and Mazzolani (1983)

0.0 0.1 0.2 0.3 0.4 0.5
a/c

Fig. 8. Comparison of equivalent widths.
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and the current finite element results in this paper, it will
be regarded as the correct elastic curve. Therefore, all of the
elastic research is represented with Equation 10.

The equivalent widths implicit in the monorail design
specifications (CMAA, AS 1418) are somewhat higher than
the elastic values; it can be concluded then, that some inelas-
tic deformation is required to reach the nominal strength.
Although the equation of Ballio et al. (1981) was developed
for use with the plastic modulus, it provides a reasonable
linear approximation of the implied equivalent widths in
the monorail design specifications, which use the section
modulus.

For strength design, the equivalent width according
Dranger (1977) is less than that of Otegui (1996) for small
values of a/c. However, the difference between the two val-
ues is small, and Otegui’s equation controls the design over
most of the a/c range.

Design Recommendations for
Equivalent-Width Equations

The design of flanges bent in single curvature can be sep-
arated into two groups: serviceability design and strength
design. Serviceability design should be used where the flange
must remain essentially elastic to prevent localized distor-
tion, such as for monorail beams. Selection of the proper
design philosophy is important because the plastic strength
is more than four times the initial yield load. However, when
the flange strength is calculated on the basis of a fully plastic
yield line pattern, a deformation of approximately % in. can
be expected at the nominal load level (Dowswell, 2011).

In most cases of serviceability design, a limited amount of
yielding can be allowed to accommodate some minor stress
redistribution. The available equivalent-width equations in
this inelastic group are from the design methods of Ballio
et al. (1981), AS 1418 and CMAA. Because the three design
methods in this group result in similar equivalent widths and
the equation developed by Ballio et al. is the least complex,
it is recommended for design. Therefore, Equation 11 is
recommended for calculation of the nominal yield moment
according to Equations 2 and 3. In rare cases, where even a
small amount of inelastic deformation would be detrimental,
Equation 10 can be used to calculate the equivalent width.

For strength design, both of the available equivalent-width
equations were developed with the yield line method. Fig-
ure 8 shows that Otegui’s (1996) yield line pattern controls the
design over the practical range of a/c, and the equivalent width
using Dranger’s (1977) pattern is smaller only at very low a/c
ratios. Therefore, Equation 23 is proposed for equivalent-
width calculations using strength design. The nominal plas-
tic moment is calculated with Equations 4 and 5.



STRESS INTERACTION

When the flange is subjected to longitudinal stress in addi-
tion to local bending stress, interaction of the stresses can
reduce the local bending strength. Longitudinal stresses are
typically caused by global strong-axis bending of the beam
but can also be caused by axial loading and global bend-
ing about the weak axis of the beam. The quantification
of this effect is complex due to the two-way local bending
of the flange and the stress redistribution that occurs with
increased load. The interaction of stresses has been the sub-
ject of several research projects, and it is addressed by the
monorail design specifications.

Elastic Stress

Von Mises’ criterion is accurate for predicting the initiation
of yield in ductile metals when loaded by various combina-
tions of normal stress and shear stress. For plane stress, von
Mises’ equation reduces to

C,, = \/6)26 + 022 -0,0,+ 37’ “@7)

where
G,y = effective uniaxial yield stress, ksi
o =applied stress in the x-direction, ksi (tension
positive)
o, =applied stress in the z-direction, ksi (tension
positive)
T = applied shear stress, ksi

If the shear stress is neglected, von Mises’ equation can be
expressed in the form of a reduction factor, .

3> n
a= 1= " 48)
4 2

where

n=-—- 49

Fy = specified minimum yield stress of beam, ksi
fp =longitudinal stress in the bottom flange of the beam,
ksi

Inelastic Strength

For use with Equation 11, Ballio et al. (1981) suggested an
elliptical interaction of the local bending strength of the
flange and the longitudinal tension stress in the flange.

2 2
f—b + i <1.0 (50)
F, P,
where
P,, =nominal load calculated with Equations 1, 4 and 5,
kips

Equation 50 can be expressed in the form of a reduction fac-
tor as

oa=v1-n? D

Plastic Strength

When the main member carries axial compression, the
plastic local bending strength is reduced. Cao, Packer and
Yang (1998) reviewed the previous work on the reduction
in strength due to normal stresses acting on the yield line
pattern. They found that the reduction factor was dependent
not only on the axial stress in the element containing the
yield line pattern, but also on the geometry of the yield line
pattern. In addition to developing a new equation, Cao et al.
showed that Equation 52, originally developed by Kurobane
(1981) for circular hollow sections, provides a conservative
estimate of the strength reduction for elements with rectan-
gular yield line patterns.

a=1-0.3n, (1+n,) (52)
where
ne=2e (53)
Fy

Je =longitudinal compression stress in the element (com-
pression positive), ksi

When the element carries axial tension, Cao et al. (1998)
showed that the yield line strength is not reduced.

Monorail Design Specifications

Von Mises’ criterion is specified in CMAA (2008) and
for serviceability design in Eurocode (1999). For ultimate
strength design, Eurocode specifies a reduction factor of

2
_i[ 1
o=1 (F) (54)

y

which can be simplified with the substitution of Equation 49.
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2
~(yn) (55)
To get a nominal reduction factor, set y = 1.0, which gives
a=1-n’ (56)

Australian Standard AS 1418 (AS, 2001) Section 5.12.3.1
specifies Equation 57.

aF, = F,~ 1.1f, 7)

Equation 57 can be expressed in the form of a reduction fac-
tor and simplified with the substitution of Equation 49 to get
Equation 58.

o=1-1.1n (58)

If the 1.1 multiplier on »n is assumed to be a partial safety
factor, the nominal reduction factor is

o=1-n 59

Summary and Conclusions for Stress Interaction

Figure 9 shows a plot of the reduction factor, o, versus the
normalized longitudinal stress, n, for each of the reduction
factor equations discussed in this paper. Von Mises’ equa-
tion and the AS 1418 reduction factor are intended to ensure
the material remains elastic. The remaining curves are for

1.0
0.8 -
0.6 |
04 -
0.2 4

0.0 -

Fig. 9. Reduction factors for longitudinal
stress in the bottom flange.
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reductions in the inelastic and plastic strength. The curves
show that the effect of longitudinal stress is more pro-
nounced for elastic design than for plastic design.

Design Recommendations for Stress Interaction

Reduction factors for stress interaction in serviceability
design are intended to prevent large-scale yielding that
would cause unacceptable deformations. The two reduction
factors available for serviceability design were developed
from AS 1418 and von Mises’ criterion. It is well known that
von Mises’ criterion provides accurate results, and Figure 9
shows that the linear equation in AS 1418 provides conser-
vative results compared to von Mises’ criterion. Although
von Mises’ criterion is slightly more complex than the lin-
ear interaction in AS 1418, it provides a significant increase
in strength for most values of n. Therefore, the additional
complexity appears to be justified to obtain a more accurate
solution. Equation 48 is proposed to estimate the strength
reduction in the presence of longitudinal stress for service-
ability design.

Reduction factors for stress interaction in strength design
were presented by Cao et al. (1998), Ballio et al. (1981) and
Eurocode. The equation by Cao et al. is the only method
that has been proven accurate compared to tests and finite
element models. The recommendations of Cao et al., which
reduces the strength according to Equation 52, can be used
to estimate the effect of longitudinal compression stress for
strength design.

CLOSELY SPACED LOADS

Closely spaced loads are common at beam flanges support-
ing four-wheel monorail trolleys. This loading condition can
also occur when two hanger rods are located close together.
If the spacing between the loads is large enough, two sepa-
rate failure patterns will form as shown in Figure 10a. In
this case the strength is independent of the spacing. If the
spacing is less than the critical spacing, a single failure pat-
tern will form as shown in Figure 10b, which will cause a
reduction in strength.

Monorail Design Specifications

CMAA (2008) and AS 1418 (AS, 2001) provide no spe-
cific guidance for closely spaced loads. However, Section
3.3.2.4.5 of CMAA requires that “consideration should be
given to lower flange stresses which are not calculable by
the formulae presented in section 3.3.2.4.”

For design at service loads, Eurocode (1999) Section
5.5.2 (6) addresses closely spaced loads, where the spacing
is less than 1.5b¢: “Unless special measures are adopted
to determine the local stresses, a conservative approach
should be adopted by superposing the stresses calculated
for each wheel acting separately.” Eurocode strength design



provisions for closely spaced loads are based on Dranger’s
(1977) triangular yield line pattern.

Elastic Stresses

In addition to the maximum stresses in Table 1, Jaramillo
(1950) also provided coefficients for stresses at intermediate
locations in the z-direction along the flange. These coeffi-
cients were superimposed in a staggered pattern to calcu-
late the maximum total stress at a point when two loads are
applied. The results are expressed as a maximum stress ratio

k=22
% (60)

where
o1 = stress caused by a single load, ksi
o7 = stress caused by two closely spaced loads, ksi

The kg values for various combinations of s/c and b/c are
listed in Table 3, where s is the spacing between loads.

In Figure 11, ks is plotted versus z/c for s/c = 1, where z is
the distance from the first load along the length of the beam.
The shape of the curve is dependent on the s/c and b/c ratios.
In some cases, the maximum stress occurs between the
loads, as shown in Figure 11 for b/c = 1. In other cases, the
maximum stresses occur at the same location as the loads,
as shown in Figure 11 for b/c = 0.75 and less.

Figure 12 shows the stress ratio, ks, versus the spacing
ratio, s/c. At a spacing ratio of two, the stress ratio is neg-
ligible for the practical range of b/c. Therefore, the spacing
effect can be neglected if the distance between adjacent
wheel loads is less than the flange width. This leads to a
critical spacing of

s.,=2c
ce ©1)

=~ by

(b)

Fig. 10. Closely spaced loads: (a) actual spacing greater than
critical spacing; (b) actual spacing less than critical spacing.

Relative to Equation 61, the critical end distance require-
ment in Eurocode (1999) is 50% conservative. For design of
monorail beams, the geometry of most trolley/beam combi-
nations will allow the spacing effect to be neglected.

When the actual spacing is less than the critical spacing,
the reduction in strength can be accounted for by dividing
the equivalent width for a single load by k; from Table 3. The
modified equivalent width for closely spaced loads is

b,,=-*% (62)

For design, Equation 62 should be used to calculate the
equivalent width if the actual spacing is less than the critical
spacing. Otherwise, the spacing effect can be neglected.

Plastic Strength

For closely spaced loads, the plastic strength can be cal-
culated using two half yield line patterns separated by the
spacing between the loads as shown in Figure 13. The total
equivalent width is calculated as the sum of the equivalent

15
—b/c=1.0
g —b/c=0.75
" —b/c=0.50
e —b/c=0.25
05
0
2 1 0 | 2 3
z/c
Fig. 11. kg versus zlc for slc = 1.
2
—bfc=1.0
1.8 —b/c=0.75
—b/c=0.50
1.6
i —b/fc=0.25
E
1.4

0.5 1 1.5 2
s/c

Fig. 12. kg versus sic.
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Table 3. Values of ks for Closely Spaced Loads
b/c

s/c

1.0 0.75 0.50 0.25
0.50 1.86 1.81 1.63 1.22
1.0 1.53 1.33 1.20 1.07
1.5 1.18 1.14 1.08 1.02
2.0 1.07 1.05 1.03 1.01

width of the parabolic yield line pattern plus the distance
between the loads, s. Adding s to b, from Equation 23 and
dividing by 2 to get the equivalent width per load, the plastic
equivalent width is

T s
by, = 2b(5+[3)+5 ©3)

Because of the stress redistribution required to obtain the
plastic strength, the critical spacing for strength design is
larger than for serviceability design. The critical spacing is
determined by setting Equation 63 equal to Equation 23 and
solving for s, which results in Equation 64.

Sep = 4b(§+[3) (64)

|
[
|
| X
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|
| x
|
|

QWEB~—‘
b a
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Fig. 13. Yield line pattern for closely spaced loads.
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For design, Equation 63 should be used to calculate the
equivalent width if the actual spacing is less than the critical
spacing. Otherwise, Equation 23 should be used.

END LOADS

Although monorail beams typically have end stops (which
keep the trolley away from the end of the beam), sometimes
nonwelded splices are used (which creates a condition where
the load acts at the beam end when the wheel rolls over the
splice). Also, there are cases where hangers and other loads
are applied near the end of the member. If the load is located
beyond a critical distance from the end of the member, the
strength will not be affected. However, the strength can be
reduced substantially when the load is close to the member
end.

Monorail Design Specifications

CMAA (2008) provides no specific guidance for loads near
the end of monorail beams. However, Section 3.3.2.4.5
requires that “consideration should be given to lower flange
stresses which are not calculable by the formulae presented
in section 3.3.2.4.”

For flanges that are free to displace at the end of the
beam, AS 1418 (AS, 2001) Section 5.12.3.1 requires the
flange thickness to be increased by 30% if the load is within
bf+ d of the end of the beam. This is an equivalent stress
multiplier of (1.3)>=1.7.

For serviceability design, Eurocode (1999) Section 5.5.2
(4) provides Equation 65 to calculate the flange bending
stress when the load is at the end of the member.

3
a a
5.6_3.2(2)_2.8(;)] o

Equation 65 neglects the effect of the distance from the
load to the end of the member. Presumably, it was devel-
oped with the load at the end of the flange (¢ = 0), which
is the worst case. Strength design provisions in Eurocode
(1999) are based on the triangular yield line pattern derived
by Dranger (1977).

| P
°=17

tf




Table 4. Values of ke for Loads Near Member Ends
elc ble

1.0 0.75* 0.50* 0.25*
0 2.60 2.84 3.09 3.11
0.125 2.28 2.35 2.26 1.79
0.250 1.97 1.92 1.81 1.30
0.375 1.74 1.67 1.46 1.15
0.500 1.55 1.45 1.26 1.09
0.625 1.38 1.29 1.16 1.05
0.750 1.26 1.19 1.11 1.04
0.875 1.19 1.13 1.08 1.03
1.000 1.13 1.09 1.06 —
1.125 1.09 1.07 1.04 —
1.250 1.06 1.05 1.03 —
1.375 1.04 1.03 — —
1.5 1.03 — — —

* Only values of 1.03 and greater are listed

Elastic Stresses

According to Equation 65, the stress due to end loads can be
much higher than for intermediate loads. To determine the
effect of the distance from the load to the end of the member,
44 finite element models were built using the modeling pro-
cedure described earlier. The models were proven accurate
by comparison with the theoretical solutions of Jaramillo
(1950) and Timoshenko and Woinowsky-Krieger (1959) and
the finite element models of Ballio and Mazzolani (1983).

The e/c ratio varied from O to 1.5, where e is the distance
from the load to the end of the member. Four b/c ratios were
used: 0.25, 0.50, 0.75 and 1.0. The results are presented in
Table 4 as a stress ratio, k,.

k, = —¢ (66)

where
G4 = stress caused by a load not at a member end, ksi
G, = stress caused by a load near a member end, ksi

With the finite element results as a basis, it can be observed
that the critical end distance in AS 1418 (AS, 2001) is
extremely conservative. Conversely, the 1.3 factor for end-
loaded flanges can be very nonconservative for e/c < 0.375.
Equation 65 from Eurocode (1999) agrees reasonably well
(17% conservative on average) with Table 4 values at e/c =
0 and b/c = 0.5. Therefore, the equation can be used for end
loaded monorail beams (e = 0). The most common case with
e =0 is nonwelded splices, where the wheel passes from one

beam to the next. For monorail beams with angle end stops,
where e > 0, Equation 65 can be extremely conservative.

The k, values are plotted versus e/c in Figure 14. It may
seem intuitive for design engineers to simply assume the
equivalent width is reduced by 50% at the end of the beam
(where e = 0). Figure 14 clearly shows that this is nonconser-
vative because the stress increases by more than 200% when
blc > 0.5. The reason for k, values > 2 can be better under-
stood by observing the deformed shape of the flange. Figure
15a shows the deformed shape of a flange with an intermedi-
ate load and Figure 15b shows the deformed shape of an end-
loaded flange. It can be seen that the end-loaded flange is in
single curvature and the flange with the intermediate load is
in double curvature. The flexural stiffness provided by the
double-curvature bending spreads the equivalent width far-
ther along the length of the flange, providing more strength.

For e/c < 1.375 and b/c > 0.5, which covers the most
common cases, k, can be calculated with Equation 67.
This equation was developed by curve-fitting the data and
adjusting the curve-fit equation upward to eliminate exces-
sive nonconservatism. In the worst cases within the range of
applicability, Equation 67 is conservative by 17% and non-
conservative by 3%.

(67)

3 2
k, = —1.85(5) —5.23(5) —5.24(f)+3.03
c C Cc

From observation of Table 4, the end distance effect can be
neglected for all values of b/c if e/c is less than 1.375. This
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leads to a critical end distance of

e.. =1.38c

(68)

For most monorail beams with angle end stops, the end stop
leg width plus the wheel radius will be greater than 0.7by.
Therefore, in this case, the end-load effect is negligible.
When the actual end distance is less than the critical end
distance, the reduction in strength can be accounted for by
dividing the equivalent width for a single load by k.. The
modified equivalent width for serviceability design is

bee = & 69)

Plastic Strength

The plastic strength of end-loaded flanges can be calculated
using the yield line pattern in Figure 16. The equivalent
width is half of the equivalent width of the parabolic yield
line pattern plus the distance from the load to the end of the
member. Adding e to b./2, where b, is taken from Equation
23, the equivalent width is

4.0 —b/c=1.0
—b/c=0.75

3.0 —b/c=0.50
—b/c=0.25

x

2.0

1.0

0.0

0 0.25 0.5 0.75 1 1.25

e/c

Fig. 14. ke versus elc.

(a) (b)

Fig. 15. Deformed shapes for double- and
single-curvature bending: (a) double-curvature bending;
(b) single-curvature bending.
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be=2b(§+|3)+e (70)

The critical end distance is determined by setting Equa-
tion 70 equal to Equation 23 and solving for e, which results
in Equation 71.

ecp:Zb(gﬂi) (71)

For design, Equation 70 should be used to calculate the
equivalent width if the actual end distance is less than the
critical end distance. Otherwise, Equation 23 should be
used.

For loads at the end of the member (¢ = 0), Eurocode
(1999) specifies b, = 2¢’, which is much less than the equiv-
alent width calculated with Equation 70. Because the other
Eurocode provisions are based on a triangular yield line pat-
tern, the equivalent width for a triangular pattern at the end
of a beam will be derived. A yield line cannot develop along
the free edge at the end of the beam; therefore, the triangular
yield line pattern consists of a single skewed yield line as
shown in Figure 17. This pattern can potentially control the
design over the parabolic pattern due to the availability of
only one of the three yield lines that are available for the full
yield line pattern (Figure 5).

The external work is

W, =P (72)

The internal work is

8 2¢?
WF%(g)(H%) (73)

Fig. 16. Yield line pattern for loads near member ends.



where
x = width of the yield line pattern in the direction parallel
to the beam length

Set internal work equal to external work and solve for P.

m 202
P=|-L2 || x+—
Determine the derivative of P with respect to x.
dP _ mp 1 2C2
P e as)

Set d—P =0 and solve for x.
dx

X = c\/E (76)

Substitute x into Equation 74 to get the nominal load.

2
_Bigqe

h="5(5)

(77)

Combining Equations 1, 4 and 77, the equivalent width is
b, =22 (78)

This is half of the equivalent width of the full triangular pat-
tern given by Equation 13, and the strength at the beam end
is reduced by only 50% despite the loss of two of the three
yield lines. This can be explained by noting that dimension x
at the beam end is only half that of the full yield line, which
provides a much smaller effective lever arm.

Fig. 17. Triangular yield line pattern at member end.

In conclusion, the plastic strength of a flange with a load
at the end (e = 0) is equal to half of the strength of the full
yield line pattern. This applies to the triangular pattern and
the parabolic pattern in Figures 5 and 7, respectively. The
conclusions from Figure 8 are valid at beam ends, and the
parabolic pattern controls the design over most of the a/c
range. Therefore, Equation 70 is recommended for strength
design in all cases of end loading.

CONCLUSIONS

The equivalent-width method was explored in an effort to
determine design procedures for elastic and plastic strength
of flanges in single-curvature bending. The available pro-
cedures for designing flanges bent in single curvature were
reviewed. New finite element models and yield line analyses
were used to verify, expand and improve the existing design
methods. Design recommendations were made for both the
elastic and ultimate strength approaches. Recommenda-
tions were also made for interaction of the local bending
strength with longitudinal stresses in the flange. The effects
of closely spaced loads and loads acting near the ends of
members were also addressed.
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SYMBOLS
Fy  Specified minimum yield stress, ksi
K;  Load position factor
K,  Equivalent width factor
P Concentrated force, kips
P,  Available wheel load, kips
P, Nominal load, kips

Se Section modulus of the equivalent beam, in.3
W,  External work, kip-in.
Wi Internal work, kip-in.

3

Ze Plastic modulus of the equivalent beam, in.

a Distance from the edge of the flange to the point of
load application, in.

b Horizontal distance from the face of the web to the
concentrated load, in.

24 Horizontal distance from the tangent point of the
fillet radius to the concentrated load, in.
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b Horizontal distance from the center of the beam to
the wheel load, in.

be Equivalent width, in.
bee  Equivalent width for end loads, in.

bes  Equivalent width per load for closely spaced loads,
in.

by Flange width, in.

c Horizontal distance from the face of the web to the
tip of the flange, in.

c Horizontal distance from the tangent point of the
fillet radius to the tip of the flange, in.

d Beam depth, in.

e Distance from the load to the end of the member, in.
ece  Critical end distance for elastic design, in.

ecp  Critical end distance for plastic design, in.

b Longitudinal stress in the bottom flange of the beam,
ksi

fe Longitudinal compressive stress in the element in
question, ksi

ke Stress ratio for end-loaded flanges

kg Maximum stress ratio for flanges with closely
spaced loads

myp  Plastic capacity per unit length of yield line, kips

m;  Unit moment causing bending stress perpendicular
to the length of the beam, kips

my  Unit moment causing bending stress parallel to the
length of the beam, kips

r Fillet radius, in.

ty Flange thickness at the point of load application (for
tapered flanges), in.

ty Flange thickness, in.

tw Web thickness, in.

s Spacing between loads, in.

sce  Critical spacing for serviceability design, in.
sep  Critical spacing for strength design, in.

by Width of the yield line pattern in the direction
parallel to the beam length, in.

Z Distance along the length of the beam, in.
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a Reduction factor to account for longitudinal stress in
the bottom flange due to global bending of the beam

a Half angle around the parabolic yield line pattern
(Figure 7), radians

) Virtual displacement of the load
Y Partial safety factor for LRFD design

Load distribution angle
o1 Stress caused by a single load, ksi
o2  Stress caused by two closely spaced loads, ksi
G4 Stress caused by a load not at a member end, ksi
(o Stress caused by a load near a member end, ksi
o,y Effective uniaxial stress, ksi
COx  Applied stress in the x-direction, ksi
G,  Applied stress in the y-direction, ksi

T Applied shear stress, ksi
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Buckling Restrained Braced Frame with
All-Bolted Gusset Connections

PATRICK S. MCMANUS, ADDISON MACMAHON and JAY A. PUCKETT

ABSTRACT

A braced-frame, lateral-load-resisting system was developed in which inelastic deformations due to seismic loading were intended to be
isolated to easily replaceable buckling restrained braces (BRB). Bolted brace-to-gusset and gusset-to—-beam and column connections were
utilized to facilitate simple brace and gusset plate installation and replacement. Full-scale testing using two BRBs was executed to assess
performance. Analytical frame models were developed using the nonlinear load-deformation characteristics of the braces. The experimental
and analytical results were compared to validate reasonable nonlinear parameters for industry use.

All-bolted brace connections designed per AISC requirements provided adequate capacity to develop the BRBs. With proper detailing,
inelastic deformations can be isolated substantially to the BRBs such that a repairable system is achieved. Load-deformation data for indi-
vidual braces as provided by the supplier can be used to create reasonable analytical models for frames designed with all-bolted connections.

Keywords: buckling restrained braced frames, bolted brace connections, nonlinear analysis, performance-based seismic design.

INTRODUCTION

According to the Hazards U.S. Multi-Hazard (HAZUS)
analysis performed by the Federal Emergency Man-
agement Agency (FEMA), the costs associated with a cat-
astrophic seismic event are significant (2008). However,
it can be argued that the many indirect long-term costs—
which are difficult to measure and admittedly neglected
by FEMA—may have even greater impact. The long-term
societal effects a catastrophic event can have on an area can
necessitate years and perhaps decades of recovery. This is
evidenced in the United States by the aftermath of Hurri-
cane Katrina and, more recently, the 2011 Virginia earth-
quake. Several seismic events worldwide in recent years,
such as the 2011 Christchurch, New Zealand, earthquake,
further illustrate the point. By mitigating the initial impact
of a significant seismic event and, more importantly, by
reducing the direct costs and duration of repair and recovery
for the building inventory in a given area, indirect long-term
costs can be dramatically reduced.

Seismic-load-resisting systems for structural steel build-
ings have undergone considerable evolution over the past two
decades. The seismic design criteria adopted by reference in
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the 2009 International Building Code (IBC) are based upon
the performance objective of collapse prevention, assuming
a maximum considered earthquake (MCE) with a return
period of 2,475 years (2% probability of exceedance in 50
years) (FEMA, 2003). The collapse prevention (S-5) perfor-
mance objective, as described within ASCE 41-06, “Seismic
Rehabilitation of Existing Buildings,” allows for consider-
able inelastic deformations within primary members such
that a structure subject to the MCE likely has little residual
lateral-load-carrying capacity and cannot be economically
repaired (ASCE, 2007). ASCE 41-06 defines higher discrete
performance objectives as life safety (S-3) and immediate
occupancy (S-1), as well as intermediate objectives damage
control range (S-2) and limited safety range (S-4). These
higher performance objectives are typically evaluated in
consideration of an earthquake of lesser magnitude than the
MCE, such as the design basis earthquake (DBE). In the
context of ASCE 41-06, the DBE represents an event with
return period of 474 years (10% probability of exceedance
in 50 years). While some structures designed in accordance
with the IBC 2006 or IBC 2009 may inherently achieve
higher performance levels for the DBE, ASCE 41-06 indi-
cates that a structure meeting the life safety performance
objective may still be beyond economical repair. The result-
ing expense to the owner or insurer from a seismic event of
similar significance could be economically devastating.

As can be seen by various systems described in the 2005
AISC Seismic Provisions for Structural Steel Buildings
(AISC, 2005a), achieving the design objectives of current
building codes in steel-framed buildings is primarily accom-
plished by proportioning elements such that specific major
components experience inelastic deformations. The 2005
Seismic Provisions were current at the time of this research
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and are referenced in this paper. Components that connect
major lateral-load-resisting elements, as well as components
that are not intended to resist lateral loads, are anticipated to
remain substantially elastic and undergo minimal damage.
While the idea of isolating large deformations to anticipated
components and locations has considerable merit, the cur-
rent design methods by which this concept is applied pose
some possible inefficiencies, including potentially detract-
ing from the reparability of the structural system.

The controlled and predictable yield of major components
has resulted in considerable limitations on global and local
member geometry. To achieve desired compactness require-
ments and slenderness ratios, often beam, brace and column
sections gravitate to sectional areas well in excess of those
required to resist loads derived from the load combinations
of the applicable building code. This places considerable
force demands on connections, which in seismic applica-
tions are typically required to develop the expected yield
strength of the primary member. The results are increased
material and connection costs.

To develop the expected yield strength of members such as
beams or braces, welded connections are typically required.
The reason is the area reduction due to holes for bolted con-
nections typically results in inadequate available tensile
strength at the net section to develop the required expected
yield strength of the member. Usually, some magnitude of
welding must occur in the field, which is arguably the most
expensive process in steel construction. This may increase
the relative cost of the steel frame, making it less competi-
tive with other lateral-load-resisting systems.

Primary structural components such as beams and col-
umns are extremely expensive by structural standards and
difficult to adequately repair or replace, particularly when
equipped with fully welded connections. Typically, these
components, by design, are fully integrated with the overall
structural scheme and, in most cases, are relied upon to carry
gravity loads in addition to lateral loads. Therefore, as noted
previously in relation to ASCE 41-06, replacement of such
components once significantly damaged is often unrealistic,
leaving complete demolition and replacement of the build-
ing as the only viable option. New innovations in seismic-
load-resisting systems have recognized that the approach
of isolating inelastic deformations to primary, permanently
attached components may be flawed when reparability is a
primary objective. By instead isolating inelastic deforma-
tions to easily accessible, bolted components that can be
relatively inexpensively removed and replaced, a repairable
seismic-load-resisting system can be achieved.

Herein, a repairable system is defined as a frame where
inelastic deformation has been accommodated in such a
way that the damaged element can be reasonably removed
from the frame after a seismic event and replaced with a
similar element, e.g., a buckling restrained brace (BRB).
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Connections and/or other members are designed to remain
substantially elastic and can therefore be reused.

Repairable seismic-load-resisting systems pose several
advantages. Components that are relatively easily replaced
characteristically exhibit easy initial installation. Therefore,
the field labor associated with initial installation of a repair-
able system may be reduced over the current labor-intensive
installation processes described previously. Reduction in
field labor typically translates to reduction in overall cost
and schedule. Additionally, structures with enhanced poten-
tial to be viably salvageable after a significant seismic event
are likely marketable to owners and insurers. It is recognized
that a repairable structure does not reduce the deformations
and associated damage of nonstructural components nor
does it address the repair of those components. Enhanced
detailing of nonstructural components may be required
to ensure a building with a repairable structural system is
salvageable.

To adequately address a wide spectrum of building pro-
gram needs, proposed repairable connections and compo-
nents have been developed for moment frame (McManus
and Puckett, 2011) and braced frame systems. Only the
braced frame system—referred to as fully bolted, buckling
restrained braced frames (BRBF)—is addressed herein. Two
full-scale BRBF one-bay, one-story frames were tested. The
brace-to-gusset, gusset-to-member and member-to-member
frame connections were fully bolted. The BRB could be
replaced by unbolting the damaged brace and replacing it
with a new one. In the present test series, a Star Seismic
BRB (WC250, implying a core yield strength of 250 kips)
was initially installed in the test frame. The translation/drift
regimen of Appendix T of the 2005 AISC Seismic Provi-
sions was used based on a maximum drift of 2%. The BRB
and connections performed well, and the system illustrated
robust and stable hysteric behavior.

The frame was re-plumbed and another brace (WC200)
was installed. Testing of the second brace again employed
the regimen prescribed in the AISC Seismic Provisions with
a 2% maximum drift. The frame was examined for dam-
age and then tested again under the AISC regimen adjusted
for 3% maximum drift. The brace and the connections per-
formed well. The hysteric behavior again was stable for all
cycles. Because 3% was the limit of the test configuration,
the test series was ended.

The test regimen of Appendix T of the 2005 AISC Seis-
mic Provisions is intended to achieve a maximum story drift
equal to twice the design story drift. The proportioning of
structural elements to achieve the design story drift can vary
considerably as the result of many factors, such as analysis
methodology and building classification within the appli-
cable building code. Consequently, it is beyond the scope of
this paper to identify a specific magnitude of earthquake for
which a structural system utilizing the BRBF connections



described herein is economically repairable. Rather, the
intent is to demonstrate adequate performance in accor-
dance with requirements of the AISC Seismic Provisions
and enhanced reparability compared with other structural
systems or BRBF systems with welded gusset-to-beam/col-
umn connections.

This article contains the test description and results for
global behavior for the frame and local strains in areas
of interest. The information from these tests was used to
develop recommendations for proportioning and configur-
ing the members and connections. In summary, the concept
of designing a structural frame with enhanced reparability
appears to be viable. Connection details can accommodate
the significant drift requirements. The replacement of the
brace was demonstrated.

BACKGROUND
Buckling Restrained Braced Frames—Overview
In high-seismic regions, it is probable that structures

designed in accordance with IBC 2009 will experience
inelastic deformations from a seismic event during the

course of its service life (McManus and Puckett, 2011). The
inelastic deformations can occur in several ways, depending
on the goals and type of system being designed. The BRBF
system uses diagonal-brace elements, which are designed
to yield in a predictable and favorable manner. Figure 1
illustrates a typical BRBF and the BRB application in the
two-story X-bracing configuration. These gusset plates are
welded to the columns and beams.

Figure 2 illustrates a schematic of a BRB made of three
distinct sections: the core that is design to yield, the transi-
tion zone and the extension plate. The steel core and tran-
sition are encased in a grouted tube that restrains the core
from buckling under compressive loads. Typical cross-
section details are illustrated in Figure 3. The details for the
tested BRBs are changed to accommodate bolting. The BRB
details are provided in McManus, Puckett and MacMahon
(2011).

Repairable BRBF Seismic Systems

Because the core of the brace need only be proportioned to
provide sufficient stiffness to meet story drift requirements

Transition Zone
- -
12

Yielding Zone YZ

Transition Zone

Brace Length

Fig. 2. Schematic of a BRB.

ENGINEERING JOURNAL / SECOND QUARTER /2013 / 91



or to carry the loads from the applicable building code with-
out consideration of buckling, the required strength of the
connections to develop the expected yield of these braces
is typically less than that of other types of seismic braced
frames. Forces to the connections can therefore be ade-
quately addressed with bolted connections. However, tests of
BRBF assemblies to date have consisted primarily of welded
connections between the gusset and column and almost
entirely of welded connections between the gusset and beam
[refer to Lopez et al. (2004) and Thornton and Muir (2009)
for examples with associated references]. Test results in

braced frame systems often result in significant damage at
the interface between the gusset and beam or column due
to the large rotations induced at the connection under the
large story drifts simulated in seismic testing (Thornton and
Muir, 2009). Therefore, even if the BRBF were bolted to
the gusset but welded to the primary members, a repairable
system would not be achieved should damage to the gusset
occur during a seismic event. By bolting the gusset to the
brace as well as the beam and column as shown in Figure 4,
a repairable system can be produced.

. Core
! E ebar
J Rebar : V
Ry Rk Wi
i vamter St o & Center Stop Center Stopl -
core” ollar Core'/
SECTION C SECTION A SECTION B

Fig. 3. Typical BRB section details.

Fig. 4. Fully bolted buckling restrained brace connection prior to test.
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RESEARCH OBJECTIVES

The primary goal of this research was to evaluate fully bolted
BRBFs as repairable seismic-load-resisting systems through
experimental testing. A second goal was to verify that fully
bolted connections designed using then-current AISC provi-
sions adequately developed the BRB at code-required story
drifts. Finally, the third goal was the development of linear
and nonlinear analysis procedures that adequately represent
the behavior. Recommendations for design as well as linear
and nonlinear modeling were developed.

BRACE AND FRAME DESIGN
Beam and Column Design

Primary framing members for the test frame and reaction
frame were intended to remain elastic during the tests. Ini-
tial design was consistent with simple hand methods that are
common in professional practice. The adjusted brace strength
of the WC250 in compression was assumed to develop in the
brace. The adjusted brace strength in compression is defined
within the 2005 AISC Seismic Provisions as B®RyPysc,
where [ is the compression strength factor, ® is the strain
hardening factor, R is the ratio of expected yield stress to
minimum specified yield stress, and Py is the axial yield
strength of the core (AISC, 2005a). The ratio of compres-
sion strength to tension strength, 3, was assumed to be 1.14
based on test data from the University of Utah (Romero et
al., 2007). From the same data, the hardening factor, ®, was
assumed to be 1.58. The B and ® factors were calculated
based on the anticipated strains in the steel core at twice the
design story drift in accordance with the 2005 AISC Seismic
Provisions. Because Star Seismic performed tensile coupon

tests on the braces provided for the testing herein, Ry was
taken as 1.0. The forces in the primary framing members
associated with the assumed adjusted brace strength were
calculated using statics, and the strength was checked using
standard AISC LRFD procedures. Members were assumed
to have pinned ends with an effective length factor, K, of
1.0. All wide-flange sections were ASTM A992 steel. Cou-
pon tests of connection, beam and column material were not
performed.

Seismic compactness criteria and available sections from
the fabricator assisting with the project were also consid-
ered in the design. The lightest seismically compact nominal
14 in. by 14 in. (356 mm by 356 mm) wide-flange shapes
(W14x132) were used for the columns in the test frame
(see Figure 5). The high and low ends of the BRB (diag-
onal orientation) were initially configured such that the
actuator force would be delivered to the brace through the
upper beam of the test frame. Consequently, the upper beam
(W21x62) was initially sized to carry this force. It was also
sized based on availability from Puma Steel, flange geom-
etry to adequately receive bolted connections, and flange
and web compactness ratios within the maximums allowed
by the 2005 AISC Seismic Provisions. However, the brace
direction was switched later in design such that the actuator
and brace would be in compression at the same time. This
was done to ensure that the strength of the brace was devel-
oped recognizing the strength of the brace and capacity of
the actuator were both greater in compression than in ten-
sion. With the new configuration, the upper beam of the test
frame theoretically became a zero force member.

The lower beam of the test frame (W24x55) transferred
the horizontal component of the brace force through a

Reaction

Frames
—C—

Fig. 5. North view of frame.
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diaphragm plate to the reaction frame. This beam was
designed assuming strong-axis brace points at the member
ends and weak-axis brace points at the ends and at third
points. Strong-axis eccentricity was not considered in the
initial design because eccentric forces were assumed to be
easily resolved through the frequent bottom-flange connec-
tions to cross beams within the reaction frame. The lower
beam was sized using similar considerations to the upper
beam, except that the web compactness ratio was slightly
above the AISC maximum seismic compactness limit.
Exceeding the web seismic compactness ratio was inten-
tional to challenge the beam capacity and ensure, through
successful performance, that all compact sections could be
assumed to perform adequately. Additionally, the web of the
lower beam was slender for shear strength calculations per
the 2005 AISC Specification for Structural Steel Buildings
(AISC, 2005b).

Primary members within in the reaction frame were also
chosen based on material availability but were primarily
intended to provide elastic stiffness several times that of the
test frame. Consequently, demand-to-capacity ratios in the
members were relatively small, and seismic compactness
was not considered. Adequate capacity of all members was
verified in later analytical modeling.

Design of BRB-to-Frame Connections

In general, for any bolted joint in the seismic-load-resisting
system (SLRS), the joint can be designed as a bearing-type
connection if standard holes are used in all plies, but it must
be constructed as slip-critical. Thus, the bolts must be pre-
tensioned, and the faying surface must meet at least class
A requirements (class B and C faying surface requirements
would also be acceptable). This requirement is intended to
limit deformations within the joint during an earthquake. An
exception to this requirement is for bolted joints at diagonal
brace connections. In this case, oversized holes are permit-
ted in one ply of connected interfaces provided the connec-
tion is designed as slip-critical. This exception was added to
the 2005 AISC Seismic Provisions based on feedback from
erectors, who indicated that fit-up of bolted brace connec-
tions was very difficult with standard holes.

Finally, for any bolted joint in the SLRS, the nominal
bearing strength cannot be taken greater than 2.4dtF,,, where
d is bolt diameter and r and F, are the thickness and rup-
ture strength of the material being connected, respectively.
Chapter J of the AISC Specification permits the nominal
bearing strength to be taken as high as 3.0d¢F,. However, at
this level, significant hole elongation occurs. Consequently,
in order to again limit movement at bolted joints during an
earthquake, the AISC Seismic Provisions limit the nominal
bearing strength.

The uniform force method was used to determine the
force distribution in the brace connections. The uniform

94 / ENGINEERING JOURNAL / SECOND QUARTER / 2013

force method determines force distribution to connection
components and primary members based on the geometric
extents of the primary members being connected. Further
description of this method can be found in the 13th edition
of the AISC Steel Construction Manual (AISC, 2005¢).
Special case 2, as defined by AISC, was used at the upper
brace connection to theoretically eliminate shear to the
beam. This addresses multiple force distribution approaches
through the testing. The gusset plate at the upper connec-
tion was attached to the column web, whereas the gusset was
connected to the column flange at the lower connection to
incorporate multiple framing conditions into the testing as
well. Figures 6 and 7 depict the connections at the lower and
upper end of the brace, respectively.

All plate and angle material was ASTM A36. All bolts
were 7-in. (22-mm) diameter. ASTM A325 bearing bolts
with threads excluded from the faying surfaces were used
to connect angles to gusset plates and primary members.
ASTM A490 bolts were used to connect the BRB to the gus-
set plates using slip-critical connections. A class A faying
surface preparation was provided with standard holes in the
gusset plates and oversized holes in the connection plates on
the BRB.

The probable brace forces used for connection design
were developed in accordance with the 2005 AISC Seismic
Provisions using 3 and ® factors recommended from tests of
Star Seismic braces at the University of Utah (Romero et al.,
2007), discussed previously regarding member design. Star
Seismic uses these factors in practice, and the intent was
to be consistent with its typical design approach. Standard
Load and Resistance Design (LRFD) ¢ factors were applied
in designing for each of the connection limit states.

Governing design limit states of the gusset-to-beam/col-
umn connections were bolt shear, prying action and bolt
bearing on the gusset. Slip-critical joints with ASTM A490
bolts in oversized holes were used to connect the braces to
the gussets. Thus, slip-critical shear values governed the
brace-to-gusset connections. Demand/capacity ratios var-
ied between roughly 0.9 and 1.1 for these governing limit
states. The 10% overstresses were typically on prying action
checks in the connection angles. The overstress was inten-
tional to challenge the design, recognizing weak-axis bend-
ing of the angles often governs strength and stiffness in all
bolted connections.

EXPERIMENTAL TEST SETUP

Test Procedure, Arrangement and Equipment

Full-scale testing of the braces first involved one trial run
on the test specimen without any brace installed. The intent
of the trial run was to verify that the data acquisition soft-
ware would work properly with the instrumentation. Test-
ing of the two buckling restrained braces was performed
per the provisions of Appendix T of the 2005 AISC Seismic
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Provisions. The initial test regimen was based on a maxi-
mum of 2% drift in the test frame and the required cumula-
tive inelastic deformation of 200 times the yield deformation
of the brace. To account for deformations external to the
steel core, such as in connection components and primary
members, the yield deformation used for development of
the test regimen was conservatively calculated assuming a
work point—to—work point steel-core length of 246 in. (6250
mm). Coupled with an assumed yield stress of 43 ksi (296
MPa), the yield deformation was approximated as 0.365 in.
(9.27 mm). The actual yield deformations calculated using
the average yield stress for each steel core from coupon tests
and the steel-core length from shop drawing details were
0.160 in. (4.06 mm) and 0.166 in. (4.21 mm) for the WC250
and WC200, respectively. Using the larger of these values,
the actual cumulative inelastic deformation requirement for
the braces was 33.2 in. (843 mm). Upon successful comple-
tion of the test on the WC200 brace, the regimen was recon-
figured based on a maximum drift of 3% and successively
applied to the same WC200 brace and brace connections.
The same beams, columns and beam-to-column connec-
tions were used for both tests.

A reaction frame with an actuator rated to produce 600
kips (2850 kN) of push force and 450 kips (2140 kN) of pull
force was constructed to perform testing as diagrammed in
Figure 8. The reaction frame was arranged so that lateral
bracing of the test frame had minimal restraint in the plane
of the test. The orientation of the actuator was such that the
pushing force would put the BRB into compression and the
pulling would create tension in the brace. The actuator was
used to produce translation-controlled loading of the test
frame. The accumulated translation of the test frame was
calculated from the collection of top translation relative to
base translation at the outer test frame column.

The test specimen was instrumented with two string
potentiometers; one linear potentiometer; pressure gauges
on the actuator to determine load to the test frame; and mul-
tiple strain gauges on beams, connection angles and the gus-
set plate (see Figure 8).

A string potentiometer was mounted at the top of the test
specimen on the outer column to measure the total drift
(see designation A in Figure 8). A linear potentiometer was
mounted on the outer column to measure any movement at
the bottom (see designation B in Figure 8). A second string
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potentiometer was mounted along the BRB long axis with
mounting points near the ends of the reduced yield zone sec-
tion to measure total axial deformation of the steel core (see
designation C in Figure 8).

The strain gauge orientation for the first test on the WC250
was primarily located around the bottom gusset plate con-
necting the brace to the beam and column. Strain gauge 1
(SG1) was mounted vertically on the gusset plate. SG2 was
mounted on the gusset plate aligned with the brace. SG3
was mounted horizontally near the same location as SGI
and SG2 with the intent of capturing the in-plane state of
stress in the gusset (see Figure 9).

SG4 was located on the angle connecting the gusset plate
to the bottom beam and was placed near the outermost bolt
hole. SG5 was placed under the top flange of the bottom
beam directly below SG4 (see Figure 10). SG6 was placed
on the outstanding leg of the angle connecting the gusset
plate to the column next to the outermost bolt hole, similar
to SG4 (see Figure 11).

For the WC200 test, SG1 through SG5 were in the same
locations as in the WC250 test. However, SG6 was placed on
the web of the bottom beam, see Figure 12.

The initial trial run of the data acquisition software, with
gusset plates in place but no brace, provided information to
adjust the software, but also unintentionally resulted in pull-
ing the test frame to a drift of nearly 3%, which caused local
web yielding and web crippling in the bottom beam in the
test frame. Note the beam was intentionally slightly outside

the limits for seismic web compactness, and the web was
slender for shear. The proportions were selected to suggest
any compact section would perform adequately under simi-
lar loading. However, the mishap now leaves a question as
to whether web yielding and crippling would have occurred
if a compact section had been used. The excessive deforma-
tion was the result of an error in the software that pushed
the frame past the target deformation and continued until
the program was shut down manually. Also, it was deter-
mined that the original automated software could not func-
tion properly due to high load spikes produced when joints at
the gusset plate—to—beam and column connections that were
designed with bearing bolts—but constructed as slip-critical
in accordance with the AISC Seismic Provisions—slipped
into and out of bearing. The pressure gauges in the actuator
were not designed for dynamic loading and thus would read
pressures beyond the recordable limits of the sensors when
small, sudden movements in the frame occurred. Based on
these limitations, it was decided to conduct the test manu-
ally, with one computer operator controlling the actuator
until the desired test frame displacement was reached. This
approach proved to be adequate and was used for all subse-
quent tests.

The data acquisition software used to collect transla-
tion, pressure and strain data was National Instruments’
LabView 2010, version 10.0.0. All strain gauges used were
Vishay Micro-Measurements and SR-4 general-purpose
strain gauges. The digital string pot used on the braces was

Fig. 9. WC250 strain gauges.
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Fig. 10. WC250 strain gauges.

Fig. 11. WC250 strain gauges.
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Celesco model SRIE, with an incremental encoder out-
put signal and a stroke range of 125 in. (3180 mm.) The
smaller string pot mounted at the top of the column with
a 10-in. (254-mm) stroke was UniMeasure model JX-EP-
10. The linear potentiometer used at the base of the outer
column was ETI Systems model LCP12S-100. Details are
provided in the associated manuals (see McManus et al.,
2011).

EXPERIMENTAL RESULTS
Test 1 Results: WC250 Brace

Due to “banging” from built-up load and subsequent slip
in the joints, much of the information was simply filtered
to remove transients. Only data corresponding to the sys-
tem in motion were filtered. There was negligible trans-
lation at the base of the test specimen, as expected. The
applied load versus displacement history exhibited stable
and repetitive behavior with positive incremental stiffness
(see Figure 13).

Visual inspection of the connection material after the
test suggested slip only occurred at connections between
the gusset plate and connection angles that attached the
beams and columns, which were designed as bearing
connections with standard holes. The gusset plate at the
connection of the brace, as well as the connection plates
on the brace, did not show any of the scarring due to slip
noticed at the bearing connections, nor any signs of hole

elongation. Consequently, the brace-to-gusset connections
that were designed slip-critical appeared to resist the load
without slip, as intended.

The test regimen was designed such that the frame cumu-
lative translation would reach 131.6 in. (3343 mm). Actual
accumulated frame translation was measured to be 134.5 in.
(3416 mm). Because steel-core elongation was not properly
measured during this test, the ratio of inelastic deforma-
tion to frame translation from the WC200 test was used to
approximate the cumulative inelastic deformation for the
WC250 test. This is reasonable because steel-core length
and yield stress are similar between the two braces. Using
the ratio from the WC200 test, the cumulative inelastic
deformation for the WC250 was approximately 64.7 in.
(1642 mm), which is nearly 400 times the calculated yield
deformation and approximately twice the AISC minimum
requirement of 33.2 in. (843 mm).

Strain data are shown in Figures 14 through 20. SG1 mea-
sures strain on the gusset in the vertical direction. The strain
shows an asymmetrical response to load. At an assumed
steel modulus of 29,000 ksi (200,000 MPa), the max stress
in the vertical direction was 7.2 ksi (50 MPa) at a strain of
€ = 247 u. Hereafter, similar data are paired [e.g., (247 L,
7.2 ksi)], and the results are discussed in terms of stress.

SG2 is consistent with the axial forces from the brace
into the gusset plate and matches the hysteresis of the sys-
tem (symmetric with loading). The max strain and stress
are (1300 p, 39 ksi) at SG2. SG3 measures the strain in

Fig. 12. WC200 strain gauges.
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the horizontal direction on the gusset plate along the beam
connection. SG3 exhibited behavior similar to SG1 with an
asymmetric response to loading, (231 y, 6.7 ksi). This asym-
metric response is to be expected because the load trans-
ferred from the brace to the gusset is 43° from horizontal in
relation to SG1 and SG3. With this orientation of the brace,
the vertical component of strain (SG1) is affected more by
tension forces from the brace and less by compression when
the gusset is bearing on the bottom beam. The horizontal

strain (SG3) is more affected by compression forces from
the braces.

SG4 was located along the bottom angle connecting the
gusset plate to the bottom beam, positioned perpendicular to
the longitudinal beam axis. The gauge was positioned next
to a bolt and reported a maximum value of 2100 u when
the brace was in tension and the angles resist forces through
bending. This value was largely in excess of the strain cor-
responding to minimum specified yield stress of 36 ksi

WC 250 Hysteresis at 2% Drift
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Fig. 14. Test I, WC250 SG1.
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(1200 w). Much lower values were present when the brace
was in compression and the angles were bearing on the beam
flange. At the maximum strain recorded in compression, the
approximate stress was calculated to be (718 W, 20.8 ksi).
Stress in excess of theoretical yield, or even actual yield if
it were known, is not surprising at this location because the
stresses vary considerably across the outstanding leg of the
angle, and concentrations are likely present near bolts.

SGS5 measured strain perpendicular to the length of the
bottom beam on the underside of the beam’s top flange. The
stress does spike close to yield during the two largest dis-
placement cycles at approximately 1840 L, which is reason-
able given the higher rotations of the frame at this point and
thus more tension near the bolt holes in the top flange. Simi-
lar to SG4, concentrations likely are present near the bolts.
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Fig. 16. Test 1, WC250 SG3.
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SG6 measures strain in the angle connecting the gusset
plate to the column near the outermost bolt in the horizontal
direction. This connection shows similar behavior to SG4,
with higher strain when the brace is in tension and lower
strain in compression (bearing on the flange). The approxi-
mate stress measured was (1220 p, 35.4 ksi), which indicates
lower stress in this element than in the angles connected to
the beam or in the beam flange.

SG7 was only recorded in the WC250 test and was mea-
sured roughly at the work point of the upper beam where
the actuator load was applied to the test specimen. Stresses
at this point were low, reaching a maximum of near (76 L,
2.2 ksi). This value suggests approximately 40 kip (178 kN),
or 12% of the load in the actuator, was transferred to the
beam. Thus, 88% was resisted by the brace. The 40-kip load
calculated from the strain data was relatively consistent with
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Fig. 18. Test 1, WC250 SG5.
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the maximum force recorded during the calibration test with
gusset plates installed, but no brace present, under similar
translation.

The University of Utah (Romero et al., 2007) reported
a maximum force in the WC250 during testing to be 404
kips (1797 kN) in tension and 474 kips (2108 kN) in com-
pression. This project used a connection design axial force
in the brace of 435 kips (1935 kN) in tension and 496 kips
(2006 kN) in compression. During testing of the WC250,

the maximum axial force achieved in the brace was 404 kips
(1797 kN) in tension (equal to the University of Utah max
under similar strain) and 451 kips (2006 kN) in compres-
sion (95% of University of Utah max under similar strain).
Brace force was calculated geometrically based on the force
in the actuator and adjusted for the aforementioned assump-
tion that 88% of the actuator force was resisted by the brace
due to the 12% contribution of frame action.
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Fig. 20. Test 1, WC250 SG7.
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SGI, SG2 and SG3 can be used to determine the state of
strain (or stress) in the gusset plate along the brace located
at the point of coincidence of the gages. (See Figure 9 and,
for the WC 200, Figure 12.) Given the three normal strains
at the peak load of 451 kips (2006 kN), the shear strain can
be determined to be (229 |, 6.6 ksi). This corresponds to
the maximum principle shear stress of 25.0 ksi and prin-
ciple normal stresses of 24.9 and 25.1 ksi. The von Mises
yield criterion would predict yield at approximately 0.57 X
Fy =20.8 ksi. Therefore, the max shear stress in the gusset
exceeded the theoretical yield stress at the maximum load
during the test.

While the upper connection of the test specimen was
not instrumented with strain gauges, visual inspection of
the primary members and connection components after
the test indicated no noticeable damage. In connecting the
gusset plate to the web of the column, the relatively high
out-of-plane flexibility of the column web appeared to
accommodate frame rotation without distress to connection
components or primary members. Primer paint on the col-
umn, except where removed to facilitate a Class A faying
surface, showed no signs of distress at the connection to the
column web. Consequently, in consideration of a repairable
system, this configuration was demonstrated to be signifi-
cantly more desirable than connecting to the column flange.

Test 2 Results: WC200 Brace

The WC200 test resulted in similar behavior to the WC250
test. Filtering similar to the previous test was used. Transla-
tion along the length of the brace was properly measured

in this test and produced usable hysteretic information. The
frame translation versus applied load also exhibited stable
and repetitive behavior with positive incremental stiffness
(see Figure 21).

The total brace elongation is illustrated in Figure 22. The
second regimen of cycles for 3% drift begins at scan 6000.
Translation along the brace shows a slightly asymmetric
response to loading, with larger displacements in tension
than in compression during the 2% test and larger displace-
ments in compression than in tension during peak loads in
the 3% test. The maximum elongation during the 2% drift
test is 2.1 in. (53 mm) in tension and 1.9 in. (48 mm) in com-
pression. The maximum elongation during the 3% drift test
is 2.8 in. (71 mm) in tension and 2.9 in. (74 mm) in compres-
sion equal to 2.5 and 2.6% average strain, respectively.

Similar to the test of the WC250, visual inspection of the
connection material after testing the WC200 suggested slip
only occurred at connections that were designed assuming
bolts in bearing. The brace-to-gusset connections that were
designed slip-critical appeared to resist the load without slip
as intended. Further, there was also no noticeable discon-
tinuity between the brace translation and frame translation
data, which also suggests slip did not occur at the brace-to-
gusset connection where oversized holes were present.

Strain data for the WC200 test shown in Figures 23
through 28 display the two consecutive tests done with 2%
drift first, followed by 3% drift. The second test at 3% drift
begins at approximately scan 6000 (see Figure 22). The test-
ing regimen reached an accumulated frame translation of
133.3 in. (3386 mm) during the 2% drift test and reached a
total of 265.9 in. (6754 mm) by the end of the 3% test. The
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Fig. 21. Test 2, WC 200 load-translation.
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cumulative inelastic axial brace deformation, as measured
by the string pot on the exterior of the brace, was 64.1 in.
(1628 mm) for the 2% drift test and 68.4 in. (1737 mm) for
the 3% test. Thus, the total cumulative inelastic deforma-
tion was 132.5 in. (3366 mm), which corresponds to almost
800 times the calculated yield deformation or approximately
four times the AISC minimum requirement.

SG7 at the top of the test frame was not measured in this
test because of broken wiring. SG1 through SG5 showed

behavior similar to that in the WC250 test. SG6 was at a
different location in the WC200 test and measured the
stresses in the beam web perpendicular to the long axis of
the beam. It was observed by strain at SG4 that once the
connection angle yielded, it performed at approximately the
same strains during the 2% drift test as when subjected to
3% drift. The “upward ratcheting” of SG4 is due to yield-
ing. Note that the downward shift is consistent with the yield
strain of strain-hardened steel.
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Fig. 23. Test 2, WC200 SG1.
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SGS5 and SG6 showed interesting behavior in the beam
once they were subjected to the 3% drift cycles. Itis observed
that after an accumulated translation of 175 in. (4445 mm),
SGS shows the flange close to yield at a stress of 38.6 ksi
(268 MPa); at the same time, SG6 shows that the web is
yielding and reaching a strain of <6000 . At this cycle, the
brace was in tension; however, because of the frame rotation,
the angle between the column and beam closes and tends to
“pinch” the gusset. This results in compression in the beam

web. The web continued to exhibit some nonlinear behavior
as it buckled slightly out of plane; thus, Figure 28 shows
total strain (compression and bending) due to buckling.

Similar to the WC250, post-test visual inspection of the
primary members and connection components at the upper
connection indicated no noticeable damage. This again
suggested that connecting one side of the gusset plate to a
relatively flexible web of a primary member is desirable in
consideration of a repairable system.
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NUMERICAL MODELING
The objective of analytical numerical modeling is twofold:

1. Use the available BRB design parameters to verify the
design of the test frame and reaction frame.

2. Compare the numerical model to the observed test
results with no “tuning” of the numerical model or
BRB backbone curves.

Independent BRB Testing at University of Utah

With testing of the computer-simulated model, the linear
and nonlinear behavior for the brace and test frame can be
verified. Thus, methods for both linear and nonlinear frame
analysis can be developed based on the test results. With
this information, accomplishing the second objective pro-
vides valuable modeling parameters for use in designing
and evaluating future frame and/or building models. Correct
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Fig. 26. Test 2, WC200 SG4.
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Fig. 27. Test 2, WC200 SGb5.
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stiffness, yield points, and BRB behavior can be determined
for future use. Material and brace properties used are from
previous research and testing performed outside of this proj-
ect. Tensile strength for the brace cores were reported by
MSI Testing and referenced by Star Seismic, which was also
used in the numerical modeling [see McManus et al. (2011)
for MSI results]. The tensile testing results are further dis-
cussed in the following section.

Research on the Star Seismic braces was referenced
and reviewed prior to initial modeling of the braces and
the test frame to verify the given Star Seismic parameters.
Full-scale testing of the braces completed by Romero et al.
(2007) provided regression equations to model the backbone

curves that were normalized by yield strength. The results
from axial tests performed on seven BRBs were compiled
into a single plot to develop the tension and compression
strain versus hardening curves (see Figure 29). Figure 30
illustrates typical results for a BRB, in this case a WC250.
Note that a WC250 was used in one of the present tests.

The linear regression equations from the resulting curves
were established; see Equations 1 and 2:
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Fig. 29. WC backbone curve (Romero et al. 2007).
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®p =45.19¢ —0.77 Q)

Equation 1 is the tension regression equation, and ® is
the tension hardening (the load at maximum deformation
normalized to yield stress). Equation 2 is the compression
regression equation, and @p is the compression hardening.

The dashed line illustrated in Figure 30 approximates the
backbone with a bi-linear function. The normalized version
of this function is provided in Equations 1 and 2.

Star Seismic provided the University of Utah (Romero et
al., 2007) a table with the dimension of the steel core for the
braces, which was used to check the accuracy of a spread-
sheet developed for the research herein, see Table 1.

For the WC200 and WC250 braces provided in this proj-
ect, the dimensions were calculated from the shop drawings
for input into the developed spreadsheet. See McManus et al.
(2011) for the shop drawing.

Brace Modeling

In order to verify strength, results from tensile testing on
the brace steel cores were provided by MSI Testing Inc.
from Salt Lake City, Utah (test method ASTM 370). The
report was referenced with the Nucor Mill Group of Jewett,
Texas, report for the material properties of the core utilized
in the Star Seismic braces. In the case of the steel used for
the WC250, MSI Testing concluded that the average yield

strength was 43.1 ksi (297.2 MPa), which was greater than
that stated by the mill test report of 39.2 ksi (270.3 MPa). Star
Seismic noted that the average from the MSI Testing report
was used in the design of the braces; thus, the same value
was used in this project. The same was not observed of the
WC200 with an average test value of 43.2 ksi (297.9 MPa)
and a mill reported yield strength of 43.5 ksi (300 MPa). Star
Seismic used an average of the MSI Testing and the mill
report for the WC200 with a value of 43.3 ksi (298.5 MPa).

The brace was first modeled based on the geometric
information provided by Star Seismic, and using the brace
backbone model (Romero et al., 2007), developed from the
University of Utah’s full-scale testing of WC series buckling
restrained braces.

A backbone curve was developed from the University of
Utah test data, based on the load at maximum deformation
normalized to the yield load for each test specimen. Regres-
sion equations were developed to model the force versus
translation relationship, including the elastic and inelastic
behavior.

The areas and dimensions of the BRB steel-core exten-
sion plate, transition zone, core plate, and yielding zone were
assumed to be proportional to the University of Utah (UT)
test specimens. An individual stiffness value for the dif-
ferent zones within the steel core was calculated based on
area multiplied by the modulus of elasticity divided by the
length. The effective stiffness was then calculated by assum-
ing the individual sections would act as springs in series as
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Fig. 30. Typical load translation test result (WC250) (Romero et al., 2007).
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Table 1. Dimensions of Steel Core for the Braces (Romero et al., 2007)
Brace Designation
WC150 WC250 WC500 WC780
Specified Yield Strength, Fy, ksi 41.4 39.9 39.9 39.9
Thickness, tkp, in. 0.75 2 2 4
Extension Width, bkp, in. 9 9 9 18.5
Plate (KP) Length, Lxp, in. 13 19 23 23
Stiffness, Kkp, kip/in. 15,058 27,474 22,696 93,304
Number of Plates 1 1 2 4
Thickness, tp, in. 0.75 1 1 1
Total Thickness, tT, in. 0.75 1 2 4
- Width, brz, in. 10 10 10 10
Core Plate ;f::'z‘;?z)” Length, L7z, in. 14 14 14 14
Stiffness, K1z, kip/in. 15,536 20,714 41,429 82,857
Width, byz, in. 4.90 5.75 5.75 4.88
Yielding Length, Lyz, in. 152.7 134.7 134.7 132.6
Zone (Y2)
Stiffness, Kyz, kip/in. 698 1,238 2,476 4,269

illustrated in Figure 31. The springs represent the transition,
core, and extension plates. The equivalent elastic stiffness is
computed from:

K

equivalent = |7

Given the shop drawings and information, the effective
stiffness for the WC200 and WC250 was determined using
the assumptions previously stated. The calculated effec-
tive stiffness values were used in SAP2000 v12, hereafter
referred to as SAP2000, with multilinear links to model
the response of each BRB. A multilinear link and a Wen
model were created to ensure that the multilinear response
was accurate when compared with the UT data for valida-
tion (SAP2000 v12).

Again, the inelastic behavior was modeled using the UT
backbone curves. Figures 32 and 33 illustrate the SAP2000
models of a single BRB using the multilinear plastic model,
the Wen model and data from one of the University of Utah
WC250 tests.

Fig. 31. Springs in series.
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By comparison, the SAP2000 modeling of single BRBs
is more of a coarse approximation of the actual behavior as
demonstrated by the University of Utah testing results. Also,
it is shown that the numerical model does not develop any
asymmetrical pattern as does the actual brace when load-
ing compression versus tension. Additionally, the SAP2000
model is based upon a kinematic strain-hardening model,
while the exhibited behavior is more isotropic. Although the
backbone curve is modeled reasonably well, the total energy
absorbed within the model is not as large as the exhibited
behavior because part of the hysteric area is missing. The
model would be adequate in developing a push-over curve,
but would perhaps be overly conservative in modeling a
time-history event.

Full-Frame Modeling

Due to the complexity of modeling the entire testing appa-
ratus in SAP2000, the frame was modeled in multiple steps.
First, the geometry of the frame was modeled with undefined
shapes and stiffness to determine which frame members
would be necessary for the full analytical model (see Fig-
ure 34). Based on a nominal 100-kip (445-kN) load applied
to the top of the frame, each member was analyzed for axial
and shear forces to determine its influence on the system
during testing. Initial modeling of the angles bracing the test
specimen from movement out-of-plane of the load direc-
tion were removed due to an undesirable transfer of shear
forces to the test frame in the SAP2000 model. These angles
were connected with single-bolt pinned ends in the actual
test assemblage and did not resist any shear forces as they



slipped and rotated under frame translations. Constraints
were imposed on the nodes where the angles connected to
the test specimen as a more effective means of modeling the
system. When modeling the large rigid plate connecting the
test reaction frames to the test frame, it was determined that
deformations in the plate were small enough that the con-
nection could be assumed rigid, the expected result.

More load-tracking review was done in SAP2000. By
observation, and as expected, it was determined that the

majority of the deformation was occurring in the test speci-
men due to the much greater stiffness of the reaction frames
(see Figure 35).

The next step was to model the test frame alone with con-
straints on the nodes that would normally be attached to the
reaction frame. A few assumptions were made to simplify
the model. Connections were assumed to be either rigid or
fully pinned because the actual stiffness of the connections
was not fully known. The previously developed links were
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Fig. 32. Single BRB link multilinear plastic model vs. University of Utah test data.
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imported into the test specimen model and placed appropri-
ately (see Figure 36). With the 100-kip (445-kN) load applied
to the test specimen, it was determined that the link was
working properly when compared with hand computations.

COMPARISON OF NUMERICAL MODELING
AND EXPERIMENTAL RESULTS

By using the link developed in SAP2000, it was possible
to run the same time-history test on the analytical model

Fig. 34. Initial full frame model in SAP2000.

as was done on the physical test frame. The target transla-
tions for the experimental testing were input into SAP2000,
and a displacement controlled loading cycle was run. The
results from the multilinear model of the brace were then
plotted against the experimental data for comparison (see
Figures 37 and 38). In order to produce a more accurate
comparison, the output from the SAP2000 model was link
force, column shear and axial force in the top beam, which is
equivalent to the pressure gauges in the actuator measuring

Fig. 35. Full-frame deformed shape
with 100-kip load (SAP2000).

Fig. 36. Simplified analytical model (SAP2000).
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forces on all these elements during the test. Notably, the
multilinear model behaved similarly to the experimental
model. The WC200 model did predict a slightly higher peak
load at maximum positive translation, but at the maximum
negative translation, the model and experimental data are
almost identical. The WC250 model is much more in line
with the experimental data and is even slightly conserva-
tive at maximum negative translation, having a peak load
slightly lower than the experimental data.

Utilizing Wen modeling of the two braces produced a
more accurate hysteresis of the frame behavior than the
multilinear plastic models. The hysteretic loops match more
closely with the test data, as shown in Figures 39 and 40, and
had a slightly higher value at the maximum displacement,
similar to the multilinear plastic model. These similarities
suggest that the backbone curve developed from the Univer-
sity of Utah test gives proper values for modeling.
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Fig. 37. WC200 testing and multilinear plastic modeling results.
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Fig. 38. WC250 testing and multilinear plastic modeling results.
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It should be noted that both the multilinear and the Wen
models are fully symmetrical in their response to loads in
tension and compression. This explains the minor offset
when comparing the testing results to the SAP2000 model-
ing because the BRB does perform somewhat different in
tension versus compression.

DESIGN RECOMMENDATIONS

The research herein has shown that with proper compres-
sion strength and strain-hardening adjustment factors for
the buckling restrained brace, the connection design provi-
sions of the AISC Specification and AISC Seismic Provi-
sions result in desirable braced frame behavior using fully
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Fig. 39. WC200 testing and Wen modeling results.
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Fig. 40. WC250 testing and Wen modeling results.
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bolted connections. In addition to the provisions of these
documents, the following general recommendations are
made to facilitate constructability and maximize connection
strength. Furthermore, the following serviceability recom-
mendations are made to promote an easily repairable system
in which inelastic damage to the primary beams and col-
umns are minimized.

General Recommendations

1. Bearing bolts in standard holes or slip-critical bolts
with oversized holes in one ply of connecting inter-
faces may be used to connect the ends of buckling
restrained braces to gusset plates.

2. Bearing bolts in standard holes should be used to
connect gusset plates to double-angle connection
assemblies and double-angle connection assemblies to
primary beams and columns.

3. Bolt rows in the connection-angle assemblies may
be aligned or staggered. Staggered assemblies are
recommended to allow for reduced bolt gauges on the
flanges of the primary members.

Repairable Recommendations

1. Beam and column flange thickness should exceed
connection-angle thickness to limit bolt-bearing
deformations in the primary members.

2. To reduce the possibility of inducing yield in the
beam or column flange, the bending capacity of the
primary member flange—including the effects of pry-
ing action—should exceed that of the outstanding legs
of the connection angles. Primary members should be
oriented such that at least one side of the gusset plate is
connected to the web of either the beam or the column.

Orienting primary members such that the gusset plate
is connected to the flange of both the beam and the
column results in “pinching” forces between the gus-
set plate and primary members, which can result in
local damage to the primary members. These forces
are alleviated by connecting one side of the gusset
plate to the web of a primary member because of the
relative out-of-plane flexibility of the member web.

CONCLUSIONS

The following conclusions are drawn from the experimental
testing and numerical modeling of both the full frame and
the individual braces.

1. In reference to AISC Seismic Provisions acceptance
criteria, testing of the full-scale, fully bolted buckling

restrained braced frame met all strength requirements
and exceeded the required testing regimen of 2% drift
associated with an assumed 1% design story drift.

2. Provisions of the AISC Specification and AISC Seis-
mic Provisions are appropriate for fully bolted BRBF
connections. The use of the uniform force method
and the uniform force method—special case 2, mini-
mizing Shear in the Beam-to-Column Connection,”
was shown to be appropriate for connection force
distribution.

3. The frame design exhibits the ability to withstand mul-
tiple seismic events without fracture, brace or primary
framing member instability or without brace-end con-
nection failure.

4. The ability to easily replace the braces and connection
components was demonstrated. Thus, the reparable
advantage of the all-bolted connections was revealed.

5. Orienting columns such that the gusset plate is con-
nected to the column web allows for rotation of the
gusset connection under large drifts without notice-
able damage to the primary beams and columns.

6. Orienting columns such that the gusset plate is con-
nected to the column flange results in connection
restraint against frame rotations that can cause damage
to unstiffened primary beams and columns.

7. The methods used to develop a numerical model of the
buckling restrained braces in SAP2000 were effective
and could be easily adapted to different brace sizes for
various systems. Utilization of the link properties in
a full-frame model accurately predicted behavior of
the system. Multilinear approximation was adequate
to model the behavior of the BRB in the frame, but
the Wen model provides a more accurate prediction
including the nonlinear transition near yield.
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Uncertainty in Life-Cycle Assessment Induced
by Life-Cycle Inventory Data: The Case
of Structural Steel

IORDANIS ZYGOMALAS and CHARALAMBOS BANIOTOPOULOS

ABSTRACT

Life-cycle assessment (LCA) is currently widely used to quantify environmental impacts and thus support decision making within business
sectors such as steel construction, which utilizes vast amounts of materials to deliver large-scale projects globally. Because the validity of
LCA results greatly depends on the quality and appropriateness of the life cycle inventory (LCI) data referring to the environmental inputs and
outputs associated with the examined subject, it is necessary to estimate the degree of uncertainty embedded in these data, which will inevi-
tably be incorporated into the final LCA results. The purpose of this research is to examine the extent and the characteristics of uncertainty
due to LCI data, based on findings for the case of commonly used structural steel components. Impact assessment results are calculated
according to four relevant LCI databases and two assessment methods. The results are compared based on a detailed analysis of the impact
caused for the production of the steel members. Major conclusions include the observation that data quality characteristics do not ensure
the accuracy of the final LCA results because datasets referring to the same steel member type were found to lead to noticeable divergence.
An overall lack of uniformity was observed within each of the mainly burdened impact indicators, while the influence of system boundaries
was also examined. Issues concerning the collection of primary LCI data were raised, and it was also shown that different impact assessment
methods provide different perspectives, which result in a more complete and factual approach.

Keywords: life-cycle assessment (LCA), life-cycle inventory (LCI), uncertainty, structural steel, steel structures.

INTRODUCTION of this environmental information. It is, however, acknowl-
edged that obtaining and maintaining LCI datasets require
a huge and constant effort (Simoes da Silva et al., 2007); it
is, therefore, impossible to develop new data for each LCA
conducted. The degree of influence of environmental data
to the final results has become a subject of argument and,
in some cases, has given reason to question the outcome
of LCA. However, each sector—and even each LCA study
carried out—is characterized by particular conditions and
properties; as a result, in order to investigate uncertainty due
to LCI data, it is necessary to examine its characteristics
within a given scope.

One of the business sectors that not only utilizes vast
amounts of materials and energy, but is also involved in
adopting a strategy to incorporate sustainability into its
product’s design, is steel construction (Braganca, Mateus
and Koukkari, 2007). The design and construction of steel
projects such as high-rise buildings or heavy-traffic bridges
require the application of sustainable development princi-
ples, and as a result, industry decision makers are increas-
ingly using relevant decision-support tools such as LCA.
It is within this particular sector that the current research

ife-cycle assessment (LCA) has been introduced as a

methodology to quantify the environmental impact
associated with any given product. Based on the concept of
the life cycle, it takes a very wide range of environmental
information into account and has understandably come to be
regarded as one of the most detailed and complete environ-
mental impact assessment methods available.

However, during the course of its increasing application
within almost every business sector, a few issues concerning
its efficiency have arisen, perhaps the most critical of which
being uncertainty—both the uncertainty embedded in the
final results and, subsequently, the validity of the environ-
mental impact calculated.

Because the application of LCA depends on the life-cycle
inventory (LCI) data used to model a product’s life cycle, the
final result is directly affected by the quality and accuracy
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analyzes uncertainty due to LCI data. Because structural
steel members are associated with the greatest percentage
of environmental impact caused by the construction of steel
projects (Zygomalas, Efthymiou and Baniotopoulos, 2009),
they are chosen as the reference point for this analysis. Prior
to the description of the methodology and results of the
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current research a brief presentation of the LCA methodol-
ogy is given.

As a result of the global movement for sustainable devel-
opment, sustainability has become the main agenda for
the majority of practices in construction (Zygomalas et al.,
2009). In order to incorporate the basic principles of sustain-
ability into design and construction, it is first necessary to
quantify all aspects of construction as far as their effects on
the environment are concerned. By calculating the environ-
mental impact caused by each construction process, the most
environmentally damaging processes are identified, and it
is then possible to work toward lowering this impact and,
ultimately, optimizing the environmental performance of a
project for the duration of its life and beyond its completion.

In order to document each and every construction pro-
cess required for the delivery of a project, the concept of the
life cycle has been introduced. For construction projects, the
four main life cycle stages that can be identified are (1) raw
material acquisition, (2) construction, (3) use/operation/
maintenance and (4) end scenario/waste management (see
Figure 1).

The calculation of the environmental impact across the
whole life cycle of a project constitutes a new scientific field
with new methods and new goals (Zygomalas et al., 2009).
The methodology that has been developed for this purpose
is life-cycle assessment (LCA). The application of LCA is to
be conducted according to the relevant ISO (International
Organization for Standardization) standards [ISO 14040 and
ISO 14044 (ISO 20064, 2006b, respectively)] and consists of
four phases, as shown in Figure 2.

The first phase requires the definition of a series of theo-
retical parameters (such as the goal of the LCA, its scope,
and so on), while at the second stage, environmental data (or
LCI data) are documented for each process or material of the
project’s life cycle. These data are translated into environ-
mental impact values at the third stage; finally, the results

1. Raw material
4. Waste management / acquisition

end scenario

3. Use / Operation / 2. Construction

Maintenance

Fig. 1. The life cycle of a construction project.
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obtained are interpreted at the fourth and final stage of the
LCA.

METHODOLOGY AND CALCULATION
Overview

In order to examine uncertainty due to LCI data, a reference
product is chosen for the analysis along with an appropriate
functional unit referring to a specific quantity of the chosen
product. After a thorough literature review, a number of LCI
databases available containing relevant environmental data
are identified, and the environmental impact for the defined
product and quantity are calculated according to each LCI
database. The impact assessment methods used are Eco-
Indicator 99, IPCC Global Warming Potential (GWP) and
TRACI. These methodologies are not only widely used on a
global level, but also because they were developed for differ-
ing geographic regions. Eco-Indicator was developed mainly
for Europe, GWP for global use and TRACI for the United
States. The results obtained are compared in order to reach
useful conclusions regarding uncertainty caused by LCI
data, not only within the steel construction sector, but also
as more general observations regarding LCA application.

Reference Product and Functional Unit

The most commonly used structural steel members are
hot-rolled sections such as wide-flange beams (European
equivalent: IPE and HEA) and cold-formed hollow sections
such as SHS (square hollow sections) and RHS (rectangular
hollow sections). For the purpose of the current study, the
production of hot-rolled structural steel sections is chosen
from raw material acquisition to storage at the factory before
shipment for use (cradle-to-gate). As far as the manufactur-
ing process for these structural members is concerned, there
are two main routes: the blast oxygen furnace (BOF) route,
which produces primary steel utilizing raw materials, and
the electric arc furnace (EAF) route, which produces steel of
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equal properties by recycling iron and steel scrap. Although
the blast furnace route is still being widely used globally
(Worldsteel, 2009), it is the EAF that presents significant
sustainable potential and is therefore regarded as more
appropriate for the current analysis. It should be noted that
the steelmaking route can differ significantly globally, with
some European countries mainly utilizing the BOF route,
while other countries such as the United States utilize only
the EAF for the manufacturing of hot-rolled steel sections.
The functional unit was subsequently defined as 2.2 Ib (or
1 kg) of hot-rolled structural steel members manufactured
via the EAF route.

Selection of Available LCI Databases

The next step is to examine existing literature and determine
the LCI databases available that contain verified data con-
cerning hot-rolled structural steel members. As a result, the
following LCI databases were selected.

AUTh

In 2009, the Institute of Metal Structures of the Aristotle
University of Thessaloniki in Greece conducted a study to
quantify environmental inputs and outputs concerning com-
monly used structural steel members, such as hot-rolled and
cold-formed sections (Zygomalas et al., 2012). A number of
detailed datasets are included in the database, based on the
information provided by the leading steel member manufac-
turing company in Greece and completed, where necessary,
by literature research.

The dataset for hot-rolled structural steel sections refers
to the production of 2.2 Ib (1 kg) of finished products via
the EAF steelmaking route and their storage at the factory
before shipment for use (cradle-to-gate). The main produc-
tion stages documented and included in the development of
this dataset are presented in Figure 3. Each production pro-
cess was documented as described in the ISO 14040 and
14044 standards (ISO 2006a, 2006b), according to environ-
mental inputs and outputs.

Ecoinvent

The Ecoinvent LCI database was initially developed in the
late 1990s and contains more than 4000 datasets referring
to products, services and processes; it was developed in
Switzerland by the Swiss Centre for Life Cycle Inventories,
which is also responsible for data updates (Classen et al.,
2009). It refers to a mix of European technology, and the
collection method used was a sampling procedure based on
literature. A number of research centers in Switzerland and
Germany were involved with the development and constant
update of the database, while the data are intended for use
mainly within the European region (IPPC, 2001).

The Ecoinvent database includes a dataset referring to the

manufacturing of steel with the EAF route, based on data
from the year 2000 and according to the relevant ISO stan-
dards concerning LCA and LCI. The dataset also includes
the transports of scrap metal and other input materials to the
EAF and casting. Because this dataset refers to the manu-
facturing of steel up to the casting stage, it is necessary to
add the rest of the processes required for the production of
the hot-rolled structural steel members. These processes are
the reheat furnace operation, the hot-rolling process and the
transport of the finished products to storage rooms before
they are sent out for use. The hot-rolling and transport pro-
cesses are included in the Ecoinvent database and were
therefore used in this case, while the reheat furnace process
was used as found in the AUTh database.

Canadian Raw Materials Database (CRMD)

The CRMD was developed in collaboration with the Cana-
dian business sector and government and aimed at providing
life-cycle inventory data concerning several different prod-
ucts. Among these products are steel billets manufactured
with the EAF route, as used for hot-rolling to produce the
structural steel sections commonly used in steel construc-
tion projects. The functional unit used was 2.2 1b (1 kg)
of finished product, and the data were provided by steel

1. Transport of scrap to steel factory
v

2. Scrap inspection at factory gate
v

3. Processing & storage of scrap
v

4. Loading of EAF with scrap baskets
v

5. Electric Arc Furnace (EAF) operation
v

6. Ladle Furnace operation
v

7. Continuous casting
v

8. Reheating furnace
v

9. Hot-rolling

10. Storage of finished products

Fig. 3. Main processes for the production of 2.2 Ib (1 kg) of
hot-rolled structural steel members (EAF) taken into account
for the development of the AUTh LCI database.
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factories in Europe and North America because no steel
sections are currently being manufactured in Canada. The
primary data refer to the years 1994-1995, while secondary
data were used as found in literature through 1990. These
dates do present an issue concerning the current validity of
the dataset; however, there is no recent update available.

In order for the data to be used in the current study, the
data were completed with the remaining necessary pro-
cesses for the production of the structural steel members,
namely, the reheat furnace operation, hot-rolling and trans-
port to storage rooms. These processes were used as found
in the AUTh database.

Worldsteel

The World Steel Association (Worldsteel, previously IISI)
conducted an LCI study at a global scale, aiming at the
quantification of raw materials, energy and environmental
emissions associated with the production of the main fin-
ished products of the steel industry, including structural
steel sections. A significant number of steel factories from
different countries have provided the data, which cover all
production stages from raw material acquisition to deliv-
ery of the finished products at the factory gate before sent
for use (cradle-to-gate). The study was initially conducted
in 1994-1995, and it was updated in 1999-2000 and then
again in 2010. The data for the current analysis are used as
published in the February 2010 update.

The Worldsteel datasets provide cradle-to-gate (from
raw material extraction to the steel factory gate) data on all
the major raw materials, energy usage, air and water emis-
sions, and wastes for the steel products included in the study.
Forty-three major data categories (flows) are included in the
available datasets out of the 450 that were quantified. Envi-
ronmental inputs and outputs were calculated for the pro-
duction of 2.2 1b (1 kg) of steel products at the factory gate
according to ISO 14040 standard (Worldsteel, 2005). In the
case of structural steel sections, the data were provided by a
number of steel factories from all over the world (with, how-
ever, very limited coverage of U.S. steel mills), some using
the EAF steelmaking route, while others the blast furnace
route. The data are, therefore, calculated as an average of
both steelmaking routes.

It should also be noted that the data include an environ-
mental credit corresponding to an 80% recycling rate, while
in the United States, the current corresponding rate is about
98%. The rest of the selected databases do not incorporate
any waste scenarios; therefore, their impact assessment
results are expected to appear relatively increased. Because
of the fundamental differences in system boundaries—
namely, the inclusion of the blast furnace steelmaking route
and the recycling scenario—it is not possible to directly
compare the results based on this dataset to the ones calcu-
lated according to data from the other selected databases.
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However, the dataset is included in the current research as a
way to determine the influence of system boundary differ-
entiation within LCI data on the results obtained.

RESULTS AND DISCUSSION

Eco-Indicator Impact Assessment

The Eco-Indicator 99 impact assessment method provides
a detailed and complete presentation of the environmental
impact associated with the system under examination and
is, therefore, used within the scope of the current analysis.
It is a damage-oriented approach, which is based on weight-
ing results and calculating environmental impact according
to a set of indicators. The methodology is mainly intended
for LCA referring to the European region, and the unit used
is the Eco-Indicator point (Pt), which was chosen in such a
way that the value of 1 Pt is representative of one-thousandth
of the annual environmental load of one average European
inhabitant (The Netherlands Ministry of Housing, Spatial
Planning and the Environment, 2000).

The impact assessment results for the production of 2.2 1b
(1 kg) of hot-rolled structural steel members via the EAF
steelmaking route are calculated according to the Eco-
Indicator methodology (V2.06/Europe EI 99 E/E), for each
of the four selected LCI databases, and are presented in
Figure 4.

The first observation from the results is that the total envi-
ronmental impact values are very close according to three
of the four databases, ranging from 76.5 to 86.8 mPt (mil-
lipoint = 1/1000 Pt). As expected, the Worldsteel data lead
to a relatively decreased value, which can be justified due to
the inclusion of the 80% recycling rate. This differentiation,
in combination with the fact that these data refer to both
steelmaking routes and not only the EAF, does not allow for
the direct comparison of the results from the four databases.
However, it is clear that the degree of final result divergence
(which can be obtained due to differences in data boundaries
and corresponding technology) can be more than significant.

Furthermore, it should not be neglected that these results
refer to 2.2 Ib (1 kg) of structural steel members. Even the
small value differences observed among the remaining
three LCI databases can lead to noticeable value variation—
considering that, within an LCA study concerning a steel
structure, hundreds or thousands of tons of structural steel
members are used.

The point at which even the three databases that lead to
similar impact results vary is the burden of each environ-
mental indicator. The respiratory inorganics and fossil fuels
indicators, for example, although prominent within each
database impact result, are burdened to varying degrees.
Other indicators, such as ecotoxicity, are barely visible
within all databases except Ecoinvent, where it accounts
for a significant impact load. The same can be observed



in Figure 5, where impact assessment results are presented
according to impact category, a more general environmental
assessment model based on the grouping of the indicators.

Resources and human health accept the largest percent-
age of environmental impact according to all four LCI
databases, yet at a varying degree. According to the three
databases that do not include recycling scenarios, the
resources category impact varies from 32.6 to 46.7 mPt,
whereas the human health category varies from 27.9 to 39.9
mPt. Ecosystem quality is burdened significantly less, with
values ranging from 4.1 to 17.4 mPt, according to the same
three databases.

These values, calculated for each impact category, pres-
ent noticeable divergence and can thus provide substantially
different assessment conclusions. That is, although, as a
total, most databases lead to similar impact values, the same
is not the case for each individual category impact. These
value differences can be interpreted as a general lack of data
uniformity between the selected LCI databases. In order to
investigate this in depth, it is necessary to calculate environ-
mental impact results to a higher level of data detail. Within
the Eco-Indicator methodology, this can be achieved with
the impact indicators used. In Figure 6, the impact results
for 2.2 1b (1 kg) of hot-rolled structural steel members are
presented according to each impact indicator.

The first observation is that not all impact indicators are
burdened and only a few are affected to a significant degree.
Fossil fuels [which refers to the additional required energy
for extraction due to low raw material quality (as high vol-
umes of raw materials are extracted continuously, the qual-
ity of the remaining raw materials decreases and requires
additional energy for further extraction)] are responsible
for the greatest environmental impact according to all data-
bases but one, followed by respiratory inorganics (which
refers to effects on the human respiratory system caused by
emissions of inorganic substances during the winter time).

As far as impact values within each indicator are con-
cerned, there is an obvious lack of result uniformity. Within
fossil fuels, the most heavily affected impact indicator, the
impact value ranges significantly among the selected data-
bases. The same can be observed for the respiratory inor-
ganics indicator, with only the Ecoinvent and the AUTh
databases providing similar values of 15.8 and 17.2 mPt,
respectively. The ecotoxicity indicator (which refers to
effects on the quality of the ecosystem due to the emission
of ecotoxic substances to the air, water and soil) also pre-
sents an uneven value distribution because the Ecoinvent
databases leads to a significantly increased impact value,
compared to the other three, which lead to relatively neg-
ligible ones. Impact indicators that do present a relatively
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Fig. 4. Eco-Indicator 99 environmental impact results for the production of 2.2 Ib (1 kg)
of hot-rolled structural steel members (EAF), according to four LCI databases.
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even value distribution, such as climate change and acidifi-
cation/eutrophication, are associated with very low impacts
and are, therefore, limited in terms of gravity and influence
of the final result.

These observations lead to the conclusion that there is
an overall lack of uniformity regarding the environmental
impacts caused by the production of structural steel mem-
bers. Although each database is based on data provided by
manufacturers, there is significant divergence of results for
environmental impact caused. Although this can partly be
attributed to a number of reasons such as differences in
geographic coverage, data collection time period and tech-
nology level, different processes or data sampling method-
ologies, and different electrical grids of the age of the data,
it should not be neglected that the production process for
hot-rolled structural steel members via the EAF steelmak-
ing route consists of the same stages and, therefore, does not
present major variations or utilizes fundamentally differ-
ent machinery or manufacturing processes. Thus, it can be
expected that similar LCA studies on the same steel product
or project, but based on data from different LCI databases,
can lead to varying final impact results. In order to provide
an indicative estimate of this result variation, impact result
divergence was calculated as a percentage of the average
value for each of the mainly burdened indicators and the
total impact. These percentages are presented in Table 1 for
each of the four selected LCI databases.

As can be observed, there are very few cases in which
divergence percentages can be considered within accept-
able limits. The divergence percentage reaches almost 80%

within the respiratory inorganics indicator and 205.2%
within ecotoxicity. These value differences are directly
associated with the quality and accuracy of LCI data, and
although expected, they are certainly a clear indication of
the extent of uncertainty embedded in LCI data, which is
inevitably transferred to final LCA results.

In order to examine the source of this uncertainty, it
is necessary to examine the processes responsible for the
environmental impacts caused for each indicator. For this
purpose, the situation within the mainly burdened impact
indicators is analyzed further.

Fossil Fuels

The fossil fuels impact indicator accepts the greatest envi-
ronmental impact caused for the production of the structural
steel members, as was shown in Figure 6. In Figure 7, this
impact is presented for each of the four selected LCI data-
bases, according to the processes that cause it. As can be
observed, the impact is almost completely caused by three
processes. These processes all refer to energy-related raw
materials consumed during the production of the steel mem-
bers, namely, oil, coal and natural gas.

The impact caused by the consumption of oil does not
vary significantly across the three databases that do not
include recycling scenarios, ranging from 4.6 to 7.6 mPt.
For natural gas, the impact caused is again relatively lower
according to the Worldsteel database; however, due to the
inclusion of recycling within the data, this difference can-
not be regarded indicative of uncertainty. According to the
rest of the databases, the natural gas—related impact attains
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Fig. 5. Eco-Indicator 99 environmental impact results for the production of 2.2 Ib (1 kg)
of hot-rolled structural steel members (EAF), according to four LCI databases, per impact category.
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Table 1. Impact Result Divergence for Each LCI Database, According to Mainly Influenced Indicators
Average AUTh CRMD Ecoinvent Worldsteel
Impact Indicator Impact, Divergence, Divergence, Divergence, Divergence,
(PY) % % % %
Total impact 0.068 16.0 12.6 27.7 46.5
Fossil fuels 0.033 38.6 3.7 18.5 34.0
Respiratory inorganics 0.018 4.6 78.7 12.6 61.6
Ecotoxicity 0.005 49.6 62.9 205.2 92.6
Carninogens 0.004 20.9 46.3 1221 96.7
Climate change 0.005 13.6 5.8 19.6 0.2

values from 16.8 to 22.3 mPt, a quite noticeable value range.
With coal, the consumption of which is directly associated
to the consumption of electrical energy, the situation is even
more complex. Only two of the four databases present simi-
lar results at 10.3 and 10 mPt, while the remaining two lead
to greater values of 14.7 and 19.8 mPt.

These differences in values of the impact caused derive
from calculations based on the environmental data con-
tained in each database and can thus be interpreted as cor-
responding variations of LCI data. It is, therefore, clear
that even fundamental environmental information such as
the amount of energy required for the production of the
steel members presents variations depending on the data-
base in which it is found. Further analysis of the production
processes included in the AUTh database reveals that the

greatest amount of electrical energy is consumed during the
operation of the EAF, the hot-rolling process and the ladle
furnace stage. Accordingly, natural gas energy and oil are
mainly consumed at the EAF, hot-rolling and reheat furnace
stages. In order to minimize uncertainty embedded in LCI
data within steel related LCA and in regard to fossil fuels,
it is necessary to examine these processes thoroughly and
determine the exact energy requirements. It should be noted
that this observation also applies to the other mainly bur-
dened impact indicators, such as respiratory inorganics.

Respiratory Inorganics

The respiratory inorganics indicator is the second most bur-
dened indicator for the production of hot-rolled structural

OAUTh

mPt
N
(6]

| mcrRMD

| dEcoinvent

O Worldsteel

Fig. 6. Impact results for the production of 2.2 b (1 kg) of hot-rolled structural
steel members (EAF), according to four LCI databases, per impact indicator.
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steel members via the EAF steelmaking route. Figure 8
shows the corresponding impacts caused according to the
four selected databases, including the main substance emis-
sions that cause them.

The first observation is the increased total impact calcu-
lated according to one of the four databases. Although the
Ecoinvent and AUTh databases lead to similar results, these
values are close to half of the impact according to CRMD.
In such cases, it is not possible to determine which result
should be used, and the 50% difference is quite significant.
The impact caused by the emission of sulfur oxides to the air
ranges from 1 to 3.8 mPt according to two databases, while
it is negligible according to the other two. Furthermore, the
emission of sulfur dioxide to the air also presents notice-
able variation, from 1 to 4.2 mPt. This substance emission
is a result of the consumption of electrical energy and is,
therefore, directly affected by the amount taken into account
during the calculation of the LCI data. Thus, this type of
energy is again identified as critical to the validity of the
steel-related LCI data.

The value of the impact caused by the emission of par-
ticulates to the air also presents significant divergence (from
1.3 to 22.5 mPt), although it is very similar according to two
databases (9.8 and 10 mPt). Further analysis of the AUTh
database production processes reveals that the greatest per-
centage of particulates emitted to the air is caused by the
consumption of electrical energy for the production of the
structural steel members. The environmental impact caused
by the emission of nitrogen oxides to the air is the only
value that does not present significant divergence among the
four databases, ranging from 3 to 4.8 mPt. As an overall

50

observation, there is a lack of uniformity with regard to the
impacts calculated. This can be attributed to data differen-
tiation and can lead to similar result divergence within steel-
related LCA.

IPCC Global Warming Potential (GWP)
Impact Assessment

In order to acquire an additional perspective on the envi-
ronmental impact of the production of hot-rolled structural
steel members, its assessment was calculated according to
another widely used methodology, the IPCC Global Warm-
ing Potential (GWP) 2007. This methodology was developed
by the Intergovernmental Panel on Climate Change (IPCC,
2007), a global organization aiming at providing a clear,
scientific view on the current state of climate change and
its potential consequences. It is based on the calculation of
a single index that refers to the quantity of carbon dioxide
equivalent emissions to the air in kilograms of carbon diox-
ide (kg CO2 eq). For the purpose of the current study, the
GWP index was calculated for the production of 2.2 1b (1 kg)
of hot-rolled structural steel members, according to the four
selected LCI databases, and for a 20-, 100- and 500-year
time horizon. The results are presented in Figure 9.

The examination of the impact results according to the
[PCC GWP 2007 methodology presents a slightly different
assessment, compared to Eco-Indicator. The first observa-
tion is that the impact according to the Worldsteel database
is not the lowest of the four, even though it is the only dataset
that includes a recycling scenario. All four impact values
present a more even distribution, ranging, for example, from
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Fig. 7. Fossil fuels indicator impact for the production of 2.2 Ib (1 kg)
of hot-rolled structural steel members (EAF), according to four LCI databases.
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0.996 to 1.405 kg CO; eq. for the 100-year time horizon.
The range of values for the 20- and 500-year time horizons
remain similar. In general terms, a more uniform depiction
of the environmental impact caused by the production of 2.2
Ib (1 kg) of structural steel members is presented.

It is, therefore, highlighted that within the scope of LCI
and LCA studies, impact assessment results can be calculated
with more than one assessment methodology, each based
on certain assumptions and criteria. Several impact assess-
ment methods focus on a particular aspect or category of

environmental impacts, such as the [IPCC GWP 2007, which
examines global warming and climate change. Although
other methodologies, such as the Eco-Indicator, aim at pro-
viding a more complete approach to the assessment of envi-
ronmental impacts, it should be noted that they are based on
specific assumptions regarding impact assessment as well.
It is advisable, then, to calculate environmental impacts
according to more than one methodology in order to gain a
wider, more complete and more factual perspective. Particu-
larly in the case of comparative studies, the calculation of
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Fig. 8. Respiratory inorganics indicator impact for the production of 2.2 b (1 kg)
of hot-rolled structural steel members (EAF), according to four LCI databases.
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Fig. 9. IPCC GWP 2007 impact assessment for the production of 2.2 Ib (1 kg)
of hot-rolled structural steel members (EAF), according to four LCI databases.
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Table 2. Environmental Impact Assessment Results for 2.2 Ib (1 kg) of Hot-Rolled
Structural Steel Sections According to Each LCI Database and the TRACI Methodology

Impact Category Unit AUTh CRMD Ecoinvent Worldsteel
Ozone depletion kg CFC.11eq. | 9.0872E-08 4.89151E-08 1.0269E-07 0
Global warming kg CO2 eq. 1.406224548 1.312803155 0.988808454 | 1.23522998
Smog kg O3 eq. 0.043009061 0.06858607 0.050892542 | 0.051060138
Acidification mol H+ eq. 0.290464931 0.357480433 0.189167198 | 0.178937872
Eutrophication kg N eq. 0.016775008 0.004248367 0.004377911 | 0.000110648
Carcinogenics CTUh 3.66154E-07 2.49415E-07 3.46166E-06 | 1.38632E-09
Noncarcinogenics CTUh 3.19333E-07 1.10754E-07 2.92674E-06 | 7.29306E-08
Respiratory effects kg PM1g eq. 0.001953061 0.000805941 0.00162357 0.000206099
Ecotoxicity CTUe 4.76130729 2.801574071 35.14301133 0.007596337

impact assessment results according to more than one meth-
odology is necessary, as was shown by the current analysis
of the production of structural steel members.

TRACI Impact Assessment

TRACI (Tool for the Reduction and Assessment of Chemi-
cal and other environmental Impacts) is another widely
used impact assessment methodology that was developed
by the U.S. Environmental Protection Agency specifically
for the United States with the use of input parameters that
are consistent with U.S. locations. Environmental impact
assessment results for the four selected LCI databases are
presented in Table 2.

As can be observed, the results obtained according to the
TRACI methodology present noticeable differences in most
impact categories. In ecotoxicity, for example, the Ecoinvent
database leads to a very high result compared to the rest of
the databases, while the same can be observed for the AUTh
database in the eutrophication impact category. On the other
hand, only the smog and acidification impact categories
present an accepted range of values.

The Effect of the Market on LCI Data

At this point, a significant issue concerning the source of
LCI data arises. For the collection of primary LCI data, it
is businesses involved with the product, system or service
under study that are asked to provide detailed information
concerning the environmental impact of the production pro-
cesses they are currently applying. It is necessary, however,
to consider the conditions under which today’s businesses
operate before putting the data they provide to use as the
basis of decision-making methodologies and tools. It is true
that within every major business sector where large-scale
projects and clients are involved—with the steel indus-
try being no exception—there is extreme competitiveness
among the participants for not only maintaining a strategic
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market position but also for broadening it. Every business
that is interested in its future survival and prosperity is try-
ing to adapt to the changing market conditions in order to
gain more clients.

These changing market conditions have lately been
greatly influenced by the global movement for sustainable
development, with European and global organizations ori-
ented toward achieving it through legislation adaptation and
the promotion of more environmentally friendly policies. It
is therefore quite common, within large-scale projects such
as steel constructions, to investigate material and component
suppliers from the point of view of their product’s environ-
mental impact. As a result, it is not unreasonable to require
verification of the environmental data supplied by any busi-
ness whose turnover and subsequent net profit are coming to
depend on these data. The only efficient verification process
of data provided by businesses is thorough examination.
The degree, however, to which data can be verified, remains
questionable. As an alternative, data and measurements con-
ducted by independent organizations and according to spe-
cific guidelines would certainly provide a more dependable
reference, corresponding to the actual environmental impact
caused.

CONCLUSIONS

At the outset of each LCA study, one of the critical tasks that
have to be carried out is finding the appropriate LCI data.
Even in cases that facilitate the collection of primary data
directly from manufacturers, the verification of the obtained
data is required, while the use of secondary data as found
in existing LCI databases is inevitable. As was shown with
the analysis of structural steel members, there are a number
of available LCI databases that contain data concerning the
same products, processes or systems. The selection of the
most appropriate data usually depends on a number of data
quality factors, including geographic coverage, technology



level and collection time period. It should not, however,
be based solely on the examination of these factors and in
no case should it be taken for granted that the validity of
the final LCA result is ensured by the fact that a specific
existing dataset matches the data quality requirements of
the study. Because it is not possible to determine the most
appropriate data based only on the examination of the data’s
quality characteristics, the extent of uncertainty embedded
should be taken into account before the interpretation of rel-
evant LCA results.

LCI datasets referring to the same product or system,
even with very minor differences in terms of data quality,
can lead to noticeable divergence of the final LCA result.
Impact assessment results for the production of structural
steel members showed significant value variation among
different LCI databases when calculated for each of the
mainly burdened impact indicators. An overall lack of envi-
ronmental impact result uniformity was observed, in spite
of the fact that all selected LCI databases are based on data
provided by manufacturers. This could be attributed to data
quality differentiations—such as differences in geographic
coverage, data collection time period, technology level, data
sampling methodologies or the age of the data—yet only
partly, because the production process for hot-rolled struc-
tural steel members via the EAF steelmaking route does not
present major variations or utilize fundamentally different
machinery. Additional reasons include different manufac-
turing processes and different electrical grids.

It was estimated that, within certain indicators, the rele-
vant impact calculated presented divergence of up to almost
80%, and even 205% at one instance, with regard to the aver-
age value among the selected databases. This variation is
directly associated with the quality and accuracy of the data;
although expected to a certain level, it is a clear indication
of the extent of uncertainty embedded in LCA and, inevi-
tably, transferred to the final LCA results. Thus, it should
be expected that LCA studies that differ only in the source
of LCI data can lead to varying impact assessment results.
Furthermore, issues such as electrical grid differences, dif-
ferent production processes or methodology differences also
increase the level of uncertainty embedded in LCI data.

The detailed analysis of the calculated impacts of the pro-
duction of hot-rolled structural steel members for the most
heavily burdened impact indicator—which was found to be
fossil fuels—showed that even fundamental environmen-
tal information such as the amount of consumed electrical
energy presents variations depending on the database in
which it is found. As was shown, it is the amount of elec-
trical energy that causes the largest percentage of environ-
mental burden, and as a result, it can be assumed that the
largest percentage of the divergence of impact assessment
results between the examined databases can be attributed to

the differences in electrical grid mixes documented in each
database.

The influence of system boundaries was also shown by
the calculation of impact assessment results based on a data-
set that includes a recycling rate, as opposed to the rest of
the selected datasets that do not include end-of-life scenar-
i0s. As expected, a significant difference between the cor-
responding calculated impacts was observed, the extent of
which highlights the importance of examining the charac-
teristics of LCI data thoroughly, before incorporating it into
an LCA study.

An issue concerning the collection of data was also raised.
Primary LCI data are provided by businesses that operate
within sectors, such as the steel industry, where market con-
ditions have and are constantly becoming even more com-
petitive. In order to consolidate their current market position
and also attempt to broaden their standing, these businesses
are now called to become competitive in terms of sustain-
ability of the services or products offered. Large-scale clients
and projects require materials and products with low envi-
ronmental impact, in line with the orientation of European
and global organizations toward legislation adaptation and
the promotion of more environmentally friendly policies. As
a result, it is advisable to thoroughly examine the data pro-
vided by any business whose turnover and subsequent net
profit are coming to depend on such data to a continuously
increasing degree. Alternatively, LCI data collected by inde-
pendent third-party organizations and according to widely
acknowledged guidelines [such as Product Category Rules
(PCRs) and Environmental Product Declarations (EPDs)]
would certainly provide a more dependable reference, cor-
responding to actual environmental impacts caused.

It was also highlighted that within the scope of LCI and
LCA studies, it is necessary to calculate impact assessment
results according to more than one assessment methodolo-
gies. Although the use of a methodology capable of provid-
ing results across a wide range of impact categories provides
a multilevel depiction of the environmental impact caused, it
should not be neglected that even this type of methodology
is based on specific assumptions regarding impact assess-
ment. In order to gain a wider, more complete and more
factual perspective, it is suggested that impact assessment
results be calculated with methods that focus on particular
aspects or categories of environmental impacts as well.
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INTRODUCTION

his issue of “Current Steel Structures Research” for the

Engineering Journal focuses on a selection of research
projects of one major American university. The descriptions
will not discuss all of the current projects at the school—
there are simply too many. But selected studies provide a
representative picture of the research work, and demonstrate
the importance of the school to the United States and indeed
to the efforts of industry and the profession worldwide.

The university and its many researchers and graduate stu-
dents are very well known in the world of steel construc-
tion: Virginia Polytechnic Institute and State University.
Commonly known today as Virginia Tech, over the years
the school has significantly expanded its graduate program
offerings. The size of the civil engineering faculty in gen-
eral—and especially the structural engineering group—has
become a critical part of one of the leading institutions in
the United States. The studies that are presented here reflect
elements of the projects as well as other long-time efforts of
a primary U.S. advanced academic institution. As has been
typical of American, European and worldwide engineering
research projects for years, many of the projects are multi-
year, and a number are also multipartner efforts. This calls
for very careful planning, cooperation and implementation
of needs and applications, including the education of gradu-
ate students and advanced researchers. The outcomes of
the projects focus on industry needs and implementation in
design standards.

The Virginia Tech researchers have been active for many
years, as evidenced by their leading roles in research and
development in the United States, but they have also been
frequent participants in the work of other countries and
regions. Large numbers of high-quality technical papers and
conference presentations have been published, contributing
to a collection of studies that continues to offer solutions to
complex problems for designers as well as fabricators and
erectors.

References are provided throughout the paper, whenever
such are available in the public domain. However, much

Reidar Bjorhovde, Dr.-Ing., Ph.D., P.E., Research Editor of the AISC Engineer-
ing Journal, Tucson, AZ. E-mail: rbj@bjorhovde.com

of the work is still in progress, and in some cases reports
or publications have not yet been prepared for public
dissemination.

SOME CURRENT RESEARCH WORK
AT VIRGINIA TECH

Virginia Tech has been active in steel structures research
for a number of years, and research as well as education and
professional service thrive at the university. With the growth
of the number of faculty members and students focused on
structural steel, the Via Department of Civil and Environ-
mental Engineering is recognized as one of the leading pro-
grams in the field. There are currently six faculty members
and one emeritus faculty member who are actively involved
in steel research, education, specification development and
outreach. Three of these are past recipients of the T.R. Hig-
gins Award, five serve on AISC task committees, and three
serve on the AISC Committee on Specifications.

Steel-related research and education were not always part
of the focus of the civil engineering program at Virginia
Tech. Prior to 1987, one faculty member in the department
was responsible for all structural steel instruction, and there
was no structural engineering laboratory. In 1987, Profes-
sors Thomas M. Murray and W. Samuel Easterling were
hired and charged with developing an experimental struc-
tural engineering program. This started with the design and
construction of a structural engineering laboratory. The ini-
tial 12,000-ft? laboratory opened in 1990. Since that time,
expansion of the facility has increased the size to more than
25,000 ft2. In 2009, the laboratory was named the Thomas
M. Murray Structural Engineering Laboratory, in recog-
nition of Professor Murray’s signal efforts to establish the
facility and the overall program.

The Structural Engineering and Materials group has
grown to a total of 11 faculty members, with seven profes-
sors focusing on steel research: Finley Charney, W. Samuel
Easterling, Matthew Eatherton, Roberto Leon, Cris Moen
and William Wright. Thomas Murray (emeritus) continues
to be active in several areas. Some of the ongoing research
is described in the following sections, in alphabetical order
of the faculty. The primary interest areas of the individual
professors are:

* Charney: Earthquake engineering; steel frame analysis
and behavior.

» Easterling: Steel-concrete composite floor systems.
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e Eatherton: Steel frame

engineering.

structures; earthquake

* Leon: Steel and composite structures; earthquake
engineering.

e Moen: Cold-formed steel structural

stability.

structures;

* Murray: Vibrations of steel-framed floors; steel
connections.

*  Wright: Fatigue and fracture of steel bridges.

Research support is provided by a number of organiza-
tions, both private and governmental, including the Ameri-
can Steel Construction Institute (AISC), the American Iron
and Steel Institute (AISI), the Federal Highway Administra-
tion (FHWA), the National Cooperative Highway Research
Program (NCHRP), the National Institute of Standards
and Technology (NIST), the National Science Foundation
(NSF), Nucor Corporation, the Metal Building Manufactur-
ers Association (MBMA), the Steel Deck Institute (SDI), the
Steel Structures Technology Center (SSTC) and Virginia
Tech.

Professor W. Samuel Easterling is the Department Head
of Civil Engineering at Virginia Tech. Over the years, he has
conducted a great many significant research projects in com-
posite construction, cold-formed structures and metal build-
ing systems. As the chief of a large academic department,
his time available for teaching and research has become
restricted over the past several years, but he continues to be
very active in various projects and is a prominent participant
in the research and development activities of AISC, AISI,
ASCE, MBMA and SDI.

Selected Projects of Professor Finley Charney

Improved Structural Systems for Performance Based Earth-
quake Engineering: Funded by NIST, this project aims to
develop new or improved existing systems that inherently
satisfy seismic performance requirements at multiple limit
states. Further, the computed performance of the new sys-
tems must be based on realistic models, including gravity
framing. To improve the reliability of the predicted behav-
ior, a variety of uncertainties in modeling and computational
procedures are included in the analysis. A preliminary
study that evaluated the performance of a hybrid energy-
dissipating device that performs like a viscoelastic damper
at low levels of deformation and transforms into a metallic
yielding device (a buckling restrained brace) at higher levels
of deformation provided the basis for the project (Marshall
and Charney, 2011).

Assessment of Gravity Framing Contributions to Sys-
tem Behavior: During the Northridge earthquake in 1994,
many steel structures exhibited failure of primary moment-
resisting connections, but the structures did not collapse
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because the gravity system framing acted as a backup par-
tially restrained frame system. Thus, to provide an accurate
assessment of the collapse performance of new systems
developed under the NIST project, it is essential that the
gravity system be included in the analysis. The first phase
of the study is complete, using special steel moment frame
archetypes that were analyzed as part of the ATC 76 project.
The gravity system was not included in the ATC 76 analysis.

In the current study, the original ATC 76 archetypes of
two-, four- and eight-story frames without consideration of
the gravity system have been reanalyzed. Additional analy-
sis was performed using a variety of assumptions related to
the flexural capacity of the gravity connections, the loca-
tion of gravity column splices and methodologies for includ-
ing yielding in the gravity columns. The beam-to-column
connections in the gravity system were modeled using the
recommendations of ASCE 41-06 (ASCE, 2007). The main
lateral load-resisting system was modeled as was done in
ATC 76.

A series of pushover curves for the four-story system with
elastic gravity columns and nonstaggered splices is shown in
Figure 1. The GS suffix in the legend (e.g., 35GS) indicates
the percent of the flexural capacity of the gravity beam that
was assumed to be developed at the connection. It is noted
that the gravity columns, acting alone (0GS), have a minor
influence on the frame response, as seen when compared to
the line curve below the OGS curve. The latter applies to the
structure modeled without the gravity system. It is expected
that the 35GS system is realistic in terms of the types of
practical gravity systems, and for this system, the pushover
behavior is considerably improved. The project has also
provided analyses of probabilities of collapse for various
ground motions, taking into account connection strengths,
column modeling and column splice modeling.

Development of Collapse-Prevention Systems:_In the cen-
tral and eastern United States, the level of ground shaking
for serviceability events (50% probability of being exceeded
in 50 years) is very low compared with the expected shak-
ing for the more rare maximum considered event (2% in
50 years). In contrast, ground shaking for serviceability
on the West Coast is very significant. In Charleston, South
Carolina, for example, the serviceability shaking is negli-
gible and damage is highly unlikely. This is compared with
some locations in California, where the serviceability event
can produce ground motions as high as 30% of the design
level event, resulting in significant damage to nonstructural
components and to inelastic deformation in the main lateral
load-resisting system.

The preceding observation has led to the concept of devel-
oping “collapse prevention” systems in the central and east-
ern United States, for which the only design limit state to
be considered is collapse. The design of the main structure
is for gravity plus wind only, and seismic collapse safety is



provided by auxiliary systems that are benign under low-
level shaking but engage and prevent collapse under the
extremely rare design events.

Several schemes for collapse prevention in steel structures
are being examined, including slack cables and slack link-
ages. These systems would engage only after a set interstory
drift is attained. The cable or linkage becoming taught,
plus the residual strength of the main lateral load resisting
system, provide ultimate resistance of the system. Prelimi-
nary results from this research are shown in Figure 2, where
response history traces are shown of the roof drift of a four-
story steel moment frame with and without a slack link-
age collapse prevention system. The linkage is designed to
engage at 2% interstory drift. The result is a stable response,
although there is significant residual deformation after the
event, but this is more desirable than the collapse that occurs
without the linkage. Traditional design of the structure
would require significant increases in strength and stiffness,
which leads to larger seismic forces and larger structural
components—hence, additional cost.

Hybrid Frame Systems: Funded by AISC, this proj-
ect expands on previous efforts to develop a new, hybrid
moment-resisting steel frame (Charney and Atlayan, 2011).
The goal of the study is to develop an improved type of
seismic lateral force-resisting system that will perform bet-
ter than traditional systems under various ground motion
intensities. The key concept is to provide early yielding in
some elements of the structure and to delay it in the other
elements, as illustrated in Figure 3. The energy dissipation
due to early yielding provides vibration control and reduces

the likelihood of resonant buildup. The delayed yielding
increases post-yield stiffness, which reduces the residual
deformations and reduces the likelihood of dynamic insta-
bility under high ground motion intensities.

Hybrid behavior can be achieved using various strategies,
including mixed materials and mixed systems. In a hybrid
material strategy, the hybrid behavior shown in Figure 3 can
be achieved through the combination of a low yield point
(LYP) steel, which may have a yield strength of 14.5 ksi, and
high performance steel (HPS), which has a yield strength of
70 to 100 ksi. The hybrid multicore buckling restrained brace
(BRB) shown in Figure 4 is an example of the mixed mate-
rial strategy. Similarly, LYP steel can be used in moment
frame connections where early yielding is desired, and high-
strength reinforcement can be added to other connections in
the moment frame to delay yielding (Atlayan and Charney,
2012a, 2012b). An example of the mixed-system strategy is
the hybrid moment frame where three different types of con-
nections (e.g. special moment frame, intermediate moment
frame and ordinary moment frame) can be combined in a
single hybrid moment frame (Charney and Atlayan, 2011).
In this system, the special connections are designed to yield
first, followed by the intermediate connections and then the
ordinary connections.

The hybrid BRB part of the research work has been com-
pleted. The performance generally improves with the level
of hybridity. It has also been found that the improvement in
response at lower-level ground motions is somewhat higher
than for higher-level motions, which enhances the service-
ability behavior of the system. This is the main benefit of
allowing minor yielding at lower-level ground motions.
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Fig. 1. Pushover curves for four-story frame with various gravity connection capacities (figure courtesy of Professor Finley Charney).
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Selected Projects of Professor Matthew Eatherton

Effect of Defects on the Seismic Behavior of Steel Moment
Connections: Steel moment frames in seismic regions
depend on large inelastic strains in the beam-to-column
connections to dissipate seismic energy. For that reason, the
ends of the beams in a moment frame are defined as pro-
tected zones, and many types of attachments are prohibited.
Examples of unauthorized attachments in the protected zone
are commonplace. However, there are almost no data avail-
able on how moment frames that have fasteners, defects or
repaired defects in the connection region will behave dur-
ing an earthquake. Physical testing is critical to determine
whether connections with these types of conditions will pro-
vide adequate seismic performance.

Such a testing program is currently under way at Vir-
ginia Tech. Twelve full-scale connection tests are being per-
formed on W24x62 and W36x150 beams with and without
reduced beam sections (RBS). Figure 5 shows a specimen
with a powder-actuated fastener that has sustained signifi-
cant inelastic deformations without fracture. To further eval-
uate the low cycle fatigue fracture potential of these types of
connections, a large coupon test program will be conducted
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in coming year. The testing will include control specimens
with no defects, powder-actuated fasteners, self-drilling
screws, tack welds and specimens repaired using welding
or grinding.

Super-High-Tension Bolts: Super-high-tension bolts were
developed in Japan and are currently being used in construc-
tion in that country. The specified minimum tensile strength
is 200 ksi, as compared to 150 ksi for ASTM A490 bolts
(and the European grade 10.9). There is a desire to make
super-high-tension bolts available for use in the United
States to facilitate more compact connections using fewer
bolts. However, to use super-high-tension bolts in the United
States, it is necessary to develop installation procedures
that are similar to current U.S. practice, as described in the
Research Council on Structural Connections (RCSC) speci-
fications. Japanese bolt installation procedures are generally
more restrictive than U.S. procedures in that the torque at
the snug-tight condition and the subsequent angle of nut turn
are controlled even for twist-off type bolts.

The current project aims to develop suitable installation
procedures for twist-off super-high-tension bolts. More than
300 pretension tests are being conducted, using various bolt

Traditional System
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Fig. 2. Computed responses of traditional and collapse-prevention system
(figure courtesy of Professor Finley Charney).
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diameters, bolt lengths, temperature, number of threads in
the grip, variations in lubrication from as-received to rusted
or relubricated, and bolt hole geometry. The pretension tests
use an instrumented Skidmore-Wilhelm machine to record
bolt tension during the installation, including for the snug-
tight condition, twist-off of the spline and, in some cases,
tightening past yield with a hydraulic wrench. The nut angle
of turn is also recorded at key times during each test. It is
anticipated that recommendations will be made for appro-
priate installation procedures.

Force —
Delayed yielding

in other elements

s Current
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Early yielding
in some elements
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Fig. 3. Effect of hybrid detailing on pushover response
(figure courtesy of Professor Finley Charney).

Ring-Shaped Steel Plate Shear Walls: The ring-shaped steel
plate shear wall (RS-SPSW) builds on the advantages of
conventional, solid steel plate shear walls but improves seis-
mic performance, reduces demands on boundary elements
and allows simple shear beam-to-column connections. The
wall consists of an SPSW in which the web plate is cut with
a pattern of holes, leaving ring-shaped portions of steel
connected by diagonal links. The ring shape resists out-of-
plane buckling through the mechanics of how a circular ring
deforms into an ellipse. Tests and finite element analyses

LYP steel .
- Encasing
P mortar
HPS
plate

Steel
tube

Unbonding
material

Fig. 4. Hybrid buckling restrained brace
(figure courtesy of Professor Finley Charney).

Fig. 5. Deformed protected zone with intermittent powder-actuated fasteners in the flange
(photograph courtesy of Professor Matthew Eatherton).
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have shown that the compression diagonal of the ring will
shorten a similar amount as the tension diagonal elongates.
Essentially, the slack is removed in the direction perpen-
dicular to the tension field, thus resisting the tendency for
the plate to buckle. Because of the unique features of the
ring’s mode of distortion, the load-deformation response of
the resulting RS-SPSW system can exhibit full hysteretic
behavior. Improved energy dissipation and stiffness make
the moment connections that are required for conventional
steel plate shear walls unnecessary. Furthermore, through
the introduction of more design variables associated with
the geometry of the rings, it is possible to tune the strength,
stiffness and ductility of the RS-SPSW system.

Parametric finite element modeling has been performed
to identify key variables and quantify their effect on system
behavioral characteristics (Maurya, 2012). Tests on panels
that are approximately 40 in. by 40 in. (see Figure 6) have
validated the RS-SPSW concept, and full-scale panel tests
are planned for next year. Further computational studies
will be conducted to examine the behavior of the RS-SPSW
buildings and determine appropriate design procedures.

Self-Centering Beams for Resilient Earthquake Resistance:
A self-contained self-centering beam (SC-beam) has been

developed that provides self-centering seismic behavior with
enhanced constructability (Darling, 2012). The SC-beam
consists of either a beam or a truss with concentric tubes
for the bottom chord. The tubes of the bottom chord are
precompressed with post-tensioning strands and connected
to the top chord and columns to produce restoring forces
regardless of whether the SC-beam is racked to the right
or left.

Preliminary analyses show that the system offers several
advantages as compared with other self-centering systems.
Thus, the SC-beam can be shop fabricated and erected with
conventional field techniques. Post-tensioning in the field
and fit-up of bearing surfaces is not needed. Preliminary
designs required approximately the same amount of steel
as the comparison special moment-resisting frame. There
will likely be a cost premium because of fabrication needs
(Darling and Eatherton, 2012). Finally, the strength, stiff-
ness and ductility can be independently tuned. Frame layout
in a floor plan is not constrained by special detailing, as is
currently required for SC moment frames that experience
floor expansion.

Seismic Moment Connections for Deep Beams with Slender
Webs: Typical built-up sections for pre-engineered metal

Fig. 6. RS-SPSW test specimen subjected to large drift angle with negligible buckling
(photo courtesy of Professor Matthew Eatherton).
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buildings have thinner webs than what is used for wide-
flange shapes. The web slenderness for deep built-up mem-
bers can be considerably larger than the limits for highly
ductile members or moderately ductile members, as speci-
fied in the AISC Seismic Provisions (AISC, 2010). However,
previous tests suggest that with proper detailing, these mem-
bers may be able to develop adequate cyclic performance
(Ryan, 1999).

Research is now being conducted on connections for deep
built-up members with slender webs to improve their seis-
mic performance. Several configurations have been evalu-
ated, using finite element analysis and full-scale tests of
48-in. built-up sections. Figure 7 illustrates the behavior of
an unstiffened slender-web beam, undergoing buckling of
web and flanges. The web provides little rotational restraint
to the flanges, which therefore buckle when subjected to
relatively small story drift. Possible schemes for stiffening
the web have been identified; these will be further studied
for practical implementation.

Selected Projects of Professor Roberto Leon

For many years a professor at Georgia Tech in Atlanta,
Georgia, Dr. Leon recently joined the faculty at Virginia
Tech, where he is continuing his research in the areas of
steel and composite structures with emphasis on seismic
design. He recently completed a large experimental program
on the behavior of concrete-filled tube (CFT) composite
columns. The project included testing the longest and most
slender specimens ever tested under different combinations
of axial and biaxial flexural loads, and included the use of
high-strength concrete (f > 12 ksi). Columns with equiva-
lent length to diameter (kL/d) ratios of > 100 were tested.
The results are being used to validate and improve current
AISC composite column design provisions. The experi-
ments also shed light on the influence of wet concrete forces
on the tubes, local buckling and plastic hinge length

Dr. Leon is continuing work on composite systems in the
area of seismic performance system factors and through
studies on connections to composite columns. The con-
nections study emphasizes the development of innovative
through-bolted connections to rectangular columns that
utilize combinations of shape memory alloy (SMA) rods
for recentering and conventional steel rods for energy dis-
sipation. Further, detailed analytical models, physical tests
and design provisions for connections to composite col-
umns utilizing through, internal or external diaphragms are
examined. This second type of connection is very common
in Asia but not in the United States due to the perceived
complexity of fabrication. This project aims at developing
economic connections to CFT columns for use in low-rise
construction (fewer than 10 stories) in North America.

Additional work focuses on the development of a robust
brace in which (1) the need for energy dissipation does

not lead to residual deformations and (2) the reuse of the
recentering components and easy replacement of the
energy dissipating components damaged in an event are
easily achievable. This device uses conventional buckling-
restrained struts to dissipate energy and superelastic shape
memory alloy (SMA) wires to recenter the structure (see
Figure 8). These hybrid braces could reduce permanent drift
considerably. They are assembled from easily replaceable
damageable elements.

Dr. Leon continues to examine the validity of the equa-
tions that are used to predict the deflection of composite
beams, the influence of long-term effects (creep and shrink-
age) on composite columns performance, the applicabil-
ity for design of plastic section analysis to unsymmetrical
composite sections and the effects of composite diaphragm
action on 3D building analysis. The study on floor dia-
phragms includes determination of appropriate values of
stiffness and strength to be used in analysis, the effects of
openings in the floor slab and any preexisting slab cracking,
as well as the modeling of connections to chord and col-
lectors and interactions between in-plane and out-of-plane
forces at the local level.

Selected Projects of Professor Cristopher Moen

Steel Beam Deflections and Stresses during Lifting: The
behavior of steel beams during lifting is often challenging
for engineers and contractors, and a new analysis approach
is now available (Plaut, Moen and Cojocaru, 2012). The
equation-based approach assumes that the beams are hori-
zontally curved, doubly symmetric, prismatic and linearly
elastic and are suspended at two symmetric locations. The
two cables lifting the beams may be vertical or inclined
symmetrically. Weak-axis and strong-axis deflections, roll
angle and cross-sectional twist, internal forces, bending and
twisting moments, and longitudinal stresses can be calcu-
lated using the newly derived analytical solutions (Plaut and
Moen, 2012) implemented as a freely available spreadsheet
at www.moen.cee.vt.edu/. Lifting locations along a steel
beam that minimize displacements and stresses can also be
identified.

Capacity Prediction of Open-Web Steel Joists Partially
Braced by a Standing Seam Roof: A new strength predic-
tion approach has been developed for open web steel joists
partially braced by a standing seam roof (Moen, Cronin
and Fehr, 2012). The approach uses the AISC column curve
to calculate the top chord flexural buckling capacity and
to determine the elastic buckling load, including standing
seam roof bracing stiffness. Recently derived buckling load
equations are presented that account for the lateral stiffness
provided by the roof and the parabolically varying axial
load from a uniform vertical pressure along the span. A new
hybrid experimental-computational protocol is introduced
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for approximating standing seam roof lateral stiffness for
systems without and with intermediate bridging. Figure 9
illustrates the roof system with trusses and the standing
seam roof.

Limit State Design of Metal Building Wall and Roof Sys-
tems: A multiyear project aims at developing and validat-
ing an equation-based strength prediction framework for
simple- and continuous-span metal building wall and roof
systems subjected to gravity loads or wind uplift. The intent
is to provide a procedure that can be used in lieu of the cur-
rent empirical test-based approaches. The limit state checks
include girt or purlin flexural capacity, panel capacity and
panel connection strength. The connection strength is an
addition to the current method. The connection limit state

was incorporated on the basis of suction load tests with wall
girt rotation and fastener failures (Fisher, 1996; Gao and
Moen, 2012, 2013).

The limit state design procedure is based on the AISI
direct strength method (AISI, 2012). In the past, the restraints
of the system could only be determined by tests, but now
hand solutions are available for through-fastened metal pan-
els (Gao and Moen, 2012). Significant advances have been
made in this very complex area, and work is continuing to
extend the procedures to continuous girt and purlin spans,
subjected to uplift and suction, and to derive screw demand
equations for the connection strength check.

Strength Prediction of Steel Columns and Beams with Holes:
The extension of the direct strength method to columns and

Fig. 7. Full-scale test of 48-in. slender web beam with end-plate moment connection
(photograph courtesy of Professor Matthew Eatherton).
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beams with holes was recently approved for inclusion in
the Specification for Cold-Formed Steel Structural Mem-
bers (AISI, 2012). The method is based on simplified elastic
buckling solutions—including local, distortional and global
buckling—and takes into account discrete holes of any size,
shape and spacing (Moen and Schafer, 2009, 2010). The
simplified elastic buckling prediction methods were derived
for cold-formed steel members, but they are also applicable
to hot-rolled steel members. Finally, the method has been
modified to address the strength and behavior of columns
with periodic perforations, of the type found in the columns
of rack structures (Smith and Moen, 2013).

Selected Projects of Professor William Wright

Highway Bridge Fire Hazard Assessment: Fires involving
highway bridge structures are relatively rare, but the con-
sequences can be significant when they occur. In extreme
cases, the fire can result in a bridge collapse, but the typi-
cal case involves some degree of serviceability impairment.
When fires do occur, there is an immediate need to assess
the safety of the structure and its potential re-opening. Lon-
ger-term decisions also have to be made concerning subtle
damage that can reduce the service life of the structure.
The goal of the project is to develop a guide for fire dam-
age evaluation specific to bridge structures. As a starting
point, the research team developed a database that details
bridge fires that were found through a thorough literature
search and through communications with state departments
of transportation (DOTS).

Section A-A

A survey of the available fire data in the United States
shows that most fires involving bridges do not cause dam-
age. For typical steel and concrete bridges, the bridge itself is
not a combustible fuel source. The predominant cause of fire
exposure is burning vehicles on or underneath the structure.
Wildfires, stored combustible materials, utility pipelines
and construction operations have also been documented.
Focusing on vehicle fires, the data show that most are minor
events that do not cause significant damage to bridges. There
have been three reported cases of complete bridge collapse
due to fire, all involving ignition of fuel-carrying vehicles at
a critical location underneath the bridge. Approximately 25
cases have been found where the bridges were either totally
or partially incapacitated for carrying traffic. That compares
to approximately 500 events per year involving collisions on
bridges involving fire.

/e" —
K (-_,'] ‘

Fig. 8. Behavior and schematic view of a robust brace (figure
courtesy of Professor Roberto Leon).

Fig. 9. Structural system with trusses and standing seam roof (figure courtesy of Professor Cristopher Moen).
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One goal of this study is to understand the specific situ-
ations that cause damage. This is being accomplished by
performing a series of finite element fire simulations involv-
ing a typical grade separation structure. The variables being
investigated include vehicle fire intensity, fire position and
vertical clearance over the fire source. A fire case study
involving a grade separation structure on I-65 in Birming-
ham, Alabama, was selected as the basis for developing the
simulation methodology. A collision involving a fuel truck
caused a severe fire close to one of the bridge piers. Fig-
ure 10 shows the charred pavement and indicates the fire
location and the resulting deflection of the superstructure.

A methodology for simulating fire events on bridge struc-
tures has been developed. The fire dynamics simulation
(FDS) software developed by NIST was utilized to generate
the heat flux applied to the bridge. Fires can be generated
with different footprints and fuel content to simulate the
range of vehicles that may be involved in fires. The bridge
geometry with cavities between the girders underneath the
bridge creates a boundary condition that greatly affects the
longitudinal and transverse flame spread under the struc-
ture. The heat fluxes generated in FDS are then applied
to a finite element thermal analysis model developed in
ABAQUS. The model generates a temperature—time history
for all elements in the bridge. The final step applies these
temperatures to a structural analysis model to determine the
time-dependent structural response of the bridge. Because

steel properties change at increasing temperatures, the non-
linear material model accounts for the changes in the stress-
strain curve at elevated temperatures. Steel creep also has a
significant effect on the response, depending on temperature
and fire event duration.

The modeling methodology has been calibrated against
several significant structural system tests that have been
performed on building floor structures. The next step was to
model the fire event shown in Figure 10, and it was possible
to predict the actual deflections. A parametric study was
then conducted to understand the effect of fire size (vehicle
and contents type), fire location and clearance under the
bridge.

Fracture Critical System Analysis: Current design and
inspection practices for highway bridges require nonredun-
dant tension members to be classified as fracture critical
(FC). Fracture critical members are defined as those whose
failure may reasonably be expected to cause collapse. Once
designated, FC members must be fabricated from materi-
als with a higher Charpy V-Notch (CVN), including higher
standards for welding and weld inspection. FC members
must also be subjected to higher levels of in-service inspec-
tion as mandated by the National Bridge Inspection Stan-
dards. This requires a bi-annual, hands-on inspection of
every fracture critical member that is more rigorous than the
general inspection protocol for all bridges. The intent of the

Fig. 10. Fuel tanker fire below an overpass on I-65 in Birmingham, Alabama (photograph courtesy of Professor William Wright).
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FC designation is to reduce the probability of defects that
can lead to fatigue cracks and to provide a higher probability
of detecting fatigue cracks before they grow to critical size
for fracture.

History has shown that fabrication quality is beneficial to
reduce fatigue vulnerability of structures. However, much
of the effort expended to perform fracture critical in-service
inspections has had questionable success in preventing frac-
ture. The cost of hands-on FC inspection is significant and
should only be utilized when there is a clear benefit to bridge
safety. Therefore, this project is developing guidelines for
using refined analysis to take advantage of 3D system capac-
ity in determining which members may cause collapse.

The inspection adds significant maintenance costs to
structures with FC members. The current approach of clas-
sifying bridge members as fracture critical is largely based
on simple analysis assumptions such as girder-line analy-
sis and 2D pin-connected truss models. These methods are
very conservative because they ignore the 3D system perfor-
mance of the structure.

Research is under way to understand the system strength
of damaged structures. Fracture events create a sharp dis-
continuity in members that significantly alters the load path
assumed by the bridge designers. However, observation of
girder-type bridges that experience fracture of one girder
indicates that significant alternate load paths exist. There
has never been a system collapse of a girder-type bridge due
to fracture, even when one girder in a two-girder system is
completely fractured. The structures typically do not expe-
rience large deflections in the damaged condition, demon-
strating that alternate load paths exist.

The study is developing highly detailed finite element
simulations of several bridges that have experienced brittle
fracture of a main load-carrying member. As a prime exam-
ple, the Hoan Bridge on 1-794 in Milwaukee, Wisconsin,
shown in Figure 11, experienced brittle fracture in two of the
three girders that support the end span of a continuous plate
girder structure. The bridge did not collapse, despite the
approximate 4-ft vertical deflection above the fracture loca-
tion. This is a very severe test of system capacity because
the fractures occurred in an end span and the girders were
noncomposite with the concrete deck. Simplified analysis
approaches indicate that collapse would have been expected
with this level of damage, yet the system strength was suffi-
cient to prevent collapse. Using the documented condition of
the Hoan Bridge as a verification benchmark, this study has
developed a highly detailed, nonlinear model of the dam-
aged structure, as shown in Figure 12.

As a first step, the model is being used to understand the
load paths that prevented collapse of the bridge. Loss of two
main load-carrying members caused shedding of loads to
the concrete deck, floor beams and other secondary mem-
bers that were never considered to be part of the load path of

the structure. The capacity of the secondary members and
their connections must be determined to validate the system
capacity. A major goal of the project is to establish proce-
dures to validate system-modeling results to ensure that any
members carrying load in the model have the integrity to
actually carry loads in the structure.

Design and Fabrication Standards to Eliminate Fracture
Critical Concerns for Steel Members Traditionally Clas-
sified as Fracture Critical: This project is a research col-
laboration between Purdue University (Professor Robert
Connor) and Virginia Tech (Professor Wright). The aim is
to develop improved requirements for steel toughness that
provide a quantifiable measure of fracture resistance. Brittle
fracture became a major concern following the collapse of
the Silver Bridge in Point Pleasant, West Virginia. There
have been dozens of cases where structures are seriously
damaged following brittle fracture of a main load-carrying
member. A review of these cases reveals that there are three
general causes of brittle fracture:

» Fatigue cracks grow to a critical size that allows brittle
fracture to initiate under live load.

* High constraint details or local brittle zones allow
brittle fracture to initiate under live load without any
preexisting fatigue.

* Vehicle impact events cause a dynamic shock load to
steel members.

Of the three, only the fatigue cracks are addressed by the
American Association of State Highway and Transportation
Officials (AASHTO) Fracture Control Plan (FCP) that was
developed in 1978. The FCP places a strong emphasis on
preventing fatigue cracks through fabrication quality control
and in-service inspection. CVN toughness requirements are
established for bridge steels that help prevent brittle fracture
initiation from small fatigue cracks. The intent of the FCP
is to either prevent fatigue cracks or to detect them through
inspection before they reach critical size. Large fatigue
cracks, constraint conditions and impact events can still
cause brittle fracture initiation for structures meeting the
requirements of the FCP. In addition, the toughness require-
ments in the FCP do not provide any appreciable crack arrest
capability once fracture initiates. Therefore, when brittle
fracture is initiated, it typically does not arrest in members
or portions of members under tension.

The use of high-performance steel (HPS) grades in the
ASTM A709 Specification for Bridge Steels is a major
advance for fracture control. These grades can be produced
with CVN values that far exceed those provided by conven-
tional structural steels. The property enhancement leads to
a much higher level of fracture initiation resistance from
fatigue cracks and constraint details under live loads. More
importantly, it also offers a significant capacity for crack
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arrest that can limit the propagation of damage if fracture
does initiate. Given the volume and scale of steel bridge fab-
rication, it is unlikely that 100% quality control and 100%
inspection reliability can be achieved. Crack arrest resis-
tance provides a significant approach to limit damage in
the rare cases where a critical defect is not found. Once the

fracture propagates from the local defect initiation site, it
runs into tougher material and arrests. This prevents sudden
total member loss that has been the main concern from the
fracture limit state.

The work at Virginia Tech focuses on a series of small
specimen fracture tests to establish the fracture initiation

-

Fig. 11. Two of three girders with full-depth fractures in the Hoan Bridge in Milwaukee, Wisconsin
(photograph courtesy of Professor William Wright).

Fig. 12. Nonlinear finite element model to study the system capacity of the Hoan Bridge (figure courtesy of Professor William Wright).
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resistance and crack arrest resistance of HPS and conven-
tional bridge steels. While the CVN test is used for quality
control in steel production, the test results cannot be directly
used to predict fracture resistance. A more elaborate ver-
sion of this test using precracked CVN specimens is being
used to better quantify fracture resistance. This allows the
establishment of a master curve for fracture resistance as a
function of material temperature. Once the performance is
established, correlations are developed to set material test-
ing requirements based on the conventional CVN testing
procedures.

In coordination with the work at Virginia Tech, the
researchers at Purdue University will perform a series of
full-scale fracture tests of bridge members. This will ensure
that the small specimen test results translate into realistic
performance criteria of actual bridge members. The final
product will be a new supplemental material toughness
specification (FC-Plus) that provides enhanced fracture ini-
tiation resistance and crack arrest resistance. The intent is
that these criteria can be specified by designers for certain
low-redundancy members in order to improve system reli-
ability. This may eliminate the need for special FC inspec-
tion for bridge types such as two-girder systems.
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