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Message from the Editor

A privilege of being the editor of Engineering Journal is that I get to work with the best
and brightest of the structural steel industry, such as Reidar Bjorhovde, Dr.-Ing., Ph.D.,
P.E., Research Editor of Engineering Journal. His “Current Steel Structures Research”
column has been a feature of our journal for eight years now. However, starting in 2013
his column—a quarterly snapshot of steel research around the globe—will appear semi-
annually, rather than quarterly.

Dr. Bjorhovde will continue to travel around the world (no exaggeration) to participate
in a wide variety of industry events. If you haven't already done so, check out his 2011
interview with AISC's Margaret Matthew (Podcast No. 11 at www.aisc.org/podcasts) for
highlights from past travels. We are pleased that Dr. Bjorhovde can continue his efforts
for us. Watch for his next columns in the second and fourth quarter issues in 2013.

I would also like to thank our reviewers for their contributions to the success of our jour-
nal. A list of our 2012 reviewers is posted on our web site at www.aisc.org/e;j.

Sincerely,

(N

Keith A. Grubb, PE., S.E.
Editor
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Axial Capacities of Eccentrically Loaded
Equal-Leg Single Angles: Comparisons
of Various Design Methods

YUWEN LI

ABSTRACT

For most structural engineers, the design of an eccentrically loaded single angle without lateral restraint along its length was considered to
be a formidable task prior to the publication of the 2005 AISC Specification for Structural Steel Buildings. According to Section E5 of the
2005 Specification, the effects of eccentricity on single-angle members are permitted to be neglected by using the effective slenderness ratio
as specified, provided that members are loaded at the ends in compression through the same leg; members are attached by welding or by
a minimum of two-bolt connections; there are no intermediate transverse loads; the leg length ratio is less than 1.7, if angles are connected
through the shorter leg; and the modified KL/r is less than or equal to 200.

Table 4-12 of the 13th edition AISC Steel Construction Manual provided the available strengths in axial compression of eccentrically loaded
single angles, with the assumption that the compressive force is applied at the geometric y-y axis at a distance of 0.75t from the back of the
connected leg, where t is the angle thickness. Table 4-12 has been revised in the 14th edition AISC Steel Construction Manual. The new table
corrects some numerical errors in the calculations and moves the compressive force to the midpoint of the connected leg. The values of the
axial compressive design strength in Table 4-12 are developed on the basis of bending about the principal axes w-w and z-z.

Keywords: eccentrically loaded single angles, design tables.

INTRODUCTION stand-alone Specification for Allowable Stress Design of
Single-Angle Members was first introduced by the 9th edi-
tion AISC Steel Construction Manual, ASD (AISC, 1989).
In 1993, AISC introduced the first stand-alone Specifica-
tion for Load and Resistance Factor Design of Single-Angle
Members (AISC, 1993), and this specification was includ-
ed in the 2nd edition AISC Manual of Steel Construction,
LRFD (AISC, 1994). The same specification was updated
in 2000 and was included in the 3rd edition of the AISC
Manual of Steel Construction, LRFD (AISC, 2001). Single-
angle design was finally incorporated into the 2005 AISC
Specification for Structural Steel Buildings (AISC, 2005a)
with additional improvements. For instance, the slender-
ness ratio of eccentrically loaded single-angle members was
modified to make use of the formulas applicable to concen-
trically loaded members.

Design tables for equal-leg single angles in compression
based on the 1989 ASD Specification were developed by
Walker (1991). Tables for the design strength of concentri-
cally loaded single-angle struts based on the 1986 LRFD
Specification were presented by Zureick (1993). Tables for
the design strength of eccentrically loaded single angle
struts based on the 1993 LRFD Specification were prepared
by Sakla (2001). The 13th edition AISC Manual (AISC,
YuWen Li, P.E., Principal Structural Engineer, Gannett Fleming, Inc., Audubon, 2005b) provided a table of available Strengths for eccentri-
PA. E-mail: yli@gfnet.com cally loaded single angles in axial compression (Table 4-12),
with an assumption that the compressive force is applied at

Single angles are commonly used as secondary brac-
ing members for bridges and other structures, as web
members for small or medium-sized truss structures, and in
latticed structures, such as transmission towers. In structural
analysis, single-angle members are always treated as “truss
members” that can take only axial loads, either in tension
or in compression. However, because single angles are con-
nected to gusset plates through one leg using welding or
bolting, the members are subjected to both axial and flex-
ural demands resulting from the eccentric connection. Al-
though the single angle is the most basic shape of hot-rolled
steel sections, its behavior under eccentric force is complex
and difficult to predict due to the fact that its geometric axes
do not align with its principal axes. Therefore, the design
method for predicting the axial strength of single angles
evolves with the better understanding of its behavior, and it
is evident in specification revisions over the years.

A design example of eccentrically loaded equal-leg single
angles was presented in the lst edition AISC Manual of
Steel Construction, LRFD (AISC, 1986). However, there
was not a specification specifically for single angles. The
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the geometric y-y axis at a distance of 0.75¢ from the back of
the connected leg. Table 4-12 has been completely updated
in the 14th edition Manual (AISC, 2011) with the introduc-
tion point of the compressive force moved to the mid-point
of the connected leg, b/2.

DESIGN CONSIDERATIONS OF SINGLE
ANGLES IN COMPRESSION

Slenderness Ratio Requirement

The slenderness ratio KL/r requirement differs among the
design codes. For members designed on the basis of com-
pression, the user note in Section E2 of the 2010 AISC
Specification indicates that the slenderness ratio prefer-
ably should satisfy KL/r < 200. However, the KL/r ratio
requirement is more stringent for steel bridges: the slender-
ness ratio should satisfy KL/r < 120 for main members and
KL/r < 140 for bracing members according to Section 6.9.3
of AASHTO (2004). It should be noted that bracing for
curved girder bridges are considered main members.

Effective Length Factor

The effective length factor K = 1.0 should be used to de-
termine the unbraced length of single angles in compres-
sion based on Chapter C of the 2010 AISC Specification.
The effective length factor K = 0.75 for bolted or welded end

connections at both ends has been used by AASHTO (2004).
However, a change was made in AASHTO (2007) to use K =
1.0 for single angles, regardless of end connection types.

Minimum Size of Single Angles

The minimum size of angles is not stipulated AISC specifi-
cations. Although AASHTO does not specifically limit the
minimum angle size, it does limit the minimum thickness of
most structural steels to ¥ie in., including angles. However,
the designer should check with owners about the require-
ments for the minimum sizes of single angles that they may
have. For example, MassDOT requires a minimum size of
L3x3x%, PennDOT and NJDOT require L3V2x3V2x% as a
minimum, and VDOT requires L5x3x% as a minimum.

Connection to Gusset Plate

Single-angle members are attached to the gusset plate by
either welding or bolting. Connection type and details af-
fect how the axial load is transferred through the connection
from the gusset plate to the angle members. For welded con-
nections where fillet welds are placed on two sides of the
connected leg, conventional wisdom says to place the welds
in such a way that the center of gravity of weld resistance
coincides with the centroid of the member (Figure la vs.
Figure 1b) in order to minimize the torsion induced in the

Fillet Weld o Fillet Weld
ﬂ 3 o /
1 NA. ) ———————— - N.A.
N P i =P
o
[aV]
L2 3 Sl
(a) (b)
Fig. 1. Welded connection.
a
A307 Bolt 3 HS Bolt
[}
| N.A. | N.A.
—&e- T
o P | [ P i |
%D o
v g
o)
(a) (b)

Fig. 2. Bolted connection.
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connection. It is suggested that this is even more desirable
when the member is subjected to repeated or reversed stress.

For bolted connections, a minimum of two bolts are re-
quired per connection per AISC and AASHTO. Bolt holes
often follow the gage line of the angle. If ASTM A307 bolts
are used (Figure 2), the axial force is applied to the angle
members through the bolt line. The axial force can be con-
sidered applied through the mid-point of the bolted leg if
high-strength bolted connections are designed as slip critical
joints and the friction between the connected leg and gusset
plate is uniformly distributed.

Placement of welds and bolts is stipulated in Chapter J
of the 2010 AISC Specification and has evolved over the
years. The provision of arranging the center of gravity of the
welds or bolts group to coincide with the center of gravity
of the member is not applicable to statically loaded single
angles according to the 1989 AISC ASD Specification, the
1986, 1998 and 2001 AISC LRFD Specifications, and the
2005 AISC Specification. The wording “statically loaded”
is eliminated from Section J1.7 of the 2010 AISC Specifi-
cation. However, the requirement for balancing the welds
about the neutral axis of the angle is still warranted when the
members are subjected to cyclic loading. Therefore, one can
assume that the static axial load is applied at the mid-point
of the connected leg, as it generates larger axial compres-
sive design strength (Example 3), and the cyclic axial load
is applied at neutral axis because it generates smaller and
conservative axial compressive design strength (Example 4).

Eccentricity

As previously discussed, an end connection through one leg
creates the eccentricity for the applied axial load that in-
duces the end moment and, therefore, affects the load car-
rying capacity of either the connection or the member, or
both. The effect of connection eccentricity is a function of
connection and member stiffness, the proper eccentricity
should be assumed when computing the axial capacity of
single angles. Blodgett (1966) concluded that if the gusset
plate is very flexible and offers no restraining action at the
end of the member, the moment due to connection eccentric-
ity must be resisted by the member, not by the connection.

On the other hand, if the gusset plate is rigid enough so that
there is no end rotation of the member, the moment due to
connection eccentricity must be resisted by the connection,
not by the member. The same concept is now presented in
Figure C-D3.3 of the 2010 AISC Specification Commentary.

The actual eccentricity in the angle is less than the dis-
tance from the gusset centerline if there is any restraint from
the gusset (Lutz, 2006). Woolcock and Kitipornchai (1986)
recommended reduction of the eccentricity to y — #/2, where
t is the angle thickness. Because the eccentricity will af-
fect the capacity of the single angle, if a larger capacity is
required, the connection should be evaluated to see if the
eccentricity can be minimized. Three scenarios of end con-
nections are summarized as follows:

e Figure 3a. When the end connection is flexible relative
to the single-angle member, the eccentricity in the angle
can be assumed as e =y or e =y + £1/2, with the latter be-
ing more conservative, and used to generate Table 4-12
in the 13th and 14th editions of the AISC Manual.

e Figure 3b. When the end connection is rigid relative to
the single-angle member, the eccentricity in the angle
can be assumed as e =y or e =y — /2, with the former
being more conservative.

e Figure 3c. When the end connection is similar to that
shown, eccentricity in the angle can be assumed as e =
y — t1/2, which is measured from the mid-thickness of
gusset plate to the neutral axis of the angle.

DESIGN EXAMPLES

Four methods are presented here to illustrate the design pro-
cedures involved with the eccentrically loaded single angle.
Equation and section references in these examples refer to
the 2010 AISC Specification.

* Method 1. Axial capacities of equal-leg angle (L4x4x3%)
based on Section ES5, the effects of eccentricity and end
restraint are incorporated by using the effective slender-
ness ratio.

a2 N N
~N

S s N
RN )
+ () |
W Pl
[ONINe] (a) (0}

| Z —11
= o =
> . >
N
v
(b) ® (c)

Fig. 3. Eccentricity.
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* Method 2. Axial capacities of equal-leg angle (L4x4x3%)
based on Sections E7, F10 and H2, assuming that bend-
ing is about the one of the geometric axes, and the ec-
centricity is e =y + #1/2, where #; = 1.5¢ and ¢ is the angle
thickness.

e Method 3. Axial capacities of equal-leg angle (L4x4x3s)
based on Sections E7, F10 and H2, assuming that bend-
ing is about the principal axes and axial load is applied
at mid-point of the connected leg, and the eccentricity is
e =y +11/2, where t1 = 1.5¢ and ¢ is the angle thickness.

e Method 4. Axial capacities of equal-leg angle (L4x4x33)
based on Sections E7, F10 and H2, assuming that bend-
ing is about the principal axes and axial load is applied
at one of the geometric axis of the angle, and the ec-
centricity is e =y + t1/2, where #; = 1.5¢ and ¢ is the angle
thickness.

Method 1

L4x4x¥3, connected one leg. See Figure 4.

Fig. 4. Method 1.

L =72in
K =10

Fy =36ksi

E  =29,000ksi
A, =286in?
b =40in.

t  =0375in.
re  =1230in.
r,  =0779in.
KL/r <200

0 =090

Q. =167

Solution
Check the required radius of gyration, rpin:
rmin = KL/200 =1.0(72)/200
=0.360 in
0.360 in. < r,=0.779 in. OK
Determine the effective slenderness ratio, KL/r. For
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equal-leg angles or unequal-leg angles connected through
the longer leg that are individual members:
L 72

—=—-=585<80
1.23

Ty

Therefore, from Equation E5-1:

KL _ 72+0.75£ =72+0.75(58.5) =116

r Iy

Determine if reduction factor Q, for unstiffened elements
is applicable [Section E7.1(c)]:

b/t=4.0/0.375 = 10.7

From Specification Table B4.1a:

A, =045 £ 0.451{M =128
F, 36

Because b/t < A,, the member is classified as a non-slender
section and Q; = 1.0 (Equation E7-10).

Therefore, Q = Q5= 1.0.

From Equation E3-4, the elastic buckling stress, Fp, is:

E _ 7*(29,000)

=212 ksi
(KL )2 1162

F,=
’
For calculating the critical stress, F¢,, Equation E3-2 is

essentially a special case of Equation E7-2, when the mem-
ber is classified as a non-slender section.

QF, 1.0(36)

Therefore, using Equation E3-2 or E7-2:

QF )7

F,. =0[0658 " |F,

1.0(36%
=1.0]0.658 2131 1(36) =17.8 ksi

The nominal compressive strength may be calculated
from Equations E3-1 or E7-1:

P,=F.,A,=17.8(2.86)=50.8kips

cr'g

Calculate the design compressive strength, 0.P,, and the
allowable compressive strength, P, /€., using Section El:



0P, = 0.90(50.8) = 45.7 kips (LRFD)

Pu/Qc = 50.8/1.67 = 30.4 kips (ASD)

Method 2

L4x4x34, connected to one leg, axial load is applied at the
middle thickness of the gusset plate. The angle is designed
on the basis of geometric axis (x-x) bending. See Figure 5.

058
T x
Gusset B (&
Plate J.
t ‘ y =
LJ
4 ix
Ex

Fig. 5. Method 2.

] = 1.5t =%e in.

I, =432 in*

Sy =1.50 in.?

y =1.13 in.

Sxa.B) =L/y=3.82in3

ey =0.75t+y=141in.
op =0.90

See Method 1 for additional information.

Solution

1. Calculate the design axial stress, F,.

Determine the maximum slenderness ratio, KL/r:

ﬁ:ﬂ:i:%Agzoo, OK
r r, 0.779
Determine the reduction factor Q, for unstiffened ele-
ment from Section E7.1(c):
Same as Method 1, Q= Q;=1.0

Determine the elastic buckling stress, F, from Equation
E3-4:

m*E  7(29,000)
( KL )2 92.47

r

F, = =335 ksi

Determine the critical stress, Fi-

KLir=471 |2 g7 200 5
OF, 1.0(36)

Therefore, using Equation E3-2 or E7-2:
ofy

F,. =0[0658 " |F,

1.0(36%
=1.0 [0.658 335 } (36) =23.0 ksi

Determine the design axial stress, F,, using Section H2:
Feq=0cFqr=0.9022.7) = 20.7 ksi

Determine the required axial stress, f;4:
fra=Pr/Ag = P./2.86 ksi

. Calculate the design flexural stress, Fpy (Section F10).

Check angle leg compactness for flexure (Table B4.1b):

7»[, =0.54,/E/ F, =0.54y29,000/36 =15.3

A, =091 E/F, =0.91y29,000/36 =25.8

Because b/t < 7Lp, member is classified as a compact
section.

Determine flexural strength based on leg local buckling
(Section F10.3):

Because the member is a compact section, the limit
state of local buckling does not apply.

Determine flexural strength based on yielding (Section
F10-1):

My = Fy Sy = 36(1.50) = 54.0 kip-in.
My, = 1.5My = 1.5(54.0) = 81.0 kip-in

Determine flexural strength based on lateral-torsional
buckling for bending about one of the geometric axes
(Section F10.2):

Calculate the elastic lateral-torsional buckling moment,
M, (Equation F10-6b):

2
0.66Eb*1C L.t
M, =——""""b 1+o.78(i) +1

‘ L’ b*

_ 0.66(29, 000)(4)*(0.375)(1.0)
722

2
| peom(zez)
42

=991 kip-in
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Because M, > My = 0.8F S, = 0.8(36)(1.50) = 43.2
kip-in, use Equation F10-3:

M

n

y
1.92-1.17,|— M, <1.5M
M, |’ Y

e

1.92-1.17, ,ﬂ (43.2)
991

=72.39<1.5(43.20) = 64.8 kip-in

Determine the controlling nominal flexure strength, M,;:
M), = min [81.0,64.8] = 64.8 kip-in.
Determine the design flexure strength, ¢pMpy:
OpM,, = 0.90(64.8) = 58.3 kip-in.
Determine the design flexure stresses, Fepyc) and
Febx(a,B):
Fepx(c) = OpMy /Sy = 58.3/1.50 = 38.9 ksi

Febxa,B) = OpMp/Sx(a,B)=58.3/3.82 = 15.3 ksi
3. Calculate the interaction of flexure and axial stresses.

Because the angle is a non-symmetric section subject to
compression and single-axis bending about one of the
geometric axes, Equation H2-1 should be used and can
be written as:

A
Fca Fcbx

This can be rewritten based on signs of bending stress at
the points of consideration as follows:
Points A and B:

Jra N Jrbx(A,B)
Fca Fcbx(A,B)

<1.0

Point C:

Jra_ Troxo) <10

Fca Fcbx(C)

where
fra = required axial stress

Jrbx(A,B), frox(c) = required flexure stresses

Determine moment due to axial load, M, = Biy(exP;)
from Equation A-8-1, where:

B1 = multiplier to account for P-d effect based on
Section 8.2 of Appendix 8.
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C
B, =—-"——2>1.0 (Equation A-8-3)
1—0P. /P,

o = 1.0 (LRFD) or 1.6 (ASD)

Cp, = 1.0 (conservative)

mEl" ,
Py = 3 (Equation A-8-5)
(KyL)
EI*  =08%El
T = 1.0, when aP,/P, <0.5

=4(oP,/Py)[1-(0.P,/Py)] otherwise

0P, /Py = 1.0(P,)/[(36)(2.86)] = P,/103

mEl" m?(0.8)1,,(29,000)(4.32)
(KL} [1.0(72)]

C 1.0 191,

m

B, = - -
Y i—ap /P, 1-1.0(P)/1917, 1911, —P,

P =

elx

= 1911b

Determine the required second-order flexural strength,

M, as follows:
1917
o

er = le (exPr) = |:1911b _p
;"

Apply Equation H2-1 at points A and B:

1911b (exPr ) 1
fr_a+ Jrbx(A.B) | _| B/2.86 N 1917, —P. [3.82
Foo Fopuap| | 207 15.3

ca C

<10

Solving the previous equation, P, = 22.5 kips.
Apply Equation H2-1 at point C:
1917, (e, P) ) 1

fr_a_frbx(C)|= Pr/2.86_( 191, - P, ]1.50 <10
Fuo Fanio)| | 207 38.9 ‘

ca C

Solving the previous equation, P, = 56.7 kips.

Determine the design compressive strength, ¢.P,, and the
allowable compressive strength, P, /Q:

0cPp = P,=min(22.5, 56.7) = 22.5 kips (LRFD)
PplQq = (Pr/0)/Qc = (22.5/0.9)/1.67 = 15.0 kips (ASD)



Method 3

L4x4x¥s, connected to one leg, axial load is applied at mid-
point of angle leg and mid-thickness of gusset plate. The
angle is designed on the basis of principal axes (w-w, z-z)
bending. See Figure 6.

Fig. 6. Method 3.

t = 1.5t =%e in.

I, =432in*

I, =432in?

ey =16131n.

e; =0382in.

I, =Ayr)?=174in*

Ly =L+I,-1,=690in*

o = J1,]A, =155 in4

See Methods 1 and 2 for additional information.

Solution
1. Calculate the angle concentric design axial stress, F,:
Same as Method 2.
Feq =20.7 ksi
Determine the required axial stress, fy4:
fra=P/Ag = P./2.86 ksi

2. Calculate the angle flexural strength about major princi-
pal axis, OpMpyy-

Angle leg compactness for flexure is same as Method 2.
Because b/t < A, the limit state of local buckling does

not apply.

Determine the flexural strength based on yielding (Sec-
tion F10-1):

Points A and C:
C,=sin45°(b —1/2) = (0.707)(4 — 0.375/2) = 2.70 in.

Sy =1,/C; = 690/2.70 = 2.56 in3 (compare to
2.56 in.3 from AISC Shapes Database V14.0)

My, = Fy S\, = 36(2.56) = 92.2 kip-in.
Moy = 1.5My,, = 1.5(92.2) = 138 kip-in.

Determine the flexural strength based on lateral-torsional
buckling for bending about the major principal axis
(Section F10.2):

The elastic lateral-torsional buckling moment, M,,
from Equation F10-4, is:

- 0.46Eb*1*C),

¢ L
~0.46(29,000)(4)%(0.375)* (1.0)
72
=417 kip-in

Because M, > My, use Equation F10-3 to calculate
Mp,:

M

nw

Myw
1.92-1.17 M., <15M
M y

w =
e

=|1.92-1.17 {2 02.2 <138
417

=126<138

=126 kip-in.

Determine the controlling nominal flexure strength,
My

M,y = min [138, 126] = 126 kip-in.
Determine the design flexure strength, OpM,,;,,:
OpMpyy = 0.90(126) = 113 kip-in.

Determine the design flexure stresses, Fepyw(a) and
Fepwcy:
Febwa)= Febwic) = OpMpy /Sy, = 113/2.56 = 44.1 ksi

. Calculate the angle flexural strength about minor princi-

pal axis, ¢OpM;.

Determine flexural strength based on yielding (Section
F10-1):

Point B
Cw(p) = y/sin 45° = 1.13/0.707 = 1.60 in.

SyB)=1; ICyyp) = 1.74/1.60 = 1.09 in.3 (compare to
1.08 in.” from AISC Shape Database V14.0)

Points A and C
CW(A,C) =sin 450(b +t/ 2) - CW(B)
=0.707(4+0.375/2)—-1.60 =1.36 in.
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SzA,c) = I/Cya,c) = 1774/1.36 = 1.27 in.3 (compare where

to 1.27 in.3 from AISC Shape Database V14.0) B1yw, B1;= multiplier to account for P-§ effect based
Thus, on Section 8.2 of Appendix 8
My, = F,S;)=36(1.080) = 38.9 kip-in. C
2= "youB) Bj=—"—2>10 (Equation A-8-3)
Determine the nominal flexure strength, M, l-aPp,. / F,
M, = 1.5 My, =1.5(38.9) = 58.3 kip-in. o= 1.0 (LRFD) or 1.6 (ASD)
Determine the design flexure strength, ¢pM,;;: C,n = 1.0 (conservative)
OpMy,; = 0.90(58.3) = 52.5 kip-in. P n2El"
1= 5 i -8-
Determine the design flexure stresses Fepy(B), Febx(A) ‘ ( K, L)2 (Equation A-8-5)
and F, :
(@) EI*  =081El
F. = OpMy;/SyB) = 52.5/1.08 = 48.6 ksi
eba(B) = O6Mne/S2(B) T =10, when oP,/P,
Fepya) = Febzc) = 0pMpz/Sya,c) = 52.5/1.27 <0.5, otherwise
=41.3 ksi
T =4(aP,/Py)[1 — (0P//Py)]

4. Calculate the interaction of flexure and axial stresses.
) ) ) ) oP;/Py = 1.0(P;)/[(36)(2.86)] = P,/103
Because the angle is a non-symmetric section subject to

2 * 2
compression and bi-axis bending about the major and p. = nEl, _r (0.8)1,,(29,000)(6.90)
Lninor (Il)rincipal axes of the angle, Equation H2-1 should elw ( K, L)2 [1 0 (72)]2
e used:
=3057,, kips
fra  Joow Il 1 m*El]  7%(0.8)1,(29.000)(1.74)
F., F 1= =
ca cbw cbz elz (KlL)Z [1.0(72)] 2
which can be rewritten based on the signs of bending =76.71;, kips
stress at points A, B and C, respectively, as follows: B - C,, B 1.0
w — -
1-oP./P, 1-1.0(P.)/3057
fm + frbw(A) frbz(A) | <10 r’ telw ( r) b
v - = 305
Fca Fcbw(A) Fcbz(A) | = —Tb
3051, - P,
B = Cn B 1.0
Jra Tz ®) | 4 ¥ 1-ap /P, 1-1.0(P.)/76.71,
Fea i) 767,
76.7t, — P,
Jra _Twe)  Trzo) | <10

The required second-order flexural strengths M;,, and
M, for checking stress at points A, B and C are:

Foo Fopwiey Fevzo

where

3057
Mrw = Blw(ewPr) = (—bJ(ewPr)

fra = required axial stress 30517, - P,

Srbw(a, ©)> frbz(A, B, ¢) = required flexure stresses

76.71
Mrz :Blz(ezPr):( b )(EZPI’)

Determine moments due to axial load M., and M, from 76.7t, — P,

Equation A-8-1:
My, = Biw(ewPr)

M;; = Biy(e,Pr)
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Apply Equation H2-1 at point A:

Jra_, Trowea) _ Trbza) | _

Fca Fcbw(A) Fcbz(A) |

3057, €0 P) | [ 56
p,/286 | 305%,—F,

20.7 44.4

76.7 P
M 1.27
76.7t;, — P,

41.3

Solving the previous equation, P, = 62.6 kips.
Apply Equation H2-1 at point B:

( 76.71, (e, P.) ) /1 .
o, Tz | _| B1286 | 767, - F, o

Fo Fuym)| | 207 48.6

ca

Solving the previous equation, P, = 33.5 kips.
Apply Equation H2-1 at point C:

Jra _ Towy  Trbza) | _

Foa Fopwiay Fevza |

3057, (B | [, s
P/2.86 | 3051,-P,

20.66 44.4

7671, (¢ P,
IACLN P
76.71;, — P,

41.3

Solving the previous equation, P, = 56.2 kips.

Determine the design compressive strength, ¢.P,, and
the allowable compressive strength, P, /Q:

0Py = Pr=min [62.6, 33.5, 56.2] = 33.5 kips (LRFD)
PplQc = (P10 Qc = (33.5/0.9)/1.67 = 22.3 kips (ASD)

Method 4

L4x4x34, connected to one leg, axial load is applied at geo-
metric axis y-y, and mid-thickness of gusset plate. Angle is
designed on the basis of principal axes (w-w, z-z) bending.
See Figure 7.

Fig. 7. Method 4.

ew  =0.998in.
e.  =0998in.

See Method 3 for additional information.

Solution

All calculations are the same as Method 3, except for replac-
ing values of e; and e,, in Method 3 with the values provided
in this method.

Apply Equation H2-1 at point A, solve for P, =46.7 kips
Apply Equation H2-1 at point B, solve for P, = 22.8 kips
Apply Equation H2-1 at point C, solve for P, = 39.0 kips

Determine the design compressive strength, ¢.P, and the al-
lowable compressive strength, P, /.

0Py = Py=min [46.7, 22.8, 39.0] = 22.8 kips (LRFD)
Pu/Qc = (Pr100)IQe = (22.8/0.9)/1.67 = 15.2 kips (ASD)

DISCUSSION

Axial capacities of an L4x4x¥ from the design examples
are summarized in Table 1. The axial capacities based on
Methods 2 and 4 (highlighted) are similar, while Method 1
gives the largest axial capacity and Method 2 yields the
smallest capacity. It is further noted that the axial capacities
based on Method 3 are slightly smaller than the values from
Table 4-12 in the 14th edition AISC Manual when the direct
analysis method and the flexural rigidity EI" = 0.81,EI were
used (2010 AISC Specification Appendix 8). Further inves-
tigation reveals that the axial capacities based on Method 3
match the values from Table 4-12 in the 14th edition AISC
Manual when EI" = EI was used in the analysis (example
not shown).

Because the axial compressive design strength of the
same angle with the same connection and the same unbraced
length varies significantly with the different design meth-
ods, it should be interesting to see the variability among the
different angles with different unbraced lengths. Figures 8a
through 8d graphically illustrate the differences in the axial
compressive design strength of the largest equal-leg angle
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Table 1. Available Compressive Strength
of L4x4x3/s, L =72 in.
o0cPn Pn/Q
Method 1 45.69 30.40
Method 2 22.54 15.00
Method 32 33.49 22.28
Method 3P 35.17 23.40
AISC Table 4-12 35.2 23.2
Method 4 22.76 15.14
aEl* = 0.81El
PEF=El

(L8x8) and one of the smallest equal-leg angles (L3x3) with
the thickest and thinnest angle legs. The available axial
compressive strength from Table 4-12 of both the 13th and
14th edition AISC Manuals are also included for the pur-
pose of comparison. The following can be observed:

1. The axial compressive design strengths of single angles
are the greatest based on Method 1 and the smallest
based on Method 2 or 4. The magnitude of difference
varies with the thickness of angle leg, a heavier section
results in a greater difference. The ratios of the design
strengths based on Method 1 to the design strengths
based on Method 2 or 4 are in the range of 1.5 to 2.0.

2. The axial compressive design strengths of single angles
based on Method 2 and Method 4 are similar. For angles
with smaller unbraced lengths, the design strengths
based on Method 4 are slightly larger than that based
on Method 2; however, for angles with larger unbraced
lengths, the design strengths based on Method 2 are
slightly larger than that predicted based on Method 4.

3. When the axial compressive force is applied at the geo-
metric axis y-y, the axial compressive design strengths of
single angles based on Method 4 are smaller than those
from Table 4-12 of the 13th edition AISC Manual, but
they are close and almost parallel.

4. When the axial compressive force is applied at mid-point
of the connected leg (b/2), the axial compressive design
strength of single angles based on Method 3 considering
the flexural rigidity EI" = 0.87,EI (0.87,EI is shown in
Figure 8) is slightly smaller than that from Table 4-12 of
the 14th edition AISC Manual. However, when EI" = EI
is used instead, the design strengths based on Method 3
are identical to that from Table 4-12 of the 14th edition
AISC Manual.

5. As discussed in the design consideration section, be-

cause the slight eccentricity between the neutral axis of
the single angle and the center of gravity of the weld
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group has negligible effect on the static strength of the
member, the angle should be designed assuming the
static axial compressive force is applied at the mid-point
of the connected leg (Method 3). However, for angles
subject to cyclic force, one could choose to design the
angle assuming the axial compressive force is applied at
the neutral axis of the single angle, as it is required that
the center of gravity of the weld group coincides with the
neutral axis of the member.

On the other hand, single angles subject to cyclic loads

can

be designed assuming that the axial compressive force is

applied at the mid-point of the connected leg (Method 3) per
2010 AISC Specification Section J1.7, as long as the require-
ment of center of gravity of the weld group coinciding with

the

6.

neutral axis of the member is satisfied.

While the larger capacities predicted by Method 1 based
on Section E5 of the 2010 AISC Specification are wel-
comed by the engineering community, the design en-
gineer may wish to choose the values from Table 4-12
in the 14th edition AISC Manual or Design Table 2
presented at end of this paper, as the available strengths
from these tables are conservative.

The 2005 and 2010 AISC Specifications do not address
how to determine the eccentricity of applied axial force
relative to the connected leg. However, a distance of
0.75¢ (¢ is the angle thickness) from the back face of
the connected leg is used by Table 4-12 of the 13th and
14th edition AISC Manauls. As discussed in the design
consideration section, this distance can be taken as small
as —0.50¢, instead of 0.75¢. The design strengths based on
Method 4 using different eccentricities are presented in
Design Tables 3 and 4.

It is beneficial to point out that the larger available axial
compressive strength of the single angles determined
based on the specified effective slenderness ratio, KL/r
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Fig. 8a. Axial compressive design strength (L8x8x114).
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Fig. 8b. Axial compressive design strength (L8x8x5).
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(Method 1) are due to the presumptions that the sig-
nificant bending and rotational restraints are provided by
the end connections; in other words, if another method
(Method 2, 3 or 4) is used to evaluate the available
compressive strength of the single angles, the reduced
unbraced lengths (effective length factor, K) and eccen-
tricities due to the end restraints should be considered
to avoid overly conservative results, as described in
Commentary section E5 of the 2010 AISC Specification.
However, this could pose some challenges when the de-
sign is based on a particular code, where the unbraced
length reduction factor is limited to 1.0, as discussed in
design considerations of single angles in compression.

DESIGN TABLES

Design tables for the axial compressive design strength of
eccentrically loaded equal-leg single angles (grades 36 and
50) are prepared based on previously discussed Methods 1,
3 and 4. The format of the tables follows the format of Ta-
ble 4-12 of the 14th edition AISC Manual.

Design Table 1: Axial compressive design strength of
equal-leg angles based on Method 1, see Method 1.

Design Table 2: Axial compressive design strength of
equal-leg angles based on Method 3, assuming the axial load
is applied at mid-point of the connected leg and mid-thick-
ness of the gusset plate. Angles are designed on the basis of
principal axes (w-w, z-z) bending. See Method 3.

Design Table 3: Axial compressive design strength of
equal-leg angles based on Method 4, assuming the axial
load is applied at geometric axis y-y and mid-thickness of
the gusset plate. Angles are designed on the basis of princi-
pal axes (w-w, z-z) bending. See Method 4.

Design Table 4: Axial compressive design strength of
equal-leg angles based on Method 4, assuming the axial load
is applied at geometric axis y-y, and mid-thickness of the
connected leg. Angles are designed on the basis of principal
axes (w-w, z-z) bending.

Design Tables 3 and 4 are integrated such that identical
angle sizes appear in adjacent tables for ease of comparison.
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Design Table 1. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

sh L8x8x !
ape 11/ 1 /s 3/a 5/¢C 9/16¢ 17,6 f
Ib/ft 56.9 51.0 45.0 38.9 32.7 29.6 26.4
Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an
Design LRFD LRFD LRFD
Fy = 36 ksi
£ 271 234
- 261 226
) 251 217
< 241 209
; 231 200
S 222 192
E 212 184
3 203 176
2 193 168
2 184 160
B 175 152
e 162 141
3 149 129
@ 137 119
2 126 110
= 117 101
. Fy =50 ksi
Design 5/4C 9/16C T 17,6 f
=| 6 314 271
Sz 298 258
4| 8 282 244
K 267 231
£l 10 252 219
S| 11 238 206
% 12 223 193
3| 13 210 182
2 14 197 171
2 15 186 161
5| 16 176 152
el 18 162 141
| 20 149 129
§ 22 137 119
Q| 24 126 110
2| 2 117 101
Properties
Ag (in.2) 16.8 15.1 13.3 11.5 9.69 8.77 7.84
1.56 1.56 1.57 1.57 1.58 1.58 1.59
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
oc=0.9 *Method 1.
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Design Table 1. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L6x6x
Shape
1 /s 3/ 5/s /16 1/2
Ib/ft 37.4 33.1 28.7 24.2 21.9 19.6 17.3
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD LRFD LRFD
Fy =36 ksi
£ 176 149
« 167 142
1) 159 135
< 151 128
o
< 142 121
<} 134 114
E 126 107
g 118 100
2 111 94.0
2 98.7 84.6
=y 88.0 75.4
° 78.9 67.7
3 71.2 61.0
§ 64.5 55.4
2 58.8 50.4
> 53.7 46.1
. Fy =50 ksi
De
5/s
£ 206 174
t 192 163
1) 179 151
.g 166 141
o
< 153 130
o 141 120
% 130 110
o 120 102
2 111 94.3
2 98.7 84.6
"g) 88.0 75.4
] 78.9 67.7
3 71.2 61.0
§ 64.5 55.4
2 58.8 50.4
> 53.7 46.1
Properties
11.0 9.75 8.46 7.18 6.45 5.77 5.08
1.17 1.17 1.17 1.17 1.18 1.18 1.18
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
¢c=0.9 “Method 1.
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Design Table 1. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L5x5x
Shape
/s 3/a 5/g 1/2 /16 3/gC
Ib/ft 27.2 23.6 20.0 16.2 14.3 12.3 10.4
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD LRFD LRFD
Fy = 36 ksi
£ 139 113
- 132 107
g 125 102
< 118 96.0
o
{ 111 90.3
S 104 84.7
E 97.1 79.1
] 90.3 73.6
2 83.7 68.2
2 77.2 63.0
5 67.5 55.3
S 58.9 48.3
3 51.9 42.6
g 46.0 37.8
2 411 33.8
= 37.0 30.3
. Fy =50 ksi
De!
1/2
= 170 138
o 159 129 94.4
) 147 120 88.2
5 136 111 82.1
o
o 125 102
;o 114 92.9 70.1
- 104 84.5
] 93.5 76.3 58.8
2 84.9 69.3 53.4
g 77.4 63.2 48.7
5 67.5 55.3
s 58.9 48.3
3 51.9 42.6
8 46.0 37.8
S 41.1 33.8
= 37.0 30.3 23.6
Properties

8.00 6.98 5.90 4.79 4.22 3.65 3.07

0.971 0.972 0.975 0.980 0.983 0.986 0.990

LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.

Notes: Heavy lines indicate L/r, equal to or greater than 120, 140 and 200, respectively.
0c=0.9 *Method 1.
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Design Table 1. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L4x4x
Shape
3/a 5/g 1/2 /16 3/s 5/16C
Ib/ft 18.5 15.7 12.8 11.3 9.8 8.2
Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an Pn/Qc ¢an
Design LRFD LRFD LRFD
Fy =36 ksi
2 81.7 71.9
2| 25 78.9 69.5
4| 38 76.1 67.1
S| 85 73.3 64.6
e 4 704 62.2
S| 45 67.6 59.7
E 5 64.9 57.3
3| 55 62.1 54.9
2 s 59.4 52.5
2 7 54.0 47.8
5| 8 48.9 43.3
o 9 411 36.6
3| 10 34.8 31.1
g 11 29.9 26.7
Q] 12 25.9 231
2| 13
. Fy = 50 ksi
Design e
=| 2 97.2 85.7
S 25 92.6 81.7
A 88.1 77.7
S| 35 83.6 73.8
T 4 79.2 69.9
S| 45 74.8 66.1
% 5 70.6 62.4
3| 55 66.4 58.8
2 s 62.3 55.2
2 7 55.0 48.8
5| 8 49.0 43.4
e 9 411 36.6
3| 10 34.8 31.1
g 11 29.9 26.7
Q1 12 25.9 231
2| 13
Properties

5.43 4.61 3.75 3.30 2.86 2.40 1.93

0.774 0.774 0.776 0.777 0.779 0.781 0.783

LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.

Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.

Qc =167 0c=0.9 | “Method 1.
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Design Table 1. Availablf-,\ Strength in A).(ial Compression, kips*
Eccentrically Loaded Single Angles
L31/2x31/2x
Shape
1/2 /16 3/ 5/16
Ib/ft 11.1 9.80 8.50 7.20 5.80
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy =36 ksi
2 61.7 53.5 35.7
2| 25 59.3 51.4 34.4
4| 3 56.8 49.2 33.0
S| 85 54.3 471 31.7
T 4 51.8 45.0 30.4
S| 45 49.4 42.9 29.0
% 5 47.0 40.8 27.7
8| 55 44.6 38.8 26.4
2 s 42.3 36.8 251
21 65 40.0 34.8 23.8
§> 7 37.7 32.9 22.6
el 75 34.2 30.0 21.0
3 8 31.0 27.2 19.0
@ 9 25.7 22.6 15.8
Q1 10 21.7 19.0 13.3
2 1 18.5 16.3 11.4
) Fy = 50 ksi
Design
3/
=| 2 72.9 63.2
S 25 68.9 59.8
A 64.9 56.4
S| 35 61.0 53.0
cl 4 57.2 49.7
S| 45 53.5 46.6
% 5 49.8 435
3| 55 46.3 40.4
4?, 6 43.2 37.7
21 65 40.4 35.2
‘cc‘n 7 37.8 33.0
e 75 34.2 30.0
3 8 31.0 27.2
8 9 25.7 22.6
Q1 10 21.7 19.0
2 11 18.5 16.3
Properties
Ag (in.?) 3.25 2.89 2.50 2.10 1.70
Tz (in.) 0.679 0.681 0.683 0.685 0.688
_ LRFD ¢ Shape is slender for compression.
f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and
Qc =167 ¢c=0.9 200, respectively.
*Method 1.
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Design Table 1. Available Strength in Axial Compression, kips* S
Eccentrically Loaded Single Angles M
sh L3x3x z
ape 1/2 /16 3/s 5/16 /4 3/16C: f
Ib/ft 8.30 7.20 6.10 4.90 3.71
Pn/Qc ¢CPI7 Pn/Qc ¢CPI7
Design LRFD LRFD
= 2 30.0 21.6
S| 25 28.6 20.7
g 3 27.2 19.8
S| 85 25.8 18.8
T 4 24.4 17.9
S| 45 23.0 17.0
E 5 21.7 16.1
| 55 20.4 15.2
2 s 19.1 14.3
21 65 17.3 13.2
‘g'a 7 15.4 11.8
8| 75 13.8 10.6
3 8 12.5 9.5
g§| 85 11.3 8.7
2| 9 10.3 7.9
2| 95 9.4 7.2
Design 3/2e
= 2 34.6 24.6
= 25 325 23.3
) 3 30.3 22.0
S| 35 28.3 20.7
el 4 26.3 19.4
S| 45 24.3 18.2
E 5 22.4 16.9
8| 55 20.7 15.7
2 s 19.2 14.6
21 65 17.3 13.2
‘g'a 7 15.4 11.8
8|1 75 13.8 10.6
o] 8 125 9.5
g| 85 11.3 8.7
2 9 10.3 7.9
2| 95 9.4 7.2
Properties
Ag (in.2) 2.76 2.43 2.11 1.78 1.44 1.09
Yz (in.) 0.580 0.580 0.581 0.583 0.585 0.586
LRFD ¢ Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
Qc=1.67 0c=0.9 *Method 1.
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Design Table 2. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles
L8x8x
Shape
11/s 1 /s 3/a 5/gC 9/16¢
Ib/ft 56.9 51.0 45.0 38.9 32.7 29.6
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy =36 ksi
210 196
201 187
191 178
180 168
3 169 157
> 159 147
= 148 137
=y 138 127
3 128 117
< 119 109
° 110 100
i 93.3 84.8
79.7 721
68.8 61.9
59.9 53.8
52.7 471
. Fy =50 ksi
Design
3/a
6 277 259
7 261 243
8 244 227
9 226 210
E| 10 209 193
> 11 192 177
= 12 176 161
o[ 13 161 147
S 14 146 133
gl 15 133 121
S| 16 121 110
5| 18 101 911
20 85.6 76.9
22 73.5 65.8
24 63.7 56.8
26 55.7 49.6
Properties
Ag (in.2) 16.8 15.1 13.3 11.5 9.69 8.77 7.84
1.56 1.56 1.57 1.57 1.58 1.58 1.59
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate KL/r, equal to or greater than 120, 140 and 200, respectively.
Qc =167 ¢c=0.9 “Method 3 (flexural rigidity E/* = 0.8t El).
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Design Table 2. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

sh L6x6x
ape 1 /s 3/ 5/s /16 1/2
Ib/ft 37.4 33.1 28.7 24.2 21.9 19.6 17.3
PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an
Design LRFD LRFD LRFD
Fy =36 ksi
127 118
128 120 112
120 113 104
112 104 96.3
£ 103 96.1 88.3
> 94.8 88.0 80.4
£ 80.1 72.9
=y 72.7 65.8
3 65.7 59.2
g 59.2 53.1
° 53.2 47.6
iy 53.0 48.1 428
48.2 43.7 38.7
39.8 35.2
36.4 32.1
33.4 29.4
. Fy = 50 ksi
be 5/s
170 158
168 157 146
144 133
140 131 120
) 127 118 107
> 114 105 95.2
£ 93.3 84.1
> 90.3 82.6 74.1
3 72.9 65.1
g 71.3 64.7 57.6
E 57.9 51.3
i 52.0 45.9
47.0 41.4
426 375
43.3 38.9 34.1
39.7 35.6 31.1
Properties
11.0 9.75 8.46 7.13 6.45 5.77 5.08
1.17 1.17 1.17 1.17 1.18 1.18 1.18
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate KL/r, equal to or greater than 120, 140 and 200, respectively.
bc=0.9 *Method 3 (flexural rigidity EI* = 0.8, El).
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Design Table 2. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L5x5x
Shape
/s 3/a 5/g 1/2 /16 3/gC
Ib/ft 27.2 23.6 20.0 16.2 14.3 12.3 10.4
PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an
Design LRFD LRFD LRFD
F, = 36 ksi
97.9 90.5
95.1 87.9
90.8 83.8
85.3 78.5
) 78.9 72.3
E‘ 721 65.7
= 65.1 59.1
=y 58.4 52.6
3 52.0 46.5
< 46.0 41.0
° 40.6 35.9
i 35.8 315
31.8 27.8
28.4 24.7
25.5 221
23.0 19.9
. Fy =50 ksi
De
1/2
135.4 125.2
130.2 120.3
122.3 112.6
112.2 103.0
) 101.1 92.3
E‘ 89.8 81.4
= 78.8 70.9
=y 68.5 61.2
3 59.3 52.6
2 51.0 44.9
o 44.3 38.8
i 38.8 33.8
34.2 29.7
30.4 26.3
27.2 23.4
24.4 21.0
Properties
8.00 6.98 5.90 4.79 4.22 3.65 3.07
0.971 0.972 0.975 0.980 0.983 0.986 0.990
LRFD ¢ Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate KL/r, equal to or greater than 120, 140 and 200, respectively.
¢c=0.9 “Method 3 (flexural rigidity £/* = 0.8t El).
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Design Table 2. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L4x4x
Shape
3/a 5/g 1/2 /16 3/s 5/16¢
Ib/ft 18.5 15.7 12.8 11.3 9.8 8.2
PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an
Design LRFD LRFD LRFD
Fy =36 ksi
2 . 58.4 55.9
2.5 4 56.5 54.0
3 2 54.4 51.9
3.5 6.7 52.0 49.6
E| 4 49.5 471
g | 45 51.4 46.8 44.4
| 5 44.1 41.7
o[ 55 413 39.0
30 6 38.6 36.4
g 7 33.5 31.4
E 8 28.8 26.8
) 24.6 22.8
10 21.1 19.5
11 18.3 16.8
12 16.0 14.6
13 [
. Fy = 50 ksi
Design e
2 79.3 75.8
2.5 82.5 75.9 725
3 72.0 68.6
3.5 74.2 67.8 64.5
E| 4 69.7 63.4 60.1
g | 45 65.0 58.9 55.7
| 5 54.5 51.3
9| 55 55.9 50.2 471
3| 6 46.1 43.1
g 7 43.5 38.5 35.8
Sl 8 31.9 295
IR 26.8 24.7
10 26.4 22.8 20.9
11 22.8 19.6 17.9
12 17.1 15.5
13 [
Properties
5.44 4.61 3.75 3.30 2.86 2.40 1.93
0.774 0.774 0.776 0.777 0.779 0.781 0.783
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate KL/r, equal to or greater than 120, 140 and 200, respectively.
Qc =167 ¢c=0.9 “Method 3 (flexural rigidity E/* = 0.8t El).
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Design Table 2. Availabl.e Strength in A).(ial Compression, kips*
Eccentrically Loaded Single Angles
L31/2x31/2x
Shape
1/2 716 3/s 5/16
Ib/ft 11.1 9.80 8.50 7.20 5.80
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy =36 ksi
2 44.4 42.6
2.5 42.6 40.8
3 40.6 38.8
3.5 38.3 36.5
g 4 36.0 34.2
| 45 33.6 31.8
= 5 31.2 29.4
9 55 28.8 271
30 s 26.5 24.9
gl 65 24.4 22.8
ol 7 22.4 20.8
G| 75 20.5 19.0
8 18.7 17.2
9 15.7 14.4
10 13.4 12.2
11 11.5 10.5
. Fy =50 ksi
Design
3/s
2 59.9 57.4 39.7
2.5 56.7 54.2 38.4
3 53.0 50.5 36.8
3.5 49.1 46.6 35.2
E| 4 45.2 42.7 32.9
| 45 41.3 38.9 30.0
= 5 37.5 35.2 271
2| 55 34.0 31.7 24.4
30 s 30.7 28.5 21.9
g 65 27.6 25.5 19.6
ol 7 24.8 22.9 17.5
5 75 22.4 20.6 15.6
8 20.3 18.6 14.0
9 16.9 15.4 11.5
10 14.3 13.0 9.6
11 12.3 11.1 8.2
Properties
Ag (in.2) 3.25 2.89 2.50 2.10 1.70
Yz (in.) 0.679 0.681 0.683 0.685 0.688
_ LRFD ¢ Shape is slender for compression.
f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate KL/r; equal to or greater than 120, 140
Qc =167 ¢c=0.9 and 200, respectively.
*Method 3 (flexural rigidity EI* = 0.8t El).
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Design Table 2. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles
L3x3x
Shape 1/ 7/. 3/ 5/ 1/ 3/16C f
2 16 8 16 4 16
Ib/ft 8.30 7.20 6.10 4.90 3.71
Pn/Qc ¢an Pn/Qc ¢an
Design LRFD LRFD
2 26.3 18.4
2.5 24.8 17.7
3 23.1 16.9
3.5 21.3 16.1
E 4 194 15.4
E‘ 4.5 17.6 14.3
=) 5 15.9 12.9
9 55 14.3 116
3 6 12.8 10.4
S| 65 11.4 9.3
ol 7 10.2 8.3
5| 75 9.1 7.4
8 8.2 6.6
8.5 7.5 6.0
9 6.8 54
9.5 6.2 5.0
Design rel
2 34.4 22.2
25 31.8 21.7
3 28.9 20.8
3.5 26.0 19.6
E 4 23.2 18.6
E‘ 4.5 20.6 16.5
= 5 18.1 14.6
2| 55 15.9 12.9
3] 6 13.9 11.3
S| 65 12.3 9.9
ol 7 10.9 8.8
Sl 75 9.7 7.8
8 8.7 7.0
8.5 7.9 6.3
9 7.2 5.7
9.5 6.5 5.2
Properties
Ag (in.2) 2.76 2.43 2.11 1.78 1.44 1.09
Yz (in.) 0.580 0.580 0.581 0.583 0.585 0.586
LRFD ¢ Shape is slender for compression.
f Shape exceeds compact limit for flexure.
Q. =1.67 dc=0.9 Notes: Heavy lines indicate KL/r; equal to or greater than 120, 140 and 200, respectively.
*Method 3 (flexural rigidity EI* = 0.8t, El).

ENGINEERING JOURNAL / FOURTH QUARTER / 2012/ 155



Design Table 3. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles
L8x8x
Shape
11/s 1 /s 3/a 5/gC 9/16¢
Ib/ft 56.9 51.0 45.0 38.9 32.7 29.6
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy =36 ksi
136 123
131 119
126 114
121 109
g 115 104
> 109 98.6
= 104 93.2
=y 97.8 87.9
3 92.2 82.7
g 86.7 77.6
3 81.4 72.8
i 71.2 63.5
62.3 55.4
54.9 48.7
48.7 43.1
43.4 38.4
. Fy =50 ksi
Design
3/a
6 182 165
7 173 157
8 164 148
9 155 140
E| 10 146 131
> 11 136 122
= 12 127 114
o[ 13 118 106
S 14 109 97.8
gl 15 101 90.2
S| 16 93.3 83.1
5| 18 80.1 711
20 69.4 61.4
22 60.6 53.5
24 53.3 47.0
26 47.2 41.6
Properties
Ag (in.2) 16.8 15.1 13.3 11.5 9.69 8.77 7.84
1.56 1.56 1.57 1.57 1.58 1.58 1.59
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
Qc =167 ¢c=0.9 “Method 4 (flexural rigidity £* = 0.8t El).
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Design Table 3. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L6x6x%
Shape
1 /s 3/ 5/s /16 1/2
Ib/ft 374 33.1 28.7 24.2 21.9 19.6 17.3
PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an
Design LRFD LRFD LRFD
Fy = 36 ksi
84.1 75.2
80.5 71.9
76.5 68.2
72.2 64.2
£ 67.6 60.0
- 63.1 55.8
= 58.5 51.6
=y 54.1 47.6
3 49.8 43.7
< 45.6 40.0
° 41.7 36.5
i 38.3 33.4
35.2 30.6
32.4 28.2
30.0 26.0
27.8 24.1
. Fy = 50 ksi
De
5/s
113 101
107 95.3
99.9 88.8
92.4 81.9
g 84.9 75.0
E‘ 77.5 68.3
= 70.4 61.8
> 63.6 55.7
3 57.2 50.0
g 51.7 451
° 46.9 40.8
i 42.7 371
39.0 33.8
35.8 31.0
32.9 28.5
30.4 26.2
Properties
11.0 9.75 8.46 713 6.45 5.77 5.08
1.17 1.17 1.17 1.17 1.18 1.18 1.18
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
¢c=0.9 “Method 4 (flexural rigidity £* = 0.8t El).
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Design Table 3. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L5x5x
Shape
/s 3/a 5/g 1/2 /16 3/gC
Ib/ft 27.2 23.6 20.0 16.2 14.3 12.3 104
PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an
Design LRFD LRFD LRFD
F, = 36 ksi
63.3 55.9
61.9 54.6
59.7 52.6
56.9 50.0
) 53.6 46.9
3 49.9 43.6
= 46.0 40.1
=y 42.2 36.6
3 38.4 33.2
< 34.8 30.0
° 31.3 26.9
i 28.2 24.1
25.4 21.7
23.0 19.6
21.0 17.8
19.1 16.2
. Fy =50 ksi
De
1/2
87.7 77.4
85.1 75.0
81.0 71.2
75.8 66.5
E 69.8 61.0
E‘ 63.6 55.3
= 57.3 49.7
=y 51.2 44.2
3 45.4 39.1
g 40.0 34.3
o 35.4 30.2
i 315 26.9
28.3 24.0
25.4 21.5
23.0 19.4
20.9 17.6
Properties
8.00 6.98 5.90 4.79 4.22 3.65 3.07
0.971 0.972 0.975 0.980 0.983 0.986 0.990
LRFD ¢ Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
¢c=0.9 “Method 4 (flexural rigidity E/* = 0.8t El).
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Design Table 3. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L4x4x
Shape
3/a 5/s /2 /16 3/s 5/16C
Ib/ft 18.5 15.7 12.8 1.3 9.8 8.2
PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an PH/QC q)an
Design LRFD LRFD LRFD
Fy =36 ksi
2 38.2 35.3 28.1 23.1
2.5 37.3 34.4 31.1 27.3 225
3 36.2 33.4 21.8
3.5 34.9 32.2 29.1 21.0
E| 4 33.6 30.9 27.9 20.2
g | 45 322 29.6 23.3 19.3
| 5 30.7 28.2 18.3
o[ 55 29.2 268 17.4
30 6 27.7 25.4 16.4
gl 7 24.7 22.5 14.6
ol 8 21.8 19.9 17.8 12.8
G o9 19.1 17.4 15.5 11.2
10 16.8 15.2 9.7
11 14.8 13.4 11.9 10.2 8.5
12 13.1 11.9 10.5 | 9.0 | 7.5
13 ] 6.7
Desi Fy = 50 ksi
esian /16 3/s 5/16C /40
2 52.2 48.2 305
2.5 50.4 46.5 42.0 36.1 29.4
3 48.4 44.6 34.6 28.3
3.5 46.2 42.5 38.3 32.9 27.0
E| 4 43.8 40.3 25.6
g 45 41.4 38.0 34.2 29.4 24.1
S| 5 38.9 35.6 275 22.7
o[ 55 36.4 33.3 29.9 25.7 21.2
3] e 34.0 31.0 24.0 19.8
Sl 7 29.3 26.7 23.9 20.6 17.1
ol 8 25.1 22.7 17.5 14.6
TR 21.6 19.5 17.4 15.0 12.4
10 18.7 16.9 15.0 10.7
11 16.4 14.8 9.3
12 14.4 13.0 9.9 | 8.1
13 ] 7.2
Properties
5.43 4.61 3.75 3.30 2.86 2.40 1.93
0.774 0.774 0.776 0.777 0.779 0.781 0.783
LRFD ¢ Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
Qc =167 ¢c=0.9 *Method 4 (flexural rigidity £/* = 0.8t El).
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Design Table 3. Availablf-,\ Strength in A).(ial Compression, kips*
Eccentrically Loaded Single Angles
L31/2x31/2x
Shape
1/2 716 3/s 5/16
Ib/ft 1.1 9.80 8.50 7.20 5.80
Pn /QC q)an Pn /QC q)an Pn /QC q)an Pn /QC q)an Pn /QC q)an
Design LRFD LRFD LRFD
F, = 36 ksi
2 29.1 26.9 20.1
2.5 28.2 26.1 19.4
3 27.2 25.0 18.6
3.5 26.0 23.9 17.7
g 4 24.7 22.7 16.8
E‘ 4.5 234 21.5 15.9
= 5 221 20.2 14.9
9 55 20.7 18.9 13.9
30 6 19.4 17.7 13.0
g1l 65 18.1 16.5 12.1
Sl 7 16.9 15.3 11.2
G| 75 15.7 14.2 10.4
8 14.5 13.1 9.6
9 12.5 11.3 8.2
10 10.9 9.8 71
1 9.5 8.5 6.1
_ Fy = 50 ksi
Design
2 39.6 36.6 26.5
2.5 37.9 34.9 25.3
3 36.0 33.1 24.0
3.5 33.9 31.1 22.6
g 4 31.7 29.1 21.1
E‘ 4.5 29.5 27.0 19.6
= 5 27.4 24.9 18.1
2| 55 25.3 23.0 16.7
30 s 23.2 21.1 15.3
g 65 21.3 19.2 14.0
ol 7 19.4 17.5 12.8
5 75 17.8 16.0 1.7
8 16.4 14.7 10.7
9 14.0 12.5 9.0
10 12.0 10.7 7.7
1 10.4 9.3 6.7
Properties
Ag (in.2) 3.25 2.89 2.50 2.10 1.70
Yz (in.) 0.679 0.681 0.683 0.685 0.688
_ LRFD ¢ Shape is slender for compression.
f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and
Qc =167 ¢c=0.9 200, respectively.
*Method 4 (flexural rigidity EI* = 0.8t El).
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Design Table 3. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

sh L3x3x
ape /2 /16 3/s 5/16 1/a 3/160 f
Ib/ft 8.30 7.20 6.10 4.90 3.71
Pn/Qc ¢CPI7 Pn/Qc ¢CPI7
Design LRFD LRFD
2 2. 16.0 12.5
2.5 21.7 20.0 15.3 11.9
3 14.4 11.3
3.5 19.5 13.6 10.6
g 4 18.3 12.7 9.9
3| 45 17.1 1.7 9.2
£ 5 10.8 8.5
@ 55 10.0 7.8
3 6 9.1 7.2
2| 65 8.3 6.6
i 76 6.0
in| 7.5 6.9 5.4
8 | 96 | 6.4 5.0
8.5 | 89 | | 8.0 | 5.8 4.6
9 5.4 4.2
9.5 | 6.9 | 5.0 3.9
Design rel
2 21.2 16.3
25 20.0 15.3
3 18.6 14.3
3.5 171 13.2
E| 4 15.7 12.1
g 45 14.2 11.1
< 5 12.9 10.1
2| 55 11.6 9.1
3] 6 10.4 8.2
2] 65 9.4 7.3
ol 7 8.5 6.6
5| 75 7.7 6.0
8 7.0 5.5
8.5 6.4 5.0
9 5.9 4.6
9.5 5.4 4.2
Properties
Ag (in.2) 2.76 2.43 2.11 1.78 1.44 1.09
Yz (in.) 0.580 0.580 0.581 0.583 0.585 0.586
LRFD ¢ Shape is slender for compression.
f Shape exceeds compact limit for flexure.
Q. =1.67 dc=0.9 Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
*Method 4 (flexural rigidity EI* = 0.8t, El).
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Available Strength in Axial Compression, kips*

Eccentrically Loaded Single Angles

Design Table 4.
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Design Table 4. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

L6x6x%
Shape
1 /s 3/a 5/s %16 1/2
Ib/ft 37.4 33.1 28.7 24.2 21.9 19.6 17.3
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy, = 36 ksi
113 96.4
107 91.5
101 86.0
94.1 80.1
3 87.1 741
< 80.1 68.2
= 73.4 62.4
=y 66.9 56.9
3 60.8 51.7
< 55.1 46.8
3 49.8 42.2
i 45.2 38.3
41.1 34.9
37.6 31.9
34.5 29.3
31.8 26.9
. Fy =50 ksi
De
5/s
151 129
141 120 110
130 111
119 101 92.1
g 107 91.2
< 96.4 82.0 75.0
= 86.2 73.3 67.1
> 76.7 65.2 59.8
3 68.1 57.8
g 60.8 51.6 47.3
E 54.6 46.3
i 49.2 41.7
44.6 37.8
40.6 34.4
37.1 31.4
34.1 28.8 26.5
Properties
11.0 9.75 8.46 713 6.45 5.77 5.08
1.17 1.17 1.17 1.17 1.18 1.18 1.18
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200, respectively.
0c=0.9 *Method 4, except the axial load is applied at mid-thickness of connected leg.
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Design Table 4. Available Strength in Axial Compression, kips*
Eccentrically Loaded Single Angles

Gusset
Plate

sh L4x4x 2’
ape 3/a 5/s /2 /16 3/s 5/16C 1/40
Ib/ft 18.5 15.7 12.8 1.3 9.8 8.2 6.6
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy =36 ksi
2 51.8 46.3 34.0 26.8
2.5 50.3 44.8 39.1 26.1
3 48.5 43.2 37.7 25.2
3.5 46.5 41.4 36.1 30.5 24.2
E| 4 44.3 39.5 29.1 23.1
g 45 42.1 37.5 32.7 27.6 22.0
| 5 39.8 355 30.9 20.9
o[ 55 375 334 19.7
30 6 35.2 31.3 18.5
g 7 30.7 27.4 16.3
ol 8 26.7 23.7 17.5 14.2
R 22.9 20.4 15.0 12.3
10 19.8 17.6 10.6
1 17.2 15.3 13.3 9.2
12 15.1 13.4 11.7 | 99 | 8.1
13 [ 7.1
. Fy = 50 ksi
Design > Y S/reC ot
16 8 16 4
2 70.5 62.9 4.8
2.5 67.6 60.3 52.5 43.3
3 64.4 57.4
3.5 60.8 54.2 39.1
E| 4 57.1 50.9
g 45 53.3 475 41.4 34.4
| 5 49.5 44.1
o[ 55 45.8 40.8 35.6 29.7
3| 6 42.3 37.6 32.8 275
gl 7 35.7 31.7 27.7
Sl 8 29.9 26.5
IR 25.2 22.4
10 21.6 19.2
11 18.7 16.5
12 16.3 14.4
13 [
Properties
5.44 4.61 3.75 3.30 2.86 2.40 1.93
0.774 0.774 0.776 0.777 0.779 0.781 0.783
LRFD © Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate KL/r, equal to or greater than 120, 140 and 200, respectively.
Qc=1.67 0c=0.9

*Method 4, except that the axial load is applied at mid-thickness of connected leg.
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Design Table 4. Availablf-,\ Strength in A).(ial Compression, kips*
Eccentrically Loaded Single Angles
L31/2x31/2x
Shape
1/2 716 3/s 5/16
Ib/ft 114 9.80 8.50 7.20 5.80
PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an PH/QC ¢an
Design LRFD LRFD LRFD
Fy = 36 ksi
2 39.4 34.9
2.5 37.9 33.6
3 36.2 32.0
3.5 34.3 30.4
3 4 32.3 28.6
E‘ 4.5 30.3 26.8
=) 5 28.2 25.0
9 55 26.2 23.2
30 s 24.3 21.4
gl 65 22.4 19.8
Sl 7 20.7 18.2
5| 75 19.0 16.7
8 17.4 15.3
9 14.7 13.0
10 12.6 11.1
11 10.9 9.6
. Fy =50 ksi
Design
3/s
2 53.3 47.2 31.3
2.5 50.6 44.7 29.8
3 47.5 42.0 28.1
3.5 44.2 39.1 26.3
E| 4 40.9 36.1 24.4
E‘ 4.5 37.5 33.1 22.5
= 5 34.3 30.3 20.6
2| 55 313 27.6 18.9
30 s 28.4 25.0 17.2
g 65 25.6 22.6 15.6
ol 7 23.2 20.4 14.2
5 75 21.0 185 12.8
8 19.1 16.8 11.7
9 16.0 14.1 9.8
10 13.6 12.0 8.3
11 11.7 10.3 71
Properties
Ag (in.2) 3.25 2.89 2.50 2.10 1.70
Yz (in.) 0.679 0.681 0.683 0.685 0.688
_ LRFD ¢ Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r; equal to or greater than 120, 140 and 200,
respectively.
Qc=1.67 Oc = 0.9 *Method 4, except that the axial load is applied at mid-thickness of connected
leg.
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Design Table 4. Available Strength in Axial Compression, kips*

Eccentrically Loaded Single Angles

L3x3x
Shape 1/ 7/. 3/ 5/ 1/ 3/16C f
2 16 8 16 4 16
Ib/ft 8.30 7.20 6.10 4.90 3.71
Pn/Qc ¢CPI7 Pn/Qc ¢CPI7
Design LRFD LRFD
2 19.5 14.4
2.5 18.5 13.7
3 17.4 13.0
3.5 16.2 12.1
E 4 15.0 11.2
E‘ 4.5 13.8 10.4
=) 5 12.6 9.5
o[ 55 115 8.7
S0 6 10.5 7.9
21 65 9.5 7.2
ol 7 8.5 6.5
| 75 7.8 5.9
8 7.1 5.4
8.5 6.5 4.9
9 5.9 4.5
9.5 5.4 4.2
Design 3/2e
2 25.8 18.7
2.5 241 17.6
3 22.2 16.3
3.5 20.2 15.0
g 4 18.3 13.6
E‘ 4.5 16.5 12.4
= 5 14.8 111
2| 55 13.2 10.0
31 6 11.7 8.9
2| 65 10.4 8.0
ol 7 9.4 7.2
5 75 8.4 6.4
8 7.6 5.8
8.5 7.0 5.3
9 6.4 4.9
9.5 5.8 4.4
Properties
Ag (in.2) 2.76 2.43 2.1 1.78 1.44 1.09
Yz (in.) 0.580 0.580 0.581 0.583 0.585 0.586
LRFD ¢ Shape is slender for compression. f Shape exceeds compact limit for flexure.
Notes: Heavy lines indicate L/r, equal to or greater than 120, 140 and 200, respectively.
Qc=1.67 ¢c=0.9 *Method 4, except that the axial load is applied at mid-thickness of connected leg.
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Bond Behavior of Concrete-Filled
Steel Tube (CFT) Structures

JIE ZHANG, MARK D. DENAVIT, JEROME F. HAJJAR and XILIN LU

ABSTRACT

To achieve internal force transfer while avoiding the use of steel stud anchors or a bearing mechanism within concrete-filled steel tubes (CFTs),
an accurate assessment of the bond strength of CFTs is required. However, calculation of the bond within CFTs remains a challenging prob-
lem due to lack of a general procedure that can account for the range of connection configurations seen within composite construction. A
new approach for assessing the nominal bond strength for both rectangular and circular CFTs is proposed. Based on the results of push-out
experiments of CFTs, the nominal bond stress is shown to vary with tube shape and dimensions, and formulas are proposed to capture this
behavior. The longitudinal bond transfer length is derived by examining the distribution of bond stress along the height of the column as well
as experimental data from CFT connection tests. The circumferential bond transfer width is identified as the entire perimeter of the interface,
accounting for the contribution to the bond strength from the interface on the sides that do not have girders or braces framing in. The result-
ing nominal bond strength is then shown to have a resistance factor of 0.45 for load and resistance factor design (LRFD) and safety factor of

3.33 for allowable strength design (ASD).

Keywords: concrete-filled steel tubes, composite action, connections, bond strength, critical bond stress, slip.

INTRODUCTION

C omposite braced or unbraced frame structures that
use concrete-filled steel tube (CFT) columns provide
superior performance when subjected to nonseismic and
seismic lateral loading. This has led to a continued increase
in the use of these members in the primary lateral-resistance
systems of structures. Steel tubes serve as the formwork
for concrete placement, potentially expediting construction
and reducing cost (Bridge and Webb, 1993). In addition, the
composite action of the steel tube and concrete core can
effectively delay the buckling of steel tubes and significantly
increase the ductility of the concrete core. To ensure these
beneficial effects, it is important to have a comprehensive
understanding of the composite action between the con-
stituent materials, particularly in critical connection regions
where load is transferred to the CFT column from girders or
braces. If the steel tube cannot effectively transfer the axial
forces to the concrete, the resulting localized stresses may
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lead to premature yielding or local buckling of the steel tube.
Therefore, the bond transfer mechanisms need to be accu-
rately assessed and incorporated into the design. Transfer
of stress through natural bond, without the use of steel stud
anchors or a bearing mechanism, is often the most economi-
cal connection detail; however, efforts to characterize the
bond strength are hindered by varying experimental results,
even among like specimens (Roeder et al., 1999).

The design provisions for load transfer in CFTs through
direct bond in the AISC Specification for Structural Steel
Buildings (AISC, 2010) are based predominantly on the
results of push-out and push-off tests. Using only these data,
there is little quantitative evidence to support the effective
transfer area because these experimental configurations
do not share the same loading and boundary conditions
as typical composite columns. Thus, further investigation
into bond behavior is important to ascertain a more accu-
rate prediction on the bond strength of CFTs in the design
provisions. In this work, a new formula for nominal bond
strength is proposed. Nominal bond strength, longitudinal
bond transfer length, circumferential bond transfer width
and resistance and safety factors are examined separately.

EXISTING DESIGN PROVISIONS

The nominal bond strength of rectangular (RCFT) and cir-
cular concrete filled-steel tubes (CCFT) prescribed in the
AISC Specification (AISC, 2010) is given as:

(a) For RCFT:
R, = B>C,F, ey

in'in
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(b) For CCFT:

R, =0.257D*C;, F, ©)
where
Cin, =2 if the CFT extends to one side of the point of force
transfer
=4 if the CFT extends to both sides of the point of
force transfer
R, =nominal bond strength, kips
Fi, =nominal bond stress = 60 psi

B =overall width of rectangular steel section along face
transferring load, in.
D = outside diameter of the round steel section, in.

This formula can be seen as the product of three values: the
nominal bond stress, Fj;; the circumferential bond transfer
width, B for RCFT and 0.25%D for CCFT; and the longitudi-
nal bond transfer length, BC;, for RCFT and DC;, for CCFT.
The nominal bond stress, Fjy, is taken as 60 psi (0.4 MPa).
This value is seen as a reasonable lower bound of bond
stresses observed in experimental results, mostly consisting
of push-out tests (AISC, 2010). The bond length is dependent
on the value of Cj,, which is equal to 2 if CFT extends to
only one side of the point of force transfer (e.g., the top or
bottom story) and 4 if the CFT extends both sides. The bond
width is computed assuming only the face to which load is
applied for RCFT, or one-quarter of the perimeter for CCFT
is active in transferring stress. The resistance factor, ¢, is
given as 0.45 and safety factor, Q, is given as 3.33 based on
an examination of push-off test results from Morishita et al.
(1979a, 1979b).

The European model building code (CEN, 2004) also pro-
vides provisions relating to transfer strength by direct bond.
A differentiation is made in the bond stress based on the
shape of the steel tube: 60 psi (0.40 MPa) for RCFT and
80 psi (0.55 MPa) for CCFT. The bond transfer length is lim-
ited to the lesser of twice the minimum transverse dimension
of the column, or one-third the column length. No mention
is given to the bond transfer width, so it may be assumed that
the full perimeter is engaged in the load transfer. It is noted
that for a RCFT column with two girders framing in, the
nominal bond strength, as calculated by the AISC Specifica-
tion and Eurocode, is the same.

Tomii (1985) highlights a design procedure from the
Japanese code in which a lower bond strength and larger
bond transfer area are used. For long-term loading, the bond
strength is 14 psi (0.10 MPa) for RCFT and 21 psi (0.15 MPa)
for CCFT. The bond length is taken as the distance from
the mid-height of the upper column to the mid-height of the
lower column, and the bond width is taken as the full perim-
eter of the steel-concrete interface.

Other procedures have been proposed to characterize
bond strength for design. Roeder et al., (1999) examined
results from push-out tests on CCFTs and found a correlation
between bond strength and the cross-sectional dimensions
of the tube. A linear equation was proposed to describe the
bond stress as a function of the D/f ratio. The linear equa-
tion implied that no reliable bond stress could be obtained
for CCFTs with a D/t ratio greater than 80. Two checks are
proposed using this bond stress. First, at the ultimate load
level, the bond stress is applied around the entire perimeter
and along a length equal to the lesser of length of the col-
umn, or 3.5 times the diameter of the steel tube. Second,

<
: ?\h '
.47'.,. \ ST R v
- a || Air Gap * h
< 4 9 I Y [ A S S
. ] [}
.<~,: AirGap || 7
.. A .. A A
4 < 4 4 1 ] A4 1 v
% A W 7 % A
(b) Push-out test (c) Push-out test (d) Typical CFT
(a) Push-off test without shear tabs with shear tabs connection

Fig. 1. Typical CFT test configurations to assess bond behavior.
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noting evidence of cyclic deterioration of bond strength, at
the serviceability level, the bond strength is computed using
a triangular stress distribution over a length of one-half the
tube diameter.

Variation in the bond stress based on tube dimensions was
also observed for RCFTs by Parsley et al. (2000). A formula
for bond strength was proposed as a linear function of the
slenderness parameter 1/H>.

EXPERIMENTAL STUDIES

Experimental studies on bond behavior of CFT members
have most frequently been conducted through the use of
push-out tests (Virdi and Dowling, 1980; Shakir-Khalil,
1991, 1993b, 1993c; Roeder et al., 1999; Parsley et al., 2000;
Xu et al., 2009; Aly et al., 2010; Yin and Lu, 2010), push-
off tests (Morishita et al., 1979a, 1979b; Tomii et al., 1980a,
1980b), or connection tests (Dunberry et al., 1987; Shakir-
Khalil, 1993a, 1993d, 1994a, 1994b; Shakir-Khalil and Al-
Rawdan, 1995). Each of these types of tests (see Figure 1)
has advantages and disadvantages in the assessment of the
natural bond strength of CFTs. The boundary conditions
of push-out tests (Figures 1b and 1c) induce constant bond
stress at the ultimate limit state and thus provide little infor-
mation as to the distribution of bond stress over the length
along the column. However, in push-off and connection
tests, where the bond stress is not constant, it is difficult
to accurately estimate the magnitude of stress. In typical
push-out and push-off tests, the specimen bears directly on
arigid support at the base (Figure 1b), excluding the benefi-
cial effects that a shear connection provides. Push-out tests
where force is applied to the concrete core and resisted by
shear tabs attached to the steel tube (Figure 1c) and connec-
tion tests (Figure 2) include these beneficial effects and thus
provide the closest analogs to typical shear connections (or
other connection types that feature eccentric introduction of
force into the CFT) used in practice.

Fig. 2. CFT connection test schematic.

CFT Push-Out Tests without Shear Tabs

Critical bond stresses from push-out test results are com-
puted by dividing the peak load attained during the test by
the entire area of the steel—concrete interface. The resistance
observed in these tests has been generally attributed to three
primary mechanisms: adhesion, friction and wedging (Pars-
ley et al., 2000; Johansson 2003). Adhesion, provided by the
chemical bond between the concrete and steel, is a brittle
mechanism and is only active at most during the early stages
of load. It may not be active at all depending on the relative
amplitudes of radial enlargement of the steel tube caused by
the wet concrete, shrinkage of the concrete and the rough-
ness of the steel tube (Roeder et al., 1999). Friction is the
product of the roughness of the steel-concrete interface
and the contact pressure existing at the interface. Wedging
occurs as the motion of the concrete core is resisted by geo-
metric irregularities in the steel tube.

Bond stresses obtained from push-out tests are highly
variable and found to range over two orders of magnitude.
However, some noticeable trends have been identified
(Roeder et al., 1999; Parsley et al., 2000). The bond stress
for CCFTs is larger than for RCFTs. Tube dimensions have
an effect on the results, with lower bond stress obtained for
larger and more slender tubes. The surface preparation of
the interior of the steel tube and the shrinkage/expansive
potential of the concrete have also been shown to have an
influence on the bond stress. Concrete and steel material
strengths, however, appear to have no consistent effect on
the bond stress. Eccentric loading of the column has also
been shown to have a beneficial effect on the bond stress.
This increase is so significant that it has been suggested that
a bond need not be checked in the presence of significant
bending moments in the column (Roeder et al., 2009). This
paper does not specifically address the effect of eccentri-
cally loaded columns, rather concentrating on the worst-
case concentric loading.

Details of push-out tests without shear tabs reported in the
literature are presented in Table 1 for RCFTs and Table 2 for
CCFTs. All specimens from each reference were included,
with the exception of those with shear tabs, those with
mechanical shear connecters, those where the steel-concrete
interface was manipulated by machining or applying a lubri-
cant, those where the load was applied eccentrically or those
with expansive concrete. Specimens that were loaded cycli-
cally were included in the table because they represent load-
ing conditions that typical connections may experience, and
they did not significantly skew the results of the analysis.

CFT Push-Out Tests with Shear Tabs

Assessing bond stress based on the results of typical push-
out and push-off tests neglects beneficial effects that occur
in typical beam-to-column connections due to the rotation
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Table 1. RCFT Push-Out Tests without Shear Tabs
Number of - . . . , . . .
Reference Specimens L (in.) H, B (in.) t (in.) H/t, B/t Fy (ksi) fec (ksi) Fin (psi)
Shakir-Khalil, 1991 6 16 3.1-5.9 0.20 16-30 43.0 57-6.3 | 29-193
Shakir-Khalil, 1993a 6 8-24 5.9 0.20 30 43.0 5.9 48-86
Shakir-Khalil, 1993b 2 16 5.9 0.20 30 43.0 5.7 29
Parsley et al., 2000 4 48-60 | 8.0-10.0 0.25 32-40 48.0 5966 | 25-42
Table 2. CCFT Push-Out Tests without Shear Tabs
Number of . - - . , . _ .
Reference Specimens L (in.) D (in.) t (in.) D/t Fy (ksi) c (ksi) Fin (psi)
Virdi and 82 6-18 5.7-12.0 | 0.20-0.40 | 15-32 mild steel | 3.2-6.7 75-431
Dowling, 1975
Shakir-Khalil, ) 16 6.6 0.20 34 43.0 6.5 63-69
1991
Shakir-Khalil, 6 8-24 6.6 0.20 34 43.0 6.1 95-134
1993a
Shakir-Khalil,
993t p) 16 6.6 0.20 34 43.0 6.5 63-69
I;{ggger etal, 18 30-76 | 10.8-24.0 | 0.22-0.53 | 20-109 | notgiven | 4.0-6.9 1.5-114
Xuetal, 3 20 6.1-6.3 | 0.11-0.18 | 35-56 not given 6.8 87-97
2009
Aly et al.,
010 14 16 4.5 0.13 36 50.8 59-132 | 51-181

of the shear tabs (or similar eccentricities that may occur
for introduction of force between a girder and the steel tube
in the connection topology) (Johansson, 2003). The rotation
of the shear tab during loading results in pinching of the
concrete core where the shear tab rotates inward and con-
striction of the steel tube where the shear tab rotates outward
(Figure 3). Both cases result in increased contact pressure

Lateral S\ Shear

tensile

7/ stress contraction
High Shear -~
compressive stress due

stress to pinching

Fig. 3. Increased contact force with shear tab rotation
(adapted from Johansson, 2003).
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between the steel and concrete and thus greater frictional
resistance to slip.

Push-out tests where load was applied to the steel tube
through shear tabs have been reported in the literature
(Shakir-Khalil, 1993c; Parsley et al., 2000). Details of these
experiments are presented in Table 3 for RCFTs and Table 4
for CCFTs.

The failure mode of the all of the RCFT specimens was
slip. A typical load-slip relationship shows a high initial
stiffness up to the peak load. Many specimens showed a
sharp decrease in strength following the peak load, while
others maintained a load near the peak load. Two specimens
(G2 and G3) displayed a steadily increasing load following
a reduction in stiffness near the peak load of other similar
specimens. In all cases, Pypplieq Was taken as the peak load
attained during the test. The average bond stress, Fjj,, for
the full set of RCFT tests is 93 psi. The average bond stress
for specimens where the shear tabs were located near mid-
height of the column is 118 psi, while it is 53 psi for speci-
mens with shear tabs near the column ends.

Only some of the CCFT specimens failed due to slip.
Specimens Dla, DIb, Fla and FIb (Shakir-Khalil, 1993c)



Table 3. RCFT Push-Out Tests with Shear Tabs

Reference | Specimen | L (in.) "(i:_f t (in.) H/t Fy(ksi) | Fe(ksi) P ?ﬁfg)‘*d Fin (psi)
Cla 15.6 5.91 0.197 30.0 39.9 6.2 38.1 110.5
o C1b 15.6 5.91 0.197 30.0 39.9 6.2 515 149.5
§ C2a 15.7 5.91 0.197 30.0 39.9 6.2 51.5 148.4
R C2b 15.7 5.91 0.197 30.0 39.9 6.2 53.1 153.3
E Ela 15.7 7.87 0.248 31.7 39.9 6.6 37.5 81.0
,ﬁ E1b 15.7 7.87 0.248 31.7 39.9 6.6 18.0 38.7
§ G2 15.8 5.91 0.197 30.0 39.9 6.5 44.7 128.2
@ G3 15.9 5.91 0.197 30.0 39.9 6.5 47.0 133.7
G4 15.8 5.91 0.197 30.0 39.9 6.5 234 67.0
5o CFT2 48.0 8.00 0.228 35.1 48.0 6.6 98.0 67.7
5 § CFT5 48.0 8.00 0.228 35.1 48.0 6.6 101.0 69.7
g ﬁfh CFT8 58.5 10.00 0.232 43.1 48.0 5.9 67.0 30.0
& CFT6 58.5 10.00 0.234 42.7 48.0 5.9 70.0 314
Average: 93.0
Std. Dev.: 46.4

Table 4. CCFT Push-Out Tests with Shear Tabs

Reference | Specimen | L (in.) D (in.) t (in.) D/t Fy (ksi) ' (ksi) V?ﬁ’i’g;’d Fin (psi)
o D1a 15.7 6.63 0.197 33.7 39.9 6.2 186.6 605
é) D1b 15.7 6.63 0.197 33.7 39.9 6.2 182.1 594
iR Fla 15.8 6.63 0.197 33.7 39.9 6.1 212.9 689
E F1b 15.6 6.63 0.197 33.7 39.9 6.6 218.3 715
i H2 15.8 6.63 0.197 33.7 39.9 6.5 172.0 556
E H3 15.9 6.63 0.197 33.7 39.9 6.5 167.0 538
@ H4 15.7 6.63 0.197 337 39.9 6.5 60.5 196
Average: 556
Std. Dev.: 172

achieved higher-than-expected strengths, and the shear
tabs failed prior to slip. In an analysis of one of these speci-
mens, Johansson (2003) identified the rotation of the shear
tabs and the increased contact forces to be the cause of
the unexpectedly high bond strength. The failure mode of
specimens H2 and H3 was slip; however, no peak load was
observed because the load was seen to steadily increase.
One specimen, H4, failed through slip and displayed a peak
load. Again, in all cases, Pgppiieqd Was taken as the peak load
attained during the test. The bond stress for CCFTs is much
larger than for RCFTs, with an average applied bond stress,
Fiy, of 556 psi. However, this value is unreasonably high

for design purposes, because it was achieved only for a few
similarly proportioned tests and may not be indicative of
expected behavior for the variety of configurations expected
in practice.

Nominal Bond Stress

Push-out tests, whether with or without shear tabs, provide
a direct means of assessing the bond stress. Trends in the
push-out test results that have been identified include the
dependence of the bond stress on factors not typically known
at the time of design (e.g., the condition of the steel-concrete
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surface and the shrinkage/expansive potential of the con- to determine which of the two transverse dimensions of an

crete). For a bond stress formula intended for design, these RCFT cross-sections—i.e., the width or the height—should
factors should thus be included in an average sense rather be used for determining bond stress because most of the
than explicitly. Among the strongest trends identified is the RCFT push-out tests (Tables 1 and 3) had square sections.
dependence of the bond stress on tube dimensions. Roeder The height, defined here as the longer transverse dimension,
et al., (1999) proposed a formula for bond stress of CCFTs was selected as the conservative choice, but further inves-
based on the D/t ratio. Parsley et al., (2000) proposed a tigation is appropriate for sections with a high aspect ratio
formula for bond stress of RCFTs based on #H?. The ratio (H/B).
1/H? was selected based on a mechanistic analysis; it is pro- The results of push-out tests are plotted in Figure 4
portional to the radial stiffness of cylindrical, thin-walled against both of these parameters. All push-out tests from
pressure vessels. Tables 1 through 4 were included. The bond stress is typi-
It is noted that there is insufficient experimental evidence cally higher for push-out tests with shear tabs, showing the
250 T T T T T 250 T T T T
O  Without Shear Tabs O  Without Shear Tabs
Equation 3 Equation 4
200 A With Shear Tabs | o00f| 4  With Shear Tabs d
o s Equation 5 s Equation 6
g g
LL-S 150 LL-'S 150 - A o ]
@ @
8 g o
B 100 B 100 .
c s (-]
@ 3
50 50 (] i
(o]
0 1 1 1 1 1 0 L L L L
20 25 30 35 40 45 50 0 0.002 0.004 0.006 0.008 0.01
Tube Slenderness, H/t Tube Slenderness, t/H (1/in)
(a) Bond stress of RCFT as a function of H/t (b) Bond stress of RCFT as a function of #/H?
800 T T T T T T 800 T T T
O  Without Shear Tabs O  Without Shear Tabs
700 - ﬁ Equation 7 b 700 - ﬁ Equation 8 R
A With Shear Tabs A With Shear Tabs
600 A 41 _ 600
2 A z
< 500 4 < 500
w- w-
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Fig. 4. Bond stress for CFT as a function of tube slenderness.

174 / ENGINEERING JOURNAL / FOURTH QUARTER / 2012



beneficial effects rotation of the shear tab has on bond stress.
As seen in Figure 4, there is significant variation in the bond
stress, indicating that the constant values used in current
design methodologies are insufficient, especially for thin
tubes and large cross-sections where the bond stress may be
overestimated.

To obtain a design formula, a least squares curve fit can
be made to these data. The forms of the equations chosen
were selected to provide a good fit to the available data, have
reasonable bounds, and produce non-negative bond stress
values. The results of the regression analysis are as follows:

RCFT push-out tests without shear tabs:

)—3 44

F,, =6.23x10° (H/r R*=0.68 €)

Fy, = 12,100(;/}12) R* =0.56 @)

RCFT push-out tests with shear tabs:

)—3.70

F,, =3.23x10 (H/r R* =061 &)

2 2
Fy =21,100(#H2)  R* =0.66 ©)

CCFT push-out tests without shear tabs:

F,, = 28,500(D/it)" R* =0.33 (7)

2 2
Fy, =30700(4D?) R =050 ®

where Fj, is in psi and ¢, H, and D are in inches.

A curve fit was not performed for CCFT push-out tests
with shear tabs because all the available tests had nearly the
same size tube. The two different functions for each case
represent the two different parameters (e.g., H/t and 1/H?)
chosen to represent the tube dimensions. In addition to accu-
racy, quantified by the R? value associated with each for-
mula, the formulas can be judged by their usability. Based
on these criteria, the formulas based on t/D? and t/H? are
recommended for design. Furthermore, the formulas com-
puted with the data from the push-out tests without shear
tabs are recommended for design because they provide a
lower bound for the behavior expected in typical shear con-
nections and allow for the greatest consistency between tube
shapes. Thus Equation 4 is recommended for the nominal

bond stress of RCFTs, and Equation 8 is recommended for
CCFTs. Both of these formulas have no upper bound on the
bond stress, though one could be implemented based on
the results of the stockiest tubes for each shape (i.e., 100 to
200 psi for RCFTs and 200 to 400 psi for CCFTs).

CFT Connection Tests

Push-out tests have explicit boundary conditions and paths
for load transfer and thus are well suited for an assessment of
bond stress; however, they provide little evidence of the bond
length or bond width of typical connections. Column con-
nection tests that are instrumented to measure load transfer
such as those conducted by Dunberry et al. (1987), Shakir-
Khalil (1993a and d, 1994a and b) and Shakir-Khalil and
Al-Rawdan (1995) provide a means to quantify the area over
which a nominal bond stress acts in typical connections. A
schematic of the test specimens and loading is presented in
Figure 2. Shear tabs are welded to the outside of the steel
tubes to transfer the eccentric shears through the interfaces.
Load is applied at both column ends and at the shear con-
nections, in a ratio described by .

The experimental strength of all of these specimens was
near the squash load, indicating that limit states other than
cross-sectional strength, including slip, either did not have a
significant effect on the strength or did not occur. In the tests
performed by Dunberry et al. (1987), local buckling was a
typical failure mode. The local buckling occurred near the
connection for some specimens, indicating that the loading
conditions possibly had an influence on the strength—and
away from the connection for other specimens. A strain
incompatibility was observed in the connection region,
which extended approximately three tube widths below the
connection and one to two tube widths above the connection.
The concrete load steadily rose in this region, indicating a
load was transferred along its length, although the rise was
steepest in the bottom half of the connection, indicating that
pinching due to rotation of the shear tabs played a significant
role in transferring the load. The tests performed by Shakir-
Khalil (1993a and d, 1994a and b) and Shakir-Khalil and
Al-Rawdan (1995) displayed somewhat similar behavior.
The typical failure mode was overall collapse of the column
without indication of a detrimental effect on the strength
from slip. The observed transfer length was shorter than
that observed by Dunberry et al. (1987), as strains equalized
within a tube width above and below the connection.

Additional details of the experiments are shown in Table 5
for RCFTs and in Table 6 for CCFTs. The tabulated applied
load, Pgppiiea, is the total load applied to the steel tube in the
connection region. This load is not necessarily indicative of
the slip strength because many of the specimens failed away
from the connection region or the strength was not reached
due to test rig limitations. Nonetheless, these specimens
were included in the table because they provide a lower
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bound on the slip strength. The portion of the applied load
that is transferred to the concrete core, V,applied, is computed
using Equation 9, which assumes secant stiffnesses based
on the material strengths. Equation 9 is equivalent to provi-
sions in the AISC Specification (AISC, 2010) that specify
how much load is transferred to the concrete when all of the
specimens have compact members:

AF,

Vapplied = Papptiea | 1= ————=—— ©)
applie applie A, Fy +CoAf,

where
C> =0.85 for RCFT and 0.95 for CCFT

The nominal bond strength based on current design provi-
sions (AISC, 2010) is tabulated for each of the specimens
and is used and along with V,applied to compute the test-to-
predicted ratio (Tables 5 and 6). The current design provi-
sions are seen to be very conservative for these specimens,
with test-to-predicted ratios ranging from 1.2 to 5.1 for
RCFTs and 1.8 to 4.2 for CCFTs, especially when noting
that these ratios are a lower bound because few specimens
exhibited a failure mode that included slip.

Effective Bond Transfer Length

The transfer length, the length along the column where sig-
nificant bond stresses occur, varies with material and geo-
metric properties of the CFT and increases with applied load.
The length used in the bond strength formula must address
two types of slip limit states. The first is slip along the entire
length of the column, where, depending on the boundary
conditions, a push-out type failure could occur. The second
is slip occurring locally, near the point of load application.
This type of slip failure is enabled by the formation of a
plastic mechanism in either the steel tube or concrete core,
allowing the relative motion. Other, more localized failure
modes that include slip (e.g., failure of one face of a CFT
column where load is framing in) should be addressed in
connection design and are not discussed here.

The CFT connection tests provide some insight into
an appropriate bond length. The transfer length at peak load,
Ltransfer» is computed for the CFT connections tests (Tables 5
and 6) using Equation 10, where p is the entire perimeter
of the steel-concrete interface and Fj;, is the critical bond
stress, as computed using Equation 6 for RCFTs and Equa-
tion 8 for CCFTs:

!
Vapplied

Liyansfor = —22 (10)
ransfer pF,

Use of the formula for bond stress from push-out tests with-
out shear tabs for RCFT (Equation 4) would result in transfer

178 / ENGINEERING JOURNAL / FOURTH QUARTER / 2012

lengths approximately twice as large and could be justified
because Equation 4 is recommended for design. However,
the formula for bond stress from push-out tests with shear
tabs is used for RCFTs, because it is a more accurate assess-
ment for these specimens. The tabulated transfer lengths are
of approximately the same magnitude as the lengths over
which slip occurred, as reported by the researchers.

In Tables 5 and 6, the transfer length is seen to have a
strong correlation with the ratio of load applied at the con-
nection to total load, B (Figure 2). This is due to the fact that
the specimens failed at loads near the cross-section strength,
thus the specimens with larger B values had larger trans-
ferred loads at failure because a larger portion of the load
was applied at the connection. The other specimens, with
lower B values, presumably could have achieved the simi-
lar transferred loads at failure had a greater portion of the
load been applied at the connection. Accordingly, the trans-
fer length in Tables 5 and 6 should be considered a lower
bound. The ratio of transfer length to tube width for speci-
mens with a large proportion of the load applied at the con-
nection ranges from 2.3 to 4.1 (B > 0.4; Table 5: specimens
Al, A2, A3, B2, Cl1, D1, D2, D3 and D4 by Dunberry et al.,
1987; Table 6: specimen A5 by Shakir-Khalil, 1993a). Based
on these data, the current provisions for bond length for the
case of load applied to the steel tube and the CFT extend-
ing to both sides of the point of force transfer (i.e., Cj;, = 4)
(AISC, 2010) appear to be appropriate and safe for design.

While the CFT connection tests provide valuable infor-
mation, they are limited by a lack of variety in geometric
and material properties and loading configurations and
because most specimens did not exhibit a slip related failure.
A mechanistic analysis allows exploration of the effective
bond transfer length for the range of properties and con-
figurations seen in practice. A suitable bond length would
account for both slip limit states: slip along the entire length
and localized slip accompanied with overstressing and for-
mation of a plastic mechanism in the steel tube or concrete
core.

The normalized length (L/H for RCFT or L/D for CCFT)
of the CFT push-out tests examined in this work varied
from 1 to 6. The CFT connections tests exhibited normal-
ized transfer lengths within the same range. While no defi-
nite trends were identified in the CFT push-out test results
between the normalized length and bond stress, the bond
stress as derived from the push-out tests may not be active
along the entire length for longer columns. Thus, utiliz-
ing the entire length of the column to assess bond strength
(i.e., Lpong = L, extending from mid-height of the column
above the connection to mid-height of the column below the
connection) may be inappropriate even for the case of slip
occurring along the entire length of the column.

For localized slip, the length of the column that slips is
relatively small, but to enable this failure mode, a plastic



mechanism needs to develop in either the steel tube or con-
crete core (depending on where the load is applied). The
applied force required to develop the plastic mechanism
assuming strengths consistent with current provisions
(AISC, 2010) is given in Equation 1la for the case of load
applied to the steel tube and the CFT extending to both sides
of the point of force transfer, Equation 11b for the case of
load applied to the steel tube and the CFT extending to only
the compressive side of the point of force transfer, and Equa-
tion 1lc for the case of load applied to the concrete core
regardless of which sides the CFT extends.

Papplied = Achr + AsFy (112)
Papplied = Achr (11b)
Papplied = C2Acfc’ (1lo)

where F, is the critical compressive stress of the steel tube
(Fer < Fy) (AISC, 2010).

Note that when load is applied to the steel tube and the
CFT extends to both sides, the compressive strength on one
side and the tensile strength on the other side need to be met
simultaneously to form a plastic mechanism. Thus, depend-
ing on the proportioning of the section, this limit state may
be precluded by the cross-section strength of the composite
column.

To determine an appropriate value for the bond length
when a localized overstressing failure controls, the transfer
length is computed when the applied load is equal to the
limit (Equation 11). The transfer length is computed using
Equation 12a for the case of load applied to the steel tube
and Equation 12b for the case of load applied to the concrete
core. These equations are as given in the AISC Specification
(AISC, 2010), with the exception that F, is used instead of
Fy to determine the portion of the load supported by the steel
tube. This change was necessary to yield realistic results for
slender tubes. Note that F, = F) in the controlling cases
presented here; thus, this deviation from the AISC Specifi-
cation has no effect on the proposed recommendations.

AF,
Papplied (1 - ;, - | = pFinLtmnSfer (12a)
no
AF,
Papplied (% = pF;'n Ltramfer (12b)
no

where P,, is the nominal compressive strength of zero
length CFT (AISC, 2010).

The computed transfer length is normalized by the out-
side dimension of the steel tube (H for RCFT; D for CCFT)
to be comparable with the parameter Cj,. The minimum
normalized transfer lengths for practical ranges of material
parameters (F, > 36 ksi, Es = 29,000 ksi, f¢ = 3 ksi) and
geometric parameters (H = 4 in., H/B < 2, B/t 2 10, H/t <
400 for RCFT; D 24 in., 10 < D/t <400 for CCFT) and only
for cases where the plastic mechanism was not precluded
by the cross-section strength are presented in Table 7 for
RCFTs and Table 8 for CCFTs for the various configura-
tions. Based on these results, an appropriate value for C;, in
the bond strength equation is 4 for the case of load applied
to the steel tube and the CFT extending to both sides of
the point of force transfer and 2 otherwise. The value of 4
for the case of load applied to the steel tube and steel tube
and the CFT extending to both sides of the point of force
transfer is in agreement with results of the CFT connection
tests described earlier; there is no experimental evidence for
the other configurations. These recommendations regard-
ing C;, represent a minor change from the current provi-
sions, where Cj;, = 4 when the CFT extends to both sides of
the point of force transfer regardless of whether the load is
applied to the steel or to the concrete. It is further recom-
mended that in cases where the nominal bond length (C;,H
for RCFTs; C;,D for CCFTs) of adjacent connection regions
overlaps (e.g., columns with a low length-to-depth ratio or
with beams framing in a staggered pattern), the bond length
should be taken as a reduced value computed such that no
overlap occurs.

An alternative form of the bond length could include the
height of the shear tab. This form would have the advan-
tage of being more consistent with the definition of the load
transfer region used for detailing shear connectors in com-
posite columns (AISC, 2010). If such a form was chosen, the
value of C;;, would need to be adjusted accordingly.

Effective Bond Transfer Width

Current design provisions in the AISC Specification
allow only a portion of the perimeter of the steel-concrete
interface to be used when computing the transfer strength
(AISC, 2010). This is unique among the existing and pro-
posed design provisions examined in this paper (Tomii,
1985; Roeder et al., 1999; Parsley et al., 2000; CEN, 2004).
Based on observations of friction marks on tested and disas-
sembled push-out specimens, Shakir-Khalil (1993b) noted
that for CCFTs the entire perimeter is engaged in bond
transfer, whereas for RCFTs only the corner regions partici-
pate. There is limited evidence regarding the portion of the
width that is active when various numbers of girders frame
into either a CCFT or a RCFT column because the major-
ity of tests have been completed with two girders. The CFT
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Table 7. RCFT Minimum Transfer Lengths from Mechanistic Analysis
H B t F, y fec Ltransfer Ltransfer
Case (in) (in.) (in.) Ht (ksi) (ksi) (in.) /H
|- | Load onsteel, column | 4.00 0.067 59.5 36.0 3.0 48.43 12.11
5 extends both sides
o
s Load on steel, column |, 4.00 0.132 30.3 36.0 3.0 16.06 4.02
2 | extends below only
@ Load on concrete 4.00 4.00 0.132 30.3 36.0 3.0 16.06 4.02
Load on steel, column | 4, 4.00 0.067 59.5 36.0 3.0 48.43 | 12.11
. extends both sides
Q | Load on steel, column | ¢ g5 4.00 0.400 17.4 36.0 3.0 22.91 3.29
extends below only
Load on concrete 6.96 4.00 0.400 17.4 36.0 3.0 22.91 3.29
Table 8. CCFT Minimum Transfer Lengths from Mechanistic Analysis
D t Fy fc Litransfer Ltransfer
Case (in) (in) brt (ksi) (ksi) (in) /D
Load on steel, column 4.00 0.075 53.5 36.0 3.0 19.13 4.78
extends both sides
Load on steel, column 4.00 0.104 38.4 36.0 3.0 7.94 1.99
extends below only
Load on concrete 4.00 0.104 38.4 36.0 3.0 7.94 1.99

connection tests conducted by Shakir-Khalil and Al-Rawdan
(1995) with only one girder framing in had experienced
lower transfer loads than the other specimens (Table 5), but
it is important to note that the specimen did not suffer a bond
failure and would likely have resisted higher transfer loads
if the specimen were designed to mitigate non-slip-related
failure. The experimental bond stress for push-out tests,
including those with shear tabs, is computed assuming the
full perimeter is engaged in slip. All of the push-out tests
with shear tabs in Tables 3 and 4 have two girders fram-
ing on opposite sides. This implies that, for columns with
at least two girders framing in on opposite sides, the bond
stress can be achieved for the entire perimeter. For the cases
of edge and corner columns where one girder or two gird-
ers on adjacent sides frame in, it is unclear whether or not
the entire perimeter is engaged. However, these configura-
tions will induce bending moments into the columns, thus
increasing the bond strength. Therefore, using the entire
perimeter for corner columns is likely justified and is pro-
posed for use in this work.

PROPOSED DESIGN FORMULA

Based on the preceding analyses of critical bond stress,
longitudinal bond transfer length and circumferential bond
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transfer width, the formula for nominal bond strength is pro-
posed as:

(a) For RCFT:
R, =2(B+H)LyyyF,, (13a)
Lbond = CinH (13b)

F, =12.1(1/H?) <

o =12.11t/H")< 0.1 (13¢)

(b) For CCFT:
R, =nDLy,,4F;, (142)
Lbond = CinD (14b)



Fy =307(1/D?) <02

where

R,  =nominal bond strength, kips

Fij, =nominal bond stress, ksi

t = design wall thickness of steel section, in.

B = overall width of rectangular steel section (B < H),
in.

H = overall height of rectangular steel section (H 2 B),
in.

D = outside diameter of round steel section, in.

Lpong = length of the bond region (the bond region of
adjacent connections shall not overlap)
Cin =4 ifload is applied to the steel tube and the CFT
extends to both sides of the point of force transfer
= 2 otherwise

For simplicity in design, the perimeter of the steel-
concrete interface is approximated using the outside dimen-
sions of the steel tube (i.e., p = 2(B + H) for RCFT and
p = D for CCFT). The error introduced from this simpli-
fication is small in comparison to the scatter in the results.

An upper bound is placed on the bond stress based on the
bond stress observed in experimental results of the stocki-
est tubes for each shape. For very large cross-sections and
thin steel tubes, the bond stress approaches zero, essentially
requiring an alternate force transfer mechanism when sig-
nificant loads are applied.

The proposed formula differs from the current formula
(AISC, 2010) in the bond strength, bond length, and bond
width. In the proposed equation, the bond width is the entire
perimeter of the interface, regardless of the number of gird-
ers framing in. The resulting strength should be compared
against the force transfer demand from all girders fram-
ing in, as opposed to checking each girder individually as
implied by the current design formula (AISC, 2010).

The proposed formula for bond stress is based on geo-
metric properties of the tube only. It is noted that concrete
quality (e.g., the shrinkage/expansive potential) also affects
the bond stress. This was not included in the proposed for-
mula because the concrete quality is not typically known
at the time of design. However, higher and more reliable
bond strengths could be obtained if there were requirements
placed on the quality of the concrete (Roeder et al., 1999).

Table 9. Computation of Resistance and Safety Factors
Number of
Type Experiments Rim/Rn Ve ¢ Q
RCFT 18 0.91 0.43 0.45 3.37
CCFT 127 1.26 0.51 0.55 2.74
(14¢) To compute a resistance factor for load and resistance fac-

tor design, the recommendations of Ravindra and Galambos
(1978) are used. The proposed formula for the resistance fac-
tor (Equation 15) depends on the desired reliability index,
By; coefficient of variation of the resistance, Vg; and the
mean test-to-predicted ratio, R;,,/R,;:

R -
b= R_me( 0.55B,VR) 15)

n

Unfortunately, no suitable set of tests exists to compute
reliable statistics on the resistance or test-to-predicted ratio
for the bond strength. The CFT connection tests results have
unnaturally high variation because the peak applied loads
do not always reflect bond failures (i.e., other failure modes
govern the peak strength). An approximate result can be
obtained by computing the resistance factor for the bond
stress. The nominal bond stress given by Equations 13b
and 14b is compared to the experimentally observed bond
stress for the specimens in Tables 1 and 2. The resulting
mean and coefficient of variation of the test-to-predicted
ratio are presented in Table 9. In this case, only uncertainty
from the bond stress will be included. Assuming a reliabil-
ity index of 3.0, as is recommended for members (Ravindra
and Galambos, 1978), the resistance factor is computed as
0.45 for RCFT and 0.55 for CCFT. A value of 0.45 is rec-
ommended for both shapes. The corresponding safety factor
for allowable stress design is computed as 3.33 (Q = 1.5/¢).
These values are consistent with those in the current AISC
Specification (2010).

DISTRIBUTION OF BOND STRESS
ALONG COLUMN HEIGHT

The current (AISC, 2010) and the proposed design equations
assume that the bond stress is uniform over a given height of
the column. However, distribution of bond stress is known
to vary both along the perimeter of the interface and along
the height of the columns. This complex three-dimensional
behavior is most accurately analyzed using detailed con-
tinuum finite element models (Roeder et al., 1999; Johans-
son, 2003). One-dimensional analysis, assuming constant
behavior around the perimeter of the interface, comple-
ments the more detailed analyses and provides a valuable
link between the complex three-dimensional behavior and
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simple design equations. The derivation presented here is
essentially a simple case of the bond model developed by
Hajjar et al. (1998), applicable only to concentrically loaded
columns with negligible geometric nonlinearity. This sec-
tion thus assesses the nonlinear distribution of bond stress
using one-dimensional analysis and justifies the use of a
uniform bond stress in design calculations.

The distribution of bond stress along the height of the
column depends on the response of the steel tube and the
concrete core, as well as the interface between the two.
A differential equation can be formed to describe the slip
behavior by assessing equilibrium on an infinitesimal length
of a CFT column. A free-body diagram of the CFT segment
is shown in Figure 5. Equilibrium can be assessed for the
steel and concrete components (Equation 16):

ZF oncrete = AcOe (X)—ACGC (X+dx)—pdx’l:(x) =0 (16a)

EFype1 = A0y (x)— A0 (x+dx)+ pdxt(x)=0 (16b)

where
Ag  =cross-sectional area of the steel tube
A,  =cross-sectional area of the concrete core
p = perimeter of the steel-concrete interface
X = variable defined by the length along the CFT

dx  =length of the segment of CFT analyzed (Figure 5)
Og(x) = longitudinal stress in the steel tube

G.(x) = longitudinal stress in the concrete core

T(x) =bond stress

If elastic behavior is assumed (i.e., steel and concrete
stresses are linear functions of strain and bond stress is a
linear function of slip), the general solution of the resulting
differential equation is Equation 17 (Denavit, 2012).

©(x)=Cre™ +Cre™ " (17)

G (x+dX) O (x+dx)

G (x+dx)
\ 4 v v v v A
TN ‘ . O ., ¢ T(X) Idx
A A A A A
6,0 o 640

<

>

Fig. 5. Free-body diagram of CFT section.
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where
c= |2, P¥
EC AC ES AS
E; = elastic modulus of the steel tube
E. = elastic modulus of the concrete core
K = elastic stiffness of the bond-slip relation

C7 and C3 = constants that depend on boundary conditions

The specific solution depends on the boundary conditions
of the column. One representative case—one side of a shear
connection where the peak bond stress is just reached and
the column is of sufficient length to completely transfer the
load—will be examined further. The boundary conditions
for this case can be described by Equation 18:

r(oo)=0 (18)

Solving for the constants, the distribution of the bond
stress is described by Equation 19. The equation indicates
that the bond stress exponentially decays away from the
point of load applications. The force transfer between mate-
rials persists along the full length of the column, although
after a relatively short distance the bond stress is negligibly
small. This behavior has been noted previously in analyses
performed by Roeder et al. (1999).

t(x)= Fpe® (19)

Pabove Pabove
i Steel Bond
Elements Elements
(Truss) (Zero Length)
PI2 P/2

Concrete
Elements
(Truss)

N N

Physical Structure Schematic FEM Mesh

Fig. 6. Schematic of FEM mesh.



The load transferred can be computed by integrating along
the length of the column and is found to be pF;,/C.
Examining the elastic behavior gives insight into the dis-
tribution of bond stress; however, nonlinearity in the steel
tube, concrete core and bond behavior is expected at the
ultimate limit state. A material nonlinear analysis was con-
ducted using existing structural analysis formulations, not-
ing that the governing differential equations can be modeled
with two strands of linked truss elements. The steel tube
and concrete core are modeled with truss elements, and the
interface is modeled with zero length springs located at the
nodes. This configuration is shown schematically in Fig-
ure 6. Typically, 200 elements along the length of the col-
umn were used in the analyses; the large number of elements
provided for smooth results along the length of the column.
When elastic materials are used, the analytical results
(Equation 18) are captured exactly by this computational
model. Suitable uniaxial material models have been devel-
oped in previous studies for RCFT (Tort and Hajjar, 2010)
and CCFT (Denavit and Hajjar, 2012). An elastic—perfectly
plastic model is used to describe the load-slip relationship
with peak stress computed by Equation 13b for RCFT and
Equation 14b for CCFT and the initial stiffness taken as 66
kip/in3, based on recommendations by Hajjar et al. (1998).
Analyses were performed on column segments represent-
ing half the story height above and below a simple connec-
tion. Slip was constrained to be zero at the top and bottom
of the column segment so that the introduction of load at the
connection could be investigated without any influence of

120 T

slip elsewhere in the column. The columns were subjected
to a load applied at the top representing load in the column
from upper stories and a load applied at the connection (mid-
height of the segment) equal to the nominal bond strength
(Equation 13a for RCFTs and Equation 14a for CCFTs).
Results include the distribution of slip, bond stress and axial
load in the steel tube and concrete core along the height of
the column. Sample results from one analysis are shown in
Figure 7 for a 10-ft-long segment of a CCFT column con-
structed from an HSS 7.500x0.250 (Fy = 42 ksi, t4esign =
0.233 in, Fj;, = 127.2 psi) and normal-strength concrete (f', =
4 ksi). A load of 74.2 kips (0.2P,,) was applied at the top,
and a load of 211.9 kips was applied at the connection.

The horizontal dashed lines denote the nominal bond
length (C;,D) in which the bond stress is assumed active
in the design formulation. The nonlinear analysis confirms
that the majority of the force transfer occurs in this region,
although not all, with some slip extending both above and
below this region. The distribution of slip is not symmet-
ric about the connection, with the equilibrium achieved in a
shorter length below the connection than above. This is due
to the gradual decrease in stiffness of the steel tube and con-
crete core as loads are increased. The variation in stiffness
with loading is also seen in the load sharing in the equilib-
rium regions. Above the connection the steel carries 52% of
the axial load, while below the connection the steel carries
60% of the axial load. The percentage below the connection
is in agreement with the AISC Specification (Equation 9),
but because the percentage above is lower, the transferred

—6— Steel
—— Concrete

100 -

80

60 [

40

Length Along Column (in)

20

Axial Compression (kip)

A4
0 100 200 0 2
Slip (inx107%)

4 6 0 50 100 150
Bond Stress (psi)

Fig. 7. Sample results of nonlinear bond analysis.
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load is slightly underpredicted. The magnitude of slip at the
nominal bond strength is rather small (on the order of one-
hundredth of an inch), confirming that natural bond strength
should not be superimposed with other force transfer mech-
anisms that may not develop their full strength at these low
levels of deformation.

CONCLUSIONS

Current design provisions for the natural bond strength are
overly simple and are found to be conservative for the cases
examined. A new formula for nominal bond strength of
CFT structures is proposed in this paper. The critical bond
stress, given as a function of tube dimensions, is derived
from results of push-out test and varies between RCFT
and CCFT. The effective bond transfer area is determined
based on an examination of experimental observations and
results from specially instrumented connection tests. The
resistance factor is computed as 0.45, and the safety factor is
computed as 3.33, based on the bond stress formula. Using
a one-dimensional model, the behavior of the connection
region of a column was examined. The distribution of bond
stress and the load deformation response at the joint both
indicate that the proposed design formula is safe.

Finally, it is noted that because the proposed formula is
based on experimental results that do not generally exhibit
a bond slip failure, there is a degree of conservatism in the
design recommendations. Thus, future experimental and
analytical research is warranted to explore the behavior of
CFT columns subjected large transfer forces.

NOTATION
Ac, Ag Cross-sectional area of the concrete and steel
B Overall width of rectangular steel section (B < H)
C Constant in bond stress formula (Equation 16)
Cin Coefficient for longitudinal bond height
D Outside diameter of round steel section
E., Es Modulus of elasticity of the concrete and steel
Fe, Critical compressive stress of the steel (F¢, < Fy)
Fin Nominal bond stress
Fy Steel yield strength
H Overall height of rectangular steel section (H = B)
L Specimen length
Lipond Length used when determining bond strength

Liransfer Length along the column where significant bond

stresses occur
Pappiiea  Applied force

Puo Nominal CFT section compressive strength
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Ry Nominal bond strength
V'applied Portion of applied force that is transferred

de, dg Displacement of the concrete and steel

fe Concrete compressive strength

p Perimeter of the steel-concrete interface

s Slip

t Thickness of steel tube

Q Safety factor

B Applied load ratio

(0] Resistance factor

K Bond stiffness

G¢, Oy Longitudinal stress of the concrete and steel
T Shear stress at steel—concrete interface
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Beam Deflections and Stresses During Lifting

R.H. PLAUT, C.D. MOEN and R. COJOCARU
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in Pittsburgh, PA, May 10-14, 2011.

ABSTRACT

The behavior of horizontally curved beams during lifting is analyzed. The beams are circularly curved, doubly symmetric, prismatic and
linearly elastic, and they are suspended at two symmetric locations. The two cables lifting the beams may be vertical or inclined symmetri-
cally. Numerical results are presented for steel I-beams. Weak-axis and strong-axis deflections, roll angle and cross-sectional twist, internal
forces, bending and twisting moments, and longitudinal stresses are calculated using newly derived analytical solutions implemented as a
freely available spreadsheet at http://www.moen.cee.vt.edu. Lifting locations along the beam that minimize displacements and stresses are

identified.

Keywords: lifting beams, twisting, deflections.

INTRODUCTION

hen a horizontally curved beam is lifted by two cables,

it tends to roll (rotate) about an axis above the beam. If
the 1ift points are not approximately one-fifth of the beam’s
length from the near end, the beam may roll significantly.
This causes weak-axis bending and cross-sectional twist to
occur. Excessive roll and twist may cause difficulties when
the beam is put into place, e.g., on permanent or temporary
bridge supports. The objectives of the present study are to
obtain analytical solutions for a basic class of beams and
to determine the effects of various parameters, such as the
locations of the lift points. For suspended beams that are
intentionally curved, or are meant to be straight but have an
imperfection in shape, the displacements and stresses are of
concern, but lateral buckling is typically not an issue (Petru-
zzi, 2010; Plaut and Moen, 2011).

In the analysis, the beams are circularly curved (hori-
zontally), the curvature is small, and the cross-sectional
dimensions are small compared to the radius of curvature.
The cross-section is uniform and doubly symmetric, and its
center of gravity coincides with its shear center. The ana-
lytical formulation is also accurate for singly symmetric sec-
tions when the center of twist (shear center) is close to the
cross-section centroid (Cojocaru, 2012). The cross-section
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is rigid and does not change shape as the beam rolls and
deforms. The material behavior is linearly elastic and the
displacements are small. The beam is subjected to its self-
weight and to the two supporting cable forces that are sym-
metric with respect to midspan.

Investigations on the lifting of straight or curved beams
include Mast (1989), Dux and Kitipornchai (1990), and
Stratford and Burgoyne (2000). Additional references are
listed in Plaut and Moen (2012). A recent research project
at the University of Texas at Austin studied the behavior
of curved steel I-beams during lifting with vertical cables
(e.g., Farris, 2008; Schuh, 2008; Petruzzi, 2010; Stith, 2010).
Results of some tests were presented, and the analysis was
mainly conducted using the finite element software ANSYS.
A software program called UT Lift was developed along
with another program called UT Bridge that relates to bridge
construction.

This current investigation complements the University of
Texas research. The focus is not solely on steel I-beams and
the supporting cables may be inclined. Instead of applying
the finite element method, the results are obtained from new
analytical equations (Plaut and Moen, 2012) implemented
as a freely available spreadsheet at http:/www.moen.cee.
vt.edu/. However, this study is more restricted in some as-
pects because it does not include nonprismatic beams, non-
symmetric lift points, or the effect of attached cross frames.

FORMULATION

The beam is depicted in Figure 1. A perspective with in-
clined cables is shown in Figure la; a top view in Figures
1b and Ic; a side view (from the center of curvature) in Fig-
ure 1d; and another perspective in Figure le. The unstrained
beam has radius of curvature R, length L, cross-sectional
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area A, modulus of elasticity E, shear modulus G, torsional
constant J, warping constant C,, and self-weight g per unit
length.

The subtended angle of the beam is 2a, and the cylindri-
cal coordinate 6 is zero at midspan. The connection points
D and K of the two cables are located at the lift points 6 =
—7 and 7, respectively, at a distance a from the near end of
the beam and at a height H above the shear center and paral-
lel to the y-axis (the weak axis). The line passing through D
and K, which is dashed in Figure le, is called the roll axis
(or axis of rotation). The inclination angle of the cables from
the vertical is y toward midspan, and the offset of the center
of the beam from the chord through the ends is denoted d.

Figure la shows the principal axes y and z of the cross-
section and the longitudinal x-axis, which is tangential to

y (d)

the curved axis of the member through the shear center. The
origin is at midspan, so that x = R6. The longitudinal de-
flection is U, the strong-axis deflection is V, the weak-axis
deflection is W (positive if radially outward) and the angle of
twist is ¢. The moments of inertia for strong-axis and weak-
axis bending, respectively, are I; and .

The center of gravity of the unstrained beam lies along
the central ray 6 = 0 and at a radial distance (eccentricity)
e from the roll axis, as shown in Figure lc. If the center of
gravity of the entire beam does not lie in the vertical plane
that includes the roll axis, then the beam exhibits a rotation
about the roll axis, as shown in Figure le, until its center of
gravity lies in that vertical plane. If the beam were rigid, the
roll angle would be Brigid = arctan(e/H) (Schuh, 2008). The
deformation causes the actual roll angle B to be different.

center of
curvature

(b)

@ center of

>

gravity

roll axis

< (e)

Fig. 1. Geometry of beam: (a) perspective; (b) top view; (c) top view; (d) side view; (e) rotation about roll axis.
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Table 1. Properties of Steel I-Beams
by (in.) A (in.3) q (kip/ft) Iy (in.%) Iz (in.% J (in.% Cw (in.9)
12 87.75 0.299 434 65,300 36.7 0.537x108
18 105.75 0.360 1,460 87,600 50.2 1.812x106
24 123.75 0.421 3,458 110,000 63.7 4.294x10%

The total rotation of the plane of the cross-section at location
0 is Bcos(0) — 0, and it is assumed that V, W and ¢ are zero
at the lift points [so that the total rotation there is Bcos(y)].
The equation for B, along with analytical equations that fur-
nish the internal forces and moments, deflections, twist and
stresses, are given in Plaut and Moen (2012).

The roll angle B is usually zero when a/L is approximately
0.21 (Schuh, 2008; Plaut and Moen, 2012). For smaller val-
ues of a/L, B is positive, and for larger values of a/L, [ is
negative. As a/L decreases or increases from 0.21, the mag-
nitude of the roll angle increases.

EXAMPLE

Three steel I-beams, similar to ones in Schuh (2008), are
considered. The beams have 8/L =0.01, L=90 ft, R = 1,125
ft, web depth h,, = 69 in., web thickness #,, = 0.75 in., flange
thickness 7y = 1.5 in., H = 66 in., E' = 29,000 ksi, Poisson’s
ratio = 0.3 and specific weight = 490 Ib/ft3. The cables are
vertical (y = 0). Three flange widths, by= 12 in., 18 in. and

24 in., are considered, and the corresponding values of A,
q, Iy, I, J and C,, are listed in Table 1. The effect of the
normalized overhang length is examined for the range
0.1<a/L<04.

Figure 2 shows how the roll angle B varies with a/L. For
small overhang lengths a, the roll angle B is positive and the
cross-section tilts so that its top edge moves outward (away
from the center of curvature), as shown in Figure le. For
large overhang lengths, it tilts in the opposite direction. The
magnitude of the roll angle tends to decrease slightly as the
flange width increases from 12 in. to 24 in.

The twist ¢ at midspan is plotted in Figure 3. It is positive
for an intermediate range of the overhang length and nega-
tive otherwise. Figure 4 depicts how the overhang length af-
fects the twist at the end of the beam (x = L/2). For a given
value of a/L, as the flange width increases, the magnitudes
of the midspan and end twist usually decrease.

It has been recommended that the magnitude of the total
rotation, |Bcos(0) — ¢|, be less than 1.5° (Farris, 2008). The
overhang length is critical with regard to this criterion. For

0.1 0.2

0.3 0.4

a/l

Fig. 2. Roll angle versus normalized overhang length a/L.
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Fig. 4. Twist at end versus a/L.
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Fig. 6. Longitudinal stress at midspan tip due to weak-axis bending versus a/L.
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Fig. 8. Longitudinal stress at midspan tip due to warping versus a/L.
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the three flange widths considered, the criterion is satisfied
at midspan if 0.17 < a/L < 0.29 and at the end of the beam if
0.14 < a/L < 0.29.

In Figure 5, the weak-axis deflection W at midspan is plot-
ted versus a/L. The roll angle is zero when a/L = 0.211, and
this deflection W(0) becomes slightly negative for a small
range around a/L = 0.22. As the flange width increases, the
midspan deflection tends to decrease.

With regard to possible buckling of the flange due to
compression, it is important to know the magnitude of the
longitudinal (normal) stress acting on the cross-section.
The maximum value occurs at midspan and, in general, is a
combination of stresses due to axial load, weak-axis bend-
ing, strong-axis bending and warping (Seaburg and Carter,
1997, Stith, 2010). The first of these stresses is zero here be-
cause the cables are vertical, i.e., y = 0. Summing the values
of the maximum magnitudes of each of the other stresses
at the tips of the flanges, one can write an upper bound as
Oy = |Opy| + |Obz| + |Ow|, where the stress contributions at a
tip at midspan are Gpy due to weak-axis bending, oy, due to
strong-axis bending and 6, due to warping normal stress.

The longitudinal stress Gpy due to weak-axis bending is
shown in Figure 6 for the three steel I-beams. It is highest
for by= 12 in. and lowest for by = 24 in. For all three cases,
Opy = 0 at a/L = 0.21 and 0.25, and Gpy is very small if the
lift points lie between those locations.

Figure 7 depicts the longitudinal stress G, due to strong-
axis bending. This stress is zero at a/L = 0.25. The highest

5.0

magnitude occurs for by = 12 in., the case with the highest
ratio A/I,.

In Figure 8, the midspan stress G,, due to warping normal
stress is plotted. It is zero at a/L = 0.25 for the three cases,
and again at a/L = 0.40, 0.37 and 0.36, respectively, for by=
12, 18 and 24 in. In comparing Figures 6, 7 and 8, the mag-
nitude of G, is larger than the magnitudes of 6,y and o for
all three cases if a/L is small.

Finally, the sum o, of the magnitudes of these three nor-
mal stresses is depicted in Figure 9. It is zero at a/L = 0.25,
and elsewhere is highest for b= 12 in. In the range shown,
and for these three steel I-beams, the longitudinal stresses
are not very large. Similar magnitudes were found in tests
reported in Schuh (2008).

CONCLUSION

The locations of the lift points are most important. If the
distance between each lift point and the near end of the
beam is not approximately one-fifth of the beam’s length,
the beam may rotate significantly and exhibit undesirably
large displacements and stresses. It is also important that
the torsional constant and the weak-axis moment of inertia
not be too small, so that the weak-axis deflection and cross-
sectional twist are not too large.

Lateral buckling is possible if the beam is perfectly
straight, but even then it will not occur for reasonably de-
signed beams and lift points (i.e., if the bending stiffness
and torsional stiffness are not extremely small and the

o (ksi)

a/l

Fig. 9. Upper bound on magnitude of longitudinal stress at midspan versus a/L.
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beam is not lifted near its ends). The governing equations
for lateral buckling are presented in Plaut and Moen (2011).
For the steel I-beams considered here, the corresponding
90-ft-long straight beam would have a critical specific
weight that is larger than the specific weight of steel by fac-
tors 2.2, 4.4 and 7.4, respectively, if by=12, 18 and 24 in. and
if the lift points are at the ends (a = 0). The factors are larger
if the lift points are not at the ends (a > 0).

Results were presented here for steel beams with length
L =90 ft, web depth h,, = 69 in., offset ratio &/L = 0.01 and
vertical cables (y = 0). In Plaut and Moen (2011), larger steel
beams are analyzed, with L = 124.1 ft, h,, = 84 in., &/L =
0.01276 and y = 0. In addition, results are given for beams
with rectangular cross-section and small initial curvature
(i.e., an imperfection from a straight beam). The beams have
L =150 ft, depth d = 60 in., width b = 12 in. and &L = 0.001.
Cable inclination angles from y = 0 to 45° are considered.
An increase in y tends to induce compression in the internal
portion of the beam and to increase the deformations.

A spreadsheet that implements the Plaut and Moen (2012)
analytical solution is freely available at http:/www.moen.
cee.vt.edu.
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INTRODUCTION

his issue of “Current Steel Structures Research” for the

Engineering Journal focuses on a selection of research
projects at three European universities. The descriptions
will not discuss all of the current projects at the schools.
Instead, selected studies provide a representative picture of
the research work and demonstrate the importance of the
schools to the home countries—and indeed to the efforts of
industry and the profession worldwide.

The universities and many of their researchers are very
well known in the world of steel construction: the Univer-
sity of Sheffield in Sheffield, England; Lulea University of
Technology in Luleda, Sweden; and the University of Trento
in Trento, Italy. The studies presented here reflect elements
of the projects as well as other significant ongoing activi-
ties. As has been typical of European engineering research
projects for many years, most of the projects are multiyear
efforts and many are multipartner efforts. This calls for
very careful planning, cooperation and implementation of
research needs and applications, including the education
of graduate students and advanced researchers. As is also
the case for American research work, the outcomes of the
projects focus on industry needs and implementation of the
results in design standards.

The lead researchers have been active for many years, as
evidenced by their prominent roles in research and develop-
ment in their respective countries, but they have also been
frequent participants in projects elsewhere. Many English-
language technical papers and conference presentations
have been published, contributing to a collection of stud-
ies that continues to offer solutions to complex problems for
designers, fabricators and erectors. Many of these projects
complement past and current work from around the globe.

References are provided throughout this paper, whenever
such are available in the public domain. However, much
of the work is still in progress, and in some cases reports
or other publications have not yet been prepared for public
dissemination.

Reidar Bjorhovde, Dr.-Ing., Ph.D., PE., Research Editor of the Engineering
Journal. Tucson, AZ. Email: rbj@bjorhovde.com

SOME CURRENT RESEARCH WORK
AT THE UNIVERSITY OF SHEFFIELD
IN SHEFFIELD, ENGLAND

The University of Sheffield has been active in steel struc-
tures research for many years. For the past 20 years, the uni-
versity has been a worldwide leader in the complex subject
of the response of steel and composite structures to fire, with
Professor Ian Burgess as the lead researcher. Research that
began with the behavior of individual beams and columns is
now focused on the performance of building structures as a
whole. Attention to the subject was significantly expanded
through the full-scale fire tests conducted on a composite
frame at the Building Research Establishment at Carding-
ton, England, during the 1990s, where the Sheffield group
participated. The initial studies focused on analytical solu-
tions that continue to be the main emphasis of the Sheffield
fire research. However, a number of recent projects have
involved major physical tests, using unique, purpose-built
facilities.

The group has been working for a number of years to-
ward establishing a practical robustness analysis for steel
and composite buildings. This is very much in line with
the recommendations that were made after the World Trade
Center disaster in New York. Efforts are now being directed
toward the development of a general performance-based fire
resistance design approach, moving away from the current
prescriptive rules. Because connections are recognized as
the most vulnerable parts of a structure, the state-of-the-art
reflects modeling of their behavior as integral elements of
the structural models. This is facilitated by progressive fail-
ure analyses of the components, incorporating limit states
of local or overall building collapse. A significant advance
is the development of component-based models of various
types of connections that are suitable for use in fire engi-
neering structural analysis. Some current research projects
are presented in the following sections.

Design of Beam to Composite Column Connections for
Improved Fire Robustness: This is part of the European
Union funded project COMPFIRE, a joint effort of the
universities of Sheffield and Manchester in England, the
University of Coimbra in Portugal (lead institution), Lulea
Technological University in Sweden and the Czech Techni-
cal University in Prague in the Czech Republic. Additional
work is provided by the steel producer Tata Steel Research,
Development and Technology. The project director in
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Sheffield is Professor Ian Burgess; additional Sheffield re-
searchers are Drs. Buick Davison and S.-S. Huang.

The project addresses the behavior and robustness of
practical connections between steel or composite beams and
two types of composite columns: concrete-filled tubes and
partially encased W-shapes with concrete infilled between
the flanges. The Sheffield work includes physical tests of
flush end-plate and so-called reverse-channel connections
and includes the development of component-based analyti-
cal models for such connections. Large rotation tests of full-
scale connections have been tested at constant temperatures
using combinations of tensile and shear forces. The loading
conditions simulate realistic cases for connections in build-
ing fires. The scope of the series of tests has provided the
basis for a limited parametric study, with experimental data
that validate the component-based models. The test setup is
shown in Figure 1.

Figure 2 shows two typical test specimens. Figure 3 shows
the failure of a reverse-channel connection. The researchers

noted that the reverse-channel connection not only provides
a practical construction-site solution for connecting steel
beams to composite or hollow-section columns, but it also
offers significant ductility and high strength when compared
to other more conventional connection types, as documented
in Figure 4. It is particularly important to note that the high
ductility allows the extra connection forces and moments
that are normally generated in a fire to be reduced to very
low levels; this increases the connection fire resistance with-
out requiring it to be extremely strong. Finally, a component-
based finite element model was created for the connection
using component characteristics developed in this and previ-
ous projects (Spyrou, 2002; Block, 2006; Yu et al., 2009).

Progressive Collapse Modeling of Steel-Framed Struc-
ture in Fire: Going beyond the COMPFIRE project,
modeling and analysis of progressive collapse has been fa-
cilitated with the development of a software package called
Vulcan. The research team has the same staffing, with the
addition of Professor R.J. Plank. The main objective has

Reaction frame

Support bars

Support beam

\
\

Electrical furnace

Tested
connection

Reaction frame

Load jack

Fig. 1. Fire test setup for a beam-to-column connection (drawing courtesy of Professor lan Burgess).
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been to develop a practical structural fire engineering analy-
sis approach, allowing for the study of the mechanisms and
principal phenomena of the progressive collapse process.

The numerical procedure used incorporates the complete
structural behavior, including the progression from local
buckling to overall collapse. The model combines alternate
static and dynamic analyses as follows: Static analysis is
used to trace the behavior of the structure at changing tem-
perature until instability takes place. Beyond this point, a
dynamic procedure is activated to track the motion of the
system until stability is regained. This has been shown to
work well in progressive collapse analyses that incorporate
fire scenarios (Sun et al., 2012a). The process specifically
allows for the identification of different forms of global fail-
ures and severe local failures, determining the sequence of
the collapse mechanism. Several factors entering into the
fire-induced progressive collapse are identified, including
loading level, structural configuration and detailing, and
type and location of the bracing system (Sun et al., 2012b).
Figure 5 illustrates one such case of progressive collapse at
increasing temperature levels.

Dynamic Behavior of Steel Connections with High Strain
Rate and Noncyclic Dynamic Loading: Structural con-
nections play a very important role in preventing progres-
sive collapse in impact or explosion situations. Under such
conditions, the connections must be capable of resisting high
strain rates, meaning that high ductility is critical to help
dissipate the energy through deformation without failure.
The performance of connections under different types of
loading using a wide range of strain rates was the motivation

for a series of high-strain-rate tests on simple connections
(Lau and Hancock, 1987). An example of a typical failure is
shown in Figure 6.

In a follow-up study, numerical modeling was used to
analyze the experimental results. Initially, a double-angle
connection, which has a relatively complex geometry, was
modeled as a base case for the development of other mod-
els. This approach has been validated by the experimental
data, as illustrated in Figure 7 (p. 200). Additional models
are now being developed for different types of connections.
Parametric studies will be performed to evaluate the sensi-
tivity of the models to geometric and material variations,
particularly with reference to the effects of the strain rate.

Making the Case for Design for Deconstruction: This
unique project reflects novel thinking about certain aspects
of sustainability. Dr. Buick Davison is the director of the
study, which explores what is required of the structural de-
signer to take a structure down at the end of its useful life.
Specifically, the study will investigate and quantify the en-
vironmental benefits of design for deconstruction. The strat-
egy facilitates future reuse of structural and nonstructural
materials by designing buildings to be systematically taken
apart with no damage to their components. By reusing ma-
terials, the embodied energy and carbon of buildings can be
reduced, and fewer natural resources need to be extracted
from the earth. Steel is particularly suitable for reuse due
to its durability as well as the fact that it is the most recy-
cled of all materials. Steel elements do not necessarily have
to be reused because contemporary steelmaking practice
feeds recycled material into the steel production process.

[~

(a) 527 °C

o i1 4

(b) 698 °C

(c) 745 °C

Fig. 5. Progressive collapse mechanisms for a braced frame at increasing temperature
(figure courtesy of Professors lan Burgess and R.J. Plank).
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Distortions, deflections and corrosion may have occurred
in members during their service life. These effects can be
measured, making it relatively simple to assess their suit-
ability for reuse.

A methodology has been developed to account for
designed-in future benefits (Densley Tingley and Davison,
2011a, 2011b). This involves sharing the environmental
impact of a component between its predicted number of
“structural lives.” As an example, the benefits of designing a
structural bay for deconstruction have been explored, show-
ing that there can be a 60% increase in the embodied carbon
of a structure if it has not been designed for deconstruction.
Consequently, a web-based tool has been developed that
facilitates calculation of the energy and carbon savings from
designing for deconstruction, as well as the subsequent ma-
terial reuse that will result. Named Sakura, the software al-
lows designers to input information to explore the benefits
to a specific project of designing for deconstruction. It is an-
ticipated that the use of Sakura will promote and encourage
design for deconstruction where appropriate, thus increas-
ing future supply chains of reused materials and advancing
sustainability.

SOME CURRENT RESEARCH WORK
AT LULEA UNIVERSITY OF TECHNOLOGY
IN LULEA, SWEDEN

The steel research group at Lulea University of Technology
(LTU) is one of the most active in Europe and the only pro-
gram in Sweden that has chair in steel structures. Professor
Milan Veljkovic has been the director since 2007. To increase
the relevancy of their work, the researchers include full-time
faculty as well as part-time professors from industry and
visitors from other countries. Naturally, doctoral candidates
are critical to the success of research efforts, and in the last
five years the program has grown from 2 to 13 participants.
The group’s expertise ranges from computational modeling
to fire heat transfer to structural analysis and design.

The principal research subjects are:

e Behavior, strength and practical implementation of
higher strength steel in construction; in applications for
buildings, stadiums and other long span structures; and
in towers for wind turbines.

(b)

Fig. 6. Failure of connection details due to high strain rates: (a) actual connection plate; (b) connection detail model
(photographs courtesy of Professor lan Burgess).
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e Safety of structures exposed to fire, including fire de-
velopment, heat transfer from the gas temperature to the
structure and post-fire resistance of steel structures.

e Development of design recommendations for innovative
bridges, such as composite bridges with integral abut-
ments, where in-situ data are correlated with laboratory
results and finite element analyses.

Recent work has added computational modeling of materi-
als as well as stochastic material imperfections.

The group traditionally performs industry-oriented and
applied research. Seven of the current eight projects are fi-
nanced by the European Union. The majority of the proj-
ects receive funding from the Research Fund for Coal and
Steel, and one is financed within the Framework Program
7, an EU-program for small and medium enterprises. As is
now typical for European research efforts, multiple partners
from academia and industry in several countries collaborate
in each of the EU projects. The research funding to LTU of
each project is approximately €100,000 per year.

Some of the current projects are described in the following.

High Steel Towers for Wind Turbines (HISTWIN): The
first wind tower project was funded for a three-year period
from 2006 to 2009. Professor Bernt Johannson (now retired)

(a)

was the director. The research consortium consisted of Luled
Technological University (lead institution); the Technical
University of Aachen (RWTH), Germany; the University
of Coimbra, Portugal; Aristotle University of Thessalon-
iki, Greece; the steel company Rautaruukki OY, Finland;
and the energy companies Martifer Energia, Portugal, and
GLWind, Germany.

The main objective was to improve the competitiveness
of tubular steel wind towers for hub-heights from 267 to 333
feet. The height limitation is required by transportation re-
strictions that limit the diameter of the bottom segment to
about 15 feet. Traditional flange connections (Figure 8a) are
labor intensive, expensive and require complex design mod-
els. Their fatigue resistance is low and is often the governing
design criterion.

A breakthrough was achieved with an innovative solution
that uses a slip-resistant connection with open-slotted holes.
The idea is illustrated in Figure 8b. A series of small-scale
physical tests were used to evaluate the feasibility of fabri-
cation and to test the critical connection. The tests provided
input data for finite element analysis and for design.

To facilitate assembly of the tubular sections, the lower
segment has long, open-slotted holes, as indicated in Figure
8b. The bolts can be preinstalled in the standard holes in
the upper section and then used for the angular alignment

JnnT

TN

(b)

Fig. 7. (a) Deformed angles of the physical test; (b) connection model (photographs courtesy of Professor lan Burgess).
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while the upper segment slides down. Slots weaken the low-
er section, giving lower sensitivity to assembly tolerances.
The bending stiffness of the tubular shell is enhanced by the
overlapping connection. Essentially, this connection allows
for tight contact between the cylinders of the upper and low-
er tubular segments. Lastly, instead of using standard wash-
ers for each bolt, a common cover plate solution has been
developed. Its purpose is to hold the bolt group together dur-
ing assembly and to distribute the clamping force in a more
uniform manner.

High Steel Towers for Wind Turbines—Second Project
(HISTWIN 2): Due to the overall scope of the tubular
wind tower project, it was decided that a follow-up project
was needed. The funding period was three years, from 2010
to 2013. The academic and industry partners were the same
as the first project, and Professor Milan Veljkovic was ap-
pointed project director.

The issue of local stability had been identified as criti-
cal to the success of the HISTWIN projects. To address this
concern, the distances between the bolts in longitudinal
connections and between modular segments have to be opti-
mized. Numerical analysis and physical testing will be used
to evaluate the effects on longitudinal bolted connections.

In the early segments of the project, it became clear that
the stability issue would be more important for towers with
slip-resistant connections. This subject is currently being
addressed by considering alternative cross-sections. For
example, using various numbers of folds to create a po-
lygonal cross-section offers an attractive solution. Also, the
foundations for the towers are critical, considering where
the towers will be placed in the ocean. Traditional concrete

slab foundations currently used in most onshore wind farms
are not adequate for higher towers. A new type of hybrid
slab foundation anchored with steel micro-piles has been
developed, and this solution appears to offer significant
advantages.

Optimization of Frames for Effective Assembly (Proj-
ect FRAMEUP): The project is funded by the European
Union’s Research Fund for Coal and Steel for the period
from 2011 to 2014. The research consortium consists of
Luled Technological University (lead institution); the Uni-
versity of Liege, Belgium; the Technical University of
Aachen (RWTH), Germany; the University of Coimbra,
Portugal; Aristotle University of Thessaloniki, Greece; and
the construction companies Acciona Infrastructures S.A.,
Spain, PartConstruction AB, Sweden, and V&M Deutsch-
land GmbH, Germany.
The three main objectives of the project are:

e To develop the concept of a design process for a struc-
tural system primarily used for buildings with prefabri-
cated steel 3D modules. The process will be tested by
computer simulations using a virtual engineering tool.
Such a tool allows for the identification of all possible
conflicts in the design, including the transfer of modules
from delivery trucks to the structure. This is an integral
part of the new design process. The procedure starts with
the assembly of the roof and the top floor, providing
a stiff structure that will be lifted by jacks. Each story
will be assembled at the ground level and then lifted up
to create space for the next story. This protects every
story from precipitation and other moisture damage dur-
ing the assembly. The process is based on using jacks

Fig. 8. Wind turbine tower connections: (a) traditional flange connection; (b) slip-resistant connection
(photographs courtesy of Professor Milan Veljkovic).
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instead of cranes and is expected to be safer and drier.
The construction site will also be smaller, with less noise
and other disturbances for its neighbors. An example is
shown in Figure 9.

e To test and establish the performance of a new type of
connection that uses a number of nonstandardized com-
ponents. The connections are developed for HSS col-
umns and beams. They must satisfy the requirements for
faster assembly and disassembly as well as the require-
ments for moment resistance specified by local design
codes.

e To achieve an optimized building technology with 3D
modules using the innovative erection technique. This is
influenced by the architectural demands, which in turn
influence the structural solution.

Design of Connections to Composite Columns for Im-
proved Fire Robustness (COMPFIRE): This project is
in partnership with the University of Sheffield, previously
discussed.

Other Projects: Projects on High-Strength Long-Span
Structures (HILONG) and Rules On High-Strength Steel
(ROUSTE) have been approved for 2012 through 2015.
Studies on composite bridge construction were conducted
in the project Economic and Durable Design of Composite
Bridges with Integral Abutments (INTAB+) and completed
in 2011. Papers and reports are currently being prepared.

Significant educational efforts will also be pursued dur-
ing the 2012 through 2015 time period, addressing the broad
subject of sustainable structures under natural hazards and
catastrophic events. These projects are funded by the Eu-
ropean Union under the Erasmus Mundus educational pro-
gram. Six universities are partnering for this activity.

SOME CURRENT RESEARCH WORK AT THE
UNIVERSITY OF TRENTO IN TRENTO, ITALY

The structural engineering research group at the University
of Trento was established in 1985 when the Faculty of En-
gineering was founded. Since the very beginning, the group
has been active in the fields of steel and wood construction,
generally associated with earthquake engineering. Most re-
cently, the fields of smart structures and structural monitor-
ing and control have been explored.

The research group has seven faculty members related to
steel structures. Their current activities focus on three main
areas of research:

e Dynamic and seismic response of steel and composite
(steel-concrete) structural systems.

e Stability of complex engineering systems.

e Structural robustness.

In addition, the group is heavily involved in industry-
based research projects. These projects include a nearly
20-year effort supporting Italian rack manufacturers. The

Fig. 9. Erection phase of the FRAMEUP pilot building (figure courtesy of Professor Milan Veljkovic).
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knowledge gained from rack research related to the perfor-
mance of cold-formed systems led the group to develop a
new prefabricated system for residential steel housing.

Extensive experimental facilities provide great flexibility
in accommodating complex tests under static and dynamic
loading, including full-scale specimens. The group is also
active with Italian and European code committees, as well
the committees of the European Convention for Construc-
tional Steelwork (ECCS). A discussion of several of their
current research projects follows.

Design and Integrity Assessment of High-Strength
Tubular Structures for Extreme Loading Conditions
(HITUBES): Funded by the European Union’s Research
Fund for Coal and Steel with the University of Trento as
the lead institution, Professor Oreste Bursi is the project
director. The project partners are the University of Liege,
Belgium; the University of Thessaloniki, Greece; the Italian
Center for Materials Development; the Portuguese Institute
for Welding and Quality; the ITMA Foundation of Spain;
and the Corrosion and Metals Research Institute of Sweden.

The HITUBES project was recently completed. The
project goal was to develop performance-based design and
assessment procedures for the use of high-strength steel
tubes in a variety of applications, in steel grades as high as
S700MC (a yield stress of 700 MPa or 100 ksi). The use of
tubes in structures subjected to extreme repeated loads was
also examined. The project’s ambitious goals included in-
creasing structural performance, reducing structural weight,
and reducing construction and operating costs. Specifically,
the following subjects were addressed:

e Structural identification and health monitoring of cable-
stayed and arch footbridges.

e Simulation of welded and bolted connections under
monotonic, low-cycle and high-cycle fatigue loadings.

» Reliability analysis for quantification of realistic perfor-
mance scenarios.

Two types of structures were analyzed in detail for pos-
sible construction with steel tubes: slender pedestrian and
bicycle bridges and the arch and hanger elements of railway
bridges. Railway bridges in particular are commonly sub-
jected to extreme repeated loads.

The Trento contribution was mainly associated with the
dynamic identification and the finite element model updat-
ing. Reference was made to the Ponte del Mare, the bridge
shown in Figure 10, which is a twin-deck, curved, cable-
stayed pedestrian bridge. The outer deck is reserved for pe-
destrians, while the inner deck is for bicyclists. The decks
have constant radii of approximately 267 feet and 330 feet.

The pedestrian bridge was redesigned using circular hol-
low sections in steel grade TS 590 (a yield stress of 590 MPa

or 85 ksi). In the redesign, the high-strength steel and the
circular cross-sections combine to reduce the visual impact
of the bridge and to reduce the structure’s weight. The re-
search included both design and in-situ testing of the bridge.
A comprehensive numerical analysis showed that a passive
control system made of elastic and viscous-fluid dampers
was necessary to mitigate pedestrian vibrations and to sat-
isfy wind safety requirements relative to premature aero-
elastic instability.

Performance-Based Approaches for High-Strength Tu-
bular Columns and Connections under Earthquake and
Fire Loads (ATTEL): The project is also funded by the
Research Fund for Coal and Steel, with the University of
Liege as the lead institution. The international partners are
the University of Trento and the University of Thessaloniki,
Greece, with industry partners the Italian Center for Materi-
als Development and Italian fabricator Pichler. The Trento
group is coordinated by Professor Oreste Bursi.

A capacity design approach, in which structures are de-
signed to meet the strong column-weak beam concept, is
usually achieved by overdesigning the columns. A substan-
tial improvement to the structural performance using this
approach may be achieved by the use of high-strength steel,
provided the steel and the detailing meet ductility and en-
ergy absorption criteria. The adoption of high-strength cir-
cular hollow sections for such purposes has been limited,
despite excellent structural properties. Even recent Euro-
code 3 modifications permitting the use of steel grades up to
700 MPa (100 ksi) maintain strict limitations at the material,
structural and design levels (ECCS, 2005, 2007).

The ATTEL project aims to provide the analytical and
experimental knowledge necessary to develop design crite-
ria for the high-strength steel and composite circular hollow
sections for columns and connections subjected to seismic
and fire loads. The focus is on structural tubes ranging from
7 in. to 14 in. in diameter with a D/f ratio greater than 30.
This range is of great interest for onshore structures. The
following subjects are addressed:

e Steel and concrete-filled tubular (CFT) columns made of
high-strength steel.

e Welded or bolted composite beam-to-CFT column con-
nections in high-strength steel.

e CFT column base connections made of high-strength
steel.

In Trento, the study has focused on the cyclic performance
both of column base connections for tubular composite col-
umns and beam-to-column connections (Zanon et al., 2011).
The first series of tests on standard and innovative column
base connection solutions are shown in Figures 11 and 12.
Both standard and innovative seismic connections exhibited
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favorable hysteretic response without loss of strength and
stiffness.

Stability of Industrial Steel Pallet Racks: Industrial racks
are one of the most common structures for storing palletized
goods. Examples of such structures are shown in Figure 13.
A number of studies were carried out under the supervision
of Professors Nadia Baldassino and Riccardo Zandonini to
investigate key aspects of the performance of such systems.

Rack structures use thin-walled cold-formed steel shapes
and, for this and many other reasons, exhibit very complex
behavior. The main sources of complexity are the sensitivity
of the columns (uprights) to buckling, the presence of per-
forations on the uprights that provide for the attachment of
beams, the non-linear response of the connections, the frame
sensitivity to the second-order effects and the influence of
imperfections. The large variability in the geometry of the

shapes, of the joints and of the perforations combined with
the complexities of member behavior cannot be incorpo-
rated into practical design provisions at this time. Tests—
preferably full-scale tests—are needed.

Relevant codes recognize the concept of design by test-
ing and provide detailed recommendations for the testing of
members, subsystems and joints (AISI, 2007). A thorough
analysis of Eurocode 3 (ECS, 2005) identified a number of
issues that are not adequately addressed (Baldassino and
Zandonini, 2011). This triggered several studies of the buck-
ling of perforated members, of base-plate connections and
of the shear stiffness of upright frames.

The most recent work relates to the upright frames that
typically ensure the stability of pallet racks in the cross-
aisle direction (Gilbert et al., 2012). These frames are sensi-
tive to second-order effects, and an accurate determination
of their shear stiffness is essential for seismic design and

Fig. 10. The Ponte del Mare, a pedestrian and bicycle bridge in Pescara, Italy (photograph courtesy of Professor Oreste Bursi).
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Fig. 11. Standard solution for a column base connection
(courtesy of Professor Oreste Bursi).

Fig. 12. Innovative solution for a column base connection
(courtesy of Professor Oreste Bursi).

to ensure the stability of the rack, especially in the case of
high-bay racks and racks supporting the building enclosure.
The study compared two alternative methods, one of which
is specified by the Eurocode, 3 and the other by the Aus-
tralian standard. Figure 14 shows the assemblies of the two
tests, as performed at the University of Sydney. A total of
36 tests of different frame configurations were performed,
including numerical analyses to assess the accuracy of the
two methods. The preliminary results show that the shear
stiffness determined by these methods may vary by as much
as a factor of two. Additional work will be pursued.

Base-Plate Connections for Rack Structures: Column
base connections of rack frames are unique, and their re-
sponse is significantly different from the corresponding
connections in traditional steel frames. In Italian practice,
the base connections are typically built up from base-plate
elements that are bolted to the uprights and connected to the
floor by means of special fixing systems. Figure 15 shows
some representative examples.

Structural Robustness of Composite Frames: This proj-
ect is funded by the European Union’s Research Fund for
Coal and Steel, as a joint effort between the University of
Stuttgart, Germany (lead institution) and the University of
Trento. Professor Ulrike Kuhlmann of the University of
Stuttgart is the project director; Professor Riccardo Zando-
nini is the Trento coordinator.

Despite studies on robustness that began in the 1960s,
only general strategies to achieve effective robust structural

Fig. 13. Typical steel storage pallet rack systems (photographs courtesy of Professors Nadia Baldassino and Riccardo Zandonini).
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designs have been established. Recent failures have dem-
onstrated the inadequacy of traditional design approaches
when collapse has resulted from local damage caused by hu-
man accidental actions. Such issues call for design method-
ologies that allow verification of the safety of the structure
in the statically modified condition so that local damage
does not produce a chain reaction that may lead to partial or
complete progressive collapse of the structure.

The tests conducted at the University of Trento were
aimed at determining the performance of both the concrete
slab and the steel connection, in accordance with the com-
ponent method of connection design as specified by Euro-
code 3 (ECS, 2005). In particular, the study focused on the
response of connections subjected to combined axial, shear
and moment stress resultants, as illustrated in Figure 16,

and on T-stub components under combined axial and shear
forces (Baldassino and Zandonini, 2009).

The testing assembly shown in Figure 17 was specifically
designed to apply a wide range of axial and shear forces to the
T-stub. By changing the location where the testing assembly
is connected, it is possible to simulate rotation of the T-stub
with respect to the load line. This rotation effectively allows
for the application of different combinations of axial and
shear forces, ranging from pure tension to pure shear. The
tests on the full connection demonstrated the negative influ-
ence on both the ultimate load and deformation capacities
of a loading history that combines shear, moment and axial
force. The T-stub tests provided the data for the shear and
axial force interaction domains. Both series confirmed the
inherent high ductility.

Fig. 14. Shear tests on upright frames: (a) Eurocode 3 method; (b) Australian standards method
(photographs courtesy of Professor K.J.R. Rasmussen).

Fig. 15. Typical base connection details for Italian rack structures
(figures courtesy of Professors Nadia Baldassino and Riccardo Zandonini).
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A second project, about to start with the same partners, ACKNOWLEDGMENTS
will primarily examine 3D action and the strain rate effect.
The University of Trento will perform two full-scale tests on
a flooring system as shown in Figure 18 to investigate the
strain-rate effect on the T-stub response.

Significant assistance has been provided by ISSRA mem-
ber Professor Riccardo Zandonini of the University of
Trento, and by his colleagues Professors Nadia Baldassino
and Oreste Bursi. Professor Ian Burgess of the University
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Fig. 16. Test on beam-to-column connection under combined axial and shear forces
(figures courtesy of Professors Nadia Baldassino and Riccardo Zandonini).

/ Strong floor

Fig. 17. Test set-up for T-stub tests under axial and shear force (figures courtesy of Professors Nadia Baldassino and Riccardo Zandonini).
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of Sheffield and his colleagues R.J. Plank and Buick Da-
vison were likewise very helpful, as were Professor Milan
Veljkovic and his colleagues at the Lulea University of Tech-
nology. Their efforts are very sincerely appreciated.
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