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Hybrid Moment-Resisting Steel Frames

FINLEY A. CHARNEY and OZGUR ATLAYAN

ABSTRACT

A new type of moment-resisting steel frame, called a hybrid moment-resisting frame, is described. Unlike a typical moment frame, where all
member sizes and connection details fit a specific set of rules (e.g., for a special moment frame), the hybrid frame contains members and
connections with a variety of detailing rules, including those typically associated with ordinary, intermediate and special moment frames.
Elements that have special detailing are designed to yield at force levels well below the design basis earthquake and thereby provide some
inelastic energy dissipation that helps to control dynamic amplification. Elements with ordinary detailing are designed to remain elastic during
the design basis earthquake and to provide enough positive stiffness to counteract P-delta effects. The resulting system can be designed to
perform better than the traditional special moment frame and to be more economical than the special moment frame because a limited num-
ber of elements and connections have special detailing. The behavior of the system is demonstrated through incremental nonlinear dynamic

response history analysis.

Keywords: seismic design, moment-resisting frames, structural steel.

he current specifications for seismic resistant design

(AISC, 2005a; AISC, 2005b; ASCE, 2010) require that
special detailing be used in virtually all moment-resisting
frame systems that are to be constructed in high seismic
hazard regions. This detailing requires the use of designated
flexural yielding regions with limited width-to-thickness
ratios, highly ductile prequalified connection types, limited
panel zone yielding and adherence to a strong-column weak-
beam design philosophy. The structure must be designed
such that first significant yield occurs at lateral force levels
that are at or above the design basis earthquake (DBE) forc-
es. The sequencing of plastic hinging is usually not explic-
itly designed, and hence, there is no guarantee that the slope
of the structure’s force-deformation response (pushover
curve), including P-delta effects, is continuously positive up
to the maximum expected drift. This a critical design issue,
because it is much more likely that dynamic instability will
occur when the post-yield stiffness is negative (Gupta and
Krawinkler, 2000). This fact led to a significant revision in
the 2003 NEHRP provisions (FEMA, 2004), where it is re-
quired that the pushover curve be continuously positive up to
1.5 times the target displacement if the stability ratio, based
on initial elastic stiffness and on design level gravity loads,
exceeds 0.10. This requirement was proposed for inclusion
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in ASCE 7-10, but was not adopted. Another consequence
of not explicitly designing the hinging sequence is that the
expected overstrength, which is implicitly included in the
system’s response modification coefficient, R, is not guar-
anteed. Indeed, there is nothing in the current design provi-
sions that prevents a designer from developing a system for
which a nonlinear static pushover analysis indicates that all
of the hinges form nearly simultaneously.

In a hybrid moment frame (HMF), the hinging sequence
is explicitly designed to ensure a continuously positive post-
yield pushover response. The HMF shares many of the
features of the special moment frame (SMF), with the fol-
lowing exceptions:

1. The yielding sequence is set such that the first plastic
hinges form at load levels well below the design ba-
sis earthquake, and the last hinges form at load levels
consistent with the maximum considered earthquake.
The inelastic energy dissipation provided through ear-
ly yielding is expected to improve the performance of
the structure subjected to earthquakes of intensity less
than the design basis earthquake. The near-elastic re-
sponse of the late-forming hinges is intended to guar-
antee a positive pushover response.

2. The detailing for the lateral load resisting components
and their connections depends on the level of inelastic
rotation that is expected in the various plastic hinges.
The hinges that form first have the highest ductility
demand and are detailed according to the rules for
special moment frames. It is noted that these hinges
may have ductility demands that exceed those expect-
ed from traditional SMF designs. The hinges that form
last have the lowest ductility demand and are detailed
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according to the rules for intermediate or ordinary
moment frames.

Hewitt et al. (2009) compared the cost of an ordinary
moment frame (OMF) with an SMF supposing that ma-
terial and labor represent 30 and 70% of the total cost of
the frame, respectively; that 50% of the labor cost is due
to special connections; and that there are additional special
inspection requirements for the connections. As a result of
this scenario, the cost premium for an SMF over an OMF is
about 22%. Even though this is a very rough estimate (be-
cause the foundation costs were ignored and moment frames
were assumed as strength controlled), labor cost associated
with fabrication and inspection of the connections is signifi-
cant. Because HMF discussed in this paper limits the num-
ber of special connections and elements, it is expected to be
more economical than a SMF.

The hybrid frame concept may be used for any structural
system, such as concentrically braced frames or buckling
restrained braced frames, as well as for moment-resisting
frames. The concept of hybrid buckling restrained frames is
particularly attractive because of the ability to tightly con-
trol the inelastic behavior of the yielding elements.

The advantages of hybrid frames will be demonstrated
through two examples. The first example is of a simple
hybrid braced frame and is used only to demonstrate the
concepts and to introduce some of the features used in the
analysis. The second example is of a nine-story steel mo-
ment resisting frame. Frames of this type are the main focus
of this paper.

DEMONSTRATION OF CONCEPTS:
A HYBRID BRACED FRAME

In this demonstration, a simple one-story braced frame is
analyzed. This fictitious frame, shown in Figure 1, is in-
tended to have the dynamic characteristics of a 15-story
building, with a first mode period of vibration of 2.0 s.
Two different versions of the frame are presented. The first
frame, called the normal frame, has six identical diagonal
braces; each with an axial strength of 141 kips. The second
frame, called the hybrid frame, has bracing bars of the fol-
lowing strengths: bar 1 = 47 kips, bar 2 = 94 kips, bars 3
and 4 = 141 kips, bar 5 = 188 kips and bar 6 = 235 kips.
The lateral strength of both structures, exclusive of P-delta

100”
v
B 6@ 100” |
Fig. 1. A simple braced frame.
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Fig. 2. Nonlinear static pushover curves for braced frame structure: (a) normal frame; (b) hybrid frame.
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effects, is 600 kips. The axial stiffness of each of the bars,
whether in the normal or hybrid frame, is 68.9 kips/in. The
initial lateral stiffness of each frame is 207 kips/in. The
force-deformation behavior of the bars was assumed to be
elastic-plastic, without strain-hardening.

Nonlinear static pushover plots of the normal and hybrid
frames are shown in Figures 2a and 2b, respectively. Re-
sponse curves with and without P-delta effects are shown in
the figures. Where included, the P-delta analysis emulates a
structure with an average story stability ratio of 0.10.

To investigate the dynamic behavior, the normal and hy-
brid structures, with and without P-delta effects included,
were subjected to the 1940 Imperial Valley ground motion,
with a peak ground acceleration of 0.35 g. For each case, the
structure was repeatedly subjected to this ground motion,
with each analysis using an incrementally larger ground-
motion multiplier. The multipliers ranged from 0.2 to 2.0, in
increments of 0.2. For this example, it was assumed that a
multiplier of 1.0 corresponds to the design basis earthquake
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(DBE) and the factor of 1.5 corresponds to the maximum
considered earthquake (MCE).

Analysis was run using NONLIN-Pro (Charney and
Barngrover, 2006), which uses the Drain 2D-X (Prakash
et al., 1993) analysis engine. All analyses were run with an
inherent damping ratio of approximately 0.02. One set of
analyses was run without P-delta effects and the other with
P-delta effects. When P-delta effects were considered, both
the normal and hybrid structures were dynamically unstable
when the ground motion multiplier exceeded 1.5.

Plots of the results for the models without P-delta effects
are shown in Figures 3a through 3d. Figure 3a plots the
ground-motion multiplier on the vertical axis and the com-
puted roof displacement on the horizontal axis. The displace-
ments appear to be similar between the two systems, except
that it is noted that the hybrid frame displacements are about
12 to 15% less than the normal frame displacements for
the first two increments of loading. For all ground-motion
levels less than or equal to the MCE, the residual inelastic
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Fig. 3. Results of frame analysis without P-delta analysis.
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deformations, presented in Figure 3c, are significantly lower
for the hybrid frame when compared to the normal frame.
(Residual deformations are the permanent lateral deforma-
tions that remain in the structure after ground shaking has
ceased.) At the ground motion intensity level of 1.8, however,
the residual deformations in the hybrid frame exceed those
in the normal frame. The base shears for the hybrid frame,
shown in Figure 3b, are also lower than those for the normal
frame for the first two increments of ground motion intensity.

Displacement ductility demands for bar 1, bar 6 and for
the average of all bars are presented in Figure 3d. For the
hybrid frame, bar 1 is the weaker bar, and as expected, the
ductility demand is the highest. At the DBE level (multiplier
1.0), the ductility demand for bar 1 is 6.61. At the same in-
tensity, the ductility demand for bar 6 is only 1.32, and the
average ductility demand for all hybrid bars is 2.88. For the
normal frame, the ductility demand for all bars is the same
at each intensity level and is 2.15 at the multiplier of 1.0.
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It appears from the results that the hybrid frame is per-
forming as expected. Displacements at low-level ground mo-
tions are reduced due to the early yielding and associated
hysteretic behavior of bars 1 and 2. Delayed yielding of the
stronger bars provides a component of elastic stiffness that
controls residual deformations.

When P-delta effects are included, the performance of
the hybrid frame is further improved when compared to the
normal frame. This is illustrated in Figures 4a through 4d,
where it may be seen that the total displacements, Figure 4a,
are significantly less in the hybrid frame at all ground mo-
tion levels up to the DBE. This improved performance is
due to the significant reduction in residual deformations,
shown in Figure 4c. As mentioned earlier, both the hybrid
and normal frames displayed dynamic instability when the
ground motion multiplier exceeded 1.5. This is due to the
negative stiffness of the pushover curves (see Figure 2) at
larger displacements.
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Fig. 4. Results of frame analysis with P-delta analysis.
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Table 1.

ASCE 7-10 Design Parameters for Hybrid Frame
Design Parameter Value
0.2-s spectral acceleration, Ss 1.25¢g
1.0-s spectral acceleration, S4 05¢g
Site class D
0.2-s design acceleration, Sps 0.83¢g
1.0-s design acceleration, Sp1 05¢g
Seismic use group Il
Importance factor 1.0
Seismic design category D
Effective seismic weight, W 10,500 kips

It is interesting to note from Figure 4b that for ground
motion multipliers between 0.6 through 1.0, the base shears
for the hybrid frame are somewhat greater than for the nor-
mal frame. This is not a disadvantage for the hybrid frame,
because the lower base shears for the normal frame are as-
sociated with P-delta related strength loss.

ANALYSIS OF A HYBRID
MOMENT-RESISTING FRAME

Models and Design Procedures

The hybrid moment frame concept is demonstrated by the
analysis of a five-bay, nine-story frame building, located
near Seattle, Washington. The geometry of this building is
identical to that studied in the SAC Steel Project (FEMA,
2000). The ASCE 7 design parameters used for the design
are summarized in Table 1. Four different frame configu-
rations were used in this study. The first configuration,
hybrid-0, is closest to the normal frame design, because the
same girder sizes were used for each bay in a given story.
The other three configurations are the real hybrid designs,
referred to hybrid-1, hybrid-2, and hybrid-3 frames, because
the girder sizes for these frames are different in different
bays. The hybrid-0 frame is the least hybrid (closest in de-
sign to the traditional frame), and hybrid-3 frame is the
most hybrid (furthest in design concept from the traditional
frame). Figure 5 shows the member sizes used for the differ-
ent frames. Member sizes for the girders are shown above
each girder, with the hybrid-0 frame at the bottom and the
hybrid-3 frame at the top. The column sizes were the same
for all of the designs.

The two exterior girders of the hybrid frames (bays 1 and
5) were designed as special moment frames (SMF), the two
interior girders (bays 2 and 4) were designed as interme-
diate moment frames (IMF) and the middle girder (bay 3)
was designed as an ordinary moment frame (OMF). For this
reason, a new response reduction factor, R, and deflection

amplification factor, C4, were assumed as 6 and 5, respec-
tively, for hybrid frame design. Note that these values are
close to the weighted average R and Cy; values of the SMF
(two bays), IMF (two bays) and OMF (one bay). After the sec-
tions of the hybrid-0 were found by using R =6 and C4 =5,
the plastic capacities were changed throughout the story for
the other real hybrid frames. The plastic capacities of the
exterior girders were decreased by 25, 37.5 and 50% for the
hybrid-1, hybrid-2 and hybrid-3 frames, respectively. Be-
cause the main idea of the hybrid frame concept is to keep
the total strength of the story the same, the plastic capac-
ity of the middle girder was increased by 50, 75 and 100%
for the hybrid-1, hybrid-2 and hybrid-3 frames, respectively.
Bay-2 and bay-4 girder capacities were kept the same for all
the frames. In summary, as the frame identification number
gets bigger, the frames become more hybrid, with a greater
variation in beam sizes at each story.

The column sections were kept the same for all the designs,
but the panel zone doubler plate thicknesses were changed as
necessary to meet AISC panel zone rules. Reduced beam sec-
tions were used for all the girders except for the girder in the
middle bay, which was designed according to the rules for an
OME. The strong column—weak beam requirement was satis-
fied at the joints of the columns on column lines 1, 2, 5 and 6.
Material nonlinearity was considered through assigning a bi-
linear moment-rotation relationship to beams and columns.
Two percent strain hardening was used in the development
of moment-rotation relationships. See Atlayan (2008) for a
much more detailed description of the step-by-step proce-
dures of beam, column and panel zone design. Panel zones
were explicitly represented by use of Krawinkler’s model
(Charney and Marshall, 2006). P-delta effects were included
in all analysis, using a special linear “ghost frame,” which
captures the entire gravity load tributary to the leaning col-
umns. The inherent damping was determined by setting
the critical damping ratio to 2% at the natural period of the
structure and at a period of 0.2 s, as it was done in the SAC
Report (FEMA, 2000).

Two types of analysis were performed for each frame:
nonlinear static pushover analysis (NSP) and incremental
dynamic analysis (IDA). For both analyses, gravity loads
were followed by the static pushover lateral load pattern or
dynamic earthquake load case. All structural analyses were
conducted using Perform-3D (CSI, 2006), using a planar
frame that is parallel to the design ground motion.

Nonlinear Static Pushover Analysis

Nonlinear static pushover curves for the four different hy-
brid frames are illustrated in Figure 6. Note that the point
of the first significant yield and the point at which the post-
yield curve becomes negative are shown on the figure. As
expected, the hybrid-3 frame starts yielding first, and the
hybrid-0 frame yields last. The more reduction in the plastic

ENGINEERING JOURNAL / THIRD QUARTER / 2011 /173



capacity of the exterior bays, the earlier the structure starts
yielding. In addition, the negative post-yield stiffness of the
pushover curves is reached later, as the frames become more
hybrid. It is foreseen that the early yielding of the pushover
curve will provide hysteretic energy dissipation to the frame,
which will result in a better dynamic behavior under less se-
vere ground motions. Furthermore, negative post-yield stiff-
ness has a significant effect on structures and is a significant
contributor to dynamic instability. Although the frames
were pushed until they reached 4% roof drift, it is predicted
that the hybrid-0 (normal frame) will reach a steeper nega-
tive stiffness than the real hybrid frames if the frames are

W18x40 W21x62

pushed more than 4% reference drift. This behavior may be
observed in the last portion of Figure 6.

Having control of plastic hinge sequence is a key concept
in hybrid frame design. For this design, the plastic hinges at
the exterior bays formed first, and the ones at the middle bay
formed last. As a result of pushover analyses, the hinges at
the right ends of the exterior bays formed first. This is be-
cause the gravity loads were applied initially, and the lateral
loads were acting toward the east direction, causing the mo-
ments with the same signs to accumulate at the right ends.
In other words, if a particular girder had such a preload (due
to gravity loads) that the positive moment hinges were near
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Fig. 5. Member sizes used for hybrid-0 to hybrid-3 frame (bottom to top).
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Table 2. Ground-Motion Records Used in Analysis
EQNo. | SAC EQ Name Tim‘fs)step Ir':tzzg:;: Scale | Scaled
Time Step
EQO0 SE 21 | Mendocino, 1992 0.020 0.005 0.403 0.311
EQO1 SE 23 | Erzincan, 1992 0.005 0.005 0.657 0.313
EQO02 SE 25 | Olympia, 1949 0.020 0.005 2111 0.435
EQO3 SE 27 | Seattle, 1965 0.020 0.001 6.214 1.087
EQ04 SE 29 | Valparaiso 1, 1985 0.025 0.0025 2.088 1.178
EQO5 SE 31 | Valparaiso 2, 1985 0.025 0.001 3.934 1.262
EQO6 SE 33 | Deep Interplate 0.020 0.001 4.281 0.888
EQO7 SE 36 | Miyagi-Oki, 1978 0.020 0.001 1.189 0.523
EQO8 SE 37 | Shallow Interplate 1 0.020 0.005 1.054 0.632
EQO09 SE 40 | Shallow Interplate 2 0.020 0.001 1.747 0.879

yield, it would take only a small incremental lateral load to
cause yielding in this girder (whereas stronger girders would
not have yielded until more lateral load was applied). This
is exactly what is happening in the hybrid frames (i.e., the
gravity preload influenced the sequence of yielding).

Incremental Dynamic Analysis

Incremental dynamic analysis, sometimes called dynamic
pushover analysis, consists of a sequence of nonlinear re-
sponse history analyses of the structure, with each analysis

in the sequence subjecting the structure to the same basic
ground motion, but at a higher intensity than the previous
analysis in the sequence (Vamvatsikos, 2002). In this study,
IDA analysis was conducted for the structure subjected to
10 different earthquake records at intensities of 0.2 to 2.0
times the ground motion scaled to match the design basis
earthquake. The ground motions were scaled to match the
ASCE 7 design basis spectrum at the structure’s fundamen-
tal period of vibration. This scaling procedure is recom-
mended for IDA analysis by Shome et al. (1998). The ground
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Fig. 6. Static pushover curves for hybrid frames.
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motions used in the analysis are summarized in Table 2. It
is noted that these ground motions, developed by Somerville
(1996), are the same as those used in the original SAC re-
search (FEMA, 2000).

Figures 7 and 8 illustrate the roof displacement response
histories of hybrid frames subjected to EQO7 and EQO5
with scale factors of 2.0 and 1.6 times the anchored design
spectrum scaling, respectively. These two earthquakes are
the most severe ones out of all the earthquakes used in this
study. As can be seen from Figure 7, hybrid-0, hybrid-1
and hybrid-2 frames reach dynamic instability, whereas the
hybrid-3 frame, the most hybrid frame, resists the collapse

with 60 in. residual displacement at the roof level. Similarly,
all the real hybrid frames (except the normal frame, hy-
brid-0) resist the collapse under 1.6 times DBE scaled EQ05
motion (see Figure 8). Note that the hybrid-2 frame results in
less residual displacement in Figure 8. When the scale factor
of the same ground motion is increased from 1.6 to 1.8 (see
Figure 9), all of the hybrid frames collapse; however, as the
frames become more hybrid, they resist the collapse more—
i.e., collapses occur at a later time.

Figure 10 shows the roof displacement response histories
when the frames are subjected to EQO9 with IDA scaling
of 2.0. Although none of the frames collapse, the residual
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Fig. 11. Roof displacement response history of hybrid frames subject to
Mendocino (EQ00) with scale of 0.4 times the anchored design spectrum scale.
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displacement is the most for the hybrid-0 frame, which is
actually the normal frame. Similar to the behavior in Figure
8, the hybrid-2, instead of the hybrid-3 frame, gives better
results in terms of residual displacements. (See Figure 10.)
The effect of early yielding of hybrid frames on pushover
curves is observed at low-scaled small magnitude earth-
quakes. Figure 11 shows an example of this behavior when
the frames are subjected to EQO00. As the frames become
more hybrid, the maximum displacements decrease due to
hysteretic energy dissipation, which is a predicted result
of early yielding. Similar results are obtained from EQOI,
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which is also a small magnitude earthquake.

Figures 12a and 12b illustrate the residual displacement
IDA plots when the hybrid frames are subjected to EQ09
and EQO04, respectively. The real hybrid frames (hybrid-1,
2 and 3) result in better results (less residual displacements)
for EQ09. The results of EQ04 are close; however, hybrid
frames (especially hybrid-2 and 3) result in more residual
displacements than the normal frame.

Figures 13a and 13b show the base shear IDA plots
for EQO4 and EQO8, respectively. As the frames become
more hybrid, the base shear decreases slightly under all the

2 -
1.8
—~ 1.6
@
2 1.4+
X 1.2 4
S 1.
(%]} R
L 0.8 - —o— Hybrid-0
% 06 - —I—Hybr!d-1
® g4 —a— Hybrid-2
—o— Hybrid-3
0.2
0 T T T 1
0 10 20 30 40

Residual Displacement (in.)

(b)

Fig. 12. IDA plots for residual roof displacement using (a) Shallow Interplate 2 (EQ09) and (b) Valparaiso (EQ04) ground motions.
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Fig. 13. Base shear IDA plots for (a) Valparaiso 1 (EQ04) and (b) Shallow Interplatel (EQO0S) earthquakes.
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earthquakes. In the elastic part of the base shear IDA plots,
base shears of different hybrid designs are almost identical.
However, in the inelastic part, the normal frame results in
slightly more base shear.

In hybrid frames, there is an increase in ductility demand
for the elements that are expected to yield early. Figure 14
illustrates the ductility demand IDA plots for the entire hy-
brid frames subjected to EQO3. Plastic hinge rotations of the
first-story bays were used to calculate the ductility demands.
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As may be seen in Figure 14, bay-1, the weakest bay re-
ferring to SMF, has higher ductility than bay-2 and bay-3,
which correspond to IMF and OMF systems, respectively.
While bay-1 has the highest ductility demand, bay-3 has the
lowest ductility demand for all of the hybrid designs. As the
frames become more hybrid (from hybrid-0 to hybrid-3), the
ductility demand difference between the bays increases at
the same level of ground motion intensity. Because the hy-
brid-0 frame has the same girder sizes across the same level
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Fig. 14. Rotational ductility demand IDA plots for the first-story bays of hybrid frames
(ground motion EQ03): (a) hybrid-0; (b) hybrid-1; (c) hybrid-2; (d) hybrid-3.
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(story), the ductility demands of different bays are very close
to each other (see Figure 14a).

In addition, the plastic hinges of bay-3 do not yield until
the scale factor of 1.4 times the DBE for hybrid-2 frame and
until 1.6 times the DBE for hybrid-3 frame. However, the
plastic hinges of the same bay yield at a scale factor of 1.0
times the DBE for the hybrid-0 and hybrid-1 frames. As may
be seen in Figure 15, as the frames become more hybrid,
the ductility demand of bay-3 decreases, and the ductility
demand of bay-1 increases (except for the scale factors of
0.6 to 0.8). As a result, the hinges that form first have the
highest ductility demand and are detailed according to the
rules for SMF systems, and the hinges that form last have
the lowest ductility demand and are detailed according to
the rules for OMF.

Note that only the first-story IDA ductility demands of
Seattle earthquake (EQO03) are displayed in this paper. The
Seattle earthquake resulted in about 30 in. residual displace-
ment for all hybrid frame designs when the scale factor of
2.0 times the DBE was used. Different ground motions will
result in different ductility demands; however, the general
trend in the ductility demand of the different bays (corre-
sponding to different moment frame systems) will be similar.

As a result of this preliminary moment frame study, real
hybrid frames (hybrid-1, 2 and 3) always gave better results
than hybrid-0 (normal) frame when the structures were sub-
jected to severe earthquakes that caused collapses or signifi-
cant residual displacements; i.e., hybrid frames are useful in
terms of collapse prevention. This structural behavior can be
explained with the effect of the relatively late occurrence of
negative post-yield stiffness in hybrid frames (see Figure 6).
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Although hybrid frames could not improve the structural
performance when the frames are subjected to EQO01, EQ02
and EQO4, if the overall performance is considered, hybrid
frames resulted in better dynamic responses of the system.
It is authors’ opinion that hybrid frames especially perform
better under pulse-type earthquakes where incremental ve-
locities occur and give rise to damage or collapses. Figure 7
displays a nice example of this behavior. As may be seen, the
residual displacements begin at the 11th second, and this is
where the highest incremental velocity occurs in the Miyagi-
Oki (EQO7) earthquake.

This preliminary hybrid moment frame study shows that
this new approach may be considered at the design stage of
new structures; however, further research is necessary, in-
cluding an optimization study (where different R and C, fac-
tors can be used with different new design configurations) as
well as new strategies for hybrid frame development.

AN ALTERNATIVE STRATEGY FOR
DEVELOPING HYBRID BEHAVIOR

In the moment frames studied in this paper, hybrid behavior
was obtained by varying the moment capacities of the gird-
ers across the bays and by use of gravity preload. Another
approach for achieving hybrid behavior would be the use of
steels with varying yield strength. The use of low-strength
steels and stainless steels might be particularly attractive for
the early-yielding components of hybrid frames.

Among carbon steel alloys, two grades have been iden-
tified that have a low yield stress and strain and that have
excellent ductility. These materials, called LYP steels (for
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Fig. 15. Rotational ductility demand IDA plots for (a) bay-1 and (b) bay-3 of the first story (ground-motion EQ03).

180 / ENGINEERING JOURNAL / THIRD QUARTER / 2011



low yield point), have yield stresses as low as 14.5 ksi (Saeki
et al., 1998). The modulus of elasticity of the 14.5 ksi steel
is approximately 22,500 ksi. While this modulus is lower
than the modulus of structural steels (29,000 ksi), the yield
strain of the 14.5 ksi steel (14.5/22,500 = 0.00064 in./in.) is
significantly less than that of structural steels (50.0/29,000
= 0.00172 in./in.). Chen et al. (2001) tested four buckling
restrained brace specimens using LYP and found them to
be particularly effective for systems in which early yield-
ing was desirable. Stainless steels have a relatively low yield
stress when compared to structural steels and have excellent
energy dissipation capacity. DiSarno et al. (2008) explored
the use of stainless steels in both concentrically braced
frames and eccentrically braced frames and found that the
strain hardening characteristics of the stainless steels de-
layed inelastic buckling, which contributed to enhanced
overstrength in the systems studied.

SUMMARY AND CONCLUSIONS

While the work reported in this paper is preliminary, it ap-
pears that there are significant benefits associated with the
concept of hybrid frames. By carefully controlling the se-
quence of yielding, there is a clear indication of improve-
ment in response at all levels of ground shaking, particularly
at higher levels where dynamic instability may be more
prevalent. At lower levels of shaking, the improvement is
less significant, although there is a trend toward reduced
displacements and base shears. This behavior is associated
with the energy dissipation provided by early yielding of the
low-strength plastic hinges.

For the frames studied, there is a significant increase in
ductility demand, compared to traditional special moment
frames, for those elements and connections that are expect-
ed to yield early. Although it is expected that traditional spe-
cial moment frame detailing will suffice for these locations,
additional research needs to be done to determine how much
ductility can actually be provided by such connections. It
may be necessary to develop special connection details for
these areas. The use of special low-strength steels should
also be investigated.

Additionally, the hybrid frames described herein were de-
signed on an ad-hoc basis, because no specific rules have
been established for assigning the sequence of yielding. It is
expected that improved performance can be obtained if the
sequence of hinging is more formally optimized. The use of
an energy-based procedure is being explored for use in the
development of an optimum hinging sequence.

Finally, additional work needs to be done to determine if
significant economy is obtained by the hybrid frames. Such
economy would be expected even if the performance of the
hybrid frames was equivalent to the normal frames. This ad-
vantage in economy is due to the reduction in the number of
special moment connections in the structure.
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Lightly Damped Moment-Resisting Steel Frames:

A Design-Based Approach

OZGUR ATLAYAN and FINLEY A. CHARNEY

ABSTRACT

The current U.S. seismic design provisions for steel moment-resisting frames generally result in structures for which stiffness is the control-
ling factor in the design. The design for stiffness often provides considerable overstrength, which reduces rotational ductility demand on the
plastic hinges in the structure. Even though the reduction in ductility demand may be considerable, the design provisions do not allow the
detailing rules to be waived, resulting in designs that may not be economically optimized. This paper presents the results of a study in which
a variety of steel frames were designed for strength and that used added energy dissipation in the form of linear viscous dampers to control
the drift. The goal of the study was to provide only enough damping to control the drift, and to this end, it was found that total system damping
of 10% critical was sufficient. As shown in the paper, the added damping provided the required drift control and had the added advantage of
minimizing the dispersion, which typically occurs in response history analyses carried out under several appropriately scaled ground motions.
Such dispersion control is illustrated through incremental dynamic analysis of damped nine-story buildings in Seattle, Washington.

Keywords: seismic design and performance, viscous fluid dampers, incremental dynamic analysis.

P roperly designed moment-resisting steel frames are
generally very effective in resisting strong earthquakes.
However these systems, designed for strength alone, may
not have sufficient stiffness to meet drift or stability lim-
its. Increasing the stiffness increases the strength, and theo-
retically, the increased strength would reduce the ductility
demands. If the ductility demands were reduced enough, it
would seem feasible to relax the detailing requirements, and
possibly, enhance the economy of the system. Current U.S.
design provisions such as the 2005 AISC Seismic Provisions
for Structural Steel Buildings (AISC, 2005) do not allow
such an approach, however.

Another approach would be to simply ignore the drift and
stability limits, and design the system for strength alone. Ex-
perience has shown that this approach is not feasible because
of the potential for developing large residual displacements,
or complete dynamic instability (Ruiz-Garcia and Miranda,
2006). The tendency towards dynamic instability is exacer-
bated by the low amount of inherent damping that is pres-
ent in steel systems. It has been recognized that the inherent
damping is not likely to be in excess of 2% critical (the al-
most universal practice of modeling such systems with 5%
damping is unconservative).
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If more damping could be justified the excessive residual
deformations and dynamic instabilities might be avoided,
and the systems could be designed for strength alone. Exact-
ly such a concept is the focus of the research reported in this
paper. It is noted, however, that unlike most of the supple-
mental damping applications (Miyamoto and Singh, 2002;
Hwang, 2002; Miyamoto and Gilani, 2008) that concentrate
on the effects of added damping that produce total system
damping of 20 to 35% critical, this paper concentrates on
adding the minimum amount of damping that is required to
obtain an acceptable response. As shown in the remainder
of the paper, systems with a total of only 10% damping have
the desired performance, with the added benefit of increas-
ing the reliability of the structural system.

VISCOUS FLUID DAMPERS

Viscous fluid dampers include a piston head with orifices
contained in a hollow cylinder filled with fluid, which is
mostly a compound of silicone or similar type of oil. Energy
is dissipated in the damper as the piston rod moves through
the fluid and forces the fluid to flow through the orifices in
the piston head (Lee and Taylor, 2001). Because the fluid
flows at high velocities, it causes friction between fluid par-
ticles and the piston head, which produces energy dissipa-
tion in the form of heat.

The force—velocity relationship for a viscous fluid damper
can be expressed as:

Fp = Clil* sgn(i) M
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where Fp is the damper force, C is the damping constant,
1t is the relative velocity between the ends of the damper, o
is an exponent that controls the shape of the force—velocity
relationship, and sgn is the signum function used to find the
sign of the velocity.

In earthquake engineering, viscous fluid dampers with
velocity exponent of 0.3 to 1.0 are typically used (Symans
et al., 2008). Using a velocity exponent, o, less than 1.0
causes the dampers to yield at high velocities and thus limits
the forces transferred into the structure. When o = 1.0, the
damper force is proportional to the relative velocity, and the
device is called a linear viscous damper.

For a given peak force and displacement amplitude, as the
velocity exponent, o, of nonlinear dampers reduces below

Displacement

unity, the area in the force-displacement hysteresis loop gets
larger and thus the energy dissipated for a cycle of motion is
increased. This behavior is shown in Figures 1 and 2. Fig-
ure 1 shows the displacement and velocity histories of an
applied sine wave with a period of 1 s. Figures 2a and 2b
show the damping force-displacement and damping force-
velocity relationships, respectively (as a result of the applied
sine wave displayed in Figure 1), for three different C and o
values. Note that varying the o value, C was adjusted such
that the total damping force is the same (200 kips) for all
three dampers. Viscous dampers are attractive from the the-
oretical viewpoint that velocity is out of phase with the dis-
placement. Forces from viscous dampers will not add to the
elastic forces in a structure because the maximum damping
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Fig. 2. Damper force-displacement and damper force-velocity relationship for three different dampers.
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Table 1. Gravity Loads and Seismic Masses
Load Type Load (psf) Level Mass (Kip-s2/ft)
Floor dead load 96 Roof 36.55
Roof dead load 83 Floors 2-8 33.93
Penthouse dead load 116 Floor 1 34.52
Exterior wall dead load 25
Floor/roof reduced live load 20

forces occur when the elastic forces due to building defor-
mation are small. In practice, however, these two forces do
couple to some extent so total force often increases (Kelly,
2001).

The primary advantage of using nonlinear dampers with
velocity exponent, o, less than 1.0 is to limit base shears
when deformational velocities are large, and the main ad-
vantage of using linear dampers is simplified mathematical
modeling. In addition, for low-intensity earthquakes, where
the structure remains elastic, the damper forces of linear
dampers within the story are nearly 90° out of phase with
respect to the elastic structural forces. Thus, under certain
conditions, the effect of damper forces on the forces at the
foundation level will be minimized when linear dampers

are used (Symans et al., 2008). In this study, linear viscous
dampers with o, = 1.0 were used.

Dampers can be manufactured to any practically required
C and o values. An optimization analysis is required to de-
termine the exact C and o values needed for each damper
(Taylor, 2003). In addition, there is always a dilemma be-
tween using a large number of small dampers and using a
lesser number of large dampers. Architectural restrictions,
damper size—cost evaluation, and, obviously, achieving the
required structural performance efficiently are important
in deciding the number and size of the dampers. Similarly,
damper distribution within a structure can be optimized.
Wongprasert and Symans (2004) present an optimization
technique where frequency-domain objective functions are
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Fig. 3. Plan view of nine-story building.
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Table 2. Column and Beam Sections of Strength Controlled Design
Level Columns Beams
Exterior Interior Middle Exterior Interior Middle
0-1 W18x192 W18x211 W18x192 W27x114 W27x94 W27x94
2-3 W18x130 W18x192 W18x192 W24x103 W24x103 W24x103
4-5 W18x97 W18x158 W18x158 W24x94 W24x94 W24x94
6-7 W18x71 W18x130 W18x130 W24x76 W24x76 W24x76
8-9 W18x50 W18x97 W18x97 W21x62 W21x62 W21x62
Table 3. ASCE 7-05 Design Parameters
Design Parameter Value Design Parameter Value
0.2 s spectral acceleration, Ss 1259 Seismic Design Category D
1.0 s spectral acceleration, S1 05¢9 Effective seismic weight, W 10,500 kips
Site class D Base shear 358 kips
0.2 s design acceleration, Sps 0.83¢g Response modification factor, R 8
1.0 s design acceleration, Sp1 05¢g Deflection amplification factor, Cy 5.5
Seismic use group Il Seismic response coefficient, Cs 0.034
Importance factor 1.0 Maximum fundamental period, C,T; 1.83s

considered such that the optimal damper locations are de-
pendent on the building and ground-motion characteristics.
In their study, four different objective functions, which have
different damper distributions in the structure, are investi-
gated by considering different structural damage measures,
and the optimum configuration was decided on the most
critical damage measure considered. Note that this optimi-
zation was performed under the constraint that the number
of dampers and their properties are known parameters.

Dampers can be installed as part of chevron brace, hori-
zontally at top of chevron brace, as diagonal members and
as atoggle braced system. In this study, dampers were added
horizontally at top of the chevron braces.

MODELS AND DESIGN PROCEDURES

The effect of added viscous fluid dampers was investigated
on a five-bay, nine-story steel special moment frame build-
ing, located near Seattle, Washington. The building mod-
els of the SAC Joint Venture (FEMA, 2000) were used in
this study (see Figure 3 for the plan view). The dark gray
shaded area in Figure 3 shows the penthouse, and the light
gray shaded area shows the total gravity loads applied on the
P-delta frame, which will be discussed later. The moment
frame used in this study is shown between the dashed lines
(E-W direction) in Figure 3. Because two moment frames
are used in each lateral direction, each frame resists half
of the lateral load in its respective direction. Similar to the
SAC Report (FEMA, 2000), it was assumed that sufficient
shear resistance is provided between diaphragms and beams
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so that seismic inertia forces generated at the floor levels can
be transferred to the moment frame.

The gravity loads and masses used in this study can be
seen in Table 1. The seismic masses shown in Table 1 are for
half of the building. Because it is assumed that the loads are
carried to the girders with three beams (see Figure 3), the
gravity loads were applied as concentrated loads except for
the exterior wall dead load, which was applied as a distrib-
uted load on the girders of the moment frame.

Strength and Stability Controlled Designs

The purpose of this study was to design a steel moment
frame for only strength and then control the drift by us-
ing supplemental dampers. Using the mapped accelera-
tion parameters (Sg and S1), a flexible building design was
obtained in Seattle. Because ASCE 7-05 (2006a) permits
checking the elastic drift limits by using the lateral forces
that are calculated by using the computed period of the
structure (instead of the maximum fundamental period at
the pre-design stage, C,T;), the strength design satisfied
the elastic drift requirements of ASCE 7-05 (2006a) un-
der strength-level design earthquake forces. Although the
strength-controlled design met the drift requirements, the
stability checks (due to P-delta effects) of both ASCE 7-05
and the Commentary to the 2005 AISC Seismic Provisions
were not satisfied. Using the stability checks of ASCE 7-05
and the seismic provisions Commentary, another moment
frame was designed with increased member sizes at the
lower levels. Thus, two different nine-story special moment



frames (SMFs) were designed in Seattle, called the stability-
controlled and strength-controlled designs. See Table 2 for
the column and beam sections of the strength-controlled
design for which added dampers will be implemented.

The computed periods for stability-controlled and
strength-controlled designs were 3.19 and 3.29 s, respective-
ly. The computed period values were more than expected
for a nine-story building. The calculated period in the SAC
report (FEMA 2000), for the nine-story building in Seattle,
is between 3.06 and 3.17 s, depending on the panel zone
modeling. However, periods vary between 2.20 and 2.40 s
for a nine-story building in Los Angeles in the same report.
The reason for the different periods in Los Angeles is the
high demands, due to different Sg and S| parameters, which
result in a stiffer structure. Thus, it was concluded that the
calculated high-period values were reasonable and related
with the regional seismic parameters of Seattle. The ASCE
7-05 design parameters used for the designs are summarized
in Table 3.

To move the plastic hinges away from the column face,
reduced beam sections were used, and the moment rotation
properties of each hinge, forming at the reduced sections,
were calculated explicitly (Atlayan, 2008). Panel zones were
represented by use of Krawinkler’s model (Charney and
Marshall, 2006). See Atlayan (2008) for a much more de-
tailed description of the step-by-step procedures of beam,

Inherent Damping
Frame

Damper, Cxk

column and panel zone design and differences between the
stability and strength designs.

P-delta Effects and Damping Modeling

P-delta effects were included in all analyses using a special
linear P-delta frame, shown at the right of Figure 4. This
frame, sometimes called a ghost column or a leaner column,
is needed in two-dimensional analysis because the gravity
load tributary to the moment frames (and used for strength
design of the frames) is significantly less than the destabiliz-
ing gravity load on the system.

All structures have the ability to dissipate energy during
free vibration. This energy loss is generally referred as in-
herent damping. The main sources of inherent damping are
material damping due to internal stresses, cracking in the
structural materials, and friction in the connections and in
the nonstructural components (Charney, 2008). A separate
frame, shown to the left in Figure 4, was used to model the
inherent damping. Similar to the P-delta frame, the inherent
damping frame was laterally constrained to the main struc-
tural system. The reason for using the inherent damping
frame was to provide an explicit control over the damping
in the system.

Inherent damping was calculated by using Rayleigh damp-
ing. The total damping in each structure was determined by
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Fig. 4. Inherent damping and P-delta frames constrained to main frame.
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Table 4. Inherent and Added Damping Coefficients for Stability and Strength Controlled Designs
Strength-Controlled Design Stability-Controlled Design
Mass Proportional Stiffness Prop. Mass Proportional Stiffness Prop.
Constant Constant Constant Constant
o =0.071868 B =0.001200 o =0.073938 f=0.001198
Story Cwm Ck Cwm Ck
(kip-s/in.) (kip-s/in.) (kip-s/in.) (kip-s/in.)

9th story 0.219 0.499 0.226 0.495
8th story 0.203 1.035 0.209 1.032
7th story 0.203 0.949 0.209 0.945
6th story 0.203 1.344 0.209 1.346
5th story 0.203 1.292 0.209 1.291
4th story 0.203 1.646 0.209 1.645
3rd story 0.203 1.720 0.209 1.720
2nd story 0.203 1.962 0.209 2.104
1st story 0.207 1.036 0.213 1.256

Damping coefficient for 5% total

; 12.57
damping (same at each story)
Damping coefficient for 10% total
; 35.62
damping (same at each story)

setting the critical damping ratio to 2% at the natural period
of the structure and at a period of 0.2 s. Using mass pro-
portional constant o and stiffness proportional constant 3,
the desired level of inherent damping (2% of critical) was
achieved. The damping coefficients Cy; and Cg were calcu-
lated by using the following formulas at each story:

Cpr =M, @

Ck=BKx / cos® (0) 3)

where M, is the total story mass and K is the total story
stiffness. The virtual work method was used to find the sto-
ry stiffnesses. Because the stiffness proportional dampers
were used in a diagonal configuration, the damping coeffi-
cients were modified using the angle between the braces and
the horizontal plane to account for the effective reduction of
the diagonal damper, as shown in Equation 3. The stiffness
and mass damping coefficients in Table 4 (without added
dampers) provide 2% inherent damping when assigned to
the inherent damping frame for the corresponding strength
or stability controlled designs.

Added Dampers

In order to increase the total system damping, viscous flu-
id dampers were added to the strength-controlled frame,
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producing two additional frames, which will be called the
5% and 10% total damped strength designs. These dampers
represent physical linear viscous fluid damping devices that
would be incorporated into the structural system.

The added damping coefficients were found by using the
modal strain energy tools that are included in the NONLIN-
Pro computer program (Charney and Barngrover, 2006).
The added damper coefficients were updated until the to-
tal damping of the strength design reached 5 and 10% of
critical. The added dampers were distributed equally at each
story, and a chevron brace configuration was used to sup-
port the dampers, as shown in Figure 4. The chevron brace
configuration was used to provide complete control over the
modeling of inherent damping and thereby avoid the poten-
tially adverse consequences of modeling inherent damping
as a viscous mechanism (Charney, 2008). See Table 4 for the
damping coefficients used in this study.

ANALYSIS OF A NINE-STORY
MOMENT-RESISTING STEEL FRAME
WITH AND WITHOUT ADDED DAMPERS

Two types of analysis were performed for each frame:
nonlinear static pushover analysis (NSP) and incremental
dynamic analysis (IDA). All structural analyses were con-
ducted using Perform-3D (CSI, 2006). A planar model con-
sisting of one of the two perimeter frames (E-W direction),
which are parallel to the design ground motion, was used.



Nonlinear Static Pushover Analysis

Figure 5 displays the nonlinear static pushover curves with
highlighted target displacements, first significant yields and
the design base shear for both of the designs. Both models
were pushed up to 4% reference drift, which is twice the
drift limit of ASCE 7-05.

First significant yield is the level of force that causes
the formation of the first plastic hinge in the structure, and
the design base shear is V = C;W, where C; is the seismic
response coefficient and W is the weight of the structure.
The reason for the difference among the design base shear,
first significant yield and actual strength of the structure
is the overstrength. The overstrength factor is the ratio of
the apparent strength to the design strength. As can be seen
from the pushover curves, the overstrength factor was about
2 for the stability-controlled design and about 1.85 for the
strength-controlled design. The reasons for the overstrength
are the sequence of yielding of critical regions, load factors
on the gravity system, strain hardening, capacity reduction
(¢) factors and member selections (strong column-weak
beam). Note that the system overstrength factor for special
moment frame, ¢, is 3 in ASCE 7-05. Also, Q is not a
true overstrength but an upper bound used for proportioning
vulnerable components. Thus, € is not used to assess the
true system overstrength.

Both pushover curves reach negative stiffness due to the
P-delta effects. Because the strong column—weak beam rule
is satisfied in both of the designs, the only plastic hinges
that formed in the columns formed at the bottom of the
first story, when the structures were pushed up to the target

displacement. Thus, weak-story mechanisms did not occur
up to the target displacement level of pushover analyses.

The target displacement, which is intended to represent
the maximum displacement likely to be experienced during
the design earthquake, was found using the procedures out-
lined in ASCE 41-06 (2006b). If the stability ratios of the
stories are more than the limit stipulated in ASCE 7-05, it is
advisable to check the post-yield slope of the pushover curve
at the target displacement and determine whether or not that
slope is positive or negative. Note from Figure 5 that the tan-
gent stiffness of the pushover curve is positive at the target
displacement for the stability-controlled design, whereas the
tangent stiffness of the strength-controlled design becomes
negative prior to reaching the target displacement. This is
an early warning for the possible collapses of the strength-
controlled design without added dampers.

Incremental Dynamic Analysis

In this study, incremental dynamic analysis (Vamvatsikos,
2002) was conducted by using 10 different earthquake re-
cords with intensities of 0.2 to 2.0 times the ground motion
scaled to match the design basis earthquake. Thus, the scale
factor of 1.0 corresponds to the design basis earthquake
(DBE), and the scale factor of 1.5 corresponds to the maxi-
mum considered earthquake (MCE). The ground motions
were initially scaled to match the ASCE 7-05 spectrum at
the structure’s fundamental period. This scaling procedure
was recommended for IDA analysis by Shome et al. (1998).
The ground motions used in the analysis were the same as
those used in the original SAC research (FEMA, 2000),
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Fig. 5. Nonlinear static pushover curves for strength and stability controlled designs.
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Table 5. Ground Motions
Eartnquake SAC Earthquake Name Magnitude | Duration '2;2: PGA I':'Iit;%rgtt::
o. Name
(s) (s) (9) (s)
EQO0 SE 21 | Mendocino, 1992 7.1 59.980 0.020 0.771 0.005
EQO1 SE 23 | Erzincan, 1992 6.7 20.775 0.005 0.476 0.005
EQO02 SE 25 | Olympia, 1949 6.5 79.980 0.020 0.206 0.005
EQO3 SE 27 | Seattle, 1965 7.1 81.820 0.020 0.175 0.001
EQO4 SE 29 | Valparaiso 1, 1985 8.0 99.975 0.025 0.564 0.0025
EQO5 SE 31 | Valparaiso 2, 1985 8.0 99.975 0.025 0.321 0.001
EQO6 SE 33 | Deep Interplate 7.9 79.980 0.020 0.207 0.001
EQO7 SE 36 | Miyagi-oki, 1978 7.4 79.980 0.020 0.440 0.001
EQO8 SE 37 | Shallow Interplate 1 7.9 79.980 0.020 0.599 0.005
EQO09 SE 40 | Shallow Interplate 2 7.9 79.980 0.020 0.503 0.001

which are shown in Table 5. Bracketed duration, the time
interval between the first and the last occurrence of an ac-
celeration of 0.05 g, was calculated for each ground motion
and used to establish the computation time of the analyses.
To prevent the numerical errors and fictitious dynamic in-
stability, Newmark integration time steps were checked for
each ground motion. The roof displacement response his-
tory was checked with the ground motions that have a scale
factor of two times the DBE. In other words, the response
histories of the roof were evaluated with the largest scale
factor that does not cause collapses in the IDA study, and
the time step was decreased by half of the previous one until
the responses converged. In addition, each time a collapse
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occurred, the reasons for dynamic instabilities were inves-
tigated explicitly to differentiate the real collapses from nu-
merical errors.

For the IDA study, the scale factor of the ground mo-
tions was used as the intensity measure, and the interstory
drift, base shear, maximum and residual roof displacements,
and IDA dispersion were used as the damage measures.

Effect of Dampers on Drift

As discussed earlier, the elastic drift limits of ASCE 7-05
were satisfied for both of the inherently damped strength
and stability designs. In addition to the elastic drift limit
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Fig. 6. IDA plots for maximum and residual roof displacements using (a) Valpariso-1 and (b) Seattle ground motions.
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Table 6. Maximum Drifts for Design Basis Miyagi-oki and Valparaiso-2 Earthquakes
Miyagi-oki Valparaiso-2
Drift Limit | Strength | Stability | Strength | Strength | Strength | Stability | Strength | Strength
Level (%125) | Inherent | Inherent 5% 10% Inherent | Inherent 5% 10%
(in.) Damping | Damping | Damping | Damping | Damping | Damping | Damping | Damping
(in.) (in.) (in.) (in.) (in.) (in.) (in.) (in.)
9th 3.90 3.13 3.37 1.94 1.02 5.00 5.41 2.21 1.04
8th 3.90 3.59 4.16 2.63 1.52 6.64 7.61 3.15 1.64
7th 3.90 4.53 4.96 2.97 1.99 4.97 5.46 3.37 1.98
6th 3.90 4.46 4.81 3.33 2.40 4.06 5.28 2.90 2.07
5th 3.90 4.08 4.75 3.37 2.69 4.24 5.49 2.73 2.02
4th 3.90 4.36 4.74 3.47 2.99 3.22 3.67 3.01 2.07
3rd 3.90 4.64 4.63 3.49 3.16 2.84 3.42 3.09 2.18
2nd 3.90 4.30 3.53 3.54 3.19 2.77 3.11 2.92 2.35
1st 5.40 5.40 4.04 412 3.69 4.63 4.37 3.56 3.01

check, according to Chapter 16 of ASCE 7-05, the results
of nonlinear response history analysis (NRHA) shall not ex-
ceed 1.25 times the allowable drift limit (2% of story height
in this study). However, the results of NRHA exceeded 1.25
times the allowable drift limit for both of the inherently
damped designs for 6 out of 10 earthquakes used in this
study. The added dampers play a crucial role here. Table 6
shows the maximum drift results of all the designs subject
to two different ground motions at the design level. Note that
the highlighted values exceed the limits.

For this study, the 5% totally damped strength controlled
design satisfied the drift requirements under all 10 different
earthquakes used. As expected, a further decrease in drift

2.00

——Strength
1.80 +—1 (Inherent)
~&-Stability
1.60 +— (Inherent)
— —&—Strength (5%
I'-ld 1.40 1 Damping)
Q 450 1| -@-Strength (10%
x " Damping)
8 1.00
3]
©
L 0.80
2
S oe0
0.40 -
0.20 -
0.00
0 500 1000 1500

Base Shear (kips)

(a)

values occurred when the total damping increased to 10%
of critical. Thus, a structure that satisfies the elastic drift
limits of the code may not satisfy the drift limits by NRHA,
but these limits can be met by using supplemental damping.

Figures 6a and 6b illustrate the maximum and residual
roof displacement IDA plots by using the Valpariso-1 and
Seattle earthquakes, respectively. All the designs resisted
Valpariso-1 earthquake. However, the inherently damped
strength design collapsed after the scale factor of 1.4 times
the DBE, and the stability design collapsed after the scale
factor of 1.8 times the DBE when frames are subjected to
Seattle earthquake. Note that horizontal lines in IDA curves
indicate collapses (see Figure 6b). The frames with added
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Fig. 7. Base shear IDA plots for (a) Erzincan and (b) Miyagi-oki earthquakes.
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dampers resisted the collapses for Seattle earthquake and
reduced the maximum and residual roof displacements
significantly.

Effect of Dampers on Base Shear

Figures 7a and 7b display base shear IDA plots for the Er-
zincan and Miyagi-oki earthquakes. At low-scale factors,
where the structure behaves elastically, base shear decreases
as damping increases. The IDA curves generally intersect
before displaying an increase in terms of base shear with
increased damping in the nonlinear region. The 5% damped
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strength-controlled design and the inherently damped
stability-controlled design behaved very similar in base
shear IDA responses after the structures yield. This is par-
ticularly true at ground-motion levels approaching the de-
sign and maximum considered earthquakes (scale factors
1.00 and 1.50, respectively). The same behavior was ob-
served for the other eight earthquakes used in this study as
well. Note that the difference between the base shear IDA
plots of stability and 5% damped strength designs (at scale
factors more than 1.60) in Figure 7b was due to collapses.
The inherently damped stability design collapsed when the
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Fig. 8. Standard deviation IDA plots for different damage measures.
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scale factor reached 1.80; however, the 5% damped strength
design resisted the scale factor 1.80 and collapsed at a fac-
tor of 2.00 when the frames were subjected to Miyagi-oki
earthquake.

The main drawback of linear viscous dampers is the high
base shears in the inelastic region of the IDA plots. This
study concludes that 5% damping with linear viscous damp-
ers does not cause base shear problems. The 10% total damp-
ing increases the base shear between 10 and 30%, depending
on the earthquake. As discussed earlier, the use of nonlinear
viscous dampers, with the velocity exponent of about 0.4,
would likely reduce the increase in base shear associated
with added viscous damping, but this was not investigated
in this study.

Effect of Dampers on IDA Dispersion

The dispersion of IDA curves can be used to see the effect
of dampers in terms of giving a reliable estimate of the per-
formance of the buildings. To measure the IDA dispersion,
the standard deviation of the responses, produced at each
intensity level of 10 different earthquakes, was calculated
for each structure with different amounts of damping. The
standard deviation increases as the amount of dispersion
increases. When the standard deviation IDA curves for the
different levels of damping are displayed together, the curve
that has the steepest slope will correspond to the system that
is best at reducing the IDA dispersion.

Figures 8a through 8d illustrate the IDA dispersion for
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different damage parameters. While the building response is
elastic, there was not a significant dispersion. As the earth-
quake intensity increased, dispersion increased as well, and
when the buildings collapse, dispersion increased because
of the collapse measures used for the dispersion study. In
all of the dispersion plots, the horizontal lines occurring at
high-intensity measures indicate the collapses. The number
of earthquakes that caused collapse is also labeled at the
corresponding scale factors. Note that the final scale factors
that resisted the collapses of all earthquakes are shown with
an unfilled (empty) data point in Figure 8. When IDA dis-
persion plots are analyzed, it can be concluded that the 10%
total damped strength-controlled design had a drastically
improved performance when compared to the other designs.
The 10% damped strength design gave higher dispersion or
uncertainty than the other designs only for the base shear
damage measure between scale factors of 0.8 and 1.6 (see
Figure 8d). This was an expected result if the drawback
of the linear viscous dampers at high damping ratios was
considered. Above the scale factor of 1.6, the 10% damped
strength design gave better results in terms of base shear
IDA dispersion as well, because the other designs collapsed
at high earthquake intensities and the use of collapse mea-
sures increased the dispersion.

Effect of Dampers on Energy Dissipation

Dampers reduce the damage in the structure by dissipat-
ing energy. Figures 9, 10 and 11 respectively illustrate the
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Fig. 9. Energy balance plot for inherently damped strength design frame under EQ07 (DBE).

ENGINEERING JOURNAL / THIRD QUARTER / 2011 / 193



60000 A — Maximum Energy = 52270 kip-in.
® Kinetic Energy Energy Error = 2.1%
= Strain Energy
50000 4| ™ Energy in Viscous Dampers R
H Dissipated Inelastic Energy
£
& 40000
=
c
=]
S 30000
»
2
(=]
3
5 20000
[=
I}
10000
0
Time (s)
Fig. 10. Energy balance plot for 5% total damped strength design frame under EQO7 (DBE).
60000 - Maximum Energy = 53910 kip-in.
= Kinetic Energy Energy Error = 1.40 %
= Strain Energy —
50000 4|™Energy in Viscous Dampers
H Dissipated Inelastic Energy
g
& 40000 -
=
f=
o
S 30000 -
7
0
[=)
3
£ 20000 -
(=
L
10000 A
0 .
0 10 20 30 40 50
Time (s)

Fig. 11. Energy balance plot for 10% total damped strength design frame under EQO7 (DBE).
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Table 7. Collapse Check for Selected Earthquakes
. Scale . Deep L Shallow Shallow
Design Factor Seattle Valparaiso-2 Interpolate Miyagi-oki Interpolate-1 | Interpolate-2
1.0 J/ J/ v/ / v/ v/
Strength- 1.2 J J J J v v
Sontrolled | 14 / / / / / /
esign with
inherent 1.6 Collapse Collapse J J J Collapse
damping 1.8 Collapse Collapse J Collapse J Collapse
2.0 Collapse Collapse Collapse Collapse Collapse Collapse
1.0 / v/ v/ / v/ v/
Stability- 1.2 J J J J J J
controlled 1.4 / / / / / /
design with
inherent 1.6 v/ v/ Y J/ J J
damping 1.8 N J v Collapse v Collapse
2.0 Collapse Collapse J/ Collapse J/ Collapse
1.0 v/ v/ v/ v/ v/ v/
Strength- 1.2 J J J J v /
controlled 14 / / / / / /
design with
5% total 1.6 v / v v v v
damping 1.8 N J J/ N J/ Collapse
2.0 J J/ J Collapse J Collapse
1.0 v/ v v v/ v v
Strength- 1.2 J v v J v v
controlled
1.4
design with / v / v v J
10% total 1.6 v v / v / /
damping 1.8 J J/ J J/ Y v
2.0 v J/ v v v Collapse

energy plots when the inherently 5% and 10% damped
strength designs were subjected to Miyagi-oki earthquake
(EQO7). These plots show how the ground-motion input en-
ergy is dissipated and absorbed by the structural system. In
the energy plots, the X-axis is time and the Y-axis is the
amount of different energy types in the system at the given
time. As can be seen from the energy plots, as the damp-
ing increased (moving from Figure 9 to Figure 10 to Figure
11), the energy dissipated by viscous damping (inherent plus
added damping) increased, and the dissipated inelastic en-
ergy decreased. Thus, structural damage decreased because
this damage is related directly to dissipated inelastic energy.
Strain and kinetic energy ratios are also shown in the energy
plots. The energy errors shown in the plots are a measure of
the accuracy of the structural analysis. The maximum error
of 2.1 percent shown in Figure 10 is somewhat higher than
desired but is acceptable for the purposes of this study.

Effect of Dampers on Dynamic Instability

One of the main purposes of this study was to investigate the
effect of added dampers on dynamic instability (collapses).
Table 7 shows the collapse check of the four structures sub-
ject to six earthquakes, from scale factors 1.0 to 2.0, which
caused collapses in the IDA studies. Both the strength- and
the stability-controlled designs did not collapse until the
MCE. However, the strength design collapsed just after
the MCE for three earthquakes, when the IDA scale factor
reached 1.6. The main collapse mechanism was the inter-
mediate-story mechanisms occurring at the bottom three
stories due to P-delta effects.

The effect of damping on dynamic instability was obvi-
ously significant. Five percent damping prevented the col-
lapses of four out of six earthquakes that occurred in the
strength-controlled design. The 10% total damped structure
resisted all the earthquakes except EQ09 with scale factor
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of 2.0. The amount of damping necessary to prevent the col-
lapse was dependent on the design of the structure. Regard-
ing the strength-controlled design investigated in this study,
10% total damping was conservatively adequate for provid-
ing dynamic stability.

Note that the stability-controlled design (inherently
damped) eliminated half of the collapses that occurred for
the inherently damped strength-controlled design. This is
consistent with the results of nonlinear pushover analyses.
Because strength-controlled design reached negative stiff-
ness before target drift on the pushover curve, story mecha-
nisms and then collapses occurred at MCE level of shaking,
which is almost the same level as a 1.6 scale factor in IDA
studies.

CONCLUSIONS

The supplemental dampers have a remarkable effect on re-
ducing the inelastic response of the elements of steel mo-
ment frames. The effects of added dampers were studied
through incremental dynamic analysis by using various
damage measures. After adding the linear viscous dampers
to the strength designed frame, a significant performance
improvement was achieved. The IDA responses of the roof
displacement, residual displacement and interstory drifts de-
creased drastically as a result of added dampers. Although
the inherently damped strength design satisfied the elastic
drift requirements of ASCE 7-05, it did not meet the drift
requirements for the nonlinear response history procedure
where the allowable drift limits were increased by 25%.
However, after adding the dampers, 5% total damping was
adequate to meet the drift criteria of ASCE 7-05.

A collapse check study and an IDA dispersion study were
implemented to investigate the effect of damping on dynam-
ic instability. Regarding the optimum level of damping, 5%
total damping was almost always adequate to prevent col-
lapse at the MCE level. As the damping increased, the IDA
dispersion plots got steeper, which indicates a more reliable
performance of the structure under various earthquakes.
The 10% total damped strength design gave the best results,
followed by 5% damped strength and stability designs, in
terms of IDA dispersion.

If the overall performance of the building under differ-
ent damage measures used in IDA study is considered, the
strength-controlled design with 10% damping is concluded
to be efficient for the nine-story SMF building in Seattle,
Washington. The required level of total system damping
might vary for different type of steel frames at other loca-
tions; however, it is foreseen that the design approach dis-
cussed in this paper is worth consideration in addition to the
conventional design methods for moment frame structures
in highly seismic regions.
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Design of Steel Buildings for Earthquake and Stability
by Application of ASCE 7 and AISC 360

R. SHANKAR NAIR, JAMES O. MALLEY and JOHN D. HOOPER

Abstract

Design of steel buildings in the United States typically combines application of ASCE/SEI 7, Minimum Design Loads for Buildings and Other
Structures, and ANSI/AISC 360, Specification for Structural Steel Buildings. For buildings designed for seismic effects, ANSI/AISC 341, Seis-
mic Provisions for Structural Steel Buildings, may also be applicable. The ASCE 7 Minimum Design Loads standard includes specific design
provisions related to stability under seismic loading which overlap and, in some instances, appear to conflict with the stability design require-
ments of the AISC Specification. This paper explores the areas of overlap and apparent conflict between ASCE 7 and AISC 360 and offers
practical recommendations for seismic design incorporating the provisions of both.

Keywords: design loads, seismic design, structural stability.

Design of steel buildings in the United States typically
combines application of ASCE/SEI 7, Minimum Design
Loads for Buildings and Other Structures (ASCE, 2005),
and ANSI/AISC 360, Specification for Structural Steel
Buildings (AISC, 2005a; AISC, 2010). For buildings de-
signed for seismic effects, ANSI/AISC 341, Seismic Provi-
sions for Structural Steel Buildings (AISC, 2005b), may be
applicable in conjunction with the Specification.

ASCE 7 is used, either directly or by reference from a
building code, to define the loads for which the structure
must be designed; AISC 360 and 341 are used to design the
steel structure for those loads.

The ASCE 7 Minimum Design Loads standard, though
generally focused on loads and not on design or the response
of the structure to those loads, includes specific design pro-
visions related to stability under seismic loading. These pro-
visions overlap and, in some instances, appear to conflict
with the stability design requirements of the AISC Specifi-
cation. (The AISC Seismic Provisions do not include stabil-
ity design requirements.)

This paper explores the areas of overlap and apparent
conflict between ASCE 7 and AISC 360 and offers practi-
cal recommendations for seismic design incorporating the
provisions of both.
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The paper does not attempt to correlate design with ex-
pected actual behavior beyond the degree of correlation im-
plied by compliance with ASCE 7 and AISC 360. This is
an important limitation. It is generally recognized that ac-
tual displacements in an earthquake could be much larger
than the elastic displacements due to code-specified design
loads, and the resulting second-order effects could be quite
different from those predicted by specification-compliant
analysis; exploration of this issue is beyond the scope of this

paper.

STABILITY DESIGN BY AISC 360

The Direct Analysis Method of design for stability was
introduced in the 2005 edition of the AISC Specification.
The 2010 edition makes that method the primary means of
design; alternative approaches have been moved to an ap-
pendix. The discussion in this paper will be limited to the
Direct Analysis Method and its application in seismic design
in conjunction with ASCE 7; other stability design methods
permitted in the AISC Specification are not considered.
The rational basis of the Direct Analysis Method is ex-
plained in AISC-SSRC (2003); a simple introduction to
the practical application of the method is provided in Nair
(2009a). Notes on the modeling of structures for design by
the Direct Analysis Method are provided in Nair (2009b).
Design for stability by the Direct Analysis Method in-
volves a second-order analysis, use of reduced stiffness in
the analysis, consideration of initial imperfections (either
by direct modeling of the imperfections or by application of
notional loads in the analysis) under certain circumstances,
and strength check of components using an effective length
factor, K, of unity for members subject to compression.
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Second-Order Analysis

The analysis of the structure must be a second-order analy-
sis that, in the most general case, includes both P-A effects,
which are the effects of loads acting on the displaced lo-
cations of joints or nodes in the structure, and P-§ effects,
which are the effects of loads acting on the deformed shapes
of members. In tiered buildings, P-A effects are the effects
of loads acting on the laterally displaced locations of floors
and roofs.

The 2010 AISC Specification exempts most buildings
from the need to consider P- effects in the analysis of the
overall structure; a P-A—only analysis is sufficient in almost
all cases. This is an important simplification relative to the
2005 Specification, which does require inclusion of P-8
effects in the analysis of most moment-frame buildings. Re-
gardless of whether P-0 effects need to be considered in the
analysis of the overall structure, the P-8 effects on individu-
al beam-columns must always be considered in the strength
check of those members.

The second-order analysis required by the Direct Analy-
sis Method of design may be performed using a computer
program formulated to provide a second-order solution.
Alternatively, a second-order solution may be obtained by
manipulating the results of a linear or first-order analysis to
account for second-order effects by application of the By and
B> multipliers defined in the Specification.

In the B} and B> procedure, B alters the results of a first-
order analysis to account for P-A effects; the B, multiplier
also accounts, in an approximate way (by application of the
factor Ry in the calculation of By), for the overall softening
of the structure’s response due to P-9 effects in individual
members. For a given vertical loading, there will be a sin-
gle value of B» for each story and each direction of lateral
translation, applicable to the forces and moments caused by
lateral loading in all members and connections in that story.
In the unusual case where gravity load causes lateral transla-
tion, By is also applicable to the forces and moments caused
by the side-sway component of gravity load. While B> is a
story parameter, By is a member parameter; a B; multiplier
is applied to the moments in each beam-column to account
for P-§ effects in that member.

Another approach, usable in the typical case where P-§
effects do not need to be considered in the analysis of the
overall structure, is to obtain a P-A—only second-order solu-
tion from a computer program and then to apply B; multipli-
ers to account for P-9 effects in individual members.

Given that in second-order analysis the effect of a load is
not proportional to its magnitude (and the principle of super-
position of loads does not apply), the second-order analysis
must be performed at the Load and Resistance Factor De-
sign (LRFD) load level: For design by LRFD, LRFD load
combinations must be applied in the analysis; for design by
Allowable Strength Design (ASD), ASD load combinations
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increased by a factor of 1.6 must be applied in the analysis
and the results must be divided by 1.6 to get the forces and
moments for proportioning of members and connections.

Reduced Stiffness

In the second-order analysis, all stiffnesses in the model-
ing of the structure must be reduced by applying a factor
of 0.8. An additional reduction factor, Tp, must be applied
to the flexural stiffnesses of all members whose flexural
stiffnesses are considered to contribute to the lateral stabil-
ity of the building. Factor Tp is unity when the LRFD-level
required compression strength of the member is less than
half the yield strength.

When the compression is high and 715 is not unity, the de-
signer may still avoid the complication of calculating and
applying T, by applying, instead, a small notional lateral
load (0.001 times the LRFD-level gravity load applied at
each floor) in the analysis. This notional load will typically
be so much smaller than seismic loads that it may reasonably
be neglected when seismic loads are present. Thus, it should
be possible to take 15 as unity in all cases in seismic design;
what remains is the 0.8 factor, applied to all stiffnesses.

Initial Imperfections

The effect of initial imperfections must be considered in
the analysis, either by direct inclusion of the imperfections
in the analysis model or by application of notional loads, if
either (1) the load combination being considered is a gravity-
only loading with no applied lateral load or (2) the ratio of
second-order drift to first-order drift in any story of the
building is more than 1.7.

For seismic design, there will always be applied lateral
load and condition 1 will not apply; condition 2 will also
typically not apply for buildings that satisfy the limits on
stability coefficient, 6, specified in ASCE 7. Therefore, it
will not typically be necessary in seismic design to consider
initial imperfections, either explicitly or by application of
notional loads.

Component Strength Check

For design by the Direct Analysis Method, once the appro-
priate analysis has been performed, members and connec-
tions are checked for strength with no further consideration
of overall structure stability. The effective length factor, K,
for members subject to compression is taken as unity (unless
a lower value is justified by rational analysis).

SEISMIC DESIGN STABILITY
PROVISIONS IN ASCE 7

Background and commentary on the seismic design provi-
sions of the ASCE 7 Minimum Design Loads standard may



be found in FEMA (2009). Specific requirements for stabil-
ity in conjunction with seismic design are presented in the
ASCE standard in a section titled “P-Delta Effects” (Sec-
tion 12.8.7)"; these requirements are included as part of the
“Equivalent Lateral Force Procedure” for seismic analysis
(Section 12.8).

The P-Delta Effects section of ASCE 7 defines a stability
coefficient, indicates when P-delta effects must be consid-
ered, places limits on the stability coefficient and specifies
methods of accounting for P-delta effects.

Stability Coefficient, 6

The stability coefficient, 0, is approximately the ratio of the
actual vertical force on a story of a building to the vertical
force that would cause elastic lateral buckling of the story.
An equation’ is provided for the coefficient; the coefficient
is calculated with nominal, unreduced stiffnesses and for
load combinations with no individual load factor exceeding
unity.

When Must P-delta Effects Be Considered?

Under ASCE 7, P-delta effects need be considered only when
the stability coefficient, 6, is more than 0.10. This is roughly
equivalent to an AISC B multiplier (ratio of second-order
story drift to first-order story drift) of 1.2, after accounting
for the fact that 6 is calculated with nominal stiffnesses and
for load combinations with no individual load factor exceed-
ing unity, while Bj is calculated with reduced stiffnesses
and for LRFD-level load combinations.

Limit on Stability Coefficient

The stability coefficient, 6, must never be higher than 6,,,y,
which is variable (a function of f, the ratio of shear demand
to shear capacity of the story, and of Cy, the deflection am-
plification factor), but never higher than 0.25. A 6 of 0.25
is roughly equivalent to an AISC B, multiplier of 1.7 after
correction for the different stiffnesses and loadings in the 6
and B calculations.

Method of Analysis for P-delta Effects

ASCE 7 specifies that when P-delta effects are required to
be considered (i.e., when the stability coefficient, 6, exceeds
0.10), “the incremental factor related to P-delta effects on

* ASCE 7 does not explicitly differentiate between the P-A effects and P-8
effects recognized by the AISC Specification; the “P-delta” effects ad-
dressed in ASCE 7 are the P-A effects of AISC.

F There is an error in Equation 12.8-16, the equation for stability coef-
ficient, 0, in ASCE 7-05. There should be / (for importance factor) in the
numerator on the right-hand side of the equation. This has been corrected
in ASCE 7-10.

displacements and member forces shall be determined by
rational analysis.” Two types of rational analysis are envi-
sioned: (1) nonlinear static (pushover) analysis and (2) non-
linear response history analysis, both of which require
extensive, additional effort.

As an alternative to the rational analysis, “it is permit-
ted to multiply the displacements and member forces by
1.0/(1 — ©).” This is analogous to application of the AISC B>
multiplier with Rys =1 in the equation for B>, which amounts
to neglecting P-0 effects in the analysis. However, given that
0 is calculated with nominal stiffnesses and for load combi-
nations with no individual load factor exceeding unity, while
B> is calculated with reduced stiffnesses and at LRFD-level
load combinations, the AISC approach will indicate signifi-
cantly higher second-order displacements and forces.

Use of an analysis that included P-A effects (but not P-
effects), and subsequent application of AISC B multipli-
ers to individual beam columns to account for P- effects,
would also satisfy the requirement of ASCE 7.

Seismic Design by Modal Response Spectrum Analysis

The preceding discussion of stability-related requirements
in the seismic design provisions of ASCE 7 was based on use
of the Equivalent Lateral Force procedure. An alternative
seismic analysis procedure prescribed in ASCE 7 (Section
12.9) is the Modal Response Spectrum Analysis approach.
Design by Modal Response Spectrum Analysis is applicable
to all structures of all Seismic Design Categories; the Equiv-
alent Lateral Force procedure is not permitted for certain
structures in Seismic Design Categories D through F.

Stability requirements are not presented independently in
the Modal Response Spectrum Analysis section; the same
P-delta requirements prescribed for the Equivalent Lateral
Force procedure are incorporated by reference in the Modal
Analysis section. There is an obvious complication here in
that the Modal Analysis approach involves combining the
results of analyses for different modes, but second-order
analyses (i.e., analyses incorporating P-delta effects) cannot
normally be combined. A means of overcoming this diffi-
culty is suggested in the following section.

COMPARISON AND RECOMMENDATIONS

Selected features of the Direct Analysis Method of design
for stability in the AISC Specification and provisions related
to seismic design and stability in the ASCE 7 Minimum De-
sign Loads standard, as discussed in the preceding sections,
are summarized in Table 1. Clearly, there are areas of diver-
gence between the two sets of requirements. Nonetheless, as
outlined in the following, steel buildings may be designed
for seismic effects and stability in general conformance with
both the AISC Specification and ASCE 7.
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Table 1. Comparison of Analysis and Stability Provisions in ASCE 7 and AISC 360

ASCE 7
Equivalent Lateral
Force Procedure?

Subject

AISC 360
Direct Analysis Method

Recommendation for
Seismic Design

Limit on P-A effect Stability coefficient 6 must

not exceed Omax.

No limit.

Observe ASCE limit, which
corresponds to P-A multiplier of
1.33 or less.P

Must P-A effects be Only when 6 is greater

Yes; in all cases.

Always consider P-A effects.

approximate analysis? | [Multiply lateral load

effects by 1/(1 - 6).]

[Multiply lateral load
effects by Bo.]

considered? than 0.1.

P-A effects by rational Permitted. Permitted. Rational analysis may be used.
analysis?

P-A effects by Permitted. Permitted. The AISC method may be used;

note that 1/(1 — 6) = Bo.

Must P-§ effects be
considered in the
analysis?

Not specified.

Generally yes in 2005;
generally no in 2010.

Observe AISC 2010.¢

Load in the stability Not specified for rational

LRFD load combinations

Observe AISC: LRFD load

analysis analysis. Load factor for LRFD; 1.6 times ASD | combinations for LRFD; 1.6 times
not greater than 1.0 for 6 combinations for ASD. ASD load combinations for ASD.
calculation.
Structure stiffness in Not specified. Apply factor of 0.8 1p Apply factor of 0.8 (no 1) to all
the stability analysis to El; 0.8 to all other stiffnesses.
stiffnesses.
Must initial Not specified. Yes, with exceptions; Need not consider initial
imperfections be either model directly or imperfections (neither direct
considered? apply notional loads. modeling nor notional loads).

Analysis to assess
conformance to drift
limits

Elastic stiffness; same type
of analysis as for strength.

Not specified.

Use of same analysis as for
strength is permissible but may
be too conservative; see text.

Analysis to determine
period

Not specified, although
upper limits are defined.

Not specified.

Use linear analysis (no P-A
effects) with nominal, unreduced
stiffnesses.

thresholds are not strictly comparable to AISC 360 parameters.

beam-columns.

2 See text for additional considerations for Modal Response Spectrum Analysis procedure.
b The stability coefficient, 6, is calculated at lower load than used in AISC stability analyses; therefore, P-A multipliers corresponding to the ASCE 7

¢ Regardless of whether it is considered in the analysis of the overall structure, P-8 must always be considered in the strength check of individual

General recommendations:

1. Observe the ASCE 7 limit on stability coefficient; 6
must not exceed 6,,,. The nominal (unreduced) stiff-
ness of the structure and the ASCE 7 vertical load
(with no individual load factor greater than 1.0) may

that exempts from P-delta considerations all buildings

with a stability coefficient, 6, less than 0.10.)

Recommendations specific to seismic design by the Equiva-

lent Lateral Force procedure:

1. Determine the fundamental period of the building ei-

be used in the calculation of coefficient ©.

2. In the analysis for assessing strengths, consider P-A
effects in the analysis for all structures; also consider
P-§ effects in the analysis where required by the AISC
Specification. (Do not observe the ASCE 7 provision
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ther by analysis or by use of the approximate meth-
ods prescribed in ASCE 7. If determined by analysis,
use first-order analysis (no second-order effects), with
nominal (unreduced) stiffnesses.

2. Consider second-order effects either by second-order



analysis or by application of the AISC By and B mul-
tipliers to the results of first-order analysis. The op-
tions are:

a. Complete second-order analysis that considers
both P-A and P-§ effects.

b. P-A-only second-order analysis, followed by ap-
plication of Bj to individual beam columns (not
permissible in the unusual cases where inclusion of
P-4 effects in the overall analysis is required by the
AISC Specification).

c. First-order analysis, followed by application of By
and Bj multipliers.

Perform the second-order analysis and/or calculate
the By and B, multipliers at LRFD-level loads; that is,
use LRFD load combinations if design is by LRFD,
use 1.6 times ASD load combinations if design is by
ASD. (After second-order analysis under ASD, divide
the analysis results by 1.6 for member and connection
strength checks.)

Apply a factor of 0.8 to all stiffnesses in the second-
order analyses and in the calculation of B| and B, mul-
tipliers. For load combinations that include seismic
load, the additional stiffness reduction factor T; need
not be applied.

In the analysis for load combinations that include seis-
mic load, it is not necessary to model initial imper-
fections or to apply notional loads to account for the
imperfections.

Perform strength checks in accordance with the AISC
Specification, using an effective length factor, K, of
unity for members subject to compression (unless a
lower value is justified by rational analysis).

Conformance to ASCE 7 seismic drift limits may be
checked using the same analysis used for strength
checks (analysis at reduced stiffness, second-order
analysis, second-order effects determined at LRFD-
level loads). This may be excessively conservative,
however, and it is permissible to base drift checks on
an analysis using the full unreduced stiffness of the
structure, with second-order effects determined at the
lower loads specified by ASCE 7 for calculation of the
stability coefficient, 8. The deflection amplification
factor, Cy4, should be applied in either case.

Recommendations specific to seismic design by the Modal
Response Spectrum Analysis approach:

Determine modes and frequencies using first-order
analysis, with nominal (unreduced) stiffnesses.

2. Determine member forces and moments due to gravity

load by first-order analysis, with a factor of 0.8 applied
to all stiffnesses.

3. Use the properties of each mode and the ASCE 7 de-
sign response spectrum to determine a set of lateral
forces for that mode; using these lateral forces, per-
form a first-order analysis, with a factor of 0.8 applied
to all stiffnesses, to determine member forces and mo-
ments. Repeat for all modes considered.

4. Calculate a single B multiplier, applicable to all
modes,* for each story and each direction of lateral
translation, based on reduced stiffness (0.8 factor) and
the full LRFD-level vertical load on the story.$

5. Combine first-order modal results (item 3) as speci-
fied in ASCE 7 Section 12.9.3. Apply B, multipliers
to the combined results (member forces and moments
caused by lateral loading). Then scale the combined
results as specified in ASCE 7 Section 12.9.4. Alge-
braic signs will typically be lost in modal combina-
tions; the member forces and moments due to seismic
effects should, therefore, be considered reversible
(i.e., use absolute values of forces and moments in the
modal combinations and then consider the resulting
overall forces and moments due to seismic effects to
be fully reversible).

6. Combine the member forces and moment due to seis-
mic effects (item 5) with the member forces and mo-
ments due to gravity load (item 2), with load factors as
specified in ASCE 7.

7. Apply B; multipliers to the moments in beam-
columns. The By multiplier should be based on the full
LRFD-level axial force in the member, including axial
forces due to lateral loading, but need be applied only
to that part of the moment in the beam-column that
is caused by gravity loading. (Designers may use the
conservative approximation of applying Bj to the full
moment to avoid the obvious bookkeeping difficulties
involved in this calculation.)

8. Perform strength checks in accordance with the AISC
Specification, using an effective length factor, K, of
unity for members subject to compression (unless a
lower value is justified by rational analysis).

% This is an approximation. If the B, calculations for all stories are based
on story shears and drifts due to lateral load applied at the roof alone, the
resulting B, values should be reasonably accurate or conservative (high)
for all modes.

§ It should also be possible (as an alternative to the By multiplier procedure
used herein) to adapt the modified geometric stiffness approach for use
with design by Modal Response Spectrum Analysis.
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9. As in the Equivalent Lateral Force procedure, confor-
mance to ASCE 7 seismic drift limits may be checked
using either the same analysis used for strength checks
(convenient, but potentially very conservative) or an
analysis using the full unreduced stiffness of the struc-
ture, with second-order effects (B| and B> multipliers)
determined at the lower loads specified by ASCE 7 for
calculation of the stability coefficient, ©.

SUMMARY AND CONCLUSIONS

Provisions related to seismic design and stability in ASCE/
SEI 7, Minimum Design Loads for Buildings and Other
Structures (ASCE, 2005), and features of the Direct Analy-
sis Method of design for stability in ANSI/AISC 360, Speci-
fication for Structural Steel Buildings (AISC, 2005a; AISC,
2010), have been explored and compared. While there are
inconsistencies between the two sets of provisions, they are
not fundamentally incompatible. Recommendations are of-
fered for the design of steel buildings for seismic effects and
stability in general conformance with both the AISC Speci-
fication and the ASCE 7 standard.
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SPECIAL FOCUS:
NON-BUILDING
STRUCTURES

Seismic Design and Response of Crane-Supporting
and Heavy Industrial Steel Structures

JULIEN RICHARD, SANDA KOBOEVIC and ROBERT TREMBLAY

ABSTRACT

This paper presents an analytical study of the seismic behavior of two different types of industrial buildings; a regular mill-type crane-supporting
steel structure and an irregular heavy industrial building housing a vertical mechanical process. For both structures, the seismic response is
examined through elastic time-history dynamic analyses in order to validate the predictions from the equivalent static force procedure and
the response spectrum analysis method prescribed in current building codes. The analyses also serve to assess the inelastic demand in
crane-supporting structure. For the crane-supporting structure, analyses are performed for sites in Montreal and Vancouver in Canada and
in Seattle in the United States. The results show that the median horizontal displacement and acceleration from the time-history analyses are
generally well predicted by the code analysis methods. Inelastic response in these buildings is likely to develop in the form of buckling of the
lower column segment, a failure mode that exhibits limited ductility. For the tall irregular building, the analyses are performed for the Montreal
site only. The results show the equivalent static method provides fair displacements estimate, but may lead to unconservative predictions of
column and brace forces. Response spectrum analysis method, as prescribed in design codes, appears to provide appropriate prediction of
the seismic response of such highly irregular structures. For both building types, a good prediction from response spectrum and time-history

analysis methods is possible only when a sufficient number of modes are used.

Keywords: seismic design, crane structures, industrial buildings.

ndustrial buildings house a wide variety of manufacturing,

assembly, refining, mining or material handling processes,
covering a broad range of products. They can also be part
of critical facilities such as power plants and communica-
tion systems. Adequate seismic behavior is critical for these
structures in order to shorten downtime periods that can
cause substantial loss of revenues, unemployment or short-
age of goods, electrical power and communication services.
Industrial buildings may also serve for the production or
storage of hazardous materials, and the unsatisfactory seis-
mic structural response causing the leakage or malfunction
can pose a major risk.

Steel-framed industrial buildings generally exhibited good
overall structural performance in recent earthquakes. How-
ever, the reported structural damage to individual compo-
nents or connections has resulted in disruption of operations
in most of the industrial structures examined. Typical dam-
age observed after the 1999 Kocaeli earthquake in Turkey

Julien Richard, Structural Engineer, Hatch Engineering, Montreal, Quebec,
Canada (corresponding author). E-mail: jrichard@hatch.ca

Sanda Koboevi¢, Ph.D., Assistant Professor, Department of Civil, Geological
and Mining Engineering, Ecole Polytechnique, Montreal, QC, Canada. E-mail:
sanda.koboevic@polymtl.ca

Robert Tremblay, Ph.D., Professor and Canada Research Chair in Earthquake
Engineering, Department of Civil, Geological and Mining Engineering, Ecole
Polytechnique, Montreal, QC, Canada. E-mail: robert.tremblay@polymtl.ca

included bolt shearing at column to roof truss connections in
automotive plants, buckled and fractured braces, stretching
and fracture of anchor bolts in moment-resisting frames, and
shearing of anchor bolts (Bendimerad et al., 1999; Rahnama
and Morrow, 2000; Sezen et al., 2000; Johnson et al., 2000).
The 1994 Northridge earthquake caused yielding and failure
of anchor bolts in an asphalt rock plant and brace buckling
in a brewing facility (Tremblay et al., 1995). Failure of welds
at brace connections was observed after the 1988 Spitak, Ar-
menia, earthquake (Yanev, 1989). One steel-framed ware-
house collapsed in the 1991 Costa Rica earthquake, but the
cause was attributed to the overturning of the heavy build-
ing content against the steel columns (Swan and Hamburger,
1992). In the 1985 Chile earthquake (Thiel, 1986) and the
1989 Loma Prieta earthquake (Swan et al., 1990), buckling
of braces and brace connection failures (sheared bolts, gus-
set plate buckling, and weld failures) occurred in various
steel frames supporting equipments such as elevated tanks,
cooling units and reactors.

Current code seismic design provisions in Canada and the
United States have been essentially developed for conven-
tional office or residential buildings that usually have regu-
lar and well-defined seismic force-resisting systems. The
application of these provisions to industrial buildings that
are typically characterized by complex and irregular geom-
etries, uneven mass and/or stiffness distribution, and a large
variety of dynamic properties is not straightforward for
practicing engineers (Rolfes and MacCrimmon, 2007; Daa-
li, 2004). In particular, there exist uncertainties regarding
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the amplitude and distribution of the seismic force and de-
formation demand on industrial structures. Furthermore, the
highly ductile seismic force-resisting systems that have been
introduced in codes in the last decades are not well suited
for industrial applications. In order to achieve good inelas-
tic performance and high energy dissipation capacity, these
highly ductile systems rely on a carefully tailored lateral
load path with balanced strength hierarchy, a condition that
can hardly be maintained when mass or structural modifica-
tions are imposed over the years due to evolving production
processes (e.g., addition of equipment or removal of braces
or columns). Thus, for the sake of simplicity and flexibility,
engineers typically prefer selecting conventional steel de-
sign and construction techniques, trading the simpler design
and detailing for higher design seismic loads.

Both the National Building Code of Canada (NBCC)
(NRCC, 2005) and the ASCE 7-05 code (ASCE, 2005) in
the United States propose steel seismic force-resisting sys-
tems for which only limited or no special seismic detailing
or capacity design verifications are required. Recognizing
the inherent ductility of steel, it is permitted to design those
simpler systems for seismic loads that are lower than the ex-
pected seismic elastic force level, i.e., using seismic force
modification factors greater than 1.0: R;= 1.5 in Canada, for
the conventional construction category, and R between 3.0
and 3.5 in the United States, depending on the system used.
Although these factors are much lower than those specified
for the highly ductile systems (up to Ry = 5.0 in Canada and
R = 8.0 in the United States), the solution may still be attrac-
tive in view of the lesser complexity in design and detailing
and the greater flexibility for future modifications.

In moderate and high-seismicity zones, however, se-
vere restrictions apply to buildings framed with these low-
ductility systems. In Canada, the height of buildings de-
signed with Ry = 1.5 is limited to 15 m (50 ft), recognizing
the greater likelihood of localized high-ductility demand in
taller structures subjected to seismic ground motions. In the
United States, systems not specifically detailed for seismic
resistance (R = 3.0) are not permitted in moderate and high
seismic active zones, and only single-story structures with
light roof dead loads are permitted up to 18.3 m (60 ft) if
built with an ordinary braced steel frame (R = 3.25) or up
to 20 m (65 ft) if ordinary moment-resisting frames (R = 3.5)
are used. Typical industrial buildings often exceed these
height limits, forcing the selection of highly ductile systems.

Exemptions or alternative design routes may apply to
specific projects. For instance, the Commentary on NBCC
(NRCC, 2005) specifies that the 15-m height restriction
for Ry = 1.5 systems is intended to maintain the traditional
three-story height limit imposed in previous NBCC editions
and need not apply to single-story steel industrial structures
such as steel mills, thus allowing low-ductility solutions to
be adopted for these structures, regardless of their height.
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According to ASCE 7-05, relaxation of height limits is
possible for ordinary braced frames and moment-resisting
frames if the structure is designed as a nonbuilding struc-
ture, in accordance with requirements provided in Chapter
15. Unfortunately, it is not always clear in ASCE 7-05 under
which circumstances an industrial building can be classified
as a nonbuilding structure. Yet, this avenue may represent
the only available option for tall industrial structures to be
erected in moderate and high seismic zones.

Although the preceding limitations and exemptions gen-
erally make sense, there is very limited data on the seismic
demand on industrial building steel structures under strong
ground motions. Current system restrictions in codes have
been essentially established from studies of the seismic per-
formance of conventional office or residential buildings. It
is, therefore, of the upmost importance to (1) gain a better
knowledge of the seismic response of industrial buildings,
(2) critically review existing design procedures, and (3) in-
troduce seismic design provisions so that the intended per-
formance can be achieved for these structures. The first step
is necessary to support future actions, and the need for such
data is becoming more pressing because changes are cur-
rently taking place in codes that will likely motivate the use
of low-ductility systems for industrial buildings. In the up-
coming 2010 edition of NBCC (Humar et al., 2010; Trem-
blay et al., 2010), it is proposed to increase the 15-m height
limit for low-ductility steel frames, provided that minimum
additional seismic requirements are implemented. In ASCE
7-10 (ASCE, 2010), precisions have been made in the defi-
nition of nonbuilding structures that allow for buildings
housing equipment—with occupants involved only in the
maintenance or monitoring of that equipment—to be con-
sidered as nonbuilding structures.

This paper describes the initial phase of an ongoing study
investigating the seismic response of industrial buildings.
The objective was to determine (1) if the analysis methods
proposed in codes can adequately predict the actual force
and deformation demand under seismic loads and (2) the lo-
cation, extent and nature of the inelastic demand anticipated
under strong ground motions from earthquakes. The study
was carried out on selected industrial buildings designed ac-
cording to the current building code provisions. Two build-
ing types were considered: (1) a regular crane-supporting
steel structure typical of buildings found in the mill industry
and (2) an irregular heavy industrial building housing a ver-
tical mechanical process representative of mining and metal
refining industry. In both cases, low-ductility seismic force
resistant systems were assumed, even if that category was
not permitted in current building codes, the intent being to
obtain data that could be used to evaluate the relevance of
current code restrictions. For the mill-type building, three
different cities in North America (Montreal, Quebec; Van-
couver, British Columbia; and Seattle, Washington) were



considered to examine the influence of seismic hazard and
ground motion characteristics on the structural response.
For the Vancouver site, two different soil conditions were
investigated. For the irregular heavy industrial building,
the study was carried out for the Montreal site only. In all
cases, elastic dynamic time-history analyses were conducted
for selected acceleration records compatible with the design
spectra at the site, and the results are were compared to
those obtained from the static equivalent force procedure
and the response spectrum analysis method prescribed in
codes. For the irregular heavy industrial building, for which
three-dimensional analysis was employed, attention is also
given to the appropriate number of modes to use in response
spectrum analysis and to the possible impact of the direction
of seismic loading on member force demand.

DESIGN AND SEISMIC RESPONSE OF
CRANE-SUPPORTING BUILDINGS

Building Geometry

A three-dimensional view of the crane-supporting structure
studied is shown in Figure 1. The structure has a clear span
of 25 m (82.0 ft) and consists of transverse moment-resisting
frames that are regularly spaced 10 m (32.8 ft) on center to
form a single crane aisle. Each frame includes a roof truss
and simple columns that extend from fixed-base laced col-
umns supporting both the roof and the crane runway girders

(Figure 2). The truss-to-column connections are moment-
resistant. The structure supports two 40-t (44-T) capacity
overhead cranes. Horizontal loads acting along the longitu-
dinal direction are resisted by horizontal X-bracing located
at the roof level and by vertical X-bracing below and above
the crane girders along the exterior walls. Typical steel sid-
ing supported on girts and purlins is used for the walls and
the roof.

In this study, the seismic response of the transverse
moment-resisting frames is examined, with particular at-
tention directed to the crane-supporting columns. In view
of the exploratory nature of the study, it was assumed for
simplicity that lateral loads were resisted individually by
each of the frames, thus omitting the possibility that part of
the inertia loads induced by the crane weight be distributed
to adjacent frames through the horizontal roof bracing. A
two-dimensional numerical model of one transverse frame
was therefore adopted for the design and analysis. For con-
sistency with this assumption, a redundancy factor of 1.3
should have been considered in the seismic load calculation
for the Seattle site, according to ASCE 7. This increase in
seismic design loads was, however, ignored in this study to
assess the actual seismic demand-to-capacity ratio without
the bias introduced by the additional resistance required
in ASCE 7 to compensate for the lack of redundancy. It
was also assumed that the frame was located in the middle
part of the aisle and was not a part of the longitudinal
bracing system.

Fig. 1. Three-dimensional view of the crane-supporting building.
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Table 1. Properties of the Crane-Supporting Structures (per frame)
Parameter/Site MTL-C VAN-C VAN-E SEA-E
Tozg'(;‘r’ol_‘;,gkrﬁ"('ltg;;ad 574 (129) | 375(84) | 375(84) | 281 (63)
fotal horfﬁrztk?:);‘)"”d 0ad, | 511 47) | 256(58) | 256(58) | 187 (42)
T4, s 1.34 1.25 1.20 1.21
To, s 0.21 0.23 0.26 0.21
T3, s 0.10 0.10 0.10 0.10
M4 /M, % 89.0 87.5 87.3 87.5
Mo /M, % 2.6 2.9 3.0 3.1
M3z /M, % 4.5 54 5.5 5.2
W, kN (kips) 1230 (277) | 1180 (265) | 1190 (268) | 1060 (238)
V, kN (kips) 71 (16) 176 (40) 333 (75) 146 (33)
VIW, % 5.8 14.9 28.0 13.8
V4, kN (kips) 62 (14) 155 (35) 290 (65) 128 (29)
ViV 0.87 0.88 0.87 0.88
Steel tonnage, t 11.8 11.5 11.9 10.5
§/\
e}
§
S|a
=z
2 x 40t cranes
\4

Fig. 2. Two-dimensional view of the frame studied (dimensions in mm).
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Building Design

The structure was designed for four different sites: class C
site in Montreal (MTL-C), class C and E sites in Vancouver
(VAN-C and VAN-E), and class D site in Seattle (SEA-D).
The designs were performed according to the applicable
building codes at the sites: the 2005 National Building Code
of Canada (NBCC) (NRCC, 2005) and the CAN/CSA-S16
(CSA, 2001) steel design standard for the Canadian loca-
tions and the ASCE 7-05 (ASCE, 2005) and the AISC Spec-
ification (AISC, 2005) for Seattle. All relevant loads and
load combinations specified in codes were considered in the
design. Roof snow loads of 1.96 kPa (40.9 psf) and 1.28 kPa
(26.7 psft) were used for Montreal and Vancouver, respec-
tively. In Seattle, the minimum roof live load of 0.96 kPa
(20.0 psf) governed. The design guide for crane-supporting
structures by MacCrimmon (2004) was consulted for the
load combinations including crane induced loads as well as
for the design of the runway girders. Deflection criteria were
established according to AISE (2003) and Fisher (2004).
Lateral deflections at the crane level under nonseismic
loads were limited to the lesser of 50 mm (2.0 in) and #/240
(= 16,800 mm/240 = 70 mm = 2.8 in). Under seismic loads,
the limit on total lateral deflections, including inelastic ef-
fects, at the crane and roof levels was taken as 2.5% of the re-
spective heights, as recommended in buildings codes. Drift
limits did not govern the design of any of the structures.
The design loads are summarized in Table 1. As required
by NBCC, 1.0D + 0.25S (D = dead load, S = roof snow load)
was included both in the calculation of seismic weight of the
structure, W, and in the load combinations involving seismic
loads. Vertical ground motion effects were not considered,
as prescribed by NBCC. For the Seattle site, the seismic

1.25 A

1.00

0.75

S(g

0.50

0.25

— CODE

weight included dead load only, while 1.4D plus 50% of the
roof live load was considered in the seismic load combina-
tions. The factor 1.4 includes the ASCE 7 load factor of 1.2
and vertical acceleration effects (0.2). At all sites, the dead
load of the two cranes, without lifted loads, was included in
the seismic weight (or mass) as well as in the seismic load
combinations. In this calculation, the two cranes were po-
sitioned longitudinally in the building to produce the most
critical condition for the frame studied. Lateral loads from
cranes were equally distributed to each side assuming dou-
ble flanged wheels.

The elastic spectrum used for the seismic design at each
site is shown in Figure 3. The fundamental periods ob-
tained from modal analysis, T, are given in Table 1. For
all cases, the T value is close to or shorter than the upper
limits on periods prescribed in codes for steel moment-
resisting frames (in NBCC: T< 1.5 T, = 1.5 x 0.085h07 =
1.31 s, with & expressed in meters; in ASCE 7. T< C, T, =
1.4 % 0.02849-8 = 1.22 s with h expressed in feet; where /i =
22.4 m = 73.5 ft) and thus 77 was used to determine the
elastic spectral ordinates. The structures in Canada were as-
sumed to be of the conventional construction (type CC) cat-
egory. The total design lateral earthquake load or base shear,
V, was obtained by dividing the elastic base shear, V,, by
R4R,, where Rz and R, are the ductility- and overstrength-
related force modification factors, respectively, with Rg= 1.5
and R, = 1.3 (RgR, = 1.95). The base shear, V,, is equal to
S(Ty)M, IW, where S(T) is the design spectral acceleration
at the period 7, based on 2% probability of exceedance in
50 years, M, is the higher mode adjustment factor, 7 is the
importance factor, and W is the seismic weight. The design
base shear V need not exceed two-thirds of the value of V

—— MTL-C

TH-MEDIAN —4— VAN-C
—e— VAN-E

—=— SEA-D (DBE)

0.00 .
0.0 0.5

Fig. 3. Code design response spectra and median 5% damped acceleration spectra for the ground motion ensembles.
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determined with 7'= 0.2 s. For Seattle, the design base shear
V = CsW, where Cs = Sp1/T(R/I) < Sps/(R/I) for the period
range of the building studied. In the expression for Cs, Sps
and Sp; are the design spectral accelerations at short (0.2 s)
and 1.0 s periods, respectively, and R is the force modifi-
cation factor. The structure was designed as a building
structure with R = 3.0 applicable to structures not explicitly
detailed for seismic resistance. An importance factor / = 1.0
was adopted for all structures. The resulting values of V are
presented in Table 1. Note that the building height exceeds
the current 15-m (50-ft) limit prescribed for type CC systems
in Canada, and an R = 3.0 system is not permitted for Se-
attle according to ASCE 7. As previously discussed, these
code system restrictions were purposely ignored to examine
their relevance.

Member forces and deflections for seismic design were
determined using the modal response spectrum analysis
method, and the modal contributions were combined using
the complete quadratic combination (CQC) method, assum-
ing 5% of critical damping in each mode. Member forces and
deflections were also determined with the equivalent static
force method for comparison purposes. In both methods, the
total seismic weight (or mass) was distributed to every node
of the structural model according to their tributary seismic
weight (or mass). In the equivalent static method, the seis-
mic lateral load V was distributed among the nodes based on
the node heights and seismic weights in accordance with the
applicable code vertical distribution procedure. For the re-
sponse spectrum analysis, the results were divided by R4R,
or R, as applicable, and the resulting base shear force V; was
determined. The ratios V,/V are presented in Table 1; the
values are very consistent (0.87-0.88) and are all less than
1.0. Building codes require that the results from response
spectrum analysis be scaled to avoid seismic forces much
lower than the forces associated to the design earthquake
force V. For the structures in Montreal and Vancouver, the
response analysis results were scaled by the ratio V/V;, as re-
quired in NBCC for irregular structures. For Seattle, V; ex-
ceeds 0.85 V, and no calibration was required as per ASCE
7. Deflections from both analysis methods were multiplied
by RyR4 = 1.95, for the Canadian sites, and by the deflection

Mode 1 Mode 2

amplification factor Cy = 3.0, for Seattle, to obtain deflec-
tion estimates including inelastic response effects.

Such a difference between V and V; for a single-story
building may seem counter-intuitive at first. It can be attrib-
uted to the fact that only two modes were considered in the
modal combination to include up to 90% of the total struc-
ture mass, as prescribed in building codes. Table 1 gives the
periods 7; and fraction of participating masses (M;/M in %)
for the first three lateral modes of vibration. The correspond-
ing mode shapes are illustrated in Figure 4 for the MTL-C
building. Higher modes with complex deformed shapes and
substantial participating mass levels still exist in the struc-
tures, essentially because significant seismic weight is pres-
ent at both the roof and crane levels (essentially the dead
load of the cranes for the latter). Including a larger number
of modes in the response spectrum analysis improves the
prediction of the total seismic force. For instance, the base
shear increases from 0.87 to 0.92 V for the MTL-C build-
ing when the contribution of the third mode of vibration is
added, resulting in 96% total mass participation. Including
additional modes has no further impact on the results, and
the remaining difference between the static and response
spectrum base shears arises from the inherent simplifying
assumptions behind the equivalent static method. This effect
is less pronounced when the cranes are not present in the
frame bay studied, but this situation is less critical because
the total seismic weight is reduced and the seismic loads are
lower (by 30% and 15% on average, respectively, for the four
buildings). Note that the response spectrum analysis results
obtained for the case with the cranes present and consider-
ing only the first two modes of vibration, as prescribed in
codes, are used herein for the discussion.

The columns are critical components of the seismic
force-resisting system for these structures. For out-of-plane
buckling, effective lengths were taken equal to the vertical
distance between braced points, i.e., at third points between
the base and the crane girder level for the laced column seg-
ment (at location of horizontal struts) and between the crane
girder level and the truss bottom chord for the upper column
segment. For in-plane buckling, the approach proposed by
Schmidt (2001) was adopted. For each load combination,

Mode 3

Fig. 4. First three lateral vibration modes for the MTL-C building (cranes not shown, but crane seismic weight included in analysis).
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second-order analysis was performed, and horizontal no-
tional loads equal to 0.5% of the gravity loads and acting in
the same direction as the lateral loads were applied at the lo-
cation where gravity loads were applied. For the seismic load
combinations, second-order effects of gravity loads acting
on the laterally displaced structure were determined by mul-
tiplying the first-order analysis results by the amplification
factors given in CSA-S16 standard and ASCE 7 provisions.
The notional loads account for the effects of initial out-of-
plumbness and inelasticity and an effective length equal to
the total column height (22.4 m = 73.5 ft) was adopted for
both the upper and lower column segments. A K factor of 1.0
was used for bracing members, for both in-plane and out-of-
plane buckling, as commonly done in design practice.

The upper column was oriented such that strong axis
bending is in the plane of the frame. For that column seg-
ment, out-of-plane buckling about weak axis was critical in
design. For the laced column segment, the interior and ex-
terior columns were oriented such that in-plane buckling of
the individual members occurs about the weak axis and the
lacing members were assumed to be welded to the columns.
The strength of the individual column members was deter-
mined using an equivalent slenderness accounting for the in-
teraction between global and individual buckling modes, as
specified in steel design standards. In-plane buckling of the
individual column members at the column base governed
the design of the interior and exterior columns.

After completion of the design, elastic buckling analysis
was carried out for the VAN-C building to verify the effec-
tive slenderness ratios assumed in design for in-plane buck-
ling of individual members. The verification was performed
for different buckling modes and load combinations, and the
cases where buckling mainly develops in the critical column
members were identified. For these cases, the effective slen-
derness ratio of the member, KL/r, were obtained from the
elastic buckling load equation: (KL/r)2 = anA/Pcr, where
E=200,000 MPa (29,000 ksi), A is the cross-sectional area of
the member and Py, is the axial load carried by the member
at buckling. In general, the slenderness ratios from analysis
were smaller than the design values for the upper column
segment and close to the design values for the individual
column members at the base of the laced column segment.
Figure 5a shows the frame global lateral buckling mode un-
der dead, crane and wind loads. For this particular case, the
KL/r value for the upper column is 73 from buckling analy-
sis, compared to 105 assumed in design. Interaction between
global and local buckling of the individual exterior column
member at the base under the combination of dead, wind and
snow loads is illustrated in Figure 5b. In this case, KL/r from
analysis is 59 versus 63 in design. The slenderness ratios as-
sumed in design were used later to evaluate the capacity of
the members.

The required steel tonnage per frame is given in Table 1.
Due to the relative importance of the crane loads, the final

designs at the different sites were quite similar in spite of the
differences between wind and seismic loads. In fact, for the
Canadian sites, the seismic loads only governed the design
of the upper column segment as well as the exterior column
and lacing members of the laced column segment of the
VAN-E frame. For Seattle, seismic load combinations were
also critical for the upper column segment and the exterior
column of the laced column segment, even if a higher force
modification factor was used. This is partly due to the con-
sideration of vertical seismic acceleration effects in design.
In all other cases, crane or wind loads were critical except
for the upper column segment of the frame in Montreal that
was governed by roof snow load.

Validation of the Seismic Analysis
Methods Used in Design

Elastic dynamic time-history analyses were carried out un-
der sets of ground motions compatible with the design spec-
tra to evaluate how successful the design procedures were
in predicting the seismic-induced frame deformations and
the distribution of seismic member forces. For each site, his-
torical and simulated ground-motion time histories were se-
lected based on magnitude—hypocentral distance scenarios
that dominate the seismic hazard. A total of 14 records were
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Fig. 5. In-plane buckling modes of the frame:
(a) global lateral buckling; (b) interaction between
global lateral and individual exterior column buckling.
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chosen for MTL-C, 24 for VAN-C, 12 for VAN-E and 20
for SEA-D. The records were scaled to represent the level of
seismic loads considered in design. For Canadian locations,
the calibration was done by matching the spectral intensities
of the record and design spectrum at studied locations over
the range of periods determined on basis of the best visual
fit between the two spectra. For Seattle, the records avail-
able from the SAC database for that location were already
calibrated for the appropriate site class and level of seismic
hazard, and no additional scaling was needed. Detail of the
ground motion selection and scaling can be found in Rich-
ard (2009). In Figure 3, the resulting median acceleration
response spectra obtained for the four sites are compared
to the corresponding design spectra. Time-history dynamic
analysis was performed assuming 5% Rayleigh damping in
the first two modes and the same seismic nodal masses as
those used in design to ensure a consistent comparison.

The time-history analysis results are compared to the
predictions from both the equivalent static force and re-
sponse spectrum analysis methods. The response param-
eters examined are the peak lateral displacements and peak
horizontal accelerations at the crane and roof levels, as well
as the stress ratios for the upper column segment and for
the individual exterior column member at the base of the
laced column. These two column members were identified
in design as the most critical under seismic load combina-
tions, which was subsequently confirmed in the time-history
analysis. For the column stress ratios, the force demand
from time-history analysis was divided by R4R,, or R, as ap-
plicable, and then combined with gravity load effects. The
calculations were done using factored member resistances
calculated with ¢ = 0.9 and the nominal steel yield strength.
The most critical results obtained from code interaction
equations for the different possible failure modes (cross-
section strength, in-plane flexural buckling and lateral-
torsional buckling) were retained and compared to the cor-
responding stress ratios calculated for the seismic demand
obtained from static and response analysis methods. For all
response parameters, the peak values were first determined
for each individual record, and the 50th and 84th percentile
values were calculated for each ground-motion ensemble.
Design procedures were evaluated on the basis of the medi-
an results, while the 84th percentile results are commented
on to illustrate dispersion.

The total anticipated drift at the crane and roof levels,
A and A,, respectively, normalized by the height mea-
sured from the column base to each of the two locations,
are shown in Figure 6. In all cases, displacement estimates
obtained from the static and response spectrum analysis
methods are similar, although the static values are gener-
ally slightly higher. The median values from time-history
analysis are the smallest but still compare well with those
obtained from static and response spectrum analyses. This
similarity suggests that the first vibration mode dominated
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the displacement response. For the Vancouver frames, the
84th percentile values from time-history analysis exceed
static analysis predictions, with the difference being more
pronounced for Vancouver frame on soft soil (approximate-
ly 50%). The median displacements are all well below the
limits adopted for seismic design. Note that ASCE 7-05
does not impose drift limits for single-story structures with
flexible cladding, such as the structures examined in this
study. However, with the exception of the Montreal site,
the computed drifts do exceed the S0 mm (2.0 in) (0.30%
h) limit that was considered in design for nonseismic load
combinations to guard against the possible damage to the
lifting equipment. In view of the importance of operational
requirements for industrial buildings, it would be appropri-
ate to include the limits on drifts computed at the crane level
under seismic loads to prevent damage to the lifting equip-
ment due to earthquakes.

In Figure 7, the results obtained for peak accelerations
from response spectrum and time-history analysis are
compared. With the exception of the VAN-E site, the me-
dian peak acceleration values from time-history analysis are
equal or slightly smaller than those obtained from response
spectrum analysis. For all cases, the difference between
the 84th percentile and median values is less than 40%.
For the Montreal frame, the computed accelerations at the
crane level are larger than at the roof level, suggesting that
higher modes were relatively more excited due to the high-
frequency components of the ground motions in eastern
North America.

For all sites studied, the column stress ratios predicted
by static and response spectrum methods compare very well
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Fig. 6. Peak horizontal displacements from equivalent
static (STAT), response spectrum (SPEC) and time-history
(TH-med and TH-84th) analysis methods.



with the median values obtained from time-history analysis
(Figure 8). The only noticeable difference is observed for
the exterior base column in the Seattle frame (about 15%
overprediction). The variability of earthquake records has
a more pronounced effect on the response of the Vancouver
frames, as can be seen from the 84th percentile results. The
high stress ratio values in Figure 8 under the seismic effects
reduced by force modification factors RyR, =195 or R=3.0
suggest that the demand from design-level earthquakes will,
in fact, exceed the column capacities. This in itself is not a
major concern as long as the level of ductility implicitly as-
sumed in design can be effectively provided. This aspect is
examined further next.

Assessment of Inelastic Demand

No explicit ductility capacity or strength hierarchy checks
were performed in design because the structural systems se-
lected are of the low-ductility category. For these systems, it
is expected that the lower seismic force modification factors
considered in design would translate into limited and uni-
formly distributed inelastic demand. It was thus of interest
to examine the amplitude and distribution of the expected
inelastic response and evaluate the potential for nonduc-
tile member failure modes that can detrimentally affect the
structural integrity. For this purpose, the peak seismic force
demands on the columns from the elastic dynamic time-
history analyses described earlier were combined with the
member forces from gravity loads. The stress ratios were
computed at the expected strength level, i.e., with member
resistances determined with a resistance factor of 1.0 and
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Fig. 7. Peak horizontal accelerations from equivalent static
(STAT), response spectrum (SPEC) and time-history
(TH-med and TH-84th) analysis methods.

expected steel yield strength, RyF), equal to 1.1 times the
nominal value. Note that the forces from time-history analy-
sis are not divided by the force modification factors, as was
done previously, such that the seismic force demand corre-
sponds to the design earthquake level.

The computed median and 84th percentile stress ratio val-
ues are illustrated in Figures 9, 10 and 11 for the two Van-
couver sites and Seattle, respectively. The stress ratios for
the Montreal building were less than 1.0 (the columns would
remain elastic), and the results for this structure are not dis-
cussed further. The values presented are the maximum val-
ues obtained for the different limit states and for both sides
of the buildings. For the Vancouver frame on firm ground
(VAN-C, Figure 9), the columns are expected to remain
elastic at the median demand level, but the capacity of three
members is exceeded under the 84th percentile force de-
mand. The base of the exterior column was identified as the
most critical location (26% overload). The situation is more
critical for the VAN-E case: the base of the exterior column
(29% overload), the upper column segment (31% overload)
and diagonal members in the upper part of the laced col-
umn are expected to sustain inelastic demand under the 50th
percentile seismic demand. These results are not surprising
because the seismic load combinations governed the design
of the same members for that structure and system ductility
was accounted for in design. For this site, nearly all column
members are overstressed under the 84th percentile force
level, and the maximum demand-to-strength ratio (252%) is
observed at the base of the exterior column. In Figure 11, the
results for the Seattle site are similar to the ones obtained
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Fig. 8. Peak column stress ratios from static (STAT),

response spectrum (SPEC) and time-history
(TH-med and TH-84th) analysis methods.
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for the VAN-C site at the base of the laced column. How-
ever, the demand on the upper column segment is reduced.
It is noted that that the time-history analysis for Seattle was
performed under the design-level ground motions. Higher
demand would be expected under the maximum credible
earthquake (MCE) level typically used for assessing seismic
performance (1.5 times higher).

The ductility capacity associated with column failure de-
pends on whether bending moments or axial loads dominate
the seismic force demand. Figure 12a illustrates the axial
load-bending moment demand at the base of the exterior col-
umn for the VAN-C case under a ground motion recorded
during the 1989 Loma Prieta earthquake. The interaction
equations for cross-section strength and in-plane buckling
are illustrated in the figures. Both interactions are based on
expected member strength with ¢ = 1.0 and RyFy = L.1F).
As shown, the seismic demand is highly dominated by axial
load due to the cantilevered truss action that develops un-
der lateral loads, and column instability failure is predicted,
regardless of whether single or double curvature (k = —1 or
+1) is assumed in the interaction equations. The same re-
sponse was observed in all other cases studied, suggesting
that column buckling, a failure mode that exhibits limited
ductility, is likely to occur at the base of the laced columns
in these structures. Conversely, the building seismic re-
sponse induces highly variable in-plane bending moments
in the upper column segment while the axial load remains
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Fig. 9. Stress ratios for the VAN-C frame using expected member
resistance: (a) median values; (b) 84th percentile values.
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nearly constant (Figure 12b). Verification of the interaction
equations at every time step indicates that failure will likely
develop on the form of lateral-torsional buckling, rather than
by in-plane flexural yielding, suggesting limited ductility
capacity. Ductile in-plane flexural hinging response of the
upper column segment could be achieved by adding lateral
bracing.

SEISMIC DESIGN AND RESPONSE
OF THE IRREGULAR BUILDING

Building Studied and the Analysis Model

A three-dimensional view of the heavy industrial building
selected for this study is shown in Figure 13a. It is an ex-
isting structure located near Montreal, Canada, that houses
a vertical mechanical titanium refinement process. The ge-
ometry, mass and stiffness distribution are highly irregular.
The layout of the columns at the base of the building is il-
lustrated in Figure 13b. The main portion of the building has
37-m by 59-m (121-ft by 194-ft) plan dimensions and is 43 m
(141 ft) high. An 8-m (26-ft) tall penthouse is located in the
southwest part of the structure. The building also includes
two extensions, one in the northwest corner (5 m by 6 m
[16 ft by 20 ft]; 18 m [59 ft] high) and one in the southeast
corner (24 m by 8 m [79 ft by 26 ft]; 6 m [20 ft] high). Fig-
ure 13a shows a recent addition to the south of column line
11. That addition is not illustrated in subsequent figures and
was not considered in the study. Several platforms support-
ing different equipments are concentrated in the south and
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Fig. 10. Stress ratios for the VAN-E frame using expected
member resistance: (a) median values; (b) 84th percentile values.



north portions of the building, leaving a large open space in
the center that extends almost throughout the whole build-
ing height. The building also houses two large-capacity si-
los (750 t and 1200 t [830 T and 1300 T]) between lines 1
and 4, as well as other smaller pieces of equipment located
throughout the structure. Lateral loads are primarily resisted
by concentrically braced steel frames located at the perim-
eter of the building. Additional braced frames are provided
in the vicinity of the heavy equipment and large openings.
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The existing design served as a start-off point to build
the three-dimensional numerical model shown in Figure
14. Some simplifications were made to obtain results that
could be indicative of the behavior of similar buildings of
this type and not only of the particular building studied. The
model was created using the program STAAD.Pro (Bent-
ley, 2008) and includes columns, beams, horizontal bracing
and vertical braced frames. The members providing support
for the main equipments were also included. Although all
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Fig. 11. Stress ratios for the SEA-D frame using expected member resistance: (a) median values; (b) 84th percentile values.
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Fig. 12. Axial load-bending moment seismic demand under the Loma Prieta ground motion record versus
expected member resistance of the exterior column of the VAN-C building: (a) at the base of the lower column
segment; (b) at the base of the upper column segment (axial compression is positive in the graph).
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the platforms were included in the model, rigid diaphragm
properties were considered only for the floors with a con-
crete slab. The floor arrangement is illustrated in Figure 14a;
the four perimeter braced frames that will be examined later
are illustrated in Figure 14b.

The total seismic weight of the structure (W= 74,200 kN =
16,700 kips) was determined in accordance with NBCC
2005 and includes the weight of the structural members,
25% of the roof snow load and the weight of the main pieces
of equipment in the fully loaded condition. As in the crane-
supporting structure, the seismic weight was distributed at
every node of the structure model. In view of their impor-
tance and nonuniform distribution, the masses of the major
equipments were assigned to additional nodes positioned at
the center of gravity of the equipment and linked to the rest
of the structure with very stiff members. By doing so, lo-
cal overturning moments due to the horizontal inertia forces
acting above the base of the equipments could be incorpo-
rated in the analyses. The masses of the remaining equip-
ment were assigned to the supporting columns at each floor
in proportion to their tributary areas.

Validation of Seismic Analysis Methods Used in Design

Seismic load effects were first determined using the equiva-
lent static and response spectrum analysis methods. Selected
response parameters were then compared to values obtained
from elastic time-history analysis to validate the application
of current seismic design procedures to irregular industrial
buildings. According to NBCC 2005, dynamic analysis,
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either spectral or time history, is mandatory for such a
highly irregular building. Nevertheless, the equivalent static
method is also considered; it is much simpler to use at the
preliminarily design phase and is commonly employed by
practicing engineers for this purpose. The study was done
for the class C site in Montreal for consistency with the ex-
isting design. The elastic design spectrum shown in Figure 3
and the ensemble of 14 synthetic accelerograms previously
described for the crane-supporting building at the MTL-C
site were then applied again herein. In the static and re-
sponse spectrum analysis methods, the force modification
factors RyR, were set equal to 1.0 for direct comparison
with time-history analysis. For simplicity, accidental torsion
was ignored in the calculations, and gravity loads were not
included in the model. Consequently, P-delta effects were
neglected in the analyses.

The fundamental periods were computed first using the
Rayleigh method: 1.29 and 1.28 s in the E-W and N-S di-
rections, respectively. Modal analysis was then performed
for verification and the results are presented in Table 2.
The analysis confirmed that the two principal modes of
the building were in the orthogonal directions, with peri-
ods equal to 1.38 and 1.32 s in the E-W and N-S directions,
respectively. Both directions had strong torsional compo-
nents. Period estimates from the NBCC empirical formula
for braced frames, T, = 0.025 h, with & in meters, are also in
good agreement with the Rayleigh and modal periods: 7, =
1.08 s when 7 =43 m (141 ft) is used and 7T, = 1.28 s with h =
51 m (167 ft) at the penthouse location. The NBCC allows
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Fig. 13. Irregular building studied: (a) three-dimensional view; (b) column layout at the base.
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periods up to 2.0 times 7, when justified by modal analysis.

Elastic values of the base shear forces from the equivalent
static method, V, were determined using the periods from
the Rayleigh method: 8900 kN (2000 kips) and 9000 kN
(2025 kips) along the E-W and N-S directions, respectively.
As shown in Table 2, the masses associated with these two
fundamental modes only correspond to 53 and 63% of the
total mass. In comparison, the mass associated with higher
modes is small (less than approximately 7% each). For the
response spectrum analysis, a total of 70 modes had to be
considered for the E-W direction and 95 modes for the N-S
direction in order to obtain the 90% mass participation re-
quired by codes (see Table 2). The resulting base shear forc-
es V; are equal to 5690 kN (1280 kips) and 6460 kN (1450
kips) in the E-W and N-S directions, respectively, i.e., cor-
responding to only 64 and 72% of the equivalent static meth-
od values, respectively. As was the case for the mill-type
building, the equivalent static method is found to provide
conservative estimates of the force demand. By including up
to 126 modes, the combined mass participation increases to
97 and 96% in each of the two directions (see Table 2) and
the two associated base shear forces increase to 71 and 79%
V, respectively. Similarly to the mill-type building, further
increasing the number of modes did not lead to any further
enhancement of the response spectrum analysis base shears,
and the remaining differences between V; and V could be
attributed to the inability of the static method to adequately
represent the dynamic response of complex structures. In
this context, the need to scale response spectrum analysis
results to values obtained by equivalent static method could
be questioned when the number of modes used in the spec-
tral analysis is sufficient to reach convergence; however, this
would necessitate further investigation. Herein, the results
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of the first response spectrum analysis based on 90% par-
ticipating mass were scaled by the V/V; ratio, as required in
NBCC 2005 provisions, and then used for the comparison
with other methods. The force demand from the equivalent
static method was obtained from two seismic load profiles in
order to assess the approach for inclusion of higher modes:
(1) the linear distribution with concentrated force at the top
of the structure prescribed in NBCC 2005 and (2) the para-
bolic distribution as defined in ASCE 7-05.
Three-dimensional dynamic time-history analysis was
carried out using the modal superposition routine available
in the program STAAD.Pro. Damping equal to 5% of the
critical value was assigned in all modes. Preliminary analy-
ses were performed to determine the appropriate number of
modes required to adequately predict the seismic base shear,
story displacements and maximum brace forces. The num-
ber of modes was gradually increased to achieve 90% (70
modes in E-W direction, 95 modes in N-S direction), 97%
(126 modes) and +100% (500 modes) participating mass.
Increasing the participating mass from 90 to 97% resulted
in peak base shear forces increasing by as much as 25%;
however, no further base shear increase was observed be-
yond 126 modes. Similarly, brace maximum forces changed
significantly until 126 modes were included, and the results
remained constant when additional modes were considered.
Story displacements were the least sensitive to the number of
modes selected; however, for specific building levels, it was
necessary to solicitate 97% of the mass to avoid changes in
the results. Based on these three observations, 126 modes
were selected for all time-history analyses. In view of the
number of selected accelerograms, median results from
time-history analysis can be considered as representative,
but 84th percentile values were also tracked to illustrate
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Fig. 14. Building floors and braced frames studied: (a) location of floors; (b) elevation of the braced frames studied.
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Table 2. Modal Properties of the Irregular Building Along the Building Orthogonal Directions
T E-W N-S
Mode i ; ;
s ’;’o' EMi/M ’;’o' EMi/M
1 1.46 0.0 0.0 0.2 0.2
2 1.38 53.2 53.2 2.1 2.1
3 1.32 1.5 54.7 63.4 65.7
4 1.1 0.2 54.8 0.2 65.9
5 1.07 71 62.0 0.0 65.9
6 1.05 4.2 66.2 0.2 66.1
7 1.02 0.0 66.2 0.0 66.1
8 0.98 3.8 70.0 0.7 66.9
9 0.96 0.7 70.7 5.1 72.0
70 0.38 0.1 90.0 0.1 86.2
95 0.33 0.5 92.9 0.4 90.3
126 0.26 0.3 97.1 0.1 96.1

dispersion. The analyses were conducted for two sets of or-
thogonal axes: the principal axes of the building and the set
of axes oriented at a 45° angle with respect to the princi-
pal axes. The latter set was selected to evaluate the impact
that the direction of the analysis may have on the response.
Three response parameters provided bases for comparison
between the different analysis methods, namely, the seismic
base shear, story displacements and the axial forces in col-
umns and braces of the selected perimeter braced frames il-
lustrated in Figure 14b. The results are presented in Figures
15, 16 and 17, respectively.

Figure 15 shows that similar base shear values were ob-
tained in two principal building directions. This result was
expected because the corresponding building periods in
two directions are very close. Elastic design shears were
approximately 40% higher compared to median values of
time-history results, and even slightly exceeded the maxi-
mum values obtained from time-history analysis. Note that
median results are in good agreement with results obtained
from response spectrum analysis when no scaling of base
shear is applied, confirming the conservatism of the static
force demand based on fundamental mode response.

Figure 16 shows calculated peak displacements for loads
and ground motions applied in the N-S direction. The dis-
placements were normalized by the story height measured
from ground. All employed methods predicted comparable
displacement profiles. For the equivalent static method,
very little difference was observed between the results ob-
tained when using the NBCC 2005 and ASCE 7-05 load
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distributions. Spectral values were slightly smaller than
those obtained for equivalent static load profiles in all but
two locations and about 40% higher than the mean values
from time-history analysis. Eighty-fourth percentile results
were also below the predictions of the equivalent static and
response spectrum methods. These observations are consis-
tent with those made for the base shear.

Figure 17 compares column and brace axial load profiles
in the selected braced frames for earthquake action along
the N-S direction of the building. Results obtained for E-W
load application showed similar trends. In general, for the
columns and diagonals studied, all methods resulted in sim-
ilar force profiles. The response spectrum analysis values
are consistently higher compared to median time-history
results and even exceed the 84th percentile time-history val-
ues for almost all elements studied. This is not surprising
in view of the scaling procedure that was applied to the re-
sponse spectrum analysis results. The results obtained with
the static equivalent method are comparable to response
spectrum values for the frames oriented in the direction of
the analysis. For the frames in the perpendicular direction,
however, the equivalent static method underpredicted the
member forces by a large margin in some cases. This can be
attributed to the inadequate inclusion of higher mode effects
and the effects of torsion when equivalent static method is
used for such an irregular structure.

It was of further interest to see if the direction of the ap-
plication of the load can affect response forces. Figure 18
summarizes results obtained for four directions of load



application: along the two principal directions of the build-
ing and along the two orthogonal axes oriented at a 45° angle
with respect to the building principal axes. Force envelopes
obtained from the response spectrum analysis are also shown
for comparison. The reader is reminded that column lines B
and I run in the N-S direction, while column lines 1 and 11
are in the E-W direction. It would normally be expected that
the highest forces in columns and braces are induced when
the load is applied in the direction of the braced frame. In
Figure 18, this is indeed the case for the braces of all frames
studied. However, in the upper columns of the frames along
the E-W direction, up to 30% higher forces are observed
when the ground motion is applied in directions other than
the direction parallel to the frames, including loading at
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45°. This is attributed to the fact that these columns are also
part of other braced frames (not studied herein) acting in
the perpendicular direction. This situation is not unusual in
industrial buildings of this type, and the results indicated
that caution should be exercised when selecting the direction
of the seismic loading. For such columns, NBCC requires
that forces from members framing into the columns from
all directions be considered in design. In ASCE 7, columns
that form part of two intersecting systems must be designed
for ground motions applied in any directions, but only if the
structure is assigned to Seismic Design Categories D or E.
In all cases studied, the member forces obtained from re-
sponse spectrum analysis were the highest and would thus
provide conservative estimates of design forces.
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Fig. 15. Peak base shear from equivalent static (STAT), response spectrum (SPEC)
and time-history (TH-med and TH-84th) analysis methods (1 kip = 4.45 kN).
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(TH-med and TH-84th) analysis methods and for earthquake action along the N-S direction.
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CONCLUSIONS AND FINAL COMMENTS

Elastic time-history dynamic analyses were performed for
two different types of industrial buildings to validate the
predictions from the equivalent static force procedure and
the response spectrum analysis method prescribed in cur-
rent building codes. The first building studied was a typical
crane-supporting, mill-type building. The study was carried
out for four different sites representative of typical eastern
and western North American seismic conditions. The sec-
ond building is an existing tall structure that is highly irreg-
ular in geometry, mass and stiffness distribution. Its seismic

—e— STAT-NBCC
- - %- - STAT-ASCE
SPEC
—8— TH-50
----- TH-84

response was studied only for the Montreal site for consis-
tency with the original design. The structures as designed
do not meet the restrictions imposed in current (2005)
building codes; the height of the buildings exceed the 15-m
(50-ft) limit imposed in the National Building Code of
Canada for steel seismic force-resisting systems of the con-
ventional construction category, and R = 3.0 as used for the
design of the building in Seattle is not permitted for building
structures according to ASCE 7.

For both structures, the fundamental periods of vibra-
tions from code empirical formulas compared well with
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Fig. 17. Peak axial load in columns and bracing members from equivalent static (STAT), response spectrum (SPEC) and
time-history (TH-med and TH-84th) analysis methods for earthquake action along the N-S direction (1 kip = 4.45 kN).
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the periods obtained from modal analysis. For the irregular
structure, good period match was also obtained when using
the Rayleigh method. The equivalent static force procedure
static method consistently gave higher values of the total
earthquake force, or base shear, compared to the response
spectrum analysis method when the number of modes con-
sidered in the latter was set to obtain 90% combined mass
participation, as prescribed in codes. This effect on the glob-
al seismic demand is corrected when applying the scaling
procedures prescribed in codes. For the structures studied,
no further significant change in the base shear obtained by
response spectrum analysis was observed when the number

of modes considered increased beyond the one required to
obtain in the order of 96 to 97% participating mass. There-
fore, it is recommended to adopt a tighter criterion in re-
sponse spectrum analysis, prior to scaling to equivalent
static values, to better represent the complex dynamic re-
sponse of these structures, especially for tall and irregular
buildings such as the one examined herein.

For the crane-supporting building, the horizontal displace-
ments from both code analysis methods are similar and
agree well with the median demand from seismic ground
motions. Except for the Montreal site, the drifts at the crane
level exceeded the limit recommended to prevent damage
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Fig. 18. Peak axial load in columns and bracing members from time-history and response spectrum analysis methods (1 kip = 4.45 kN).
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to the lifting equipment in this building type. Median peak
horizontal accelerations from dynamic analysis are well pre-
dicted by response spectrum analysis. Seismic force demand
governed the design of the upper column segment, individu-
al column members at the base of the laced column segment
and lacing members. For the column members, the static
and response spectrum analysis methods predicted well the
median force demand obtained from time-history analy-
ses. That force demand was found to exceed the expected
member strengths, at both the 50th and 84th percentile lev-
els, indicating that inelastic column behavior may occur in
these structures. This response is a consequence of the force
modification factors used in design and was expected. How-
ever, the study also showed that stability limit states would
govern the inelastic column response. The ductility capacity
associated with such inelastic behavior can be limited, and
can possibly be less than that implicitly assumed in design,
with potential detrimental impact on the structural integrity
in case of strong earthquakes.

The study of the irregular building showed that the equiv-
alent static method can be used to estimate displacements,
but may lead to unconservative predictions of column and
brace forces. In all cases studied, regardless of the direction
of the analysis, response spectrum analysis also resulted in
higher force demand compared to elastic time-history analy-
sis. Scaling requirements prescribed in codes likely contrib-
uted to this conservatism. Nevertheless, the method appears
to be very appropriate to predict the seismic response of such
highly irregular structures. If dynamic time-history analysis
is performed using a modal superposition technique, as was
done in this study, the results showed that element forces
are sensitive to the number of modes considered and can
be significantly underestimated if an insufficient number is
selected. For the building studied, the number of modes for
obtaining 97% global mass participation was needed to ad-
equately predict the base shear force demand. The study also
showed that the selection of the direction in time-history
analysis should be done with care, because the maximum
forces in elements that are part of two orthogonal-braced
frames are not always induced by seismic loads acting in the
direction parallel to the bracing systems.

The results presented in this paper were obtained for a
limited number of structures and cannot be fully general-
ized. Further studies on additional structures should be
performed to validate the findings of this research. How-
ever, the results provide insight into possible limitations of
current seismic design procedures and possible directions
for future investigation. For instance, one could study the
need for scaling the results from response spectrum analy-
sis to the equivalent static values when a sufficient number
of modes are considered in the response spectrum analy-
sis. Modal superposition time-history analyses, with con-
stant damping ratios in all modes, were performed in this
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study, which may result in conservative predictions of the
higher-mode effects. Comparison should be made with di-
rect integration techniques and Rayleigh damping models.
Nonlinear time-history analyses should be carried out to
better assess the inelastic demand imposed on critical mem-
bers and connections of industrial buildings and evaluate the
effects of this inelastic response. Physical testing should be
conducted to assess the ductility capacity associated with
the governing limit states that are predicted by analysis. For
mill-type buildings, this study suggests that column buck-
ling is a possibility: out-of-plane of the frame for the upper
column segment and in-plane for the base columns. In case
the available ductility is found to be inadequate, techniques
should be examined to enhance the inelastic seismic column
response (e.g., minimum bracing requirements to prevent
out-of-plane buckling of the upper columns or ductile fuse
systems to control the axial force demand in the base col-
umn members).
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SPECIAL FOCUS:
NON-BUILDING
STRUCTURES

Design of Braced Frames in Open Buildings

for Wind Loading

W. LEE SHOEMAKER, GREGORY A. KOPP, and JON GALSWORTHY

Abstract

Open-frame buildings are often used to provide a measure of weather protection over equipment or other sheltered storage on industrial sites.
These shelters have a roof covering and minimal wall cladding, if any. ASCE 7 provides no guidance on the wind loads acting perpendicular to
the frames that would control the design of the longitudinal braces. This paper summarizes wind tunnel tests that were performed on open-
frame, low-rise buildings with a roof covering to determine the base shear and bracing loads parallel to the ridge. Two examples are provided
to illustrate how the results of this study may be used to obtain the forces in longitudinal bracing.

Keywords: open-frame buildings, wind bracing.

Acommon application, particularly on industrial sites, is
the utilization of an open-frame building to provide a
measure of weather protection over equipment or other shel-
tered storage, as shown in Figures 1 and 2. These shelters
have a roof covering, but there is usually minimal, or no wall
cladding. ASCE 7-05 (ASCE, 2005) provides no guidance
on the wind loads acting perpendicular to the frames that
would control the design of the longitudinal braces. This
paper will summarize the wind tunnel tests that were per-
formed on open-frame, low-rise buildings with a roof cov-
ering to determine the drag (base shear) and bracing loads
in the longitudinal direction, i.e., parallel to the ridge. Two
examples are provided to illustrate how the results of this
wind tunnel study can be used to obtain the forces to design
the longitudinal bracing.

Prior to the latest research conducted at the University of
Western Ontario (UWO), as discussed in this paper, the only
available method to determine these longitudinal drag loads
utilized data from studies of open lattice structures (Geor-
giou and Vickery, 1979; Georgiou et. al., 1981; MBMA,
2006). The new UWO study addresses the concern that the
use of wind loads derived for open lattice structures may
lead to inappropriate loads for low-rise buildings. That is,
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the presence of both a roof and the ground would be ex-
pected to play a significant role on the flow speeds and di-
rections through the open building, perhaps leading to quite
different loads, when compared to open-lattice structures.
Specifically, shielding factors may be different for low-rise
building frames compared to lattice tower frames.

WIND TUNNEL STUDY

The details of the wind tunnel study are documented in both
the final report (Kopp et al., 2008) and a recent paper (Kopp
et al., 2010). A brief summary will be provided here as a
basis for the proposed design method.

There is a wide range of parameters to be considered for
these open buildings; therefore, many test configurations
were required to account for practical building applications.
Three different combinations of frame widths, B, and eave
heights, H, were used:

1. B=40ftand H=12ft
2. B=70ftand H=20 ft
3. B=100 ftand H =30 ft

The roof slope was 2 on 12 (9.46°) for all combinations.
Building models consisting of three, six and nine frames
(see Figures 3 through 5) were evaluated, along with four
different solidity ratios, because this is an important param-
eter with regard to wind flow through the open building. The
solidity ratio refers to a ratio of the blocked area, A,, to the
total area enclosed by the end frame, Ag. The lowest value of
solidity was based on a bare-end frame, while larger solidi-
ties either represented deeper end frame members, partial
end wall cladding (gable in-fill) or full end wall cladding as
shown in Figures 6 and 7. In total, 18 configurations were
tested, as listed in Table 1.
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Table 1. Wind Tunnel Test Configurations
o Number of Fr_ame Ea.lve End Wall Blocked Soliqity
Case Description Frames Width, Height, Area, Area, Ratio,
W (ft) H (ft) AE (ft?) Ao (ft2) Ao/AE
1 Nominally open 3 40 12 547 88 0.161
2 Nominally open 6 40 12 547 88 0.161
3 Nominally open 9 40 12 547 88 0.161
4 Nominally open 9 100 30 3417 315 0.092
5 Nominally open 6 100 30 3417 315 0.092
6 Nominally open 3 100 30 3417 315 0.092
7 End wall members larger 3 70 20 1604 253 0.158
8 Nominally open 3 70 20 1604 154 0.096
9 Gable end filled in 3 70 20 1604 563 0.351
10 | End wall filled in 3 70 20 1604 1604 1.00
11 End wall members larger 6 70 20 1604 253 0.158
12 | Nominally open 6 70 20 1604 154 0.096
13 | Gable end filled in 6 70 20 1604 563 0.351
14 | End wall filled in 6 70 20 1604 1604 1.00
15 | End wall members larger 9 70 20 1604 253 0.158
16 | Nominally open 9 70 20 1604 154 0.096
17 | Gable end filled in 9 70 20 1604 563 0.351
18 | End wall filled in 9 70 20 1604 1604 1.00

The wind tunnel models (1:100 scale) were designed
to determine both the total base shear (drag) as well as a
reasonable estimate of the proportion of wind load going
through the longitudinal brace as shown in Figure 3. The
entire model was mounted to a plate that was positioned on
a force balance to directly measure the overall base shear.
The attachment of the frames to the base plate replicated pin
connections. The longitudinal bracing was connected to the
base plate through small load cells that measured the axial
load in the bracing members. A typical model drawing is
shown in Figure 8.

Fig. 2. Example of large open-building application.

Fig. 3. Wind tunnel model with three frames, showing
Fig. 1. Example of small open-building application. longitudinally braced bay.
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Fig. 6. Gable in-filled end wall Fig. 7. End wall totally filled with cladding
(configuration 10, solidity ratio = 1.00).

(configuration 9, solidity ratio = 0.351).

70
(a) Roof Plan - Number of Frames: 3, 6 and 9

(b) End Elevation

Fig. 8. Typical model drawing: (a) roof plan (three, six and nine frames); (b) end elevation showing

o

(c)

transverse moment frame; (c) side elevation showing braced frame being evaluated.
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Fig. 5. Wind tunnel model with nine frames.

Side Elevation



No testing was done with obstructions underneath the
building, i.e., from stored materials, etc. The worst case for
the horizontal loads is expected with the building open to
free unobstructed wind. It should be noted that this would
not be the case for uplift on the roof, but that is not the
subject considered in the current study. ASCE 7-05 does
have provisions to determine the wind uplift on the roof of
an open building such as evaluated in this study (Section
6.5.13.2 for MWFRS and Section 6.5.13.3 for Components
and Cladding); the uplift is dependent on any obstructions to
the wind flow that might be present.

Wind Tunnel Results

Load cell measurements were taken for 19 wind angles
between 0° and 180°, where the minimum and maximum
angles represent wind direction parallel to the ridge and 90°
would be at an angle perpendicular to the ridge. Horizon-
tal loads from the force balance (S, and Sy) were measured
along with horizontal component of the longitudinal bracing
load, By.
The base shear coefficient can be defined as

Sx

Co=— "%
*iovia, v
where
p =density of air
Vh =mean hourly wind speed at the eave height
A, =Dblocked area as listed in Table 1

The base shear coefficient could also be defined in terms
of the total area of the end wall, if it were totally clad, Ag.
This coefficient would be defined as, Cgx, where @ is the
solidity ratio A,/AE.

The horizontal component of the bracing force can be
normalized in the same way such that

B

C By = [ S )
2
% p VH Aa
More relevant to design practice, these force coefficients
can be converted to ASCE 7-05 format as follows:

9H CSx Ao

A3)
q3335K K Kg1A,

(ch )eq =

where

(GCp)eg = equivalent wind tunnel pressure

coefficient
qu = wind pressure at the eave height
q333s = basic wind pressure from ASCE 7-05 (3 s

gust measured at 33 ft height)
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K = topographic factor

K = factor that converts wind pressure to eave
height

Ky = directionality factor

I = importance factor

16 Sy = peak load coefficient, which is the sum of

the mean coefficient and gust coefficient

The worst wind angle for each configuration was between
0° and 40°, with 20° to 30° typically yielding slightly higher
load coefficients. For all frame sizes, the number of frames
is an important factor because the load was observed to in-
crease monotonically with the number of frames.

Empirical Model for Base Shear (Longitudinal Drag)

The UWO wind tunnel study (Kopp et al., 2008; Kopp et
al., 2010) determined that the major parameters that affect
the wind-induced base shear loads on low-rise open-frame
buildings in the longitudinal direction are frame size (width
and height), number of frames and solidity ratio. The analy-
sis of the load coefficient variations—holding two of these
parameters constant and varying the third—suggested that
multiplicative factors accounting for the load effects of these
parameters would be a reasonable model. The aerodynamic
behavior and load magnitude also suggested that a model
based on enclosed low-rise buildings rather than open lat-
tice structures such as electrical power transmission towers
would be more appropriate.

The ASCE 7-05 method for defining the pressure loads
due to wind for enclosed low-rise buildings can be modified
for open-frame buildings by introducing two multiplicative
factors: Kp, which accounts for building width effects, and
K, which accounts for both the solidity ratio and number of
frames.

Therefore, Equation 6-18 of ASCE 7-05 is replaced with:

P =q,(GCpr )(KpKg) @
where

GCpyr = pressure coefficient from Figure 6-10,
ASCE 7-05

qn = velocity pressure at mean roof height as de-
fined by Equation 6-15, ASCE 7-05

1.8—0.010B for B <100 ft
0.8 for B>100 ft
Kg = 02+0.073(n—3)+0.4¢"° 6)
n = number of frames
0 = solidity ratio, A,/AE



Because the wind tunnel tests were run with three, six and
nine frames, the applicability of the method for less than
three frames and more than nine frames was evaluated. For
solidity ratios that were due only to the transverse frames—
i.e., no end wall cladding—the loads increased linearly with
the number of frames in the range tested. This would likely
continue for a larger number of frames, but not necessarily
for fewer than three due to relative changes in shielding of
the members. However, the data shows that three frames are
sufficient for this asymptotic behavior to occur. On the other
hand, there is no linear variation with end wall cladding in
place, perhaps due to changes in the flow through the build-
ing because of large blockage at the ends. The data show that
extrapolating beyond nine frames would be conservative.
Therefore, Equation 6 is determined applicable to applica-
tions where the number of frames exceeds nine, but for less
than three frames, use n = 3. Also, with regard to GCpy from
Figure 6-10 in ASCE 7-05 for the “longitudinal direction”,
building surfaces 1 and 1E would be used for the windward
end wall, and building surfaces 4 and 4E would be used for
the leeward end wall, with the coefficients from Figure 6-10
based on a flat roof (6 = 0°).

The total wind force on the main wind force resisting sys-
tem (MWEFRS) in the longitudinal direction is given by:

F = q,(GC (K 5Kg)Ag @

DESIGN EXAMPLE 1

Design the longitudinal cross bracing for the building shown
in Figure 9 using ASCE 7-05 and the procedure outlined
in this paper. The building is a storage facility located in
Mobile, Alabama, in Open Country—Exposure Category
C, and the basic wind speed is V = 130 mph. Building rep-
resents a low hazard to human life in the event of failure;
therefore, Occupancy Category I is appropriate.

Determine velocity pressure ¢, (Equation 6-15, ASCE
7-05):

an =0.0256K,K, K,V*I

where

K5, =0.90 From Table 6-3, ASCE 7-05, (note: h = eave
height because roof slope < 10°)

K = 1.0 (no topographic effects)
K4 =0.85 From Table 6-4, ASCE 7-05
I =0.77 From Table 6-1, ASCE 7-05

Therefore,
qn = 0.00256(0.90)(1.0)(0.85)(130)2(0.77) = 25.5 psf

Blocked area, A,:
Column area = [(8 + 24)/2](20/12) = 26.67 ft2
Rafter area = [(24 + 12)/2](33/12) =49.5 ft2
Ao =2(26.67 +49.5) = 152 ft?
Total area of end wall, Ag:
Ap =2[(20 + 25.83)/2](35) = 1604 ft>
Solidity ratio, ¢:
0 =A,/Ap=(152/1604) = 0.095
Building width factor, Kp:
Kp =1.8-0.010(70) = 1.1
Solidity factor, Kg:
Ks =0.2+0.073(5 - 3) + 0.4¢!0:099) = 0,81
Pressure coefficient, GCpy:

First, determine the width (2a) of the edge zone—see
Note 9 of Table 6-10 of ASCE 7-05.

a = 10% of the least horizontal dimension or 0.4h,
whichever is smaller, but not less than either 4% of the
least horizontal dimension or 3 ft.

(1) Smaller of
a. 10% of 70 ft =7 ft < governs
b. 0.4h=0.4(20 ft) = 8 ft

Note: 4 is the mean roof height, but except the
eave, height shall be used for 6 < 10°.

(2) But not less than
a. 4% of 70 ft =2.8 ft
b. 3 ft

End wall surface area in zones 1E (windward wall) and 4E
(leeward wall) as depicted in Figure 10:

Ap=Ap = 2(%](14) =592.62 ft?

End wall surface area in zones 1 (windward wall) and 4 (lee-
ward wall):

(21) = 1011.36 ft?

A=A, =2(22.33+25.83]

GCpr=0.61 +0.43 = 1.04 in zones 1E and 4E (From
Table 6-10, ASCE 7-05)

GCpr =040 + 0.29 = 0.69 in zones 1 and 4 (From
Table 6-10, ASCE 7-05)
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Roof Slope: 2 on 12 = 9.5°

251t, 10 in.

| [«-8in. 35 ft
Note: Symmetrical about ridge

(b)

Fig. 9. Design example I: (a) building layout; (b) typical frame dimensions.

Zones 1E. 4E

S

Zones 1,4

20 ft 22 ft, 4 in. 25 ft, 10 in.

. 2a=14ft |, 21
35 ft

Fig. 10. End zone locations.
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Total effective GC for end wall:

G - 104(592.62)+0.69(1011.36) _ 0.819
pf 1604

Total longitudinal force:

F=q,(GCpp)(KgKg)Ap =
= (25.5 psf)(0.819)(1.1)(0.81)(1604 ft2) = 29,847 b

The next step in designing the longitudinal cross bracing
is to determine the portion of this total longitudinal load that
is carried by the bracing and how much is carried directly
through the columns to the foundation. The paper on the
UWO research (Kopp et al., 2010) recommends that 75%
of the total base shear (drag) be used to design the brac-
ing members, based on the measurements taken on the wind
tunnel models. However, this recommendation is limited to
the construction and assumptions used in the wind tunnel
models, so a rational analysis can alternately be done on the
building with the longitudinal force applied to determine the
force distribution to the bracing members.

The design wind forces for the braced bay, for each side of
the building, are shown in Figure 11 as follows:

Using the 75% recommendation:
Fy=0.75 Fyige = 0.75(14,924 1b) = 11,193 1b

11,1
Required strength of brace = _1LI93 = 14,334 1b
c0s8(38.66)

As a comparison, the total longitudinal force can be cal-
culated for this same design example using the method de-
rived from open lattice structural research described in the
Metal Building Systems Manual (MBMA, 2006).

Using the same solidity ratio (¢ = 0.095), the gust response
factor for a single frame is calculated as:

GCp(0)=1.71-4.10¢0 = 1.32 (see Figure A7.3.3(a); MBMA
2006)

Then, from Figure A7.3.3(b), the shielding coefficient (r7)
based on two frames is determined as:

np =0.95 (using S/B = 25/70 = 0.357)

From Figure A7.3.3(c), the shielding coefficient (ny) for N
frames is determined as:

ny/ny =0.85
Therefore, ny = 0.85n2 = 0.81
Then, the total longitudinal force is:

GCp(0)qnAoll + (N — Dny] = 1.32(25.5 psf)(152 o)1 +
4(0.81)] =21,693 Ib

This is compared to 29,847 Ib, determined earlier using the
method outlined in this paper.

Fsige = 14,924 1b

»
L

38.66° Fy=11,1931b
4—

Fig. 11. Design example 1: horizontal force for bracing design.
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DESIGN EXAMPLE 2

Same as design example 1, but add partial end wall cladding
as shown in Figure 12. Note that this would be a similar con-
figuration to the buildings shown in Figures 1 and 2.

Design the longitudinal cross bracing for the preceding
building using ASCE 7-05 and the procedure outlined in this
paper. The building is a storage facility located in Mobile,
Alabama, in Open Country—Exposure Category C, and the
basic wind speed is V = 130 mph. Building represents a low
hazard to human life in the event of failure; therefore, Oc-
cupancy Category I is appropriate.

Note that the only changes from design example 1 are the
calculation of the blocked area (A,), the solidity ratio (¢p) and
the solidity factor (Kg).

Blocked area, A,:
Column area = [(8 + 16)/2](20/12) = 20 ft2
End wall clad area = [(15.83 + 10)/2](35) = 452 ft?
Ao = 2(20 + 452) = 944 ft?
Total area of end wall, Ag:
A =2[(20 +25.83)/2](35) = 1604 ft?
Solidity ratio, ¢:
0 =A,/AE = (944/1604) = 0.589
Solidity factor, Kg:
Ks=0.2+0.073(5 - 3) + 0.4¢! 0589 = 1 3]

Roof Slope: 2 on 12 = 9.5°

H—20{

15ft, 10 in.

25 ft, 10 in.

35 ft

Note: Symmetrical about ridge

(b)

Fig. 12. Design example 2: (a) building layout; (b) end wall cladding.
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Total longitudinal force:
F=q,(GC)(KpKg)Ag
= (25.5 psf)(0.819)(1.1)(1.31)(1604 ft2) = 48,272 Ib

The design wind forces for the braced bay, for each side of
the building, are shown in Figure 13 as follows:

Using the 75% recommendation: Fy = 0.75 Fgige =
0.75(24,136 1b) = 18,102 1b

18,102
c0s(38.66)

It is clear that in design example 2, more than one braced
bay will likely be needed to economically carry the required

brace force. The final sizing of the brace and connections
will determine this.

Required strength of brace = =23,1821b

CONCLUSIONS

This paper summarizes the wind tunnel tests that were per-
formed on open-frame, low-rise buildings to determine the
drag (base shear) and bracing loads in the longitudinal direc-
tion. Two examples are provided, illustrating how the results
of this wind tunnel study can be used to design longitudinal
bracing for this type of common open-frame building.
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Fig. 13. Design example 2: horizontal force for bracing design.
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his issue of “Current Steel Structures Research” for the

Engineering Journal focuses on a selection of research
projects at three of the leading universities in Europe. The
descriptions will not discuss all of the current projects at the
schools. Instead, selected studies provide a representative
picture of the research efforts and demonstrate the impor-
tance of the schools to the home countries and indeed to the
efforts of industry and the profession worldwide.

The universities and many of their structural steel re-
searchers are very well known in the world of steel construc-
tion: University of Coimbra in Coimbra, Portugal; Karlsruhe
Institute of Technology in Karlsruhe, Germany; and Univer-
sity of Naples, Federico II, in Naples, Italy. Other projects at
some of these institutions have been discussed in previous
research papers, but the studies that are presented in the fol-
lowing reflect major, long-time efforts in a number of areas
of the construction industry of Europe. Much of the work
is tied to the research programs of the European Union and
its member countries, and the collaboration among univer-
sities in several countries for many of the projects is very
impressive. All of the projects are multiyear efforts, empha-
sizing the need for careful planning and implementation of
research needs and applications, including the education
of graduate students and advanced researchers. Naturally,
and as always intended in the United States as well, the out-
comes of the studies focus on design standards and industry
needs. The magnitude of the economic impact of the work
cannot be overemphasized.

In true forward-looking fashion, the researchers at these
institutions have been active for many years, as evidenced
by their leading roles in the design standards development
efforts of Europe, the well-known Eurocodes. Specifically,
for steel construction, Eurocodes 3, 4 and 8 are reflected in
the applications of the results, addressing the design of steel
structures, composite structures and structures subjected
to seismic effects, respectively. Large numbers of English-
language technical papers and conference presentations
have been published, contributing to a collection of stud-
ies that continue to offer solutions to complex problems for
designers as well as fabricators and erectors. Not the least
important, some of these efforts complement ongoing work

Reidar Bjorhovde, Dr.-Ing., Ph.D., PE., Research Editor of the Engineering
Journal. Tucson, AZ. Email: rbj@bjorhovde.com

in the United States and elsewhere. The broad sharing of
knowledge that is taking place promises significant results,
not the least because of issues of finances and the sheer cost
of research.

References are provided throughout the paper, when-
ever such are available in the public domain. However,
much of the work is still in progress, and in some cases re-
ports or publications have not yet been prepared for public
dissemination.

SOME CURRENT RESEARCH WORK
AT THE UNIVERSITY OF COIMBRA
IN COIMBRA, PORTUGAL

For many years the University of Coimbra has been one of
the leaders in international academia, due to its being the
fifth oldest university in the world. Its leadership role in
structural engineering is, of course, of much more recent
date, but the faculty has pursued an aggressive development
of technical programs and research facilities. There have
been numerous principal contributors, and the faculty of the
Department of Civil Engineering of the university, with the
leadership of Professor Luis Simdes da Silva as chairman for
several years, has been very active in the development of so-
lutions to many technical problems. In particular, Professor
da Silva and his colleagues have conducted extensive stud-
ies of the performance of steel and composite frames and
bridges, connections for steel structures, response of steel
structures to fire effects, strength and performance of wind
towers for the energy industry, and extensive evaluations of
sustainability.

In a development that is somewhat similar to the research
centers of the National Science Foundation in the United
States, the national research foundation of Portugal pro-
vided funding in 2007 for the establishment of the Institute
for Sustainability and Innovation in Structural Engineering
(ISISE), to be operated as a joint effort of the University of
Coimbra and the University of Minho. Administratively, the
institute was organized into three research areas: (1) steel
and mixed construction technology, (2) structural concrete
and (3) historical and masonry structures. With strong re-
search groups in various areas, the University of Coimbra
will focus on area 1, the University of Minho will focus on
area 3 and area 2 will be shared by the two institutions. Re-
searchers from related university areas will also participate,
to the effect that support will be provided from architec-
tural, mechanical and metallurgical engineering.
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For steel and composite construction at Coimbra, particu-
lar emphasis has been placed on behavior and strength of
connections as well as members and structures, including
fire and other extreme effects; and sustainability; life-cycle
engineering; and monitoring and maintenance. Bridges,
buildings and special areas of construction such as wind
towers form the central activities. The research team in-
cludes 13 faculty members, 10 collaborators from other
university departments and industry, 2 technicians and 28
doctoral graduate students. The physical testing facilities are
excellent.

Economical and Safe Design of Steel Joints Subjected to
Natural Fires: This three-year project (2009-2012) is spon-
sored by the European Commission, with a total budget of
€1.7 million ($2.5 million), and is shared among the Univer-
sity of Coimbra as the lead institution, receiving €300,000
($430,000); the University of Manchester, United Kingdom;
the Technical University of Lulea, Sweden; the Technical
University of Prague in the Czech Republic; and Corus
Tubes, United Kingdom. The project director is Professor
Luis da Silva.

The research work has focused on the development of
component-based design methods for composite connec-
tions, in particular connections between composite beams
and columns. Composite columns in European design
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Fig. 1. Subassemblage model of steel beam and HSS composite
column. (Figure courtesy of Professor Luis da Silva)
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practice are most commonly concrete-filled hollow struc-
tural sections (HSS) or partially encased open sections. The
intent is that the connections will be designed to the same
level of fire resistance as the frame, adhering to the require-
ments of Eurocode 3, Part 1-2 (CEN, 2005b; Franssen and
Vila Real, 2010).

Numerical models have been developed, and fire tests
have been conducted with components, individual connec-
tions, structural subassemblages and demonstration struc-
tures. As an example, Figure 1 shows the model for the
assemblage of a steel beam and a concrete-filled HSS while
subjected to the high temperatures of a natural fire (Carv-
alho Lopes et al., 2010).

Robustness of Car Parks against Localized Fire: This
three-year project (2008-2011) is sponsored by the Euro-
pean Commission with a total budget of €1.3 million ($1.9
million), of which €250,000 ($360,000) is for Coimbra. The
funding is shared among the University of Li¢ge in Belgium
as the lead institution; the University of Coimbra; Imperial
College, London; ArcelorMittal, Luxembourg; CSTB and
CTICM, France; and Greisch Ingenierie, Belgium.

Itis interesting to note that steel has not been the construc-
tion material of choice for parking garages in Europe, which
has been a recurring issue in the United States (although it is
less of an issue than 40 years ago). In Europe the particular
problem has been the response of garage structures to highly
localized fires, which was the specific problem that led to
the full scale fire test in a parking garage in Scranton, Penn-
sylvania, in 1972 (Gage-Babcock et al., 1973; Harris, 1979).

The project aims at developing a general philosophy for
the design of robust structures for “exceptional” events, to
include practical guidelines. Examples of the testing that is
being done for composite structures are given in Figures 2

Fig. 2. Fire testing of a full-scale beam-to-column connection.
(Figure courtesy of Professor Luis da Silva)



and 3, which show a connection being tested for fire tem-
peratures (Figure 2) and the testing of an assemblage that
includes the connection of Figure 2, as well as the two-span
slab that is part of the original frame (Figure 3) (Haremza
etal., 2011).

Fig. 3. Fire testing of a structural composite subassemblage.
(Figure courtesy of Professor Luis da Silva)

Sustainable Steel and Composite Bridges in the Built
Environment: This three-year project (2009-2012) is spon-
sored by the European Commission with a total budget of
€1.5 million ($2.2 million), of which €280,000 ($400,000)
is for Coimbra. The budget is shared among the University
of Stuttgart in Germany as the lead institution; the Univer-
sity of Coimbra; LCPC—Laboratoire Centrale des Ponts et
Chaussées, France; SETRA, France; BAST, Germany; Ar-
celorMittal, Luxembourg; Dillinger Hiittenwerke, Germany;
Ramboll, Sweden; and Brisa, Portugal. The project director
is Professor Ulrike Kuhlmann, University of Stuttgart.

The project focuses on the development and presentation
of well-defined sustainability benefits of composite highway
bridges, including highly effective and advanced structures
and systems and cost-effective and environmentally friendly
construction with long-life structures. A holistic approach
is used, combining life-cycle assessment, life-cycle costing
and life-cycle performance analyses to demonstrate the ad-
vantages of steel for bridges. As an example, Figure 4 gives
a flowchart for the various operations of a life-cycle analysis
(Gervasio and da Silva, 2010).

Construction o Operation End of life
Raw material Maintenance and Demolition
acquisition repair actions
A o | |
xR g .»~ Transportation ™,
] Haw e &t “-.___tolandfill__.-’
- acquisition i i
Material “
production P :
] «~ Transportation _; Recycling
< Transportaiion™*; l
R 1” Material ll _____
_ production “ Transportation™*,
Erection of T *~. to recycle site. -’
structure R et I_l ------
«__Transportation . . S
R | ‘I' l Traffic i
| | Traffic | - —i disruption |
| disruption | Repair of femm e '
L OEEERESE & structure

System Boundary

Fig. 4. Flowchart for life-cycle analysis. (Figure courtesy of Dr. Helena Gervdsio)
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High-Strength Steel Towers for Wind Turbines: This
is a very major project that has been funded by the Euro-
pean Commission for two 3-year periods (2006-2009 and
2010-2013). The total financial support is €2.7 million ($3.9
million), with €434,000 ($630,000) allocated for Coimbra,
with the Technical University of Lulea of Sweden as the lead
institution. The other project participants are the University
of Aachen in Germany; the University of Coimbra; the Uni-
versity of Thessaloniki, Greece; Martifer Energy Systems,
Portugal; Rautaruukki, Finland, and Germanischer Lloyds,
Germany. The project director is Professor Milan Veljkovic
of the Technical University of Lulea.

The overall objective of the projects has been to demon-
strate and improve the competitiveness of steel towers to
support multi-megawatt wind turbines. The optimized de-
sign of a steel tower is based on an analysis of the crite-
ria that govern wind tower design. Specifically, fatigue is a
major consideration, and a more economical design would
involve the use of high strength steel. One solution provides
for an improvement of the flange detail that has traditionally
been used to splice tower segments. Another suitable splice
solution would be to use a friction type (slip-critical) joint to
allow higher strains in the shell (Veljkovic et al., 2010; Ma-
tos et al., 2011). Another design limitation is the potential for
the shell buckling that may take place in the tower wall, for
which the strength is strongly related to geometric imperfec-
tions. New solutions for steel and hybrid tower stability and
using foundations with steel micropiles are being developed.
A bolted connection for the tower splice will be used, as il-
lustrated in Figure 5.

L 333333888

Fig. 5. Bolted slip-critical splice for a wind tower.
(Figure courtesy of Professor Luis da Silva)
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SOME CURRENT RESEARCH WORK AT
KARLSRUHE INSTITUTE OF TECHNOLOGY
IN KARLSRUHE, GERMANY

The University of Karlsruhe, one of the old, excellent Ger-
man universities, educated large numbers of engineers and
conducted extensive research in all areas of engineering and
science. A few years ago, the government of Germany con-
ducted an evaluation of its universities and identified certain
institutions as being particularly capable. The University of
Karlsruhe was one of a very small number of schools that
was designated as an elite university, and thus the name of
the institution was changed to Karlsruhe Institute of Technol-
ogy (KIT). The research teams of some of the engineering
departments subsequently changed their names to specific
centers, and the KIT Research Center for Steel, Timber and
Masonry (RCSTM) is now the unit that addresses all study
subjects in these areas. Professor Thomas Ummenhofer is
the director of the RCSTM.

The research and laboratory staffs are substantial, with-
out giving a number of positions here. Laboratory and com-
puting facilities are excellent, including a very high-capacity
universal testing machine.

Detection of Cracks in Steel Components by Means of
Ultrasound Excited Thermography: This project has been
sponsored by the German Research Foundation. The direc-
tor is Professor Thomas Ummenhofer; the primary research-
er has been Dipl.-Ing. Robin Plum.

Detection of cracks in steel members and connections is
a significant issue for many types of structures, whether the
cracks have been caused by fatigue-type loading, fabrica-
tion techniques or other effects. Once the cracks have been
identified, the possible solutions are generally fairly well
defined, whether specific repairs are needed (or not, as the
case may be) or whether changes in design methods and ap-
proaches may be warranted.

Developments over the last several years have indicated
that active thermography methods—specifically, ultrasound
applications of the technique—may be particularly suitable
for structural purposes. Rubbing or “clapping” of crack sur-
faces as prompted by sound waves in the medium produces
heat, which can be detected by an infrared camera. The
equipment and applications of the procedure are illustrated
in Figure 6. This is the primary focus of the current KIT
project, to be applied to heavy structural members. Figure 7
shows an application of the method to detect a fatigue crack
in a heavy rolled shape (IPE 500).

The primary objective is to determine the depth of the
crack. In addition, it is important to determine the ultrasound
frequency and the crack opening displacement, which can
then be correlated to the state of prestressing (Plum and Um-
menhofer, 2009). Finally, finite element simulations of the
thermographic structural problem are developed to assess
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Fig. 6. The principle of ultrasound excited thermography. (Figure courtesy of Professor Thomas Ummenhofer)

Fig. 7. Thermographic detection of a fatigue crack in a heavy-girder IPE 500. (Photograph courtesy of Professor Thomas Ummenhofer)
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the accuracy of the experimental results and to improve the
understanding of the physical effects of the process (Plum
and Ummenhofer, 2010).

Adhesive Bonded Cast Steel—Structural Steel Con-
nections: This project has been sponsored by the German
Federation of Industrial Research Associations. It has been
managed by KIT in cooperation with the University of Ap-
plied Sciences of Munich and the Fraunhofer Institute for
Manufacturing Technology and Advanced Materials. The
director is Professor Thomas Ummenhofer; the primary re-
searcher has been Dipl.-Ing. Matthias Albiez.

Tubular members are being used for many structural ap-
plications, and the connections are often very complex and
almost always have to be welded. For bridges and certain
industrial applications, the complexity of the welded joints
may promote fatigue cracking, and the cracks are often
discovered only after the structure has been completed.
Attempting to avoid complex welds, the project aims to de-
velop connection solutions that utilize cast details of tubes
and other shapes, and welds will be replaced by adhesive
connections. This avoids the high temperatures associated
with welding as well as the shrinkage that accompanies
weld cooling. Providing cast steel details that allow for more
uniform stress distributions and gradual force transfers be-
tween the connection elements, the solution with adhesives
is likely to resolve a number of fabrication and structural
performance issues.

The project will address the following subjects:

1. The adhesives currently available will be evaluated to
determine their ability to satisfy the “boundary condi-
tions” for the joints, including conditions for curing,
strength and force transfer across the joint. The long-
term stability of the adhesive will also be examined,
including any organic effects.

2. A manufacturing process will be developed that uses
a semi-automatic injection device that is suitable for
the deposit of the adhesive in the (often narrow) gap
between a cast node and the HSS. It is anticipated that

inlet bore silicone

adhesive

tube

Connection
detail

the HSS sizes will range from 100 to 500 mm in diam-
eter (4 to 20 in.).

3. The strength and behavior of the adhesively bonded
joint will be determined for static, dynamic and ther-
mal loads, including aging effects.

4. Above all, a joint will be developed that provides the
necessary redundancy and alternate load paths in the
case of a local failure.

5. Practical design approaches will be developed.

An example of a potential joint is shown in Figure 8.

Optimization of Supporting Structures for Offshore
Wind Energy Converters: This project has been sponsored
by the German Federation of Industrial Research Associa-
tions. It has been managed by KIT in cooperation with the
Federal Institute for Materials Research and Testing (BAM)
of Germany. The director is Professor Thomas Ummen-
hofer; the primary researcher has been Dipl.-Ing. Philipp
Weidner.

Foundation structures for offshore structures in general
and now also for the wind farms that are being developed
in many areas of the world need novel evaluations of their
strength and behavior. The structures have to be designed
for all of the relevant offshore effects, including fatigue,
for the often very heavy, elaborate and complicated joints.
The project will examine all of these procedures, includ-
ing tower construction and methods of maintenance. Un-
derwater repair of welds must also be taken into account;
it is anticipated that such will often be conducted using the
HiFIT device developed at KIT. The device uses post-weld
high-frequency hammer peening of the weld toe to reduce
residual stresses and thus improve the performance of the
weld. Material thicknesses in the range of 30 to 60 mm (1'4
to 2% in.) are anticipated for the structures; the analysis and
repair procedures will be evaluated for short- and long-term
performance. Figure 9 shows various typical tower support
and mast solutions.

Fig. 8. Potential connection detail with cast steel elements and adhesive joints. (Figure courtesy of Professor Thomas Ummenhofer)

240 / ENGINEERING JOURNAL / THIRD QUARTER / 2011



SOME CURRENT RESEARCH WORK
AT THE UNIVERSITY OF NAPLES,
FEDERICO II, IN NAPLES, ITALY

The University of Naples, Federico II, is one of the premier
universities in Europe for the study of seismic effects. For
many years Professor Federico Mazzolani conducted exten-
sive evaluations of the seismic performance and strength of
steel connections and frames as well as bridges; he has also
done major studies of aluminum structures. For all practical
purposes, he was the “father” of Eurocode 8 (CEN, 2004),
the seismic design code for European countries, and has pro-
vided numerous links with industry and the code developers
in North and South America as well as Asia. Now retired,
his successor is Professor Raffaele Landolfo, who continues
to lead an aggressive research and development effort.

High-Strength Steel in Seismic-Resistant Building
Frames: This is a major three-year (2009-2012) project that
has been funded by the Research Fund for Coal and Steel
of the European Commission. The work is carried out as a
joint effort among numerous European universities, led by
the University of Naples, Federico II. The partners are the
University of Timisoara, Romania; the University of Liege,
Belgium; the University of Stuttgart, Germany; and the
University of Ljubljana, Slovenia, along with a number of
industry participants from various European countries. The
project director is Professor Raffaele Landolfo.

Gravity
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-
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Using typical multi-story frames in mild steel and high-
strength steel, the mild steel is used for elements and con-
nections that will serve as the major sources of ductility and
energy absorption for the frames. The high-strength ele-
ments are used for members that will supply the principal
portions of the elastic strength of the frames. The major ac-
tivities of this project can be summarized as follows:

1. Select suitable structural systems and provide the de-
signs of the frames.

2. Evaluate the seismic performance of the frames.

3. Assess the welding needs for the connections and oth-
er elements of the structures, taking into account the
seismic performance requirements.

4. Perform prequalification tests of moment-resistant
bolted beam-to-column connections.

5. Perform prequalification tests of moment-resistant
welded beam-to-column connections.

6. Develop guidelines for conceptual design and perfor-
mance-based design of the steel frames with members
and connections in two steel grades.

7. Evaluate the technical and economical efficiency of
the designs with two steel grades as compared to de-
signs using a single grade of steel.

Monopile i

Fig. 9. Various offshore wind tower underwater structures. (Figure courtesy of Professor Thomas Ummenhofer)
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The primary efforts of the University of Naples, Federico
II, focus on the design and numerical analyses of a compre-
hensive set of frames combining two grades of steel. The
performances of moment-resistant frames (MRF), concen-
trically braced frames (CBF), eccentrically braced frames
(EBF) and dual MRF and CBF as well as dual MRF and
EBF are examined.

The designs have been force-based, using the criteria of
Eurocode 8, with special evaluations where the designs fail
the requirements of EC8 (CEN, 2004): (1) the influence of
ground-motion characteristics on ductility demands and
(2) estimating the strength requirements for the nondis-
sipative (elastic) structural members. It is anticipated that
improved design procedures will be developed for frames
with multiple grades of steel, taking into consideration the
performance abilities of the various elements of the frames
(Tenchini et al., 2011; Cermelj and Beg, 2011; Comeliau et
al., 2011).

Displacement-Based Seismic Design of Steel Structures:
This is a major three-year (2010-2013) project that has been
funded by the Research Fund for Coal and Steel of the Euro-
pean Commission. The work is carried out at the University
of Naples, Federico II. The project director is Professor Raf-
faele Landolfo.

The use of displacement-based design (DBD) methods
and codes has been explored by numerous researchers over
the years (Priestley et al., 2007). It is felt that a successful
implementation offers the best approach to arrive at practi-
cal performance-based design criteria—in lieu of the force-
based approaches that are common today. The DiSTEEL
project, as it is called at the University of Naples, Federico
II, aims at developing a suitable DBD procedure and per-
formance criteria for moment-resisting frames with various
types of beam-to-column connections. Thus, full-strength

moment (rigid) connections, full-strength flexible connec-
tions and partial strength bolted connections will form the
original basis, as illustrated in Figure 10. The connection
classifications will be done in accordance with the criteria
of Eurocode 3 (CEN, 2005a).

Figure 11 illustrates the fundamental characteristics of
the DDBD method (Priestley et al., 2007). Significant addi-
tional research work is being conducted, but much must still
be explored for the most suitable approaches (Della Corte et
al., 2010).

The DIiSTEEL project is organized in accordance with
four primary areas:

1. A detailed review of the literature will be performed
to collect experimental data. The data will be classi-
fied such that it will be possible to identify how the
hysteretic behavior is influenced by the connection
details.

2. The experimental data will be examined and codified
according to Eurocode 3 and by finite element models.
This information will be used to develop simple de-
sign-oriented equations that can be used to determine
the magnitudes of the connection rotations at the yield
and ultimate limit states.

3. Sample moment-resisting frames will be designed in
accordance with the codified force-based procedures
and the direct DBD (DDBD) method that has been
developed. The results will be used to validate the
DDBD.

4. Nonlinear dynamic analyses will be performed for the
sample frames in order to determine the reliability and
efficiency of the DDBD method as contrasted with
current force-based procedures.
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Fig. 10. Beam-to-column connections to be used in the DiSTEEL analyses: (a) full-strength rigid joints;
(b) full-strength flexible joints; (c) partial-strength joints. (Figure courtesy of Professor Raffaele Landolfo)
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Laboratories University Network of Seismic Engineer-
ing: This is a major three-year (2010-2013) project that has
been funded by the Civil Protection Department of the gov-
ernment of Italy.

The network is a consortium of 10 Italian universities
that conduct research in seismic engineering. The aim is to
provide advice to various government and other institutions
with regard to seismic issues, dealing with all aspects of
new and old construction, seismic risk and damage follow-
ing earthquakes, and to assess the efficiency of new tools of
design and construction.

The consortium involves several research units; the op-
eration headed by Professor Landolfo focuses on extending
the current seismic regulations and codes to cold-formed
steel systems (Landolfo et al., 2010). The following are the
principal areas of effort:

1. Numerical and experimental studies will be per-
formed to assess the local behavior of cold-formed
profiles, connections, panels and walls.
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2. The results of the numerical analyses will be evalu-
ated by a parametric study to determine the seismic
behavior of elements of various geometries, materials
and seismic input.

3. Upgraded specifications and design tools that are suit-
able for use by designers will be developed. For ex-
ample, seismic design procedures that will allow shear
wall components to be defined in a few steps are likely
to be very useful to industry.
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