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Performance of the Unified Block Shear Equation
for Common Types of Welded Steel Connections

STEVEN A. OOSTERHOF and ROBERT G. DRIVER

ABSTRACT

Block shear describes a steel connection failure mode in which a combination of tensile and shear failures along perpendicular planes results
in a block of material being displaced from a member. This behavior has been observed to govern the design of many bolted connections and
has been well researched, resulting in design equations of various forms. Certain arrangements of welded connections are also susceptible
to block shear. This paper reports on the potential application of a “unified” block shear equation, proposed by Driver et al. (2006) for bolted
connections, to various welded connections. Experimental results for welded steel lap plate connections loaded concentrically in tension are
examined. The results of these tests are used to describe the connection behavior and to evaluate the performance of several design equa-
tions, including the proposed “unified” equation. The application of the unified equation to welded connections of slotted hollow structural

sections (HSS) and to coped beams supported at their ends by a clip angle welded to the beam web.

Keywords: block shear, coped beams, slotted HSS connections, welded connections.

lock shear describes a failure mode observed in some

steel connections in which a combination of tensile and
shear failures along perpendicular planes results in a block
of material being displaced from a member. This behavior
has been observed to govern the design of many bolted con-
nections, because the removal of material for bolt holes out-
lines a block of reduced net area along which failure may
occur. The problem of block shear in bolted connections has
been well researched, resulting in design equations of vari-
ous forms.

In addition to bolted connections, however, certain ar-
rangements of welded connections are also susceptible to
block shear. As described subsequently, this failure mode
has been observed to govern in both experimental and
analytical studies of welded connections, wherein a block of
material defined by a perimeter adjacent to the weld toes de-
fines the failure region. Research in this area is limited, and
current North American design specifications do not explic-
itly address this case. The direct application of existing de-
sign criteria often results in inaccurate capacity predictions.
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This paper reports on the potential application of the
“unified” block shear equation, proposed by Driver et al.
(2006) for bolted connections, to various welded con-
nections. Experimental results for welded steel lap plate
connections loaded concentrically in tension are examined.
The results of these tests are used to describe the connection
behavior and to evaluate the performance of several exist-
ing design equations, including the unified equation. The
application of the unified equation to welded connections
of slotted hollow structural sections is also presented and
discussed. Finally, the unified equation is considered for the
case of coped beams supported at their ends through a clip
angle welded to the beam web.

EXISTING BLOCK SHEAR DESIGN EQUATIONS

AISC 2005 Specification

Although the current block shear provisions in North Amer-
ican design specifications do not explicitly address the case
of welded connections, the equations provided can rea-
sonably be so applied. In the 2005 AISC Specification for
Structural Steel Buildings (AISC, 2005), hereafter referred
to as AISC 2005, a nominal block shear capacity, Rj,, is cal-
culated to account for rupture along the tension face and si-
multaneous yielding or rupture of the shear face(s), as given
by the lesser of the following two equations:

Ry = 0.6F,Agy +Ups Fy Ay )

R, =0.6F, A, +UpsF, Ay @)
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where
Fy = specified minimum yield stress
F,, = specified minimum tensile strength

Agy = gross area subject to shear

Apy = net area subject to shear

Ay = net area subject to tension

Ups = reduction coefficient; taken as 1.0 for uniform ten-
sile stress and 0.5 for nonuniform tensile stress

If this method is applied to typical welded connections,
Equation 1 governs because the absence of bolt holes causes
the net and gross areas to be equal. A resistance factor of
0.75 is applied for load and resistance factor design.

Unified Block Shear Equation

Based on an extensive experimental database compiled from
the literature by Kulak and Grondin (2001), Driver et al.
(2006) demonstrated that a “unified” block shear equation
can be used for a wide variety of bolted connection types to
provide capacity predictions that are more consistent with
experimental observations than other methods, thus result-
ing in more consistent structural reliability. The unified
block shear equation takes the following form:

F,+F,
R, =06——"

Agy +Ur By Ay 3)

where
U; = equivalent tensile stress factor

Test region

The equivalent stress factor accounts for nonuniform stress
distributions that develop as a result of eccentric loading or
asymmetrical blocks, and thus its value depends on the con-
nection type being considered (Driver et al., 2006).

The unified equation has been adopted into the current
edition of the Canadian standard, CAN/CSA-S16-09 De-
sign of Steel Structures (CSA, 2009), hereafter referred to as
CSA-S16-09. The standard contains a table of U; values for a
selection of connection types and specifies a value of 1.0 for
symmetrical blocks with concentric loading. A resistance
factor of 0.75 is used with the unified equation.

CONCENTRICALLY LOADED
LAP PLATE CONNECTIONS

The case of concentrically loaded welded steel lap plate con-
nections is examined because of its frequent occurrence in
applications such as trusses and braced frames in buildings.
Fifteen specimens tested to failure were considered: 11 from
research reported by Topkaya (2007) and an additional 4
carried out by Oosterhof and Driver (2008) as part of the
current research. The latter tests, described in the following
section, serve to expand the available data set, providing a
unique sample of materials and geometries designed to fail
at significantly higher loads than those observed by Topkaya.

Experimental Program

A comprehensive description of the test specimens, material
properties, test setup, instrumentation, and test procedures
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Fig. 1. General arrangement of test specimens.
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Fig. 2. Test region parameters.
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Table 1. Summary of Welded Lap Plate Specimen Parameters and Test Results
. Block Material Test .
Specimen | Weld VSviil:: As-built M_a:eiial Properties Failure Dlzfllg:i?l:‘::nt
ID Typet (mm) Length, Width, Thickness Fy Fy Load (mm)
Lt (mm) | wt (mm) (mm) (MPa) | (MPa) | (kN)
W1 A 10 146.5 150.4 6.2 379 472 1006 5.9
W2 B 12 144.7 152.2 6.2 379 472 941 41
W3 A 10 201.4 103.7 6.2 379 472 1005 6.0
W4 B 10 200.1 100.0 6.2 379 472 963 4.7
Data reported by Topkaya (2007)
1 A 7 50 60.3 4 309 402 216 —
2 A 7 95.3 57.5 4 309 402 314 —
3 A 7 98.3 77.5 4 309 402 347 —
4 A 7 150.3 78.6 4 309 402 430 —
5 A 7 49.3 98.8 4 309 402 295 —
6 A 7 96 97.8 4 309 402 395 —
7 A 7 150 99.9 4 309 402 475 —
8 A 7 47.3 148.8 4 309 402 386 -
9 A 7 96 148.2 4 309 402 467 —
10 B 7 101.3 56.4 4 309 402 306 —
11 B 7 149.3 98.2 4 309 402 433 —
T Refer to Figure 2; Note: 1 in. =25.4 mm; 1 ksi = 6.895 MPa; 1 kip = 4.448 kN

for the experimental program is reported by Oosterhof and
Driver (2008). The following provides a summary of the
main parameters.

Description of Test Specimens

Figure 1 shows the general arrangement of the test speci-
mens, which consisted of two lap plates fillet welded to
either side of the web of a wide-flange section. The con-
nection was designed to be loaded concentrically in tension
and to fail by tearing of a block of material from the 5.8-mm
(0.23-in.)-thick web of the wide-flange tension member, in
the area labeled “test region” in the figure. The bolted “non-
test end” of the specimen was designed with a wide gauge
to induce a relatively uniform stress distribution, as would
be expected in a longer tension member. Figure 2 defines
the parameters in the test region that differentiate the test
specimens, namely, connection geometry and weld arrange-
ment. Connection block length-to-width ratios, L/W, of ap-
proximately 2:1 and 1:1 were chosen, with the lengths and
widths being measured to include the legs of the fillet welds.
Connection plates were either welded all-around (type A) or
only longitudinally (type B). As-built dimensions are sum-
marized in Table 1.

Material Properties

All material meets the requirements of ASTM A572 Grade
50 and CAN/CSA-G40.21 Grade 350W steel. Tension cou-
pon tests were performed to determine the relevant mate-
rial properties of the webs of the tension members—all cut
from the same piece—with mean values obtained as fol-
lows: Fy =379 MPa (55.0 ksi ), F,, = 472 MPa (68.5 ksi) and
E =206,800 MPa (30,000 ksi). The mean rupture strain was
32.1% on a 50-mm gauge length.

Test Procedure

The specimens were loaded in tension in a 6600-kN (1.5
million-1b) universal testing machine (4000 kN in tension).
All tests were conducted using stroke control at a rate of
0.5 mm/min (0.02 in./min). Specimens were loaded beyond
their maximum capacity until the block of failed material
was pulled completely apart from the web or until the ap-
plied load had decreased significantly from its peak value.
Further details are provided by Oosterhof and Driver (2008).
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Test Results

All four test specimens failed in block shear. Figure 3a shows
typical whitewash flaking patterns formed during loading,
providing an indication of strain and, indirectly, stress distri-
butions. Rupture of the tension surface of the block preceded
that of the shear surfaces in all specimens. Material rupture
was typically initiated at the ends of the longitudinal welds
(near the corners of the lap plates), as shown in Figure 3b.
The tear then propagated toward the center of the specimen

under continued loading. For all specimens, it was observed
that tension failure occurred on a curved, and often irregu-
lar, surface. Figure 3c shows a specimen after complete rup-
ture of the block.

Load versus block displacement curves for each test are
shown in Figure 4. These curves show consistent loading
and unloading patterns and clearly identifiable yield and ul-
timate loads. The observed failure mode was quite ductile,
with block displacements at the ultimate load ranging from

(a)

(b)

(c)

Fig. 3. Typical yield and rupture patterns: (a) typical strain distribution pattern;
(b) tear development on tension face; (c) failed connection.
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Fig. 4. Load versus block displacement curves for tested lap plate connections.
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Table 2. Test-to-Predicted Ratios for Concentrically Loaded Lap Plate Connections
Experimental Number AISC 2005 1:5::%:;8 Unif:j:i=E1<:f12.|gtion
Program of Tests
Mean cov Mean cov Mean cov
Oosterhof and Driver (2008) 4 1.14 0.029 0.93 0.029 0.99 0.032
Topkaya (2007) 11 1.26 0.042 1.01 0.042 1.07 0.045
Weighted Statistics | 15
Mean 1.20 0.97 1.03
Coefficient of variation 0.036 0.036 0.039
Maximum 1.34 1.07 1.15
Minimum 1.10 0.90 0.94

10 to 16 times those at first yield. The type A specimens
exhibited slightly greater ductility than type B, although this
small difference is not considered to be of consequence in
this study. A summary of the ultimate failure loads is shown
in Table 1, along with the results from the similar tests by
Topkaya (2007).

Discussion of Observed Behavior

The curved failure surface observed on the tension faces of
all failed members, as seen in Figure 3c, is an important
characteristic differentiating the behaviors of welded and
bolted connections. The block shear failure perimeter in
bolted connections typically follows a straight line between
bolt holes, because the removed material defines a reduced
net area that is most susceptible to failure. Conversely, the
curved failure surface observed in the welded connections
increases the physical perimeter of the block, effectively en-
gaging a greater area of material than considered in existing
capacity equations. This is considered to be the primary rea-
son the welded connections tested had significantly higher
block shear capacities than those calculated by equations
derived for bolted connections, as discussed in the following
sections.

Performance of Existing Capacity Equations

Table 2 summarizes the test-to-predicted ratios for the AISC
2005 provisions, the unified equation (discussed in the next
section) and an equation proposed by Topkaya (2007) for
block shear of welded connections. In applying these equa-
tions, the block perimeter is taken as lying adjacent to the
weld toes that define the potential failure surface. The
tests performed by Oosterhof and Driver (2008) resulted in

significantly higher failure loads than those performed by
Topkaya (2007), and, as indicated in Table 2, the larger-scale
specimens have appreciably lower test-to-predicted ratios.
Recognizing the significance of the apparent difference in
behavior between the two sets of specimens, the weighted
mean test-to-predicted ratios are also shown in Table 2, giv-
ing 50% weight to the 4 larger-scale tests and 50% to the
11 smaller-scale tests. Test-to-predicted ratios for the indi-
vidual tests are presented by Oosterhof and Driver (2008).

Figure 5a shows that AISC 2005 consistently underesti-
mates block shear capacity for this type of welded connec-
tion. While this is conservative, the inaccuracy is significant
and may lead to inefficient designs.

Having observed this incongruity, Topkaya (2007) pro-
posed the following design equation based on physical tests
and numerical analyses, which provides significantly im-
proved results:

F,
Ry =—=Ag +1.25F, Ay @)

NG

where all variables have been defined previously. (Note that
1/43 is expressed as 0.6 in Equations 1, 2 and 3.) Accord-
ing to Topkaya, the coefficient 1.25 in the second term of
this equation accounts for triaxial stress effects on the ten-
sile plane, resulting in significantly higher capacities than
those predicted by preexisting design equations. However,
Figure 5 suggests that while Equation 4 is accurate for
the specimens tested in the research program of Topkaya
(2007), it may overestimate the strengths of large-scale con-
nections, as evidenced by the fact that the capacities of the
four specimens tested by Oosterhof and Driver (2008) are
overestimated by up to 10%.
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Fig. 5. Comparisons of design equations and experimental results for welded lap plate connections.
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Performance of Unified Equation

Equivalent Stress Factor

The unified equation (Equation 3) has been shown by
Driver et al. (2006) to address inconsistencies in block
shear strength predictions associated with existing design
specifications. The equivalent stress factor, U;, allows the
equation to be adjusted to account for the presence of non-
uniform stress distributions present among various con-
nection configurations. For the welded connections studied
in this investigation, Oosterhof and Driver (2008) propose
that a value of U, = 1.25 is appropriate for design, because
it produces test-to-predicted ratios near unity for the tests
considered. This proposal implies that the capacity of the
tension plane, which was observed to initiate failure, is ex-
pected to increase from the nominal value by about 25% due
to a combination of triaxial stress effects and a nonlinear
failure path. (Test results show that these effects dominate
over a possible capacity decrease that would be caused by
the nonuniformity of the stress field.) The resulting capacity
equation is consistent with Equation 4, proposed by Topkaya
(2007), which also includes a factor to increase tension re-
sistance by 25%.

1200

It is shown in Figure 5 that the application of the uni-
fied equation to welded lap plate connections, as proposed
by Oosterhof and Driver (2008), achieves considerably im-
proved predictions of the test results as compared to AISC
2005 and slightly more consistent agreement for the two
individual sets of test data than the equation proposed by
Topkaya (2007).

Reliability Study

Principles of limit states design (or load and resistance factor
design) include the statistical determination of failure prob-
ability, which can be controlled by the selection of a tar-
get reliability index, B. To achieve the target level of safety,
an appropriate resistance factor, 0, is applied to reduce the
predicted capacity. For this study, the resistance factor was
calculated based on the method of Ravindra and Galambos
(1978), using the same approach as that discussed in detail
by Franchuk et al. (2004).

The relevant parameters required to calculate the resis-
tance factor are the material, geometry and professional
factors (pys, pG and pp, respectively), and their associated
coefficients of variation (Vy, Vi and Vp, respectively).
The material and geometry factors are the ratios of mean

1100
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Fig. 5 (cont.). Comparisons of design equations and experimental results for welded lap plate connections.
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Table 3. Summary of Reliability Parameters:
Lap Plate Connections
Parameter Value
pM 1.05
PG 1.00
PP 1.03
Vi 0.063
Ve 0.050
Vp 0.039
0 0.70 0.75 0.80
B 5.1 4.6 4.1

measured-to-nominal values. The professional factor is the
mean test-to-predicted strength ratio for available test re-
sults, with the implied presumption that the tests are broadly
representative of cases encountered in practice.

The predicted block shear resistance of a steel connection
is a function of both the yield and ultimate strengths of the
material, and in both cases the mean strengths are generally
greater than the nominal values. For the material parameters
used in the reliability study, it is conservative to use the val-
ues for the static yield strength because the material factor
for yield strength is lower and the coefficient of variation
higher than those for the ultimate strength. For plates rang-
ing in thickness from 10 to 20 mm (0.4 to 0.8 in.), Schmidt
and Bartlett (2002) propose values of 1.07 and 0.054 for the
static yield strength material factor and associated coeffi-
cient of variation, respectively (values for thinner plates were
not reported). For the static yield strength of webs of rolled
W-shapes, they recommend values of the material factor and
coefficient of variation of 1.05 and 0.063, respectively. Thus,
because the two cases give similar material parameters, a
slightly conservative approach that can be considered gener-
ally suitable for this type of lap plate connection is to use
the values for the webs of rolled shapes, providing the lower
material factor and the higher coefficient of variation.

The parameters affecting the block shear geometry factor
are the material thickness and block perimeter. Block pe-
rimeter variability for these welded connections is likely in-
creased somewhat from that of bolted connections, because
it depends on both the fabricated size of the lap plates and
the weld dimensions. Insufficient data are currently avail-
able to determine the overall geometry factor and coefficient
of variation for welded lap plate connections. As such, val-
ues reported by Hardash and Bjorhovde (1984) for bolted
gusset plates are used: geometry factor equal to 1.00 and
coefficient of variation equal to 0.050. The proposed geom-
etry factor is believed to be conservative; for example, Zhao
and Hancock (1995) reported a value of 1.47 for the weld
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throat geometry factor in a similar reliability study indicat-
ing larger weld sizes than nominal (likely a combination of
leg size and face reinforcement). Data reported by Callele
et al. (2009) and others also reflect the tendency of welds to
be deposited slightly oversized. The variability of the weld
size as deposited may be somewhat greater than reflected in
the value of the coefficient of variation used, although the
weld leg size would constitute the smaller part of the total
block perimeter. The geometry factor is also lower and the
coefficient of variation higher than the values reported for
bolted connections by Franchuk et al. (2004) of 1.017 and
0.039, respectively.

The professional factor is the mean test-to-predicted ratio,
with the predicted values determined using measured mate-
rial and geometric properties. It thus acts as an indication
of the level of agreement between the design equation and
experimental results. As shown in Table 2, the mean test-
to-predicted ratio for the unified equation is 1.03, and the
coefficient of variation of these ratios is 0.039.

Using the parameters discussed previously, reliability in-
dices are determined for resistance factors of 0.70, 0.75 and
0.80 for comparison. For connections, the traditional target
reliability index is 4.5, although, increasingly, values falling
between 4.0 and 4.5 are being considered adequate. Reli-
ability indices of 5.1, 4.6 and 4.1 are obtained for resistance
factors of 0.70, 0.75 and 0.80, respectively. Considering the
larger-scale tests alone, the reliability indices are 4.8, 4.3 and
3.9, respectively. Based on the results of the reliability analy-
sis, the resistance factor of 0.75 that has been recommended
for bolted connections is also considered appropriate for use
with the unified equation for the design of concentrically
loaded welded lap plate connections. A summary of reliabil-
ity parameters is shown in Table 3.

SLOTTED HSS-TO-GUSSET
PLATE CONNECTIONS

Hollow structural sections (HSS) are commonly connect-
ed to gusset plates by cutting a slot into the end of the HSS
member, inserting the gusset plate and fillet welding, either
along the longitudinal edges only or all around, as shown in
Figure 6. These slotted HSS connections are ubiquitous in
HSS truss and bracing members. It is possible for this type of
connection to fail by block shear of the HSS member when
loaded in tension, as most recently reported by Martinez-
Saucedo and Packer (2009).

Comparisons to Welded Lap Plate Connections

Conceptually, a slotted HSS member welded to a gusset
plate is similar to the case of the welded lap plate con-
nections discussed earlier in that both involve concentric
loading resulting in the failure of a nominally rectangular
block of material defined by the weld toe perimeter on the



connecting element. It was reported based on experimental
programs completed by Zhao and Hancock (1995) and Zhao
et al. (1999) that block shear failure initiated at the ends of
the longitudinal welds farthest from the HSS end, suggest-
ing a failure process similar to that observed in the welded
lap plate connections. One notable difference between these
two cases, however, is the boundary conditions near the
planes of failure. That is, in slotted HSS connections, the
gusset plate is connected to a closed HSS section with return
walls. Additional significant differences between the two
cases include the material properties of HSS sections and
the removal of material for the slot from within the block
perimeter.

Previous Studies on Slotted HSS-to-Gusset
Plate Connections

Martinez-Saucedo and Packer (2009) examined the perfor-
mance of the unified equation for the block shear failure
mode in slotted HSS connections. They reported the results
of eight experimental tests—two that failed in block shear,
four that failed circumferentially and two that experienced
local buckling. This study, along with others before it, iden-
tified the limitations of applying existing design equations
(namely, Equations 1 and 2) for block shear to this case. Us-
ing the results of finite element analyses, Martinez-Saucedo
and Packer (2009) recommended the use of the unified
equation (Equation 3) with U; = 1.0 for cases where block
shear is the governing failure mode. A new design equation

Column (or Verticol_\

Truss Member)

to calculate net section capacity for the circumferential fail-
ure mode, accounting for shear lag, was also presented.

Research programs conducted by Zhao and Hancock
(1995), Korol (1996), Zhao et al. (1999), Wilkinson et al.
(2002), and Martinez-Saucedo et al. (2006) include tests of
a total of 88 HSS connections. Ling et al. (2007) performed
a study on existing test data, adding data of their own from
an experimental program on very high strength tubes with
a yield strength near 1400 MPa (203 ksi). They proposed
modifications to existing design equations, but did not con-
sider the unified equation, as is done later. Capacity predic-
tion of very high strength steel members is beyond the scope
of this paper.

The numerical study performed by Martinez-Saucedo
et al. (2006) examines the behavior of these connections;
however, it is not included in the reliability study discussed
later because of the lack of fabrication variability inherent to
finite element modeling.

Performance of AISC 2005 Equations

Table 4 shows test-to-predicted ratios comparing existing
and proposed design equations to the test results of Zhao and
Hancock (1995), Zhao et al. (1999), Wilkinson et al. (2002),
and Martinez-Saucedo et al. (2006). [The 11 test results
from Korol (1996) are not included in Table 4 or the subse-
quent reliability study because measured ultimate and yield
strengths were not available.] The predicted values used to
determine the ratios presented in the table are based on a

Slotted HSS
Connection

HSS Tension
Member

_%_

Beam (or Horizontal
N Truss Member)

V
SECTION A-—A

Fig. 6. Schematic of slotted HSS connection.
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Table 4. Test-to-Predicted Ratios for Slotted HSS Connections
Unified Equation? | Unified Equation? | Unified Equation®
Experimental Number| AISC 2005 Ue=1.0 Uy 125 Uy 125
Mean cov Mean cov Mean cov Mean cov

Zhao and Hancock (1995)

Weld type At 24 1.06 0.05 1.02 0.05 0.97 0.05 1.13 0.05

Weld type BT 24 1.13 0.08 1.10 0.07 1.06 0.07 1.06 0.07
Zhao et al. (1999)

Weld type AT 12 1.06 0.06 1.04 0.04 0.97 0.04 1.18 0.04

Weld type BT 12 1.12 0.07 1.09 0.06 1.05 0.06 1.05 0.06
Wilkinson et al. (2002)

Weld type BT | 3 1.06 0.04 1.01 0.03 0.98 0.03 0.98 0.03
Martinez-Saucedo et al. (2006)

Weld type At 1 0.89 — 0.89 — 0.85 — 0.97 —

Weld type BT 1 1.01 — 1.01 — 0.99 — 0.99 —
Combined Statistics 77

Mean 1.09 1.06 1.01 1.09

Coefficient of Variation 0.070 0.065 0.070 0.072

Maximum 1.31 1.26 1.22 1.29

Minimum 0.89 0.89 0.85 0.92
T Refer to Figure 2; @ Net tension area including slot width for type A; ? Net tension area excluding slot width

block that includes the weld leg dimension, and the mate-
rial properties used are those measured and reported by the
respective researchers. These studies included both type A
and type B specimens (i.e., welded all-around or longitudi-
nally only, as defined in Figure 2). For type B specimens,
the area subject to tension includes the weld leg dimensions
of the two longitudinal welds only, because of the presence
of the slot. The slot width is included as part of the tension
area for type A specimens, assuming that the weld material
effectively bridges the slot.

The design equations from AISC 2005 are again found
to generally underestimate connection capacity, as was the
case for lap plate connections. The mean test-to-predicted
ratio for all tests is 1.09, which is closer to unity than the
value of 1.20 obtained for the lap plate tests. As was sug-
gested earlier, underestimation of the tensile component of
the block capacity in welded connections appears to be the
main reason for the high test-to-predicted ratios. Because
typical slotted HSS connection geometry causes a decreased
portion of load to be carried on the tension face compared to
lap plate connections, the lower mean test-to-predicted ratio,
albeit with a value still greater than unity, is expected.
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Performance of the Unified Equation

Equivalent Stress Factor

Two equivalent stress factors for use in the unified equa-
tion (Equation 3) are considered: the recommendation of
U; = 1.0 by Martinez-Saucedo and Packer (2009) and the
recommendation made for lap plate connections of U; = 1.25
to account for the expected increased contribution of the ten-
sion face. Results in Table 4 show that while both versions of
the unified equation improve capacity predictions, U; = 1.25
achieves test-to-predicted ratios closer to unity with a simi-
lar coefficient of variation. This supports the intuitive simi-
larity between the cases of the slotted HSS and lap plate
connections. Therefore, for the design of slotted HSS con-
nections against block shear failure, the unified equation as
shown in Equation 3, with U; = 1.25, does appear appropri-
ate and is therefore considered in the following comparisons
and the reliability study discussed in the next section. How-
ever, because the contribution of the tension face is relatively
small for typical geometries, using a value of U; = 1.0 is
a reasonable and slightly more conservative alternative that
results in similar capacity predictions and level of safety.



Observing the results in Table 4, a consistent correlation
between test-to-predicted ratio and weld type is evident.
Type A specimens in each experimental program have a
lower mean test-to-predicted ratio than do type B speci-
mens, for all capacity equations considered. However, with
the exception of the single type A test of Martinez-Saucedo
et al. (2006), which is discussed later, ratios for both weld
types are found to be sufficiently close to unity when the
unified equation is used.

Figure 7a shows the relationship between test capacities
and capacity predictions using the unified equation with
U; = 1.25 for the block shear failures of slotted HSS con-
nections. Generally, the data plot very close to the diagonal
line that represents a test-to-predicted ratio of unity. The
result of the type A test of Martinez-Saucedo et al. (2006)
(test-to-predicted ratio of 0.85) is considered significant
because it represents one of only two large-scale test
results available. The other of these tests (type B) shows
excellent agreement with the unified equation capacity
prediction (test-to-predicted ratio of 0.99). These two test
specimens are similar in geometry and failure load, but
the capacity prediction for the type A test is significantly
greater because the area of the tension surface of the block
includes the width of the slot bridged by the weld metal.
This results in a significant overprediction of capacity in
this case.

However, using this same approach for the other 36 tests
considered, test-to-predicted ratios near, albeit slightly be-
low, 1.0 were achieved for type A specimens. Based on
these observations, it appears that depositing a type A weld
around the end of the gusset plate that completely and con-
sistently engages the full tension face of the block (i.e., with
no reduction for the slot) may not be readily achievable—a
situation that is clearly exacerbated if the slot is significantly
longer than the length of gusset plate inserted into the HSS.
Moreover, it is possible that engaging the full tension face of
the block is more difficult to achieve for large-scale connec-
tions than for smaller ones.

Until more large-scale tests similar to those conducted
by Martinez-Saucedo et al. (2006) are available, as a con-
servative approach it is considered prudent to exclude the
width of the slot (while still including the width of the fil-
let weld legs at the end of the longitudinal welds) when
calculating the net area in tension for both types A and
B connections. As indicated in Table 4, this increases the
test-to-predicted ratio using the unified equation for the
test in question from 0.85 to 0.97 and the ratio for all tests
from 1.01 to 1.09. This effect is shown graphically in Fig-
ure 7b. The fact that the mean test-to-predicted ratio for all
type A specimens increases to 1.16 indicates that entirely
neglecting the slot width is very conservative and could be
revisited when additional large-scale type A test data are
available.

Table 5. Summary of Reliability Parameters:
Slotted HSS Connections
Parameter Value

M 1.18

PG 1.00

pp 1.09

Vi 0.097

Ve 0.05

Vp 0.072
() 0.70 0.75 0.80
B 5.5 5.0 4.6

Reliability Study

A reliability study was completed to examine the perfor-
mance of the unified equation (with U; = 1.25) for predicting
the capacity of slotted HSS connections. The method used is
discussed in the section on lap plate connections.

Material parameters for the HSS members are taken
from Schmidt and Bartlett (2002). For ultimate strength,
recommended values of the material factor and associated
coefficient of variation are 1.18 and 0.063, respectively; for
yield strength, the recommended values are 1.35 and 0.097,
respectively. It is conservative to take the lower-bound ma-
terial factor and upper-bound coefficient of variation; thus,
values of 1.18 and 0.097 are selected.

The relevant geometric parameters for slotted HSS con-
nections are the HSS wall thickness and block perimeter. For
HSS thickness, Schmidt and Bartlett (2002) report values of
the geometry factor and associated coefficient of variation of
0.973 and 0.011, respectively. No statistics are currently avail-
able on appropriate geometric parameters that include the
variability of the block perimeter of slotted HSS connections.
As discussed in the section on lap plate connections, values of
1.00 and 0.05 are assumed to be appropriate—in the absence
of better statistical data—for the geometric parameters.

The professional factor is 1.09 (the mean test-to-predicted
ratio for the unified equation, excluding the slot width for
the determination of the net area in tension, as reported in
Table 4), and the associated coefficient of variation is 0.072.

Using these factors, reliability indices of 5.5, 5.0 and 4.6
are obtained for resistance factors of 0.70, 0.75 and 0.80,
respectively. Based on these results, the resistance factor
of 0.75 recommended for lap plate connections is also con-
sidered appropriate for design of slotted HSS connections.
The associated reliability index of 5.0 is considered suffi-
ciently high to account for the uncertainty in the selection
of geometric parameters. (Note that the reliability index ob-
tained by including the slot width in the predicted capacities
of type A specimens is 4.5.) A summary of all reliability
parameters is shown in Table 5.
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Fig. 7. Comparisons of design equations and experimental results for slotted HSS connections:
(a) including slot width in net area in tension; (b) excluding slot width from net area in tension.
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Table 6. Test-to-Predicted Ratios for Coped Beams with Welded Clip Angles
Including Web Buckling Tests Excluding Web Buckling Tests

AlSC Unified Equation AISC Unified Equation

2005 | U;=0.3 | Uy=0.7 | Uy=09 | 2005 | y;=0.3 | U;=0.7 | U;=0.9
Mean 1.02 1.38 1.08 0.98 1.07 1.40 1.12 1.02
Coefficient of variation 0.10 0.09 0.09 0.09 0.07 0.07 0.06 0.07
Maximum 1.18 1.60 1.23 1.11 1.18 1.55 1.22 1.11
Minimum 0.81 1.14 0.91 0.80 0.91 1.23 0.97 0.88

COPED BEAMS WITH WELDED
CLIP-ANGLE CONNECTION

Another common type of welded connection that can be
susceptible to block shear is that of a coped beam with a
clip-angle connection to its web, as depicted in Figure 8. An
important distinction between this case and those discussed
earlier is the eccentric loading condition on the block, result-
ing in stress concentrations that reduce connection capacity.

Previous Studies on Block Shear Capacity
of Coped Beams

The block shear behavior of coped beams with bolted con-
nections has been researched by Franchuk et al. (2003,
2004). The results of that study led to the recommendation
of the unified equation for design, with U; = 0.9 for one row
of bolts and U; = 0.3 for two rows. Yam et al. (2006a, 2006b)
and Wei et al. (2010) examined the case of coped beams
with welded double-clip-angle connections, including 22
physical tests and a parametric study using finite element
modeling. A total of 10 tests failed by block shear. Although
eight of the test beams exhibited local web buckling at fail-
ure, the researchers report that prior to this, a significant
“block shear type” deformation occurred in all cases, indi-
cating that the block shear capacity had been approached,
or perhaps even reached. As such, these test results are in-
cluded in this study. Results excluding the tests in which
web buckling occurred are also reported for comparison,
although it should be noted that all of the tests where web
buckling did not occur had small connection eccentricities,
making it impractical to assess the effect of eccentricity on
block shear capacity using only these data. One test failed in
the weld and three were not loaded to failure; these four tests
are not included in the following discussion.

Performance of Existing Capacity Equations

Table 6 shows test-to-predicted ratios comparing existing
and proposed design equations to the test results from Yam
etal. (2006a) and Wei et al. (2010). AISC 2005 does not state
whether Uy, should be taken as 1.0 or 0.5 in Equation 1 for
this case. Taking this connection to be similar to the case of

“single-row beam end connections,” as shown in the AISC
2005 Commentary, values shown in Table 4 assume a value
of 1.0 for Up,.

Based on experimental results and subsequent finite el-
ement analyses, Yam et al. (2006b) proposed the use of
Equation 1 from AISC 2005 with the inclusion of additional
factors on both the shear and tension terms that are func-
tions of the connection geometry and, in the case of the ten-
sion term, the ultimate strength of the material. These terms
were developed from their test results to obtain a mean test-
to-predicted ratio near unity and to minimize the coefficient
of variation. Although the equation proposed by Yam et al.
(2006b) achieves excellent agreement with their test results,
it is desirable to use a simpler approach that is consistent
with that used for other types of connections; thus, the per-
formance of the unified equation is examined in the fol-
lowing section. Furthermore, the previous research did not
perform a reliability study to quantify the statistical level of
safety achieved by the design equation.

Performance of the Unified Equation

Equivalent Stress Factor

The unified equation has been shown by Franchuk et al.
(2004) to provide good results for bolted connections in

Supporting /—Coped
/Beom /Beom

& |
alp! \ <
Clip—“/
Angle 74
—— — ’|>

Fig. 8. Schematic of coped beam with
a welded clip-angle connection.
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Table 7. Summary of Reliability Parameters: Coped Beams with Welded Clip Angles

Parameter Including Web Buckling Tests Excluding Web Buckling Tests

Ut 0.3 0.7 0.9 0.3 0.7 0.9

i 1.05 1.05

PG 1.00 1.00

pP 1.38 1.08 0.98 1.40 1.12 1.02

Vi 0.063 0.063

Vg 0.050 0.050

Vp 0.09 0.09 0.09 0.07 0.06 0.07

[0 0.75 0.75

B 6.0 4.4 3.7 6.5 4.9 4.2

coped beams using a U; value of 0.9 for one row of bolts
and 0.3 for two rows of bolts (consequently, these values
have been adopted into CSA-S16-09). Wei et al. (2010)
also calculate the predicted capacity of the specimens us-
ing the unified equation with these values of U;, although
they do not perform a reliability study to quantify the level
of safety achieved, nor do they include specimens where
web buckling occurs after significant block shear deforma-
tion. Considering the geometry of typical welded clip-angle
connections, it is expected that a value between these limits
would be appropriate to account for stress concentrations
and to provide accurate capacity predictions for these con-
nections. It was found that for the tests of Yam et al. (2006a)
and Wei et al. (2010), a test-to-predicted ratio of unity can
be achieved using the unified equation (Equation 3) with a
value of U; = 0.86 for all tests, or U; = 0.93 excluding tests
showing web buckling at failure; both of these results are
similar to the value proposed previously for single-row
bolted connections (0.9). It should be noted, however, that
connection geometries with greater eccentricities than those
accounted for in the limited available test data may require
a reduction of the U; value. The available test data include
tension face lengths between 60 mm (2.4 in.) and 110 mm
(4.3 in.). As expected, the two lowest test-to-predicted ratios
from all 18 tests correspond to two of the specimens with the
largest weld eccentricities.

Reliability Study

A reliability study was completed to examine the perfor-
mance of the unified equation for predicting the capacity
of coped beams with welded clip angle connections. Mate-
rial and geometric parameters are taken from the reliability
study on lap plate connections, due to the similarity in rel-
evant design parameters, and are shown in Table 7.

The extreme values of U; found appropriate in the unified
equation for bolted coped beam connections, 0.9 and 0.3,
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were examined for applicability to welded connections. The
reliability study is completed both including and excluding
the tests in which web buckling took place, because sig-
nificant block shear deformations were observed even when
web buckling occurred. As reported in Table 6, for U; = 0.9,
the coefficient of variation for all the tests is 0.09. This co-
efficient of variation is significantly higher than those ob-
served for the other types of connections considered in this
study, resulting in a lower reliability index, 3. While neglect-
ing the tests where web buckling was present improves this
value, the mean test-to-predicted ratios for the two cases are
similar for all values of U; considered, which suggests that
the block shear capacity of these specimens was effectively
reached prior to buckling. For U; = 0.3, the professional fac-
tor for both groups is 1.4; this is clearly a gross underpredic-
tion of capacity. In order to achieve an acceptable value of 3
with a resistance factor, ¢, of 0.75 (the value used for bolted
connections and the welded connections discussed above),
an intermediate value of U; = (0.7 was also considered.

A summary of all reliability parameters is shown in Ta-
ble 7 for both groups of test specimens. For a resistance fac-
tor of 0.75, and considering all of the test results, reliability
indices of 6.0, 4.4 and 3.7 are obtained using U; values of
0.3, 0.7 and 0.9, respectively, with the unified equation. The
reliability index obtained for U; = 0.9 is well below the target
value—even though it is associated with a professional factor
near unity—due to the relatively large scatter in the experi-
mental results. An acceptable reliability index is achieved
for U; = 0.7, which generally provides conservative capacity
estimates. Based on the limited test data available, a U, val-
ue of 0.7 is currently recommended for use with the unified
equation for predicting the block shear capacity of coped
beams with welded clip-angle connections, with a resistance
factor of 0.75. However, given that the only available test
results where web buckling was not observed are from con-
nections with small eccentricities, and because considering



only these tests leads to a conclusion that U; = 0.9 provides
an adequate level of safety, further testing may reveal that a
value of U; = 0.9 for very small eccentricities that decreases
with increasing eccentricity iS most appropriate—an ap-
proach that is currently used with the unified equation for
bolted coped beam connections.

SUMMARY AND CONCLUSIONS

The results of an experimental study on the block shear be-
havior of welded lap plate connections are presented and
discussed. When compared to experimental results, the
block shear equations in AISC 2005 are found to be exces-
sively conservative when applied to welded connections.
The unified equation (Equation 3), with an equivalent stress
factor U; = 1.25, is recommended for the prediction of the
block shear capacity of concentrically loaded welded lap
plate connections. A resistance factor of 0.75 is shown to be
appropriate.

The application of the unified equation to welded slotted
HSS connections is also examined. Based on results from
experimental programs by Zhao and Hancock (1995), Zhao
et al. (1999), Wilkinson et al. (2002) and Martinez-Saucedo
et al. (2006), the unified equation (Equation 3) with an
equivalent stress factor of U; = 1.25 and a resistance factor
of 0.75 is again shown to be appropriate for the prediction
of the block shear capacity. As a slightly more conserva-
tive alternative, a value of U; = 1.0 [proposed by Martinez-
Saucedo and Packer (2009)] provides similar results due to
the relatively small influence of the tension surface on the
overall block shear capacity for typical geometries. It is rec-
ommended that the area of steel removed from the tension
plane by the slot be excluded in the determination of the net
area in tension for both type A and B connections.

The performance of the unified equation for the case of
coped beams with a welded clip-angle connected to the beam
web is also considered, using experimental data reported by
Yam et al. (2006a) and Wei et al. (2010). Although the use
of the unified equation with an equivalent stress factor of
U; = 0.9 gives test-to-predicted ratios close to unity, a reli-
ability study has revealed that due to the large scatter in the
test data, this value provides an inadequate level of safety
over the range of connection eccentricities studied. Conse-
quently, until further test results are available, an equivalent
stress factor of U, = 0.7 is considered appropriate for design,
with a resistance factor of 0.75.
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A Yield Line Component Method
for Bolted Flange Connections

BO DOWSWELL

ABSTRACT

Bolted connections are often used in steel structures to transfer of tension loads into wide flange members. The strength of these connections
is determined with a prying action design procedure (outlined in the 13th edition AISC Steel Construction Manual) that checks the limit states
of bolt tension rupture and bending of the flange. This procedure is valid only for fittings with limited bolt spacing and limited edge distance.
This paper discusses a method to determine the local flange bending strength of a wide flange member using the yield line method. The
proposed design method includes the effect of prying action on the bolts, and can be applied to many different connection configurations,
including connections with large bolt spacing and edge distances and connections with web stiffeners. Comparisons with test data from 10
independent research projects will be used to verify the accuracy of the proposed method.

Keywords: bolted tension connections, hangers, prying action.

Many bolted connections in steel structures rely on the
transfer of tension loads into wide flange members
as shown in Figure 1. The strength of these connections is
determined with the prying action design procedure in the
Steel Construction Manual (AISC, 2005a), hereafter re-
ferred to as the Manual, which checks the limit states of bolt
tension rupture and bending of the flange. The procedure in
the Manual is valid only for fittings with limited bolt spac-
ing and edge distance such as clip angles at the end of a
beam.

The Manual does not provide guidance on how to de-
termine the equivalent length of fittings with large edge
distances and bolt spacings. In practice, conservative as-
sumptions are often made. It is commonly assumed that the
tributary length per bolt is twice the distance from the center
of the bolt to the face of the supporting web. This method
is slightly conservative for calculating the elastic stress for
wide cantilever beams loaded at the free end (Young, 1989);
however, it is extremely conservative for calculating the
strength of flanges in bending.

In other cases, unconservative assumptions are some-
times made, where web stiffeners are provided to prevent
flange bending, and the stiffened flange is assumed ade-
quate to carry the applied loads with no further calculations.

Bo Dowswell, P.E., Ph.D., Principal, SDS Resources, Birmingham, AL. E-mail:
bo@sdsresources.com

However, tests have shown that flange bending is a common
failure mode for connections with web stiffeners (Packer
and Morris, 1977; Garrett, 1977, Ghassemieh et al., 1983;
Moore and Sims, 1986; Zoetemeijer, 1981).

This paper will discuss a method to determine the local
flange bending strength of a wide flange member using the
yield line method. The proposed design method includes the
effect of prying action on the bolts and can be applied to
many different connection configurations, including con-
nections with large spacings and edge distances and connec-
tions with web stiffeners. Comparisons with test data from
10 independent research projects will be used to verify the
accuracy of the proposed method.

Fig. 1. Bolted hanger connection.
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BACKGROUND

Prying Action

When bolts are loaded in tension, deformation of the con-
nected parts will cause an increase in bolt tension. This ad-
ditional bolt tension is the prying force, ¢, shown in Figure 2.
Designing for prying action involves checking the limit
states of bending of the fitting and tension rupture of the
bolts. The two limit states are interdependent—for a given
load, an increase in flange thickness leads to a lower prying
force on the bolt.

The moment diagram of half of the flange is shown in
Figure 2. The moment at the face of the web is always
equal to the plastic capacity of the fitting, but the moment
at the bolt line can be reduced if required to limit the pry-
ing force on the bolt. This behavior is accounted for in the
design method in the Manual. The background for the de-
sign method is provided by Astaneh (1985), Thornton (1985)
and Kulak et al. (1987). To calculate the available tensile
strength when the connection geometry is known, Equation
1 is applicable:
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Fig. 2. Model for prying action design method.
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b = b—d—h
2

a’ a+d—b < 1.25b+d—b
2 2

B = available tensile strength per bolt, kips

a = distance from the bolt centerline to the edge of the
fitting, in.

b = distance from bolt centerline to the face of the web,
in.

dp = bolt diameter, in.
d’ = width of the hole along the length of the fitting, in.
F,, = specified minimum tensile strength of connecting
element, ksi
= tributary length of fitting per bolt, in.
t = thickness of the fitting, in.

The Yield Line Method

The yield line method was developed by Hognestad (1953)
and Johansen (1962) to determine the ultimate strength of
concrete slabs. It is an upper-bound solution based on the
principle of virtual work. One form of the upper-bound the-
orem of limit analysis states that a load calculated based on
an assumed mechanism will be greater than or equal to the
true limit load.

The yield line method requires the failure pattern to be
known prior to calculation of the collapse load. Many pat-
terns may be valid for a particular joint configuration. Be-
cause the collapse load is upper bound, the pattern that gives
the lowest load will provide results closest to the true failure
load. Therefore, selection of the proper yield line pattern is
important because an incorrect failure pattern will produce
unsafe results.

The collapse load is calculated assuming that a plastic
mechanism forms along each line of the chosen failure pat-
tern. To maintain equilibrium, the external work done by
the load moving through the virtual displacement, 9, must
equal the strain energy due to the plastic moment rotating
through virtual rotations, 6;. The virtual rotations are as-
sumed small, so 0; = tan(0;) = sin(0;). The influence of strain
hardening and membrane effects are not accounted for in
yield line analysis; therefore, there is potentially a large re-
serve capacity beyond the calculated collapse load.

Some yield line patterns will produce an equation for the
load in terms of known geometry, but most cases will require
any unknown dimensions to be determined by minimizing
the load with respect to the unknown dimension. To do this,
the load is differentiated with respect to the unknown di-
mension and set equal to zero. From this, an equation for the
unknown dimension can be determined and substituted into
the equation for the load.

The general procedure for deriving an equation based on
yield line analysis is as follows:



* Select a valid yield line pattern.

* Determine the equation that describes the external
work done by the load moving through the virtual
displacement.

WE=P3 @)

where
P = applied load
§ = virtual displacement

* Determine the equation that describes the internal work
done by the rotations along the yield lines,

Wr=>M piei 3)
where
Mp; = plastic moment capacity of yield line
= mplL;
0; = virtual rotation of yield line i
mp = plastic moment capacity per unit length of the
fitting
= Fyt?/4

L; = length of yield line i

* Set the external work equal to the internal work and
solve for the load. If required, minimize the load with
respect to unknown dimensions.

Traditionally, the prying action equations have been
derived using equilibrium methods (Kulak et al., 1987), but
the equations can also be derived using energy methods. To
show the similarity between the design method for prying
action and the yield line equations for flange bending, the
Manual equation for the required fitting thickness will be
derived for the case of an infinitely strong bolt. This exercise
will also show the validity of the yield line method for this
simple case.

Considering only one side of the connection in Figure 3,
the external work is

Wg=Td @)
The internal work is
Wi=0my(Li + L) ®)
where
Ly = length of yield line 1

tributary length per bolt, p
Ly = length of yield line 2
net tributary length per bolt, p—d’

Substitute L = p and Ly = p — d’ into Equation 5 to get

Wi =6m,2p—d’) ©)

For small angles, 6 = &/b'
) ,
Wi =my (2p=d) ()

Substitute m, = Fyt*/4

ESFyt2
Wy =———2p-d’ 8
1= (2p-d’) ®)

Set internal work equal to external work and solve for 7,

2

_ Fyt
av’

T, (2p-d) ©)

The available LRFD strength is

F,t’
oT, = ¢42 e— (10)

Rearrange Equation 10 and solve for the thickness of the

fitting
[ any
tmin = |———~ 11
min (I)Fy (Zp—d/) ( )

Substitute ¢ = 0.90 into Equation 11

4.44Tp’
bin = |20 (12)
Fy(2p-d

( )
@
@j

2T
M MP o
& =
SRR
T+q T+q
bl

Fig. 3. Yield line model for prying equation.
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The LRFD version of the prying equation (on page 9-11 of
the Manual) is

4 44TD"
tmin = |————— 13
i pF, (1+80) (13)

Although the Manual procedure uses the ultimate tensile
strength, F),, for prying calculations, which was first sug-
gested by Douty and McGuire (1965) and more recently by
Thornton (1992), yield line analysis has traditionally utilized
the yield strength, F. For comparison with the yield line
derivation, Fy will be used here. Replacing F,, with Fy in
Equation 13, substituting o’ = 1.0 for infinitely strong bolts
and substituting & = 1 — d’/p, Equation 12 is obtained.

EXISTING SOLUTIONS

Yield line theory has been presented as a design method for
bolted connections in several publications, and many dif-
ferent yield line patterns have been proposed. A component
method, similar to the design method proposed in this pa-
per, is currently used in Europe (SCI, 1995; CEN, 2005) to
determine the column flange bending strength and the plate
bending strength in moment end plate connections.

Zoetemeijer (1974)

The equivalent length concept was first discussed by
Zoetemeijer (1974), who used a simplified solution to the
yield line pattern in Figure 4 to get an equivalent tributary
length per bolt of

Sa p
=2b+—+— (14)
Pe 3 2
where
p = spacing between bolts

[
o
NN pt
\\l4 r\/ﬁ
\ !
¥l e
([
[T a
ol
I A
TN L
1Y
1, Q
a

Fig. 4. Yield line pattern from Zoetemeijer (1974).

96 / ENGINEERING JOURNAL / SECOND QUARTER / 2011

Dranger (1977)

The yield line pattern in Figure 5 was solved by Dranger
(1977), who determined the strength as a function of the un-
known dimension x:

P =F2[2+5 15

X

Dimension x was then determined by minimizing the load:

x=A/bc (16)

If x from Equation 16 is substituted into Equation 15, the

nominal strength is
B, =2F,” \/% (17

Mann and Morris (1979)

where
c=a+b

Mann and Morris (1979) presented a yield line pattern
with circular corners as shown in Figure 6. The nominal
strength is

(18)

2a+p-d
Pn=Fyt2(7t+—a p dJ

b

Equation 18 defines the total connection strength, which
is twice the strength of each independent yield line pattern
forming on both sides of the column web. Mann and Morris
also suggested an equation similar to Dranger’s (1977) for
stiffened connections; however, no guidance was given on
how close the stiffener has to be to the bolt for that equation

to apply.

Fig. 5. Yield line pattern from Dranger (1977).



Zoetemeijer (1981)

Zoetemeijer (1981) presented a circular yield line pattern as
shown in Figure 7, which he described as a punching fail-
ure. For this pull-through mechanism, the prying force is
theoretically zero. The yield line solution predicts a nominal
strength of

P, =TFt’ (19)

Thornton and Kane (1999) and Muir and Thornton
2006)

Thornton and Kane (1999) and Muir and Thornton (2006)
published the following equation, which provides the aver-
age equivalent length per bolt:

p(n—1)+mb+2a
n (20)

Pe =

where
n = number of bolt rows

The equation can be derived by dividing the total equiva-
lent length of the bolt group, based on the yield line pattern
of Mann and Morris (1979), by the total number of bolts in
the joint. The equivalent length is then used with the pry-
ing action procedure in the Manual. This equation accounts
for the prying effect on the bolts; however, the fact that the
outermost bolts take significantly more of the load than the
inner bolts is neglected.

EXPERIMENTAL RESEARCH

Ten independent research projects were located with ex-
perimental results on bolted tension connections. From

-l
L ,!//i]: fh\!,__ <
i :' ': ! a
oy
sshiize
S II\//I o
1|1
il
b 1ji] a

Fig. 6. Yield line pattern from Mann and Morris (1979).

these tests, four connection types were identified, based
on the edge distance and stiffener configuration. These are
presented in Table 1. The specimen details are shown in
Table Al of Appendix A.

The generalized experimental load-deflection curve is bi-
linear with a nonlinear transition point as shown in Figure 8.
There are four points of interest on the curve:

1. The proportional limit, where the curve transitions
from linear to nonlinear. The load at this deformation
may be of interest as a serviceability limit for connec-
tions that can allow only very small deformations. The
deformation at this point is 81,, and the load is Pp,.

2. The point where the curve transitions from nonlinear
to linear at the second linear part of the curve. Loads
increased beyond this point are accompanied by large
deformations. The deformation at this point is &y, and
the load is Ps.

3. The point of Y4-in. deformation. This is proposed here
as the serviceability limit. The deformation at this
point, & is V4 in., and the load is P.

b |

Fig. 7. Circular yield line pattern from Zoetemeijer (1981).

Load
0

01 hemmmmem—m———m— e ———————

Deformation (in.)

Fig. 8. General load versus deformation curve.
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Table 1. Geometry of Experimental Specimens
Specimen Geometry References
Type 1
——
Garrett (1977)
< _l tw Grogan and Surtees (1999)
J_* Hendrick and Murray (1983)
I ) Moore and Sims (1986)
* Packer and Morris (1977)
Pynnonen and Granstrom (1986)
p a b Tawaga and Gurel (2005)
— Zoetemeijer (1974)
— g -—
Type 2
< < -t
- Packer and Morris (1977)
- - —x , Garrett (1977)
Moore and Sims (1986)
Zoetemeijer (1981)
P a b
L9
Type 3
< < -
-
1 1 Garrett (1977)
) a b
Type 4
——
—] tw
—
(-
Ghassemieh et al. (1983)
le a b
P 9
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4. The ultimate strength. This is a point of interest for
structural integrity and ultimate strength calculations.
The deformation at this point is 8, and the load is P,,.

Table A2 in Appendix A contains all of the loads described
for each specimen, where they were reported in the refer-
enced document. Many of the listed values are approximate
because they were read from graphs of the test data. The
experimental failure modes are also listed in Table A2. Most
of the specimens with two failure modes listed had the ulti-
mate strength limited by bolt rupture, but only after a large
deformation due to flange bending.

For the specimens with thick flanges, the bolts failed be-
fore the nonlinear part of the load-deformation curve was
reached. For these specimens, the bolt elongation contrib-
uted significantly to the total deformation.

For the specimens with thin flanges, the deformation at
ultimate strength was as much as 2 in. Under large deforma-
tions, the load-transfer mechanism changes from bending to
tension, which results in a tension load with a component
perpendicular to the axis of the bolt. This component is re-
sisted by the bolts in shear. Many of these tests resulted in
bolt fracture due to the applied tension combined with shear,
which was caused by large-deformation membrane action of
the fitting.

DEVELOPMENT OF PROPOSED
DESIGN METHOD

The purpose of this paper is to formulate a simple, accurate
and versatile method to design bolted flange connections. To
do this, the theoretical and experimental information pre-
sented by previous researchers will be analyzed.

The yield line solutions of Zoetemeijer (1974), Dranger
(1977), and Mann and Morris (1979) provide accurate results
for thin fittings where the limit state of bolt rupture is not
applicable. However, where thick flanges dictate that bolt
rupture is the controlling limit state, the yield line solutions
do not provide a method to calculate the prying force on
the bolt.

The method proposed by Thornton and Kane (1999) and
Muir and Thornton (2006) explicitly accounts for the prying
forces on the bolts; however, an equal amount of axial load is
assigned to each bolt. In reality, the outermost bolts will be
more highly stressed than the inner bolts, which could lead
to an unzipping action.

In this paper, a more refined solution has been developed,
where the forces are distributed according to the equivalent
length tributary to each bolt and the strength of each bolt is
evaluated independently. The equivalent tributary length is
calculated using existing yield line solutions.

The Component Method

Many different bolted flange configurations can be analyzed
by the yield line method; however, it would be cumbersome
for engineers to deal with a separate yield line pattern for
each different configuration. To simplify the design process,
the component method can be used, where single-bolt (lo-
cal) yield line patterns are assembled into a larger (global)
pattern for the entire bolt group. To do this, the engineer
simply selects a local pattern that is identical to each part
of the global pattern. The strength of each local pattern is
calculated and summed to get the total strength of the global
pattern.

In many cases, the local pattern will not be symmetrical
about the center of the bolt, and half-patterns can be used.
The strength of a half-pattern is simply half of the strength
of the whole pattern.

Stiffened Connections

If a flange is not adequate to carry the applied load, stiffen-
ers can be used to reinforce the joint as shown in Figure 9.
For stiffeners to be effective, they must be close enough to
the bolt to alter the yield line pattern. Using Dranger’s (1977)
yield line pattern, the stiffeners are effective if

Xy <X @D

where
xs = distance from the center of the bolt to the edge of
the stiffener
x = b

Then, the strength can be determined by substituting x; for
x in Equation 15:

X C
Py =Ry [ B *‘] 22)

s

~__I'Stiffener

Xy
N l
X

L]

_-Stiffener

Fig. 9. Yield line pattern for a stiffened flange in bending.
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Equivalent Tributary Length Concept

The nominal strength from a given yield line pattern will
be equal to that of a straight yield line of length, p. Using
Equation 9 with d"=0 and b’ = b, the nominal strength for a
straight yield line is

2b (23)

To determine the equivalent tributary length of fitting, the
nominal strength of a given yield line solution will be set
equal to Equation 23 and solved for p. For the Dranger
(1977) pattern in Figure 5, the equivalent length is

Pd = 4\/% (24)

For single-bolt connections, the equivalent tributary length
for the yield line solution of Mann and Morris (1979), shown
in Figure 6, is

pm =Tb+2a (25)

The equivalent tributary length For Zoetemeijer’s (1981) cir-
cular pattern in Figure 7 is

Pc = 2nh (26)

For the stiffened pattern in Figure 9, the equivalent tributary

length is
Ds = Z(xs +2]
-xS (27)

For single-bolt connections, the yield line solution of
Zoetemeijer (1974), given by Equation 14, reduces to

Pz = 4b+1.25a (28)

Selection of Proper Yield Line Solution

Because the yield line method is an upper-bound approach,
the pattern that gives the lowest load will provide results
closest to the true failure load. The normalized equivalent
lengths, p./c, from the yield line solutions of Zoetemeijer
(1974, 1981), Dranger (1977), and Mann and Morris (1979)
are plotted against b/a in Figure 10. It can be seen that the
Mann and Morris (1979) solution results in the minimum
equivalent length for connections with high values of b/a,
and the Zoetemeijer (1981) solution produces the minimum
equivalent length only for connections with very low values
of bla.
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To simplify the design process, it is advantageous to use
only one of the available yield line patterns. Analysis of the
experimental deformations indicate that the yield line pat-
tern developed by Zoetemeijer (1974), shown in Figure 4,
is closest to the actual failure pattern. However, the skewed
yield lines are awkward to deal with if stiffeners are present,
and for most practical b/a ratios, the difference in strength of
the various yield line patterns is small.

The circular yield line pattern presented by Zoetemeijer
(1981) will control the design of fittings with large edge
distances, a. However, if a limit is placed on the b/a ratio,
this yield line pattern will never control the design. The
Zoetemeijer solution is equal to the Dranger (1977) solution
at bla = 0.68; therefore, if a is limited to 1.47b for design
purposes, Zoetemeijer’s solution will never control. As a
slightly conservative (about 5%) limit, the prying action de-
sign procedure in the Manual (AISC, 2005a) can be used,
which limits a to a maximum of 1.25b.

When comparing the Dranger (1977) pattern to the Mann
and Morris (1979) pattern for stiffened flanges, the Dranger
pattern more accurately predicts the increase in strength
based on the distance from the bolt to the stiffener. This can
be verified by reviewing the projects that tested specimens
that were identical except for the addition of a stiffener: Pack-
er and Morris’s (1977) specimens T6, T7 and T8; Moore and
Sims’s (1986) specimen T7. For these four specimens, the
Mann and Morris model predicted no increase in strength
due to the stiffeners; however, the average experimental load
increased by 32% compared to identical specimens with no
stiffeners. The Dranger model predicted a 37% increase due
to the stiffeners.

Due to the simplicity and the more accurate prediction of
the strength when stiffeners are present, the Dranger (1977)
yield line pattern is proposed here. A plot of p,,in/pa versus
bla is shown in Figure 11, where py is the tributary length

5.0 -
40 | e
o 3.0 -
“0
e 20 - % — -Zoetemeijer (1974)
‘ ——Dranger (1977)
1.0 1 — « Mann and Morris (1979)
--=-Zoetemeijer (1981)
0.0 T T T 1 T 1
0.0 05 1.0 15 2.0 25 3.0
bla

Fig. 10. Comparison of different yield line patterns.



for the Dranger yield line pattern and p,,;, is the minimum
tributary length for the yield line patterns of Zoetemeijer
(1974), Dranger (1977), and Mann and Morris (1979). It is
seen that the Dranger solution is unconservative. However,
for most practical b/a ratios, the difference can be neglected
because the beneficial effects of strain hardening and mem-
brane action are not accounted for. Figure 11 also shows the
curve-fit equation, which can be used as a reduction factor
in design if the engineer wants to explicitly account for the
difference among the three different solutions. The curve fit
for the reduction factor is

Cr= 1.0 - 0.11(b/a) + 0.019(b/a)* (29)

The coefficient of determination, RZ, is 0.99, indicating a
very good fit. If the equivalent tributary length has been cal-
culated using Dranger’s solution, the minimum of the three
solutions can be approximated as

P'min=pd Cr (30)
where
P’min = approximate minimum equivalent tributary
length per bolt
pd = equivalent tributary length per bolt calculated
according to the yield line pattern, developed
by Dranger (1977)

Joints with Bolt Rupture as the Controlling Limit State

In joints where the equivalent tributary length at one bolt is
larger than the remaining bolts in the joint, the bolt forces
will not be distributed equally. When bolt rupture is the con-
trolling limit state, the design procedure must account for
this. The component method accounts for the nonequal dis-
tribution of bolt forces by assigning the loads in proportion
to the tributary length at each bolt.

1.00 ——Max. Difference
— =Curve Fit
0.95 -
Ppin/ Pg 0.90
0.85
0.80 : T y
0.00 1.00 2.00 3.00

b/a

Fig. 11. Comparison of Dranger (1977) yield line
solution to the minimum of the Zoetemeijer (1974)
and Mann and Morris (1979) solutions.

When bolt rupture controls the design, an additional com-
plication arises because deformation compatibility must be
maintained for all bolts in the joint. Under normal condi-
tions, when one of the bolts within the joint ruptures, it is
unlikely that the full yield line pattern has formed due to the
limited deformation. The local yield line pattern tributary to
the adjacent bolt will also be limited to the deformation at
bolt rupture. Because the internal energy at the yield lines is
proportional to the displacement, deformation compatibility
of the adjacent yield lines can be upheld by reducing the
strength in proportion to the deformation ratio, 6,/0.

o ta a1
o Ty=1
where
Oy = deformation at bolt rupture
) = deformation at full yield line strength assuming
infinitely strong bolts
T, = strength of the fitting at bolt rupture (calculated

using Equation 1)

To=1 = strength of the fitting assuming a full yield line
pattern forms without bolt rupture (calculated
using Equation 1 with o = 1)

Using 8, as the deformation limit for the entire joint, the
total strength of the joint as controlled by the critical bolt is

T 2P,;
P, =T, |1+ £r S | (32)
Tcr(oc’= D Pe(max)
where

T, = strength of the fitting at the critical bolt (the
bolt with the largest equivalent tributary
length within the joint) (calculated using
Equation 1)

Teror=1) = strength of the fitting at the critical bolt as-
suming a full yield line pattern forms without
bolt rupture (calculated using Equation 1 with
o' =1

XP,; = summation of the equivalent tributary lengths

for all local yield line patterns within the joint

largest equivalent tributary length for all bolts
within the joint

P e(max) =

Equation 32 provides a convenient way to deal with the de-
formation compatibility of the joint; however, when com-
pared to the test results of Ghassemieh et al. (1983), the
calculated strengths are very conservative. The conserva-
tism is due to the fact that the equation only accounts for the
flexural deformation of the fitting and neglects other defor-
mations within the joint, such as bolt elongation and shear
deformation of the fitting. As discussed in the section on
experimental research, bolt elongation can be a large portion
of the total joint deformation.
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Due to the conservatism associated with Equation 32, it is
proposed that the strength of each bolt be evaluated indepen-
dently. Then, the total strength of the joint can be calculated
by summing the local capacities for the entire bolt group.
To account for the prying force on the bolt, the equivalent
tributary length, p,, is used in the prying action procedure
in the Manual in lieu of the tributary length, p. This proce-
dure provides nominal strengths that compare well with the
experimental loads, as discussed in the Experimental Vali-
dation section.

Large Bolt Spacings

If the distance between bolts, p, is greater than the equiv-
alent tributary length from Equation 24, two independent
yield lines will form for each bolt as shown in Figure 12a.
Figure 12b shows the same bolt pattern with a small bolt
spacing, where half-patterns form at each end and a straight
pattern forms between the bolts. Figure 13 shows a plot of
the equivalent length per bolt versus spacing between bolts.
The transition point between the two yield line patterns is at
a bolt spacing of 4/be.

A similar problem occurs when a bolt is near the end of a
member. If the edge distance from the bolt to the end of the
member, /,, is less than 2@ , a straight yield line will form
between the bolt and the end of the member.

PROPOSED DESIGN METHOD
The proposed design method consists of the following steps:

1. Select a valid yield line pattern local to each bolt in the

>
>
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;
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(a) (b)

Fig. 12. Effect of bolt spacing on the yield line
pattern: (a) large bolt spacing; (b) small bolt spacing.
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group. If the yield line pattern is not symmetrical, two
half-patterns should be selected.

2. Calculate the strength of each bolt and fitting using
the prying action procedure in the Manual (AISC,
2005a), replacing p with p,; F'y should be used in lieu
of F, unless large deformations are acceptable.

3. Repeat for all bolts in the bolt group.

4. Sum the individual strengths to get the total strength
of the bolt group.

The equivalent tributary length for the yield line pattern in
Figure 5 is

De = 4be (33)

Where stiffeners are present, the equivalent length for the
pattern in Figure 9 is

pe:2[%s+£é]ifxs< be (34a)
Xs
pe =be it x; >be (34b)

Straight yield lines will be part of the yield line pattern when
the bolt spacing is less than 4+/bc or the edge distance is less
than 2+/bc. The equivalent tributary length per bolt is half
the distance between two bolts, p/2, or the distance from the
bolt to the end of the member, /..

In the calculations for the equivalent tributary length, the
limit @ < 1.25b should be used. For connections subjected to
combined tension and shear, the bolt tension strength should
be reduced to account for the presence of shear.

As shown in the next section, serviceability design of

Efective Length Per Bolt, p,

0 4Jbc
Spacing Between Bolts, p

Fig. 13. Equivalent length per bolt versus spacing between bolts.



Table 2. Summary of Calculation Results
Using Fy Using Fy,
Fe L By Ll P L Pu L
Pny Py Py Pry Pru Pru Phu Pru
1] [2] [3] [4] [5] [6] [71 [8l [9]
Number of specimens 43 30 23 52 14 11 8 12
Average 0.675 0.932 1.12 1.61 0.490 0.685 0.763 1.13
Standard deviation 0.173 0.184 0.262 0.378 0.157 0.148 0.170 0.269
o - -
95% confidence interval | ;553 | g ge5 | 1.01 151 | 0407 | 0597 | 0646 | 0976
(low value)
o - -
99% confidence interval || 507 | 0g45 | 0076 | 148 | 0381 | 0570 | 0609 | 0.929
(low value)
connections that can allow only very small deformations ¢ 2 ,
should be based on 60% of the nominal load calculated us- T. =1 t_ (1 +do ) <n 35)
ing F, with the proposed design method. However, for most ¢
standard connections, a reduction for stiffness is not re- -
quired because a “4-in. deformation allowance is not uncom- te = b (36a)
mon in determining the nominal strength of connections for peFy
various limit states. For example, in the AISC Specification
for Structural Steel Buildings (AISC, 2005b), the nominal 4nb’
strength for bearing strength at bolt holes is based on a de- le = (36b)
. .. . . . . . PekFu
formation limit of Y in., with an increase in the nominal
strength available if more deformation is allowed. where

EXPERIMENTAL VALIDATION

The proposed design method was compared to the results of
59 tests from 10 independent research projects. The experi-
mental results are shown in Table A2 of Appendix A. Table
A3 in Appendix A shows the calculated nominal strengths
and predicted failure modes for all of the specimens. Table
A3 also shows the test-to-calculated ratios for each available
data point on the experimental curves.

The procedure outlined in the proposed design method
was used to calculate the nominal strength of each specimen
using the actual yield strengths and the ultimate strengths
reported in the referenced documents. Several of the refer-
enced documents reported the yield strength of the tested
material, but omitted the ultimate strength; therefore, there
were fewer experimental data points to compare with the
ultimate strength calculations.

For each specimen, the nominal strength at each local
yield line pattern was calculated using Equation 35, with the
nominal value of ¢, calculated without the resistance factor,
as expressed in Equations 36a and 36b for the yield and ulti-
mate strength solutions, respectively.

r; = strength of tested bolt in tension

Then, the individual strengths of all local yield line patterns
within the joint were summed to get the total strength of the
joint.

The statistical results are summarized in Table 2, which
provides the number of specimens with adequate data to be
included in the results, the average, the standard deviation
and the low values for the 95% and 99% confidence inter-
vals. Note that Py, Ps, Py, and P, are defined in the section
on Experimental Research, and P,y and Py, are the nomi-
nal loads calculated with the yield strength and ultimate
strength of the fitting, respectively.

The results show that the load at '4-in. deformation, P,
can be accurately predicted using F'y with the proposed de-
sign method. From column 4 in Table 2, the average test-to-
predicted ratio for the 23 specimens is 1.12, and the standard
deviation is 0.262. The low values for the 95% and 99% con-
fidence intervals are 1.01 and 0.976, respectively.

The ultimate loads can be accurately predicted using F,
with the proposed design method. However, the deforma-
tions at ultimate strength can be very large—Table A2 in
Appendix 2 shows experimental deformations greater than
1 in. for several specimens at the maximum test load. From
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column 9 in Table 2, the average test-to-predicted ratio for
the 12 specimens is 1.13, and the standard deviation is 0.269.
The low values for the 95% and 99% confidence intervals
are 0.976 and 0.929, respectively.

A comparison of columns 4 and 2 of Table 2 indicates that
the load at the proportional limit is about 60% of the load
at Y%-in. deformation. Based on this, serviceability design
of connections that can allow only very small deformations
may be based on 60% of the nominal load calculated using
Fy with the proposed design method.

EXAMPLES

Example 1

Determine the equivalent tributary length for each bolt in
Figure 14.

For bolt 1: The equivalent length is half of the equivalent
length from Equation 33 plus half of the distance between
bolts 1 and 2.

De = 2be + %
For bolt 2: The equivalent length is half of the distance be-

tween bolts 1 and 2 plus half of the distance between bolts
2 and 3.

g = — +——

2 2

_ P " P23

For bolt 3: The equivalent length is half of the equivalent
length from Equation 33 plus half of the distance between
bolts 2 and 3.

Pe =2\/E+p%

—

2 P,

3 Py

| a

5

Fig. 14. Example 1.
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Example 2

Determine the equivalent tributary length for each bolt in
Figure 15.

For bolt 1: Assume [, < 2/bc. The equivalent length is the
distance from bolt 1 to the end of the member plus half of the
distance between bolts 1 and 2.

Pe =le+§

For bolt 2: The equivalent length is half of the equivalent
length from Equation 33 plus half of the distance between
bolts 1 and 2.

De =2\/E+§

Example 3

Determine the equivalent tributary length for each bolt in
Figure 16.

For bolt 1: Assume [, < ZJE and x; < x. The equivalent
length is the distance from bolt 1 to the end of the member
plus half of the equivalent length from Equation 34a.

bc
De =le + x50 +—
Xs1

For bolt 2: Assume xg < x. The equivalent length is half of
the equivalent length from Equation 34a plus half of the dis-
tance between bolts 2 and 3.

P23 bc
Pe =——tXs0 +——
2 Xs2
[ ] ” ] '{:‘
i1 p
. ” L]
2
]
bl a
e
“l—. -

Fig. 15. Example 2.



For bolt 3: The equivalent length is half of the equivalent Use a=1.361n.

length from Equation 33 plus half of the distance between .
’ . 0.75 in.
bolts 2 and 3. b =2.56 in.—
=2.18 in.
De = 2\/% + pﬁ 1n
a' =136 in.+ 221
Example 4 =1.74 in.
Determine the equivalent tributary length for each bolt in ,
Figure 17. p = v
For bolts 1 and 2: Assume xg < x. The equivalent length is [21 18
half of the equivalent length from Equation 33 plus half of == .1n
the equivalent length from Equation 34a. 1.74 in
=1.25

Pe =2\/ﬁ—+-xs+E

Xs

Example 5

¢ =b+a=2.56in.+ 1.36 in. =3.92 in.

For bolts at row 1,

Pegr=3.00 in.
Determine the available LRFD strength of the connection in
Figure 18 for the limit states of bolt rupture and beam flange f, = 4.44Bb’
bending. The beam is a W21x55 of A992 material. Bolts are Pefr Fy

34-in.-diameter A325 with ¥/i6-in.-diameter holes. The beam

gage, g, is 5%41in.
B = ¢r, =29.8 kips

tr =0.522in.

ty =0.375 in.

br=8.221n.

b = 5.5 in.—0.375 in. ~256 in.
2

0 = 8.22 1n.2—5.5 in. _ 136 in.

~ \/(4.44)(29.8 kips)(2.18 in.)
N

3 in.)(50 ksi)

For design purposes, a must not be greater than 1.25b.

a<1.25b

1.36 in. < (1.25)(2.56 in.)

Ll Xﬂ '{‘
° | o 3 ,-';
_. I, é ! 12
II2{ %52 Tp,
o || o-t—T "
3
»ll a
1l I B
b

Fig. 16. Example 3.

=1.39 in.
d/
5 =1-
Peff
—_ 0.8125 in.
3in.
=0.729
o
N [i]
I Il
Il Il
Il o Il ol
o Il &1f s ==H==_'; p
==H==_'; P R ) I
[ ] .
Il Xs b Il a
b || o | L:-_-._
T o
1\1
Fig. 18. Example 5—hanger connection
Fig. 17. Example 4. without stiffeners.
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Use of = 1.00.

2
o = 5 11 [ZLJ -1 2
(1+p)|\ 7 o7, :B(%J (1+8a)
.
_ 1 139in. > o
(0.729)(1+1.25) || 0.522 in. =(29.8 kips)(%] [1+(0.829)(1.00)
. m.
=3.71>1.00 =12.3 kips
Use o = 1.00. For bolts at row 3,
i) P
C .
0522 =(2)(3.17 in.)+ 6'521“'
. 1m.
=(29.8 klps)(W] [1+(0.729)(1.00) | 959 in.
=7.27 kips 4.44Bb’
te =
PefrFy

For bolts at row 2,

3in. 6.5 in. ~ \/(4.44)(29.8 kips)(2.18 in.)
Deff =——+ =

2 2 (9.59 in.) (50 ksi)
=475 in =0.776 in.
. [+aaBe s
peﬁF' Peff
(4.44)(29.8 kips)(2.18 in.) _,_08125in
4 75 in.)(50 ksi) 9.59 in.
=0915
=1.101in.
2
, 1 te
d = <1
5 =I- * 5(1+p)[[ t] }
Peff
__08125in. B 1 0776 .Y _,
475 in. " (0915)(1+1.25)|{ 0.522 in.
=0.829 s
2
, 1 te 2
o = L . ,
8(1+p)[( t ] } 0T,y :B(TJ (1+80)
C
1 110 in. )’
= : M _ . 0.522 in.
(0.829)(1+1.25) (0.522 in.) =(29.8 kIPS)[W] [1+(0.915)(0.588) ]
=1.84 =20.7 kips

The available load for the serviceability limit state is
0P, = (2)(7.27 kips) + (4)(12.3 kips + 20.7 kips) = 146 kips

If the ultimate strength, F,, = 65 ksi, is used in the design
procedure, the available load for the strength limit state is

0P, = (2)(9.43 kips) + (4)(15.9 kips + 23.0 kips) = 174 kips
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Example 6

If more strength is required for the connection in Example 5,
stiffeners can be added as shown in Figure 19. Determine
the strength of the bolts and beam flange.

For bolts at row 1,
Pegr=3.00 in.

07, =7.27 kips (from Example 5)

For bolts at row 2,

xs =2.501n.

x =A+bc
= (256 in.)(3.92 in.)
=3.17 in.

Thus, x5 < x; therefore,

p bc
Peff :5+xs +x_
)
i 2.56 in.)(3.92 in.
BELLPN m)(. in.)
2 2.50 in.

=8.01 in.

[4.44Bb
e =
Pefr Fy
_\/(4.44)(29.8 kips)(2.18 in.)

(8.01in.) (50 ksi)
=0.849 in.

_ 1 0849 in. )" |
(0.899)(1+1.25)|| 0.522 in,

=0.813

oT,, =B{1T(1 +30)

c

0.849 in.

Jz [1+(0.899)(0.813)]

=(29.8 kips)(
=19.5 kips

For bolts at row 3,

xs =23.50in.
xs =317in.
Thus, x5 > x; therefore,
Peff =4x
= (4)(3.17 in.)
=12.7 in.

[4.44Bb
t, =
Peff Fy
_\/(4.44)(29.8 kips)(2.18 in.)

(12.7 in.) (50 ksi)
=0.674 in.

61/2'" 3" 3" 6}/2"
6" 6"

1/m
W21x55 7 /2 PL

o
55" GA -/

W12x40

Fig. 19. Example 6—hanger connection with stiffeners.
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5 =1- &
Peff
_,_08125in.
12.7 in.
-0.936

~ 1 0.674 in. |
(0.936)(1+1.25){| 0.522 in.

=0.317

le

0T, = B [LJZ(l +580t)

0.522 in.
= (29.8 kips)| ~2o= 1
( lps)(0.674

=23.2 kips

in.

T [1+(0.936)(0.317) ]

The available load for the serviceability limit state is
0P, = (2)(7.27 kips) + (4)(19.5 kips + 23.2 kips) = 185 kips

If the ultimate strength, F,, = 65 ksi, is used in the design
procedure, the available load for the strength limit state is

0Py, = (2)(9.43 Kips) + 4)(21.4 kips + 26.2 Kips) = 209 Kips

CONCLUSIONS

A method has been proposed to calculate the tension
strength of bolted flange connections, which includes the
effects of prying action. The proposed design procedure,
based on yield line theory, is simple, accurate and versatile.
It can be used to calculate the strength of many different
connection configurations, including stiffened connections,
connections with large bolt spacing and connections close to
the end of the member.

The bolt forces within a group are distributed according to
the equivalent length tributary to each bolt, and the strength
of each bolt is evaluated independently. The total strength of
the joint is then calculated by summing the nominal strength
at each bolt for the entire bolt group.

The calculated strengths were compared to the results of
59 tests from 10 independent research projects, and the pro-
posed design method, which uses the yield strength of the
fitting, was shown to be accurate for a deformation limit of
approximately % in. The ultimate strength of the fitting can
be determined by using the proposed design procedure with
the ultimate strength, F,, of the fitting. However, the defor-
mations at the ultimate strength can be large.
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Py,
Tu

Ter

Teror=1)

Ta’:l

dp
d/
le

SYMBOLS
Available tension per bolt
Curve fit for the reduction factor is
Specified minimum yield strength of the fitting
Specified minimum tensile strength of the fitting
Length of yield line i
Plastic moment capacity of yield line i
Applied load

Nominal load calculated with the yield strength of
the fitting

Nominal load calculated with the ultimate strength
of the fitting

Experimental load at the proportional limit

Experimental load at the nonlinear transition
point on the load-deformation curve

Experimental load at ultimate failure
Experimental load at %-in. deformation
Auvailable tensile strength of fitting

Strength of the fitting at the critical bolt (the bolt
with the largest equivalent tributary length within
the joint) (calculated using Equation 1)

Strength of the fitting at the critical bolt
assuming a full yield line pattern forms without
bolt rupture (calculated using Equation 1 with
o'=1)

Strength of the fitting assuming a full yield line
pattern forms without bolt rupture (calculated
using Equation 1 with o = 1)

Distance from the bolt centerline to the edge of
the fitting, but < 1.25b for calculations using the
proposed design method

Distance from bolt centerline to the face of the
web

Bolt diameter
Width of the hole along the length of the fitting

Edge distance from the bolt to the end of the
member

Plastic moment capacity per unit length of the
fitting

Number of bolt rows

Spacing between bolts



Pd

Pe

Pel

Pmin

4 .
P min

Equivalent tributary length per bolt calculated
according to the circular yield line pattern
developed by Zoetemeijer (1981)

Equivalent tributary length per bolt calculated
according to the yield line pattern developed by
Dranger (1977)

Equivalent length of fitting tributary to the bolt
in question for connection type 4, the equivalent
length of fitting tributary to the bolt farthest from
the end

For connection type 4, the equivalent length of
fitting tributary to the bolt closest to the end

Equivalent tributary length per bolt calculated
according to the yield line pattern developed by
Mann and Morris (1979)

Minimum equivalent tributary length per bolt;
minimum of py p; and py,

Approximate minimum equivalent tributary
length per bolt calculated with Equation 30

Equivalent tributary length per bolt calculated
according to the stiffened yield line pattern in
Figure 9

It

I'n

Xs

0;

ds

du

Equivalent tributary length per bolt calculated
according to the yield line pattern developed by
Zoetemeijer (1974)

Strength of tested bolt in tension
Nominal strength of bolt in tension
Thickness of the fitting, in.

Jbe

Distance from the center of the bolt to the edge of
the stiffener

Virtual displacement

Virtual rotation of yield line i

Experimental deformation at the proportional
limit

Experimental deformation at the nonlinear

transition point on the load-deformation curve

Experimental deformation at ultimate failure
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APPENDIX A

Table A1. Specimen Properties
. F, F, t b a d ’ r
Specimen (k;'i) (k;i) (in.) (in.) (in.) (ﬁxe.) (f:l) (inlj) (f,.) (ki|;s) Notes
Garrett (1977)
1 41.2 66.5 0.465 1.62 1.51 7.00 — 0.875 0.938 541
2 41.2 66.5 0.465 1.62 1.51 9.00 - 0.875 0.938 541
3 41.2 66.5 0.465 1.62 1.51 9.00 — 0.875 0.938 54.1
Ghassemieh et al. (1983)
TH-1 43.5 65.9 0.5 1.5 2.92 5.62 2.08 0.625 0.688 271
TH-2 38.7 70.1 0.5 2.5 2.92 8.23 2.08 0.625 0.688 271
TH-3 45.4 66.5 1 1.5 2.92 5.00 2.08 0.625 0.688 271
TH-4 43.1 73.9 1 2.5 2.92 10.3 2.08 0.625 0.688 27.1
TH-5 44.9 72.5 0.75 1.5 2.92 5.62 2.08 0.625 0.688 271
TH-6 37.7 65.2 0.75 2.5 2.92 8.23 2.08 0.625 0.688 271
Grogan and Surtees (1999)
E1 42.8 - 0.559 2.59 2.24 10.0 - 1.18 1.30 64.4
E15 42.2 — 0.559 2.59 2.24 14.4 — 1.18 1.30 64.4
Hendrick and Murray (1983)
1 38.3 — 0.778 2.52 3.26 9.95 — 1.38 1.44 133
2 34.6 — 0.813 2.50 4.54 10.7 — 1.38 1.44 133
3 39.7 — 0.718 2.54 3.25 9.57 — 1.13 1.19 89.5
4 39.7 — 0.718 2.54 3.25 10.14 — 1.50 1.56 159
Moore and Sims (1986)
T1 44.8 - 0.268 1.57 1.30 6.22 - 0.630 0.709 25.2
T8 44.8 - 0.268 1.57 1.30 8.54 - 0.630 0.709 25.2
Packer and Morris (1977)
T 42.9 — 0.268 1.58 1.12 6.04 — 0.630 0.811 36.7
T2 43.0 — 0.268 1.58 1.12 6.04 — 0.630 0.811 36.7
T3 42.5 — 0.354 1.56 1.12 6.01 — 0.630 0.811 36.7
T4 44.7 — 0.268 1.73 0.96 7.26 — 0.630 0.811 36.7
T5 43.6 — 0.528 1.49 1.12 5.86 — 0.630 0.811 36.7
T6 43.2 — 0.268 1.58 1.12 8.30 — 0.630 0.811 36.7
T7 43.9 - 0.268 1.58 1.12 8.30 - 0.630 0.811 36.7
T8 44.8 - 0.268 1.58 1.12 8.30 - 0.630 0.811 36.7
Pynnonen and Granstrom (1986)

1 46.1 68.4 0.366 1.38 1.65 6.07 — 0.630 0.709 31.1
5 46.1 68.4 0.366 1.74 1.30 6.57 — 0.630 0.709 31.1
11 46.1 68.4 0.366 1.74 1.30 6.57 — 0.945 1.02 71.6
15 44.8 64.4 0.551 2.19 3.54 9.07 — 0.945 1.02 71.6
21 44.8 64.4 0.551 3.42 2.32 10.8 — 0.945 1.02 71.6
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Table A1. Specimen Properties (continued)

Specimen (Ifgi) (I’(:gi) (irt;.) (i::.) (ii.) (ﬁme.) (frfl) (ic::) (i(r11.) (kﬂés) Notes
Tawaga and Gurel (2005)
TN | 418 | 619 | 0394 | 144 | 138 | 603 | — | 0787 | 0866 | 509 |
Zoetemeijer (1981)

1 36.4 — 0.457 | 221 2.36 13.9 — 0.787 | 0.866 | 50.9
2 36.4 - 0457 | 3.18 1.38 18.2 — 0.787 | 0.866 | 50.9
4 36.4 — 0457 | 2.21 2.36 12.8 — 0.787 | 0.866 | 50.9
5 36.4 — 0457 | 3.18 1.38 9.54 — 0.787 | 0.866 | 50.9
6 36.4 - 0457 | 3.18 1.38 15.3 - 0630 | 0709 | 32.9
7 36.4 — 0457 | 3.18 1.38 15.8 — 0.787 | 0.866 | 50.9
8 40.6 — 0492 | 4.39 1.36 20.7 — 0945 | 1.02 67.5
9 40.6 — 0492 | 2.19 3.56 13.7 — 0945 | 1.02 67.5

10 40.6 — 0492 | 4.39 1.36 20.7 - 0945 | 1.02 67.5

11 40.6 — 0492 | 2.19 3.56 14.2 — 0945 | 1.02 67.5 1
12 40.6 - 0492 | 4.39 1.36 27.6 — 0945 | 1.02 67.5

13 40.6 - 0492 | 219 3.56 13.7 — 0945 | 1.02 67.5

14 40.6 — 0492 | 2.19 3.56 175 — 0945 | 1.02 67.5 1
15 40.6 - 0492 | 4.39 1.36 27.6 - 0945 | 1.02 67.5

Zoetemeijer (1974)

5 37.7 — 0315 | 168 | 0965 | 5.78 — 0.787 | 0.866 | 39.4
6 37.7 — 0315 | 1.28 1.13 5.09 — 0.787 | 0.866 | 39.4
7 38.8 — 0335 | 1.77 1.26 6.21 - 0.787 | 0866 | 39.4
8 41.8 — 0492 | 177 1.22 6.17 - 0.787 | 0866 | 41.1
9 41.8 — 0492 | 1.38 1.13 5.29 — 0.787 | 0866 | 41.1

10 39.2 - 0.906 | 1.61 1.26 5.88 — 0.787 | 0866 | 38.9

11 43.5 — 0.591 1.87 1.12 6.29 — 0.787 | 0.866 | 41.1

12 43.5 - 0669 | 1.69 1.26 6.03 - 0.787 | 0.866 | 38.3

13 37.7 — 0315 | 1.68 0.97 5.78 — 0.787 | 0.866 | 39.4

14 37.7 — 0315 | 1.68 0.97 5.78 — 0.787 | 0.866 | 39.4

20 30.5 — 0571 | 2.48 1.12 7.54 — 0.787 | 0866 | 40.7

21 30.5 — 0571 | 2.48 1.12 7.54 — 0.787 | 0866 | 40.7

22 30.5 — 0571 | 2.48 1.12 7.54 - 0.787 | 0866 | 37.2

23 30.5 — 0571 | 2.48 1.12 7.54 — 0.787 | 0866 | 37.2

1. Four bolts per bolt row.
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Table A2. Experimental Results
specimen | b | (ine) | dne) | ne) | ) | ) | m) | Mods | MO
Garrett (1977)
1 56 82 92 164 0.08 0.18 1.39 F
2 72 102 106 174 0.12 0.23 0.74 F
3 85 97 117 239 0.13 0.17 1.29 F
Ghassemieh et al. (1983)
TH-1 80 — — 105 0.002 — 0.006 B
TH-2 40 110 — 140 0.001 0.016 > 0.1 FB
TH-3 165 — — 200 0.006 — — N 1
TH-4 150 175 — 195 0.007 0.014 0.03 B
TH-5 130 150 - 170 0.006 0.012 > 0.02 FB
TH-6 70 - - 140 0.001 - 0.011 N 2
Grogan and Surtees (1999)
E1 90 124 — 248 — — — F
E15 112 169 — 292 — — — F
Hendrick and Murray (1983)
1 110 160 — 200 0.003 0.021 0.065 N 1
2 120 160 — 200 0.012 0.033 0.088 N 1
3 60 — — 200 0.023 — 0.22 N 1
4 110 170 - 200 0.012 0.056 0.14 N 1
Moore and Sims (1986)
T 22 27 31 60 0.10 0.18 >0.7 o]
T8 34 40 43 74 0.16 0.22 > 0.6 o]
Packer and Morris (1977)
T 22.5 — — 63.0 — — — FB
T2 221 — — 62.8 — — — FB
T3 36.0 — — 69.3 — — — FB
T4 27.0 — — 45.5 — — — FO
T5 63.0 — — 1083 — — — OB
T6 31.5 - - 73.6 - - - FO
T7 31.5 — — 73.6 — — — FO
T8 29.3 — — 67.7 — — — FO
Pynnonen and Granstrom (1986)
1 51 68 83 97.7 0.03 0.08 > 0.6 FB
5 22 50 61 90.0 0.05 0.08 > 0.6 FB
11 30 57 94 151 < 0.01 0.05 >0.9 F
15 72 110 130 212 < 0.01 0.03 >0.9 FB
21 - - - 191 - - - FB
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Table A2. Experimental Results (continued)
Specimen | i) | (ips) | (dne) | Gkie) | ) | m) | m) | Mods | MO
Tawaga and Gurel (2005)
TN | 6 | 74 | 94 | 97 [ 0024 | 0063 | 032 | N 3
Zoetemeijer (1981)
1 — — — 167 — — — F
2 56 76 79 144 0.08 0.24 1.2 F
4 — — — 161 — — — F
5 — — — 135 — — — F
6 — — — 117 — — — B
7 — — — 133 — — — F
8 50 80 79 183 0.09 0.18 2.4 B
9 90 150 140 244 0.04 0.35 2.0 B
10 40 65 68 183 0.08 0.20 2.2 )
11 97 150 140 266 0.06 0.35 1.4 B
12 — — — 150 — — — (0]
13 130 — 190 221 0.08 — — B
14 250 290 280 300 0.12 0.43 0.59 (0]
15 — — — 159 — — — O
Zoetemeijer (1974)
5 22 32 45 49.5 0.004 0.02 >0.2 F 4
6 32 45 63 67.4 0.01 0.03 >0.2 F 4
7 26 40 48 67.4 0.01 0.03 >0.2 F 4
8 — — — 135 — — — FB
9 — — — 135 — — — FB
10 — — — 148 — — — FB
11 — — — 126 — — — FB
12 — — — 153 — — — FB
13 22 29 36 49.5 0.02 0.04 >0.2 F 4
14 25 30 36 40.5 0.04 0.05 >0.2 F 4
20 — — — 120 — — — FB
21 43 63 84 103 0.02 0.04 >0.2 FB 4
22 — — — 111 — — — FB
23 — — — 128 — — — FB
Failure modes Notes
N: No failure 1. Maximum test load was 200 kips, which was the machine capacity.
F: Flange bending 2. Test result for ultimate load was not available; 140-kip load was taken
B: Bolt rupture from finite element model.
O: Other 3. Test was stopped at a load of 97 kips.
4. Loads at %-in. deformation were conservatively read from the highest
graphed deformations, which were between 0.12 and 0.16 in.
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Table A3. Calculation Results

Nominal Predicted
) Strength (kips) | Failure Mode | Po Ps Py L Po Ps Py R
Specimen - - - - - — — o 5 | Notes
Using | Using | Using | Using | Py Fry Poy Fry Pru FPou Py Pou
Fy Fy Fy Fy
Garrett (1977)
1 98.6 159 F F 0.57 0.83 0.93 1.66 0.35 0.52 0.58 1.03
2 129 176 F FB 0.56 0.79 0.82 1.35 0.41 0.58 0.60 0.99 2
3 129 176 F FB 0.66 0.75 0.91 1.85 0.48 0.55 0.66 1.36 2
Ghassemieh et al. (1983)
TH-1 116 144 FB FB 0.69 - - 0.91 0.56 - - 0.73 1
TH-2 81.8 111 FB FB 0.49 1.34 - 1.71 0.36 0.99 - 1.26 1
TH-3 204 217 B B 0.81 — — — 0.76 — — — 1
TH-4 177 195 B B 0.85 0.99 — 1.10 0.77 0.90 — 1.00 1
TH-5 182 201 B B 0.71 0.82 — 0.93 0.65 0.75 — 0.85 1
TH-6 125 167 FB B 0.56 — — — 0.42 — — — 1
Grogan and Surtees (1999)
E1 126 — F — 0.71 0.98 — 1.97 — — — —
E15 181 — F — 0.62 0.93 — 1.61 — — — —
Hendrick and Murray (1983)
1 233 - F - 0.47 0.69 - - - - - -
2 252 — F — 0.48 0.63 — — — — — —
3 186 — F — 0.32 — — — — — — —
4 215 — F — 0.51 0.79 — — — — — —
Moore and Sims (1986)
T 30.0 — F — 0.73 0.90 1.03 2.00 — — — —
T8 41.8 — F — 0.81 0.96 1.03 1.77 — — — — 1
Packer and Morris (1977)
T 27.4 - F — 0.82 - - 2.30 — — — —
T2 27.5 - F — 0.80 - - 2.28 — - - —
T3 47.9 — F — 0.75 — — 1.45 — — — —
T4 31.1 — F — 0.87 — — 1.46 — — — —
T5 108 — FB — 0.58 — — 0.95 — — — —
T6 38.7 — F — 0.81 — — 1.90 — — — — 1
T7 39.3 — F — 0.80 — — 1.87 — — — — 1
T8 40.1 — F — 0.73 — — 1.69 — — — — 1
Pynnonen and Granstrom (1986)
1 66.1 98.1 F F 0.77 1.03 1.26 1.48 0.52 0.69 0.85 1.00
5 54.0 80.1 F F 0.41 0.93 1.13 1.67 0.27 0.62 0.76 1.12
11 59.1 87.8 F F 0.51 0.96 1.59 2.55 0.34 0.65 1.07 1.72
15 135 194 F F 0.53 0.81 0.96 1.57 0.37 0.57 0.67 1.09
21 95.4 137 F F — — — 2.00 — — — 1.39
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Table A3. Calculation Results (continued)
Nominal Predicted
) Strength (kips) | Failure Mode | Po Ps Py L Po Ps Py R
Specimen - - - - - — — o 5 | Notes
Using | Using | Using | Using | Py Fry Poy Fry Pru FPou Py Pou
Fy Fy Fy Fu
Tawaga and Gurel (2005)
TN |695 | 103 | F | F |o08 | 106|135 | — | o059 | 072 [ 091 [ — |
Zoetemeijer (1981)
1 112 — F — — — — 1.49 — — — — 1,3
2 96.8 — F — 0.58 0.79 0.82 1.49 — — — — 1
4 103 — F — — — — 1.56 — — — — 1
5 49.5 — F — — — — 2.73 — — — — 1
6 74.2 — B — — — — 1.58 — — — —
7 83.5 — F — — — — 1.59 — — — —
8 101 — F — 0.50 0.79 0.78 1.81 — — — —
9 152 — F — 0.59 0.99 0.92 1.61 — — — — 3
10 101 — F — 0.40 0.64 0.67 1.81 — — — —
11 157 — F — 0.62 0.96 0.89 1.69 — — — —
12 133 — B — — — — 1.13 — — — — 1,8
13 152 — F — 0.86 — 1.25 1.45 — — — — 1,8
14 195 — F — 1.28 1.49 1.44 1.54 — — — — 1
15 133 — B — — — — 1.20 — — — — 1,3
Zoetemeijer (1974)
5 31.2 — F — 0.71 1.03 1.44 1.59 — — — —
6 39.2 — F — 0.82 1.15 1.61 1.72 — — — —
7 36.5 — F — 0.71 1.10 1.32 1.85 — — — —
8 84.3 — F — — — — 1.60 — — — —
9 99.8 — F — — — — 1.35 — — — —
10 155 — B — — — — 0.95 — — — —
11 115 — FB — — — — 1.10 — — — —
12 126 — FB — — — — 1.21 — — — —
13 31.2 — F — 0.71 0.93 1.15 1.59 — — — —
14 31.2 — F — 0.80 0.96 1.15 1.30 — — — —
20 67.9 — F — — — — 1.77 — — — —
21 67.9 — F — 0.63 0.93 1.24 1.52 — — — —
22 67.9 — F — — — — 1.63 — — — —
23 67.9 — F — — — — 1.89 — — — —
Notes
1. Xs <X
2. Xs > X
3. Theory indicates circular yield line controls the design. This was accounted for in the listed values.
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On the Need for Stiffeners for and the Effect
of Lap Eccentricity on Extended

Single-Plate Connections

WILLIAM A. THORNTON and PATRICK J. FORTNEY

ABSTRACT

The design procedure for extended single-plate connections presented in the 13th edition of the Steel Construction Manual contains many
design checks to ensure satisfactory performance but does not include a check of lateral-torsional stability of the extended single plate, which
resembles a double-coped beam. Research has shown that coping of beams can reduce the lateral-torsional buckling strength of beams. This
paper presents a proposal to use the double-coped-beam concept to ensure the lateral-torsional stability of the extended plate. The question
of stiffeners and the effect of the small eccentricity due to the lapping of the plate with the beam web will also be addressed.

Keywords: extended single-plate connections, lap eccentricity, shear tabs, stiffeners.

_l_he design procedure for extended single-plate connec-
tions (also known as extended shear tabs) presented in
the 13th edition of the AISC Steel Construction Manual
(AISC, 2005, pp. 10-102—10-104), hereafter referred to as
the Manual, contains many design checks to ensure satis-
factory performance, but it does not include a check on the
effect of the extended tab on lateral-torsional stability. An
extended single-plate connection to a beam end resembles
a beam with a double-coped end. Research (Cheng et al.,
1984) has shown that coping of beams can reduce the lat-
eral torsional buckling strength of beams below what can
be achieved with the same beam without coped ends. Be-
cause of the similarity between the extended shear tab and
the double-coped beam end, this paper presents a proposal
to use the latter to ensure the lateral-torsional stability of
the former. The question of optional stiffeners and the effect
of the small eccentricity due to the lapping of the shear tab
with the beam web will also be addressed.

A research study on extended tabs (Sherman and Ghor-
banpoor, 2002) recommended that unstiffened tabs not be
used because of excessive lateral twist. The study consid-
ered eight unstiffened extended tabs, and the beams were
essentially laterally unsupported for their full span. Table 1
contains the data from these tests necessary to understand

William A. Thornton, Corporate Consultant, Cives Steel Company, Roswell,
GA (corresponding). E-mail: bthornton@cives.com

Patrick J. Fortney, Chief Engineer and Manager, Cives Steel Company, Ro-
swell, GA. E-mail: pfortney@cives.com

that, using the design procedure for extended tabs presented
in the Manual, the shear tabs will not twist excessively.

The excessive twists reported by Sherman and Ghorban-
poor occurred at the ultimate capacity of the beam con-
nection system at a load far in excess of the capacity that
would be calculated using the recommended AISC design
procedure. This can be seen in Table 1. For instance, for
test 1-U, the reported ultimate capacity is 58.7 kips, and the
AISC Allowable Strength Design (ASD) capacity of the sys-
tem is 11.3 kips. The elastic twist at 11.3 kips is 0.02 radian,
which is negligible considering that the calculated elastic
twist corresponds to a lateral translation of the tab equal to
61/2 =(0.02)(9 in.)/2 =0.09 in. The tab thickness for test 1-U
was 0.371 in., giving a lateral translation of only 24% of the
thickness of the tab. Similar observations can be made for
the other seven tests presented in Table 1.

The beam strength information (uniform design load, or
UDL) reported in Table 1 is given to show that the connec-
tion strengths in these eight tests were not matched to the
beam strengths. These connection strengths are very low
compared to the beams they are supporting and do not rep-
resent practical connections. The physical tests were effec-
tively unbraced so the “UDL Unbraced” column of Table 1
gives the beam strength of the actual tests. These are seen
to be much larger than the connection strength. Connection
1-U, for example, can only carry (11.3/68.2)(100) = 16.5%
of the total load the beam can carry. Practically, one would
consider this percentage to be on the order of about 50%.

THE QUESTION OF OPTIONAL STIFFENERS

Figure 10-12 of the Manual shows “optional” stiffeners.
The purpose of this discussion is to provide some guidance
as to when stiffeners may be required. Considering that a
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Table 1. Evaluation of Data Reported by Sherman and Ghorbanpoor (2002)
Loads Strength
Reported La Calculated | Calculated| Percentage
Test | Ultimate Eccentprici ty ASD ASD AISC M¢** | Angle of Lateral of Lateral
Case Load (in.) UDL* UDL Conn. Strength (kip-in.) | Twist, ¢ |Translation| Translation**
(kips) 7 | (CLBI" l(unbraced)  Ra(ASD) (rads) (in) (%)
(kips) (kips) (kips)
1-U 58.7 0.443 43.9 34.1 11.3 5.0 0.020 0.090 24.3
2-U 82.9 0.433 72.8 42.8 33.1 14.7 0.032 0.243 65.4
3-U 54.8 0.443 43.9 34.1 11.3 4.5 0.018 0.081 22.0
3-UM 58.6 0.443 43.9 34.1 11.3 4.5 0.018 0.081 22.0
4-U 98.7 0.501 72.8 42.8 22.0 10.6 0.015 0.110 21.7
6-U 138 0.578 126 80.0 31.2 17.4 0.020 0.181 35.8
6-UB 136 0.578 126 80.0 31.2 17.4 0.020 0.181 35.8
8-U 174 0.578 152 68.4 52.9 29.6 0.026 0.307 60.7
*CLB = continuously laterally braced
**Percentage of lateral translation of the tab relative to the tab thickness
*** Mt = (Ra)(lap eccentricity)

double-coped beam and a beam with an extended shear tab
are similar in geometry, we can use research on double-
coped beam lateral-torsional stability to estimate the lateral-
torsional stability of beams with extended tabs. Cheng et al.
(1984) show that the lateral-torsional buckling (LTB) mode
of double-coped beams occurs primarily in the double-
coped sections (the extended tab), and the uncoped beam
acts essentially as a rigid body. In their research, this is ap-
parent for beams that are laterally unbraced or braced only
at the midspan load point. For a beam laterally supported for
its full span—that is, Lj < L,—the authors postulate that the
uncoped portion of the beam can be treated as a rigid body
and that lateral-torsional buckling is dependent solely on the
coped section or extended tab.

Theory

With the previous assumption, the LTB capacity of the tab
(coped section) under pure moment is (see Figure 1):

T
Myee = [EGI,J 1)

where M, is the pure moment buckling strength of the rect-
angular section of the coped beam with a cope length, or
shear tab length, of a.

As stated by Cheng et al., the pure moment case is a con-
servative approximation to the actual case where the moment
in the tab varies from zero at the support to a maximum at
the junction with the uncoped section of the beam.

face of face of
/ support / support
1 1
; { 5
\
~ } o ~
e
T B T
a [PJJ‘ a twll
Section 1-1 Section 1-1
(a) (b)

Fig. 1. (a) Shear tab and (b) coped beam.
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Substituting

1 1

I, = — 13 and J ==1r%, and taking the product of EG
12 3

as 324,800 ksi?, Equation 1 becomes:

IS
Mype = 1500157 2

where
[ = depth of shear tab
t thickness of shear tab, f,, or thickness of beam web, £,
a length of shear tab from support to first line of bolts

Equation 2 controls the lateral-torsional buckling of the
shear tab.

To ensure that the tab does not buckle, the required mo-
ment strength, M., (the load or demand) needs to be less
than the LTB strength of the tab, M.

Mreq’d < Myec 3)

It is more convenient to deal with a reaction than a moment.
Assuming a case of constant shear over length ¢ and moment
varying from zero at the support to maximum at the end of
the cope or tab, M4 q (an approximation of the common
case with uniform loading along the length of the beam), the
required reaction strength, R4, at the support is

Mreq’d
Rreq d = P @)
and
Myec lt3
Rreq'd < =" =1500m— ©)
a

In specification notation, stiffeners are not required when
Equation 6, as follows, is satisfied.

Rreqa < ORy (LRFD)

Ry
Ryeqa < E (ASD)

where
o =09
Q =1.67
I3
R, =1500n— ©)
a

It may be convenient to check the need for stiffeners by eval-
uating the ratio of available shear to required shear as shown
in Equation 7, as follows.

When n = 1.0, stiffeners are not required, calculate 1 as
follows:

OR),

n= (LRFD) (Ta)
R, /Q

n= R (ASD) (7b)

a

The following are examples of implementation of the pro-
posed limit state as given in Equation 6. In the first example,
an artificial problem is presented, and the need for stiffening
a shear tab is determined using the proposed procedure. The
second example problem compares the strength predicted
using the proposed procedure to the measured strength of a
test specimen as reported by Cheng et al. (1984). In the third
example problem, the measured strength of one of Cheng et
al’s coped beams is compared to the strength of the same
beam converted from a coped beam to an extended tab of
similar proportions, and then its strength predicted using the
proposed theory given in Equation 6. Finally, the procedure
proposed in this paper is compared to the results of a design
example reported by Brockenbrough and Merritt (2006).

EXAMPLES

Example 1: A shear tab connection at the end of a W30x90
beam is used with the following properties (see Figure 2);
L=28ft=336in,/=241in.,t,=0.51n.,a =9 in., and shear
stud spacing is 12 in. o.c. over the length of the beam. Check
both the ASD and LRFD methods. The Load and Resistance
Factor Design (LRFD) required shear, Ry, is 115 kips, and
assume that the ASD required shear, R, equals R,/1.5.

face of face of
support support
12 in.
X1, =1 I A L x
{17 i
S i S
| o |W30x90 |
= |
Mftp: 0.5in. | 9ip.
Section 1-1 28 fit

Fig. 2. Single-plate connection for Example 1.
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Solution

Ly =12 1in. (stud spacing) < L, =7.38 ft

=88.6in. o.k.
24 i
Ry = (1500 kip/in? ) (m)| = (0.5 in.)’
(9in.)

=175 kips

R, =R,/1.5
= 115 kips/1.5
=76.7 kips

OR,, =0.9(175 kips)
= 157 kips > R,, = 115 kips (LRFD) o.k.
R,  175Kkips

Q 1.67
=105 kips > R, = 76.7 kips (ASD) o.k.

Thus, for this example, the tab does not need the optional
stiffeners.

From the test of Equation 7,

157
=—=14(LRFD
=15 ( )

105
=——=14(ASD
n 76.7 ¢ )

Because n = 1.4 > 1.0, the shear tab does not affect the beam
strength and the optional stiffeners noted in Figure 10-12
are not required. If the extended tab affects beam strength,
N < 1.0, the term a can be reduced by adding the optional
stiffeners, or a thicker tab plate can be used, and then again
checking if n is = 1.0.

For this example, 1 is greater than 1.0, so stiffeners are not
required.

face of
support

Example 2: This example is from Cheng et al. (1984), Illus-
trative Example 2, page 127. The beam is a W12x14 beam,
the span L = 223.2 in., loaded at the center, and laterally
supported at the ends and at the point of loading, which is
approximately at the beam center. The cope length is a =
12 in., the depth is d. = 1.19 in.

From the measured properties of the test beam (beam
LTB3), [ = 9.504 in., and the web thickness ¢, = 0.212 in.
The test beam had flange and web yield stresses, Fy, of 57.4
and 55.3 ksi, respectively. Considering that the flanges are
dominant in flexure, use Fy = 57.4 ksi. Also, Cheng et al.
used G = 11,600 ksi rather than the AISC-recommended
nominal value of 11,200 ksi and reported a shear strength of
R, =2.75 kips. See Figure 3 for details of the problem.

Solution

Applying the proposed Equation 6,

3
9.504)(0.212
R, =1500% ( )( ) 11,600 =3.02 kips
122 11,200

(cope or tab LTB strength)

Assuming the more accurate value is that obtained by Cheng
et al., the proposed theory given by Equation 6 is uncon-
servative by 9.82% as shown in the following calculation.
However, continuous lateral support of the beam is assumed
in the derivation of Equation 6 (i.e., Ly < L, = 31.92 in. for
a W12x14 beam), whereas Cheng et al. provided lateral
support only at midspan and the ends of the beam (Lp =
1193 in.).
3.02-2.75

(100) =9.82%
2.75

face of
support

lateral support,

9.504 in.

—1 )
1 L
—0212in.
uft” L PPN

1-1 111.5 in.

/typical
X1 X L X
W12x14
]
111.5 in.
1
223 in.

Fig. 3. Coped beam end for Example 2.
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If Cheng et al.’s proposed equation (Equation 4.3 of their
report) is used with Ly = L, = 31.92 in., R, = 2.87 kips and
the difference is 4.97%.

3.02-2.87

(100) = 4.97%
3.02

The two theories thus give approximately the same answer
to the same problem. Note that neither theory is an exact
solution. However, the theory proposed in this paper pro-
vides a much simpler approach in that the only assumption
required is that the uncoped portion of the beam acts like a
rigid body. This assumption is validated by the results pre-
sented by Cheng et al. Cheng et al. use an interaction equa-
tion that is also an approximation to the exact differential
equation formulations.

Continuing with Example 2, suppose the required shear
strength is R, = 14 kips. The uncoped beam has sufficient
strength to produce an end reaction of 14 kips when the
beam is uniformly loaded. The 1 test gives n = (0.9)(3.02)/
14 = 0.194 < 1.0. Because this is less than 1.0, the strength
of the beam is reduced by the copes and, hence, for an ex-
tended tab connection of similar geometry. If the beam must
carry a load greater than ¢(2R,) = 2(0.9)(3.02) = 5.44 Kkips,
the optional stiffeners are required, or perhaps a thicker
shear tab will suffice. If the optional stiffeners are used, the
a dimension will be reduced from the outer edge of the stiff-
eners to the first line of bolts. Note that the original a is still
used in the design of the extended tab. Regardless, if the
parameters remain unchanged, stiffeners would be required,
or the available strength of the beam would have to be taken
as 5.44 kips.

Example 3: Assume the coped beam presented in Ex-
ample 2 of Cheng et al. is converted to a shear tab con-
figuration with similar proportioning. The beam is
W12x14 with a span of 223 in. = 18.6 ft. The length of
the tab plate, from the face of the support to the first col-
umn of bolts, is taken as the same as the cope length

of Example 2 (i.e., a = 12 in.). The depth of the tab is
1 =9 in., the reaction is Ru = 14 kips (assuming maximum
total uniform load), and Zx = 17.4 in.3 (from the AISC Man-
ual). Using the procedure for extended shear tabs from the
Manual (p. 10-103), a plate thickness of zp = 0.375 in. will
suffice.

Solution
From Equation 6:
(1500)(1)(9)(0.375)°
(12)?
=14.0 kips = 14 kips o.k.

OR, =(0.9)

From Equation 7:
14

=" =10
=15

The connection is perfectly proportioned so as not to reduce
the LTB strength of the beam, and therefore, stiffeners are
not required. In the event 1| was less than 1.0, the designer
would need to make a decision to provide stiffeners, or in-
crease the plate thickness while considering the maximum
thickness prescribed by the Manual procedure.

Example 4: Consider a beam with a shear tab connection
discussed by Brockenbrough and Merritt (2006), Section
3.4.3. The beam is W16x45 with R, = 51 kips (as given by
Brockenbrough and Merritt), L = 24 ft, a = 10.5 in., 1, =
0.625 in., [ = 12 in., and all material has a yield strength of
Fy =50 ksi. See Figure 4 for a similar connection.

face of

/ support

1

X

9 in.

j{%zp: 0.375 in.

Section 1-1

Fig. 4. Example 3; beam used in Example 2, but with a shear tab connection.
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Solution

From Equation 6:

(1500)(x)(12)(0.625)°
(10.5)°

OR, =(0.9) =113 kips

Because 0R,, = 113 kips > R, = 51.0 kips, this design is
satisfactory for lateral-torsional buckling.

Also,n = 15L13 =222>1.0 o.k.

THE EFFECT OF LAP SPLICE ECCENTRICITY

Because of the lap joint between the shear tab and the beam
web, there is a small eccentricity equal to (¢, + #,,)/2, which
produces a torsional moment M; = R(tp, + t,,)/2. This torsional
moment also exists for the standard shear tab, but has been
found to have no effect on connection strength in research
(Astaneh et al., 1998; Creech, 2005) studies and in actual
practice for at least 30 years. Extended tabs are a relatively
new connection, with the design procedure first introduced
in the AISC Manual (2005). Because of a lack of experience
with this connection, the purpose of this discussion is to pro-
vide some guidance in its treatment.

Theory

The moment M; defined earlier is resisted by two parts of
the connection system: (1) the torsional strength of the tab
itself and (2) the local torsional strength of the beam due to
the floor slab or roof deck (see Figure 5). Also, recall that
only laterally supported beams with Lp < L, are considered
in this paper.

The torsional resistance of the connection assembly is
the sum of the torsional resistances of the tab plate and
the beam. Let these be denoted by M; ;4» and M; peam, re-
spectively. Each of the two resistance components needs to
be evaluated separately. As long as the total resistance ex-
ceeds the required torsional moment, M, the connection is
satisfactory.

Torsional Resistance of the Tab

The tab shear stress is the sum of the torsional shear stress
and the vertical shear stress due directly to the load R. Thus,
using the plastic strength of the tab:

2

M, + R 0.6F,, 8)
Ity Itp
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Solving for M; and setting M, equal to the nominal strength
of the tab, My iap,

R ltp2
Mt,tab = 06pr—— _20 (9)

Note that when M; ;4 < 0, the tab can carry no torsion and
M; 1qp should be taken as zero. However, M;;,, must be
greater than zero in order to proceed.

Torsion of the Beam Local to the Connection

In addition to the torsional resistance of the tab, the beam
will also provide some torsional resistance due to the floor
or roof slab. Because the beam tends to rotate, the slab on the
“high” side will resist the rotation simply due to its weight
and the imposed live load. Note that because no consider-
ation here is given to studs, puddle welds or TEK screws,
this is a conservative approach. Only the total dead and live
loads local to the connection are used. It is assumed that the
dead and live floor load imparts a contact load that is uni-
formly distributed across the flange of the beam, regardless
of the direction of the span of the decking. Note that these
dead plus live loads give rise to the beam reaction R.

The length of the beam, /,, effective in resisting the mo-
ment, M;, is controlled by the beam web thickness, t,, as

by +1 1
M, :R( " : b ]:—(Fyb)thlw (10)

4

slab provides

\/ torsional restraint

high side

single plate

Fig. 5. Composite slab and metal roof or
floor deck provides torsional resistance.



and solving for Iw,
2R(ty+1p)

1n
(F )i

Ly

The maximum force, F, that can be exerted at the tip of the
high-side beam flange (see Figure 5) is controlled by the
beam loading. The beam loading per unit length is 2R/L,
and for a length, /,,:

F= 2Rl _ S UARY) (12)
L (Fyb)Lth

The nominal strength of the beam is thus

B Fby ~ 2R? (tw +tp)bf
Mt,beam = > = (Fyb) Ltv% (13)

A design is satisfactory based on beam strength if

M, < Mt,beam 14)
As mentioned earlier, the total strength is the sum of the
strength of the tab and the strength of the beam. So, a satis-

factory design is one for which

M <M ap + Mt peam (15)

In Specification notation,

112 2Rty + 1, )b
M;, < [% (0.6pr)_%“%+W
y w

Itp
(LRFD) (16a)

< 0P R, 112 Qp2RG (ty+ 1y )by
ta S| —————|—+
“ Q, I, |2 FyoLt,*
(ASD) (16b)

where

oy, =1.0

oy =09

Q, =15

Q=167

ADDITIONAL EXAMPLES

Example 5: Thisis the same example as Example 1. The given
data are R, = 115 kips, L=336in., t,, = 0.4701in., , = 0.5 in.,
br=10.4in. and / = 24 in., From Equation 16,

¢Mz=l(1.0)(0.6)(50)_ 115 }(24)(0.5)2

(24)(05) 2

Rel 15)° (0.470+0.5)(10.4)

(0.9)(50)(336)(0.470)2
OM; =61.25 kips+79.88 kips = 141 kip-in.

My = (1 15)( 0.470+0.500 )

= 55.8 kip-in. < 141 kip-in. o.k.

From Examples 1 and 5, the W30x90 beam with an extend-
ed tab connection is o.k. for lateral-torsional buckling and
lap eccentricity.

Example 6: This is the problem shown in Example 3. From
the data of Example 3, R = 14 kips, [ =9 in,, a = 12 in,,
t,=0.3751in., t,,=0.20 in., L = 233 in., and by=3.97 in., as-
suming Grade 50 plate material.

Solution

From Equation 16:
2
oM, =|(1.0)(0.6)(50) ——— ][(9)(0.375) ]

(9)(0.375) 2

. (2)(14)* (0.200+0.375)(3.97)
(0.9)(50)(223)(0.2)>
oM, =16.35+2.23
=18.6 kip-in.

The required torsional moment M, is:

My, =14 (0.20()+O.375)

=4.02 kip-in.< 18.6 kip-in. o.k.

From Examples 3 and 6, the extended shear tab is satisfac-
tory for lateral-torsional buckling and lap eccentricity.
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Example 7: This is the extended shear tab of Example 4.
Using the data of Example 4, and by = 7.04 in., Equation 16
gives the following:

Solution

oM, = |(1.0)(0.6)(50)—

51 (12)(0.625)?
(12)(0.625)} 2

L6 1)% (0.345+0.625)(7.04)

(0.9)(50)(288)(0.345)
OM; =54.4+23.0
=77.4 kip-in.

The required moment, M; ,,, is:
0.345+0.625
N
=24.7 kip-in. < 77.4 kip-in. o.k.

MI,M =51(

From Examples 4 and 7, the extended tab is satisfactory for
lateral-torsional stability and lap eccentricity.

CONCLUSIONS AND RECOMMENDATIONS

The lateral displacement of beams with coped ends or ex-
tended plate connections is primarily due to the torsional
strength of the connection or connection region. It is assumed
that the main beam section, or uncoped length, displaces
laterally as a rigid body, and as discussed, this provides a
reasonable prediction of the lateral-torsional buckling ca-
pacity of the connected beam. The authors recommend that
the need for stiffeners be evaluated using Equations 6 and 7
(repeated here for convenience). When n is less than 1.0, the
“optional” stiffeners as noted in Figure 10-12 of the AISC
Manual (2005) should be provided, or in the case of a shear
tab, perhaps a thicker shear plate will suffice. When n is
greater than or equal to 1.0, stiffeners need not be used.

Recommended Check for Stiffening of Extended
Single-Plate Connections or Coped Ends

The following checks will be included in the revised design
procedure for extended single-plate connections in the 14th
edition of the Steel Construction Manual:
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Rreq d < q)Rn (LRFD)

Ry
Rreq’d < E (ASD)

where
o =09
Q =1.67
3
R, = 15001t—2 6)

a

Stiffeners are not required when 1 = 1.0, where:

ORy

=t (LRFD) (7a)
R,/
n= R (ASD) (7b)

a

The torsional resistance of lap splice shear connections is the
sum of two components; the lateral resistance of the tab and
the lateral resistance of the beam in the connected region.
The example problems presented in this paper suggest that
the effect of the eccentricity inherent in the connection is
negligible relative to the total torsional capacity of the con-
nection. However, the following is a recommended check.

112 2R2(t, + t,)b
M;, < [% (0.6pr)_%“%+w
y w

! p
(LRFD) (162)

0.6F, 112 Qu2R2 (1, + 1, )b
B LEPA TP TR

Q, It,|2 FybLl‘w2
(ASD) (16b)
where
o, =10
op =09
Q, =15
Qp =1.67



Ly

M,
MVE(,‘

MVE(,‘

Myeqd
M,
Miq
My
M,

R,

R, Rreq
Ry

SYMBOLS

Young’s modulus

Force at beam flange tip resisting beam rotation
Yield stress of beam web

Yield stress of tab plate (or coped beam web)
Shear modulus

Torsional constant

Length of beam

Unbraced length of beam

Limiting laterally unbraced length for the limit
state of yielding

Design required moment strength (ASD)

Elastic lateral-torsional buckling moment of a
rectangular beam section

Critical lateral-torsional moment of the shear tab or
double coped portion of beam

Required moment strength

Torsional moment due to lap eccentricity

Design required torsional moment strength (ASD)
Design required torsional moment strength (LRFD)
Design required moment strength (LRFD)

Design required reaction strength (ASD)

Required reaction strength

Design required reaction strength (LRFD)

Total load on beam

Length of cope or length of shear tab to first
column of bolts

by Width of beam flange

/ Depth of tab plate or cope
Ly Effective length of beam to resist rotation
t See 1, or 1,
ty Thickness of tab plate
ty Thickness of beam web
w Uniform load on beams
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Strength Design Criteria for Steel Beam-Columns
with Fire-Induced Thermal Gradients

MAHMUD M.S. DWAIKAT and VENKATESH K.R. KODUR

ABSTRACT

When exposed to fire, restrained steel members develop significant internal forces, and these forces transform their behavior from beams
or columns to that of beam-columns. The current provisions for fire-resistance assessment of such beam-columns through P-M interaction
equations are an extension to the ambient interaction equations. These fire design equations take into consideration the reduction in the
capacity arising from temperature-induced degradation of strength and stiffness properties but do not take into account the effect of other
critical factors, such as thermal gradient, end restraints and realistic fire scenarios (with cooling phase). In this study, the different fire design
equations for steel beam-columns are compared against results from nonlinear finite element simulations. Results from the analysis show that
fire-induced thermal gradient leads to not only a reduction in the P-M diagrams, but also a noticeable distortion in the shape of the P-M dia-
grams. Therefore, modifications are proposed to the current design interaction equations for steel beam-columns at elevated temperatures.
The modified P-M design equations are validated against results from fire tests and from finite element analysis and then illustrated through
a design example. The proposed approach requires minimum computational effort and provides better assessment of beam-columns under

fire when compared to current provisions.

Keywords: beam-columns, elevated temperatures, fire, interaction equations.

INTRODUCTION

he current approach of computing P-M curves and relat-

ed fire resistance of steel structural members is based on
the assumption that a uniform temperature prevails across
the depth of the section (AISC, 2005; EC3, 2005). However,
in practice a steel beam or column might be exposed to fire
from one, two or three sides, such as in beams supporting
slabs or columns in the perimeter of a framed building. In
such scenarios, the beams and columns are likely to develop
nonuniform thermal gradients across the depth of the sec-
tion, and this will significantly alter the shape of the P-M
capacity curves (Dwaikat and Kodur, 2009).

The effect of thermal gradients on the load-carrying ca-
pacity of beam-columns has received little attention in the
literature. The plastic P-M interaction curves for steel sec-
tions under fire conditions were studied by Ma and Liew
(2004) by simulating inelastic response of beam-columns
in steel frames. However, the authors used average steel
temperature and did not account for the effect of thermal

Mahmud M.S. Dwaikat, Ph.D. candidate, Civil and Environmental Engineering
Department, Michigan State University, East Lansing, MI. E-mail: dwaikat1@
egr.msu.edu

Venkatesh K.R. Kodur, Professor, Civil and Environmental Engineering De-
partment, Michigan State University, East Lansing, MI. E-mail: kodur@egr.
msu.edu

gradients. The influence of thermal gradients on the plastic
moment capacity was investigated by Burgess et al. (1990)
by discretizing the section into strips and then numerically
integrating the sectional stresses at full yield. However, the
effect of axial force on the plastic moment capacity was not
considered in the analysis.

Takagi and Deierlein (2007) assessed the sensibility of
extending the room-temperature Eurocode 3 and AISC de-
sign equations to fire design through finite element analysis.
In their study, they found that the AISC design equations are
nonconservative when applied under fire conditions. Takagi
and Deierlein proposed adjustments to room-temperature
moment and axial capacities (M, and P,) of steel members
for use at elevated temperature. Further, they recommended
the use of the modified M., and P, into the AISC P-M in-
teraction equations at elevated temperature, and these modi-
fied equations are being implemented in the 2010 AISC
Specification for Structural Steel Buildings. However, the
proposed adjustments do not take into consideration the in-
fluence of thermal gradients on M, P, or the P-M interac-
tion equation.

The underlying mechanics of the distortion of P-M dia-
grams that is induced by thermal gradients was studied
by Garlock and Quiel (2007, 2008). These studies showed
that a thermal gradient in a steel section causes the center
of stiffness, CS, of the cross section to migrate toward the
cooler (stiffer) regions and away from the heated (softer)
regions. This migration of the center of stiffness generates
an eccentricity, e, between the geometric center, CG, and
the center of stiffness of the cross section. As a result of
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this eccentricity, bending moment is generated because the
axial force will now act eccentrically with respect to the
new center of stiffness of the section. This generated bend-
ing moment may counteract the bending moment that results
due to thermal bowing. Therefore, this migration of center
of stiffness causes a distortion in the plastic P-M interac-
tive diagram (Dwaikat and Kodur, 2009; Garlock and Quiel,
2007, 2008).

Based on these studies, Garlock and Quiel (2008) pro-
posed a numerical procedure to compute the resulting
distorted P-M diagrams for an I-shaped cross section sub-
jected to any thermal gradient of any shape. The proposed
method requires intensive use of numerical programs, such
as MATLAB, or spreadsheets. For example, lengthy algo-
rithms are required to compute the lumped temperature in
each steel plate of the section to numerically integrate the
temperature-dependent ultimate stresses along the depth of
the cross section. This makes the method laborious and not
straightforward.

Further research by Dwaikat and Kodur (2009) on the in-
fluence of fire-induced thermal gradient on P-M diagrams
has led to modifications to the current interaction P-M equa-
tions in codes and standards. However, the study by Dwaikat
and Kodur (2009) was limited to rigid plastic failure modes
(plastic P-M diagrams). In this study, an improved and sim-
plified approach is presented for estimating the distorted
P-M diagrams of I-shaped cross section induced by thermal
gradients. The proposed approach accounts for plastic as
well as second-order inelastic failure modes in steel beam-
columns under fire conditions. While the idea of this paper
is true for any kind of beam-column subjected to thermal
gradient, the proposed equations are only valid for I-shaped
cross sections subjected to thermal gradient in their strong
direction. The proposed method utilizes simplifying as-
sumptions for predicting the distorted P-M curves and does
not require complex numerical integration of sectional ulti-
mate stresses.

CURRENT FIRE PROVISIONS
FOR BEAM-COLUMNS

AISC Approach

The 2005 AISC Specification recommends the use of ambi-
ent temperature design equations for fire design, but with
temperature-reduced strength and stiffness steel properties
(AISC, 2005). The design capacity of steel beam-columns in
AISC is given in the form of an interaction relation between
bending moment and the axial force:

cl +c <1.0 (1

q)Pcr ¢M cr
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where P and M are the applied axial force and bending mo-
ment, P, and M., are the critical axial force and bending
moment capacities; ¢; = 1 and ¢ = 8/9 when P/P. 2> 0.2, but
when P/P.,<0.2,c1=0.5and cp= 1.

The critical axial capacity (P.,) is given as:

F,(T)/F,(T E (T
06587 "™ p (7). kr<am [BD
Fy(T)
AISC _
c E,(T)
0.877AF,(T), KA>4.71 s(
Fy(T)

where A = L/ry is the slenderness ratio, K is the effective
length factor, and ry and A are the minimum radius of gy-
ration and the cross sectional area of the column, respec-
tively. F'y(T) and E(T) are the temperature-dependent yield
strength and elastic modulus of steel, respectively. The plas-
tic axial capacity, Py(T), is defined as AgFy(T), and Fe(T)
is the temperature-dependent elastic Euler buckling stress
given as:
2
Fry =20 )
(K2)

The critical bending moment capacity M., in Equation 1 is
computed as:

M, (T),

A=A
AISC P
MAISC — Cb{Mp(T)—(Mp(T)—SxFr(T))X_er, )
CopM(T),
A <hp(T)

Ap(T) <ASA(T) p < M (T)

A>h(T)

In Equation 4, F;(T) = 0.7F\(T) is the stress required to reach
initial yielding when added to the residual stress. Here, Zy
and Sy are the plastic and elastic sectional moduli, respec-
tively; M), (T) is the temperature-dependent plastic moment
defined as My(T) = Fy(T)Zy; Cp is a factor that accounts for
the shape of the bending moment diagram, where Cjp = 1.14
for uniformly loaded simply supported beam; and M, (T) is
the temperature-dependent elastic lateral-torsional buckling
moment:

2
M, (T)= %\/ Ey(1)1,G(T)J +1,C, (% E, (T)) )



The limiting slenderness ratios in Equation 4 are:

Ap =176 [Es(T)/F,(T) (6a)
Ty T [EDG (DA,
" FA(T)S, 2

4G [ FrM3,
I, | Gy(T)J

(6b)

1+ 1+

where 1, C\, and J are the second moment of area around the
weak axis, the warping constant, and the torsional constant
of the section, respectively, and Gg(7T) is the elastic shear
modulus. In order to account for the second-order effect, the
applied bending moment (M,) is generally magnified by a
factor 3 such that:

M = Baisc X M, ()
1 AISC2005
Takagi & Deierlein

= 0.8 4 VN EC3 2005
X
= 06 A
~
Q 4
b{ 0
g 0.2

0 T T T T ]

0 50 100 150 200 250
A=L/k,
(a)

where M is the second-order moment and M, is the first-order
elastic bending moment. The magnification factor Baisc is
defined as:.

C

_m > ]
1-P/P, ®

Barsc =

where C, is a coefficient that accounts for the moment gra-
dient on the beam-column and is given as:

Cpn = 0.6 — 0.4(M /M) ©)

Here, M| and M> are the smaller and larger moments, re-
spectively, at the ends of the beam-column; Mi/M; is
positive when the member is bent in reverse curvature but
negative when bent in single curvature, and P, is the elastic
Euler axial buckling load, [P, = AsF(T), with K = 1.0, unless
the analysis indicates that a smaller value of K may be used].

The critical bending and axial compressive capacity equa-
tions according to the 2005 AISC Specification are plotted
in Figures 1 and 2, respectively, as a function of slenderness
ratio and for different temperatures.

AISC2005
1 N Takagi & Deierlein
N Aol N N EC3 2005
\E‘i 0.8 1 .
= 06
~
[ 1 NG
&{ 0.4 g
§ 0.2 1
0 T T T T 1
0 50 100 150 200 250
A=L/r
y
(b)

Fig. 1. Critical moment capacity at elevated temperature for W-shapes: (a) T= 20 °C (68 °F); (b) T =500 °C (932 °F).

AISC2005

Per(T) / Py(T)

O T T T 1
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Takagi & Deierlein

1 AISC2005
Takagi & Deierlein

& 089 \*v\ - EC3 2005
s
A, 0.6 1
~
=~ _
&{ 0.4
Q:’ 0.2

0 T T

T 1
0 50 100 150 200

(b)

Fig. 2. Critical axial capacity at elevated temperature for W-shapes: (a) T = 20 °C (68 °F); (b) T =500 °C (932 °F).
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Eurocode Approach

In the Eurocode 3 (EC3, 2005) the capacity of steel beam-
columns under fire is assessed using an interaction equation
similar to AISC (Equation 1), but with ¢1 = ¢2 = 1. The criti-
cal moment and axial capacities, M., and P, in Equation 1,
have different definitions in EC3.

The critical axial capacity is defined in EC3 as:

PES =y (T)P,(T) (10)
where
1
Xc(T)—m <1 (11a)
7,72
o = % (11b)

o =10/ [F,(in MPa) (11c)
~ A= [F,(D)/F.T) (11d)

The critical bending moment is defined in EC3 as:
M5 = xp(TIM,(T) (12)

where xp(T") accounts for reduction due to lateral torsional
buckling and is computed similar to c(7’) but using normal-
ized slenderness of A = /Mp (T)IM (T).

The second-order effect factor B in Eurocode has a dif-
ferent form:

P

Brcz =1-p—=<1 (13)

cr

The factor p is to account for lateral torsional buckling and
is defined for compact sections as:

w=0.15ABM -0.15<0.9 (14)

where By is the equivalent uniform moment factor that de-
pends on the shape of bending moment diagram. In case of
uniform bending moment, By = 0.7.

The critical bending and axial compressive capacity
equations according to Eurocode are plotted in Figures 1
and 2, respectively, as function of slenderness ratio and for
different temperatures.

Takagi and Deierlein (T&D) Approach

Based on a comparison between the current design ap-
proaches and nonlinear finite element analysis, Takagi and
Deierlein (2007) suggested modifications to the 2005 AISC
Specification strength and stability design equations under
fire conditions. The modifications included new expres-
sions for critical moment and axial capacities (M. and P,);
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however, the same AISC P-M interaction equation (Equa-
tion 1) was maintained. It is worth mentioning that these
proposed adjustments are based on uniform temperature
distribution across the beam cross section.
According to Takagi and Deierlein, the critical axial ca-
pacity is given as:
L

0.42 Py(T) 15)

Fy(T)/ Fe(T) }

The critical moment capacity is given as:

Cx
A
MT&D B Schr(T)+[Mp(T)_Schr(T)](l_}\r(T)) >

cr

2
%\/E (D)L,G (1) +1,Cy (%E (T)) :
(16)
A< (T)
<M, (T)

A>A(T)

The equation for A7) is the same as Equation 6b but using
a different value of F(T):

F(T)= kp (T)Fy _ky (T)Fys 7)

where kj,(T) and ky(T') are the temperature-dependent reduc-
tion factors for proportionality limit and yield strength of
steel, respectively, as specified by Eurocode 3 (2005); F is
the residual stress at ambient temperature and is specified in
AISC (2005) as 69 MPa; C= 0.6 — T/250, where T is steel
uniform temperature in degrees Celsius, and Cy must always
be less than 3.

Figures 1 and 2 compare AISC, Eurocode 3 and Takagi
and Deierlein design curves for bending and axial compres-
sive capacity of steel beams at elevated temperature as a
function of slenderness ratio A. The curves shown in Figures
1 and 2 are adapted from Takagi and Deierlein (2007) and
form a basis for provisions in the 2010 AISC Specification.
The bending and axial capacities as a function of steel tem-
perature [M.,(T) and P.-(T)] are normalized with respect to
the plastic bending and axial capacities at elevated tempera-
ture [Mp(T) and Py(T)).

Based on the trends in Figures 1 and 2, the Eurocode
approach is the most conservative under fire conditions
[for M..(T)], while the 2005 AISC equations are the least
conservative. Further, while the reduction in M., and P,
according to Eurocode and 2005 AISC equations starts
after a certain slenderness ratio, the reduction in M., and
P, according to the T&D approach starts immediately for



nonzero slenderness (see Figure 1). The results of nonlinear
finite element analysis carried out by Takagi and Deierlein
showed that the reduction in M., indeed starts immediately
for nonzero slenderness and that plastic bending capacity is
only achieved for fully braced members under fire condi-
tions. Based on these conclusions, Takagi and Deierlein pro-
posed modified equations such that reduction in M., occurs
immediately for nonzero slenderness beams.

INFLUENCE OF THERMAL GRADIENT

In all of the previously mentioned approaches, effect of
fire-induced thermal gradient is accounted for by apply-
ing temperature-dependent reduction factors to room-
temperature steel strength properties. The Eurocode (EC3,
2005) accounts for thermal gradient through applying nu-
merical integrals for the axial and moment plastic capacities
of the section only; that is:

P(T)=F, [y (T;)dA = F, Y Aikey(Ty) (18)
My (T) = Fy [y (T))zidA = Fy Y 2iAiky (T) (19)

The Eurocode procedure accounts for strength variation due
to thermal gradient across the steel section; however, the
stiffness variation due to thermal gradient across the sec-
tion is not captured by this approach. In the AISC and T&D
proposed equations, the influence of thermal gradient is not
treated at all.

Thermal gradient can have a major influence on the shape
of the interaction P-M Equation 1. Due to uneven heat dis-
tribution in the section, the center of stiffness of the section
shifts from its original position. Because of the gradient-
induced shift in the center of stiffness, the axial force will
act eccentrically on the section and thus generate bending
moment. This issue of shifting center of stiffness, which can
have a major influence on beam-column response, is not
treated in most design standards.

Also, thermal gradient has a direct influence on the sec-
ond-order bending moments acting on the beam-column.
This is due to the fact that thermal gradient leads to thermal
bowing of the beam-column, and this increases the bend-
ing moment induced due to the P-A effect. Therefore, if the
beam-column is not fully braced, the moment due to the
P-A effect, which results from the thermal bowing, can be
quite significant and thus causes premature strength failure
of the beam-column. In all codes and standards, this criti-
cal influence of thermal gradient on the P-A effect is not
treated explicitly and is left to the designer to quantify. The
quantification of the P-A effect resulting from the thermal
gradient often requires intensive use of complex finite ele-
ment modeling.

PROPOSED MODIFICATIONS

Modifications to the design equations specified in codes and
standards are proposed in order to account for the influence
of thermal gradient on the capacity of steel beam-columns.
The first modification is at the sectional level and is related
to the distortion of the P-M diagram, which occurs as a re-
sult of the gradient-induced shift between center of stiffness
and center of geometry of the cross section. The second
modification is at the global (member) level and is related
to the increased second-order effect (P-A effect) that results
from thermal bowing caused by fire-induced thermal gradi-
ents. Both modifications will lead to change in the applied
bending moment on the beam-column.

In a previous study by the authors (Dwaikat and Kodur,
2009), it was shown that the distortion of the P-M diagrams
for beam-columns subjected to thermal gradient in the weak
direction is negligible. Also, because the beam-columns are
generally braced in their weak direction, the P-A effect (that
would result from thermal bowing) can be neglected too.
Thus, no modifications are required for the P-M diagrams in
the weak direction of the beam-columns. Herein, modifica-
tions are proposed for the P-M diagrams for beam-columns
subjected to thermal gradient across their strong (generally
unbraced) axis.

When a beam-column is exposed to fire from one, two
or three sides only, as shown in Figure 3a, thermal gradi-
ent (AT) develops across the cross section, and this gradient
causes a migration of the center of stiffness from the hotter
side to the cooler side of the cross section. This migration of
center of stiffness leads to a corresponding distortion of the
P-M diagrams of the beam-column. The basic features of the
distorted plastic P-M diagrams for a W-section with thermal
gradient in the strong direction are compared to the case of a
uniform temperature in Figure 3b. The figure shows that the
value of moment capacity under peak axial capacity (point
A in Figure 3b) moves back and forth (to point A’ in Figure
3b) depending on the eccentricity e between center of stiff-
ness, CS, and center of geometry, CG, that is caused by the
thermal gradient in a W-section. The magnitude of the shift
Mr¢ in the P-M capacity envelope (Figure 3b) is assumed to
be numerically equal to the ultimate axial capacity Py, 1uve
of the section multiplied by the eccentricity e between the
center of geometry, CG, and of the center of stiffness, CS, of
the section as shown in Figure 3b. The ultimate capacity is
computed based on the average temperature of the section:

MrG=eX Py,Tave =eX ky(Ts,Ave) X Fy X Ag (20)
To compute the eccentricity e between Ycs and Y¢g, the re-
duction in the elastic modulus of steel is assumed to vary

linearly across the depth of the section as shown in Figure 4.
Each plate of the section is assumed to have a constant rate
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of reduction, kg, in the elastic modulus, depending on its 2 A xkp(THXyi  d
average temperature. The reduction in elastic modulus of the e=Ycs —Ycg = : ! —— (@2))
steel in the web is assumed to equal the average of the reduc- 2 A xkg (Th) 2

tions of both the top (cool) and bottom (hot) flanges. With

these assumptions, the eccentricity e between Ycg and Ycg brtpkp (T, CF)><d+(kE Ts.cr)+ke (T, 1r )),wdxﬂ 2
across the strong axis can then be calculated as follows: e= 2 2 a (22
kg (T ke (T,
bptpke (Ts,cr)+ [MJ twd+bptpke (Ts ur)

%\ M thermal

gradient

eccentricity (e)
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Fig. 3. Characterizing plastic P-M diagram for a W-shape with thermal gradient in the strong
direction: (a) development of thermal gradient; (b) effect of thermal gradient on P-M diagrams.

E»0>kg(Ts,cr) Ty cr
< > 2 Gy A
Yes 7 “\ V|
e= %centricity \
Yoo t, >k d
"1 |
. < N | v
Eoxke(Ts yp) Tsur < b E—
F
--- Actual
= [ inearized
(a) (b) (c)

Fig. 4. Eccentricity between center of stiffness and center of geometry of a W-shape with
thermal gradient: (a) elastic modulus profile; (b) temperature profile; (c) section dimensions.
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2

d 2bptpkg (T cr) + tywdkg (Tg ave) . 23)
kE (Ts,Ave )(2thF + twd)

where by, t, t,, and d are dimensions of the section as shown
in Figure 4, and kg(T) is the reduction factor for elastic mod-
ulus at steel temperature 7.

On the global (member) level, thermal gradient leads to
the development of thermal curvature in the beam-column,
and this leads to thermal bowing. This is illustrated in Fig-
ure 5, which shows the influence of thermal gradient on the
local P-A effect of the beam-column. Thermal curvature
and thermal bowing cause lateral deflection of the beam-
column, and this lateral deflection will generate addition-
al P-A moment. If we assume a uniform thermal gradient
along the length of the beam-column, then thermal curva-
ture will be constant along the beam-column. If the applied
end moments on the beam-column are equal and opposite,
as shown in Figure 5, then the mechanical curvature due to
these bending moments will also be constant. The elastic
lateral deflection in this case (as shown in Figure 5) can be
obtained, according to Mohr’s theorem, by integrating the
moment of the resultant curvature (thermal minus mechani-
cal curvature) as:

z=L/2

AT M

Arg = o= — |z 24)
21‘0 ( h Es(Tave )IJ

(AT oM 2
h  Es(Tye)l | 8

The increase in bending moment due to thermal bowing can
then be evaluated by multiplying the lateral deflection by the
axial force in the beam-column:

Mrp=PXArp 25)

thermal

lateral deflection .
gradient

due to thermal
bowing

total
length,

Fig. 5. Influence of thermal gradient on P-A effect.

The modification of the P-M interaction curves is based on
using the average temperature of steel section with a shift
Mr¢ that occurs as a result of thermal gradient in the sec-
tion, and with second-order effects that arise due to thermal
bowing, M7p. The adjustment of P-M diagram is aimed at
preserving the room-temperature shape of the P-M diagram
and only introducing the shift M7 to account for the ther-
mal gradient effect. The adjusted equations of the plastic
P-M diagrams for a wide-flange section with linearized
thermal gradient in the strong direction can be written as:

|M+MTB+MTG|+ P

<1.0 (26a)
M cr,Tave F, cr,Tave

|M+Mp-Mrg| P

<1.0 (26b)
M cr,Tave P, cr,Tave

VERIFICATION OF THE PROPOSED APPROACH

The proposed modifications are verified by comparing the
predictions against results from nonlinear finite element
analysis. In the following section, the nonlinear finite ele-
ment model for the steel beam-column is introduced, and
then the model is validated against data from fire tests. Once
the model is validated, it is utilized to verify the proposed
modifications as per Equation 26.

i 9
1.9
rigid plane :k *,’
1
4
/ M
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_____ ; —— P
—
4
roller
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Fig. 6. Structural discretization and modeling of end
restraint of beam-column: (a) structural mesh and boundary
conditions; (b) model axial and rotational restraints.
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Nonlinear Finite Element Analysis

The structural model for the steel beam-column was created
using ANSYS (2007). Figure 6a shows the structural mesh
and boundary conditions of the beam adopted for the struc-
tural analysis. To save on computational expenses, symme-
try is utilized, and only half of the beam is modeled. For
applying symmetry, in-plane translations and out-of-plane
rotations are prevented at the nodes of the midspan section
of the beam as shown in Figure 6a. The steel beam is dis-
cretized using shell elements (the eight-noded SHELL93
element in ANSYS 2007) that account for material and geo-
metric nonlinearities. Based on sensitivity studies (Dwaikat
and Kodur, 2009), the mesh size of the finite elements was
chosen to be 30 mm x 30 mm, which means that each plate is
modeled with at least three elements of the eight-noded shell
element; thus, at least seven nodes were generated across the
width of each plate. In the analysis, material nonlinearities
include nonlinear temperature-stress-strain curves for steel
and temperature-dependent thermal strain. Geometric non-
linearities include large deformations and large rotations.
Kinematic constraints are applied on the boundary of the
beam-column as shown in Figure 6b. This was to ensure
consistent rotation of the end supports conditions according
to the applied bending moment.

The high-temperature properties of steel used in the anal-
ysis are based on Eurocode properties (EC3, 2005). This is
because the temperature-dependent reduction factors for the
material properties of structural steel according to AISC
specifications are identical to those specified in the Euro-
code. Therefore, temperature-stress-strain curves for struc-
tural steel according to Eurocode are used for the analysis.
The Eurocode coefficient of thermal expansion as a function
of steel temperature is also used in the analysis.

Analysis Procedure

Three load steps were applied on the steel beam-column in
order to obtain the capacity. In the first step, bending mo-
ment M is applied gradually on the meshed finite element
model of the beam-column. Temperature and thermal gra-
dient along the cross section and over the entire length of
the beam-column is applied gradually in the second load
step. Finally, in the third step, the axial force P is increased
until failure occurs in the beam-column. In the numeri-
cal analysis, failure is said to occur at the last time step at
which convergence is achieved. The maximum sustained
axial force and the applied bending moment on the beam-
column define a single point on the failure surface (P-M dia-
gram) of the beam-column. To obtain another failure point
on the P-M diagram, the same analysis is repeated but with
a different value of initial applied bending moment on the
supports. The analysis is also repeated for different span
lengths, for average steel temperature and for the case with
thermal gradients.

Model Validation

The finite element model is validated by comparing the
predictions from analysis with measured data in fire-re-
sistance tests on beam-columns. For this validation, data
from fire-resistance tests on steel beam-columns subjected
to fire induced thermal gradient are used. The details of
the fire resistance test can be found elsewhere (Dwaikat,
2010; Kodur et al., 2009). The tested beam-column—a
W8x48 cross section that is 3.3 m (130 in.) in height—was
instrumented with thermocouples to measure steel tem-
peratures, strain gauges to measure bending moment, and
linear variable differential transformers (LVDTS) to mea-
sure displacement and top end rotations. The base of the
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Fig. 7. Recorded steel temperatures in tested beam-column: (a) cross section and thermocouples; (b) fire and steel temperatures.
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beam-column was fully fixed using thick steel brackets,
while the top end was free to rotate but restrained against
lateral translations. The beam-column was subjected to
an axial force corresponding to approximately 25% of its
room-temperature plastic capacity. The beam-column was
exposed to ASTM E119 standard fire (ASTM, 2008) from
four sides, and the average insulation thickness was 25 mm
(1 in.). In order to generate thermal gradient along the cross
section, insulation material was removed from one side,
as shown in Figure 7a. The recorded temperatures in the
beam-columns in fire-resistance experiments are shown in
Figure 7b at the base and at the location of the plastic hinge.
The fire-induced axial force and bending moment in the
beam-column are plotted in Figure 8 as a function of fire-
exposure time.

Moment at Moment at

The base bending moment (shown in Figure 8a) was di-
rectly computed using the readings of the strain gauges at
the base of the beam-column which remained cool [below
40 °C (104 °F)] during the fire test (Dwaikat, 2010; Kodur
et al., 2009). The bending moment at the critical section—
where plastic hinge developed at 1930 mm (76 in.) from the
base—was interpolated between the moment at the base
and zero at the top end. The pressure recorded in the ver-
tical actuators was also used to directly measure the fire-
induced axial force. Figure 8 shows that both the axial force
and bending moment increase first and then decrease with
fire-exposure time. This is because the beam-columns ex-
pand nonuniformly under the influence of temperature and
thermal gradients until the spread of plasticity in the beam-
columns causes a reduction in the axial force.
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Fig. 8. Measured fire-induced axial force and bending moment in the
tested beam-column: (a) bending moment; (b) fire-induced axial force.
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Fig. 9. Measured and predicted P-M response for the tested beam-column:
(a) at t = 216 min of fire exposure; (b) at t = 220 min of fire exposure.
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Figure 9 plots the development of the fire-induced P and
M in the tested beam-column. The P-M envelope as predict-
ed using finite element analysis and the simplified approach
(Equation 26) at two fire-exposure times is also plotted in
Figure 9. It is seen in the figure that at different time steps,
the beam-column experiences different thermal gradients,
which cause different shifts in the P-M diagrams.

Based on the results in Figure 9a, the failure time of the
beam-column is conservatively predicted by the detailed fi-
nite element analysis at r = 216 min, which matches well
with predicted failure envelope using Equation 26. The ac-
tual failure of the beam-column was observed in the fire test
at r = 220 min, as shown in Figure 9b. The actual failure in
test is said to occur at the time after which the beam-column
is no longer capable of carrying the applied axial load and
thus starts to deflect at an accelerated rate. The predicted
failure is assumed to be the time at which the fire-induced

P and M exceed the capacity envelope given in Equation 26.
The measured failure point is inside the capacity envelope
mainly due to the experimental parameters. For instance,
the fact that the temperature is not exactly uniform along the
length of the beam-column can result in shifting the failure
point more conservatively toward the inside of the capacity
envelope. The comparison presented in Figure 9 shows that
the finite element model is capable of predicting the P-M
envelop of beam-columns subjected to thermal gradients.

Comparison with Finite Element Analysis

In order to verify the proposed approach in Equation 26 for
predicting P-M diagrams, two steel sections with different
cases of thermal gradients are analyzed. Figures 10 and 11
show the comparison between the plastic P-M diagrams for
these two sections obtained through nonlinear finite element
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Fig. 10. Plastic P-M diagrams obtained from analysis (solid curves) and as predicted by Equation 26 (dashed curves)
for a W24x76 section with different linear thermal gradients along its strong axis (AT = Ty yr— Ts,cF)-
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analysis (solid lines) and through the proposed equation
(dashed lines). The two sections are W24x76 with relative-
ly thin steel plates and W14x311 with thicker steel plates.
These sections were selected to compare the effect of the
different steel plate thicknesses on the P-M diagrams. The
selected sections (W24x76 and W14x311) were subjected to
different thermal gradients along their strong axis, and the
resulting P-M diagrams are normalized to the axial and mo-
ment plastic capacities (P, and M,) using average tempera-
tures. It can be seen in Figures 10 and 11 that the distortion
in the P-M diagrams is well predicted using the proposed
Equation 26 for both sections. Also, it can be seen in the
figures that the distortion is larger for higher temperatures
and higher thermal gradients. This is because at higher tem-
peratures [T > 400 °C (752 °F)], the reduction in steel elastic
modulus Es becomes steeper and thus causes larger eccen-
tricity e between center of stiffness and center of geometry

of the nonhomogenous section. Further, the comparisons in
Figures 10 and 11 indicate that increasing plate thicknesses
has a very small influence on the shape of the P-M diagrams
under extreme cases of thermal gradients [case AT =225 °C
(405 °F)]. It can be seen that Equation 26 conservatively pre-
dicts the P-M capacity envelopes for realistic cases of ther-
mal gradients.

Figure 12 shows the shape of the P-M diagram for beam-
columns subjected to thermal gradient and experiencing
different types of failure modes. Steel section WI18x76
was analyzed for different effective lengths [KL = 0, 5 and
10 m (0, 16.4 and 32.8 ft)]. The first case, whose results are
presented in Figure 12a, represents plastic failure (M., = M,
and P¢r = Py), while the other cases, as shown in Figures
12b and c, represent inelastic and elastic buckling failure
modes (M¢r < My and P¢r < Py), respectively. Results pre-
sented in Figure 12 indicate that the shift in P-M diagram
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Fig. 11. Plastic P-M diagrams obtained from analysis (solid curves) and as predicted by Equation 26 (dashed curves)
for a W14x311 section with different linear thermal gradients along its strong axis (AT = Ty yr— Ty, CF).
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due to thermal bowing (Figures 12b and c) is in the opposite
direction as compared to the shift arising due to migration
of center of stiffness of the cross section (Figure 12a). This
is because the bending moment due to lateral bowing, Mrp,
and the moment due to thermal gradient, M7, always oc-
cur in an opposite direction to the migration of center of
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~
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(a)

stiffness from the hotter to the cooler side of the cross sec-
tion. The proposed Equation 26 captures this effect of ther-
mal gradient on the P-M capacity envelopes. To date, the
P-M interaction equations specified in codes and standards
do not account for these changes in P-M diagrams that arise
due to thermal gradient in the beam-column cross section.
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Fig. 12. P-M diagrams obtained from finite element analysis (solid curves) and as predicted by Equation 26 (dashed curves) for
a WI18x76 section with linear thermal gradient [AT =200 °C (360 °F)] and average temperature of 500 °C (932 °F), but different
effective lengths: (a) KL = 0 (plastic failure); (b) KL = 5000 mm (16.4 ft) (inelastic failure); (c) KL = 10,000 mm (32.8 ft) (elastic failure).
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Table 1. Axial and Moment Critical Capacities According to the AISC,
Eurocode, and Takagi and Deierlein Approaches
Critical Capacities AISC Eurocode T&D
. 1330 985 1130
Mer [kN-m (ip-ft)] (981) (727) (835)
. 7150 5690 4810
Per [kN (kips)] (1610) (1280) (1080)
. . . 3710 1530 2090
Pmax [KN (kips)] using current provisions (834) (344) (470)
Bglatlve error in Pm.ax with respect to 123% —7.8% 25.9%
finite element solution
. . . 1940 1270 1780
Pmax [KN (kips)] using Equation 26 (436) (287) (401)
Pmax [KN (kips)] from finite element solution 1660 (374)

DESIGN EXAMPLE

To demonstrate the applicability of the simplified approach
in design situations, a numerical example is presented for a
beam-column exposed to ASTM E119 standard fire (ASTM,
2008).

Problem

Assuming the beam-column is braced in the weak direction,
compute the maximum compressive force P attained in the
beam-column with the following characteristics:

e Beam-column section W14x176 with F) = 345 MPa
(50 ksi)

e Effective and unbraced length of the beam-column is
KL=Lp=4.5m(14.7 ft)

e Average temperature 7y, = 500 °C (932 °F), thermal
gradient AT =200 °C (360° F)

e Initial bending moment M,, = 320 kN-m (531 kip-ft)

Bending and Axial Capacities

The M., and P, for the beam-column described earlier are
computed in the strong direction using the three approaches
discussed in this paper. The computations are carried out
with strength reduction factor ¢ of unity. The results are
tabulated in Table 1.

The results in Table 1 show that the P-M interaction
equations specified in codes and standards overestimate
the maximum axial force that can be sustained by the pre-
scribed beam-column. The most nonconservative predic-
tions are using the current AISC P-M equations, where the

maximum compressive force of 3707 kN (834 kips) was
overestimated by more than 123%. The adjustments made
by Takagi and Deierlein to the AISC design equation result-
ed in an improved prediction of 2090 kN (470 kips); how-
ever, the maximum axial force that can be carried by the
prescribed beam-column is still overestimated by more than
26%, as seen in Table 1. The reason for these nonconserva-
tive predictions using P-M equations specified in codes and
standards is that these equations do not account for the influ-
ence of thermal gradient on both stiffness and second-order
effect, which greatly affect the capacity of beam-columns.

The Eurocode P-M interaction equation provided a rea-
sonable conservative prediction of the maximum compres-
sive force of 1530 kN (344 kips), which was 8% less than
the actual compressive force predicted by nonlinear finite
element analysis. The reason for improved predictions us-
ing the Eurocode is that it uses numerical integration for
computing the plastic axial and bending capacities on the
sectional level. The numerical sectional integration captures
the variation of strength in the cross section arising from the
nonuniform thermal gradient.

Table 1 also shows that the predictions of the axial ca-
pacity of the beam-column are greatly improved by adopt-
ing the modifications proposed in Equation 26 for AISC
and T&D equations. This is because these modifications in
Equation 26 account for fire-induced thermal gradients by
introducing the bending moments M7g and Mrp that arise
due to the migration of center of stiffness and the thermal
bowing in the beam-column, respectively. Applying these
modifications to the current Eurocode P-M diagrams re-
sulted in further conservatism in the estimation of the axial
capacity, P, of the beam-column.
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CONCLUSIONS
Based on this study, the following conclusions can be drawn:

1. Current fire design provisions in codes and standards
recommend the use of P-M based on uniform tem-
perature. These P-M diagrams, though adequate for
four-sided fire exposure, may not be conservative for
beam-columns exposed to fire from one, two or three
sides due to fire-induced thermal gradients.

2. A simplified approach is proposed for adjusting the
uniform temperature P-M curves of an I-shaped cross
section to account for the shape distortion, which re-
sults due to thermal gradient experienced through one-,
two- or three-side fire exposure of beam-columns.

3. The effect of thermal gradient on the P-M capacity
is twofold. First, thermal gradient causes a migration
of center of stiffness of the cross section toward the
cooler side. Second, thermal gradient results in a ther-
mal bowing effect, which causes lateral deflection and
thus an increase in the P-A effect on the beam-column.

4. The proposed method of computing plastic P-M
diagrams, under thermal gradients, requires mini-
mum computational effort and can easily be incor-
porated into design situations.
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The Development of a New Design Procedure for
Conventional Single-Plate Shear Connections

LARRY S. MUIR and WILLIAM A. THORNTON

ABSTRACT

Conventional single-plate shear connections are common and economical connections. The design procedure outlined in the 13th edition AISC
Steel Construction Manual, relies on the bolt shear values given in the 2005 AISC Specification for Structural Steel Buildings. The nominal bolt
shear values listed in Specification Table J3.2 have historically been 20% lower than the theoretical bolt values. This reduction was provided
to account for uneven force distribution among the bolts in end-loaded connections, such as bolted lap splices. The reduction served the
secondary function of providing an additional factor of safety for all bolted connections designed in accordance with the Specification. The
design procedure for conventional single-plate shear connections contained in the 13th edition Manual relied on this reduction to justify the
practice of neglecting eccentricity in the bolt group for most configurations. The 2010 AISC Specification increases the nominal bolt shear
values, necessitating a revised design procedure for single-plate shear connections in the 14th edition AISC Manual. This paper outlines the

revised procedure.

Keywords: single-plate shear connections.

Single-plate shear connections consist of a single plate
welded to the supporting beam or column and field bolt-
ed to the supported beam. Two different configurations of
single-plate shear connections will be recognized in the 14th
edition of the AISC Steel Construction Manual: the conven-
tional configuration and the extended configuration. The ex-
tended configuration is a more general configuration in that
it allows greater variation in the distance between the weld
and the bolts, the number of bolts, and the plate thicknesses
used. The conventional configuration limits the distance be-
tween the weld and the bolts to a maximum of 3 in., allows
between 2 and 12 bolts in a single vertical line, and limits
the ratio of the plate thickness to the bolt diameter.

Conventional single-plate shear connections (Figure 1) are
common and economical connections. They provide simple
and economical fabrication and erection, and because bolted
connections are only used in the connection to the supported
member, there is no safety concern over the use of shared
bolts through the web of the support during erection.

The design procedure contained in the 14th edition of the
Manual will be similar to that contained in the 13th edition
(AISC, 2005a), but with a few key differences, including

Larry S. Muir, Structural Steel Consultant, Atlanta, GA (corresponding). E-mail:
larrymuir@larrymuir.com

William A. Thornton, Consultant, Cives Steel Company, Roswell, GA. E-mail:
bthornton@cives.com

revised design eccentricities and further limitation on plate
thickness for deeper connections using standard holes.

NEED FOR REVISED DESIGN PROCEDURE

The need to reevaluate and revise the design procedure con-
tained in the 13th edition Manual arose from an increase
in the nominal bolt shear values provided in AISC’s 2010
Specification for Structural Steel Buildings. The nominal
bolt shear values listed in Specification Table J3.2 have his-
torically been 20% lower than the theoretical bolt values.
This reduction was provided to account for uneven force dis-
tribution among the bolts in end-loaded connections, such
as bolted lap splices. The reduction served the secondary
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Fig. 1. Single-plate connection.
(Fig. 10-11 in the AISC Manual, 13th ed.)
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function of providing an additional factor of safety for
all bolted connections designed in accordance with the
Specification.

The design procedure for conventional single-plate shear
connections contained in the 13th edition Manual relied on
this reduction to justify the practice of neglecting eccentric-
ity in the bolt group for most configurations. Reanalysis
has shown that neglecting the eccentricity is no longer ap-
propriate, considering the increased 2010 Specification bolt
strengths.

14TH EDITION MANUAL DESIGN PROCEDURE

Because what follows is largely a discussion of the rationale
underlying the design procedure for single-plate shear con-
nections contained in the 14th edition Manual, it is appropri-
ate to present the procedure and then present the individual
considerations is greater detail.

The procedure presented in this paper has been adopted
into the 14th edition Manual as a method of designing con-
ventional single-plate shear connections that is applicable
over the entire range of support rigidities. This procedure
can be used to determine the strength of single-plate shear
connections, which meet the dimensional limitations set
forth in the procedure.

Shared Provisions

The conventional configuration and the extended configu-
ration of the single-plate shear connection share some at-
tributes and requirements. Although this paper specifically
addresses the design of the conventional configuration, the
requirements that apply to both configurations are presented
together to better reflect the organization as contained in the
Manual. These shared requirements include:

1. The use of either group A (ASTM A325 or F1852) or
group B (ASTM A490 or F2280) bolts is acceptable.

2. Theuse of snug-tightened, pretensioned, or slip-critical
bolts is acceptable.

3. The use of material with either Fy = 36 ksi or Fy = 50
ksi is acceptable.

4. The weld size shall be %t,,.

Dimensional Limitations

1. Only a single vertical row of bolts is permitted. The
number of bolts in the connection, 7, is limited to
2to 12.

2. The distance from the bolt line to the weld line, a,
must be equal to or less than 3V% in.

3. Standard or short-slotted holes are permitted to be
used as noted in Table 1.
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Table 1. Recommended Design Parameters for
Conventional Single-Plate Shear Connections
N Hole Type ep Maximum t, or tp
o5 SSL a/2 None
STD al2 dp/2 + Ve in.
SSL a/2 dp/2 + Ve in.
6-12
STD a dp/2 — Ve in.

4. The horizontal distance L,; must be equal to or great-
er than 2dp, for both the plate and the beam web. Note
that Ly, is measured to the center of the hole or slot.

5. Either the plate or the beam web must satisfy the max-
imum thickness requirement given in Table 1.

Design Checks

The bolts and plate must be checked for the required shear
with an eccentricity equal to ep, as given in Table 1.

Plate buckling will not govern for the conventional
configuration.

PREVIOUS RESEARCH

A number of research programs have investigated the be-
havior of single-plate shear connections. A brief summary
includes:

e White (1965) conducted tests involving single-plate
shear connections to HSS columns.

e Lipson (1968) conducted tests of both single angle and
single-plate connections.

e Richard et al. (1980) conducted tests on single-plate
shear connections using stub beams.

* Hormby et al. (1984) conducted tests on single-plate
connections with Grade 50 steel and composite
construction.

e Astaneh et al. (1988) conducted tests on single-
plate shear connections with standard holes to rigid
supports.

e Astaneh and Porter (1990) conducted tests on single-
plate shear connections with short-slotted holes to
rigid supports.

e Astaneh and Shaw (1992) conducted tests on single-
plate shear connections to support girder webs.

e Sarkar and Wallace (1992) conducted tests on single-
plate shear connections to rigid supports.



e Creech (2005) conducted tests on single-plate shear
connections to rigid and flexible supports.

e Baldwin Metzger (2006) conducted tests on conven-
tional and extended single-plate shear connections to
rigid supports.

The analysis reflected in this paper centered on the tests
conducted by Astaneh and colleagues, Sarkar and Wallace,
Creech, and Baldwin Metzger. Richard et al. did not test
their connections to failure. Therefore, while their tests aid
in the understanding of the behavior of single-plate shear
connections, they do not provide much information regard-
ing the ultimate strength of these connections. The purpose
of White’s tests was to determine the effect of connections
on hollow structural section (HSS) columns, so though his
findings were considered they were not integral to the analy-
sis. The Hormby et al. tests were not included because the
design procedure was intended to be used for both compos-
ite and noncomposite construction.

ESTABLISHING A DESIGN MODEL

The inherent rigidity of single-plate connections has been
a concern for designers worried about considerable, unan-
ticipated moments that could be developed in the connec-
tions, which could precipitate a sudden rupture of either
the weld or the bolts. Further, Section B3.6a of the AISC
Specification, requires that simple shear connections have
sufficient rotational capacity to accommodate the required
beam end rotation. The potential of developing moments in
the connection beyond those resulting from the eccentric-
ity between the support and the bolts, the need to accom-
modate simple beam end rotations, and ductility concerns
become primary considerations in the development of a de-
sign model for the single plate shear connection. Much of
the research and resulting design procedures developed over
the years has concentrated on predicting and/or controlling
this behavior.

The design model used in the 14th edition Manual builds
on previous work. First, ductility requirements relating the
strength of the plate (or beam web) to the bolt and weld
strengths are set. These requirements are based on a combi-
nation of theoretically derived ratios and empirical results.
The goal of the ductility requirements is to accommodate a
target end rotation of 0.03 radian without rupture of any of
the elements. The mechanisms used to achieve this ductility
are discussed in greater detail later.

Having ensured sufficient ductility, the bolts are then de-
signed to resist the required beam end reaction at an em-
pirically derived effective eccentricity. Finally the plate is
assumed to be subjected to loads consistent with the other
elements, the beam end reaction applied at the effective
eccentricity.

Rotational Demand

Before procedures for ensuring ductility can be derived, a
target end rotation to be accommodated must first be de-
fined. Among researchers and AISC committees, 0.03 ra-
dian has become a de facto standard; 0.03 radian is roughly
equal to the end rotation of a beam whose span is 24 times
its depth, is loaded with the maximum uniform design load
and is commonly accepted to be a reasonable upper bound
for beam end rotation. This level of end rotation is unlikely
to occur in many instances, but in order to provide a de-
sign procedure that can be applied to a wide range of practi-
cal conditions, AISC has adopted 0.03 radian as the target
rotation.

Beyond establishing a target magnitude for the rota-
tion, a center of rotation must also be established. If 0.03
radian of rotation occurs at the top bolt of the connection,
the movement of the bottom bolt relative to the plate that
must be accommodated is about twice that required if the
rotation occurs about the center of the bolt group. Research
has shown that the center of rotation can vary considerably
throughout the loading of the connection. However, when
the connection is made to a rigid support, the center of rota-
tion will coincide roughly with the center of the bolt group
as the load approaches ultimate. It was observed that “during
the test, neutral axis remained very close to the mid-height
of the single plate.” (Astaneh et al., 1988) Even when the
mid-depth of the connection and beam are not coincident,
the center of rotation remains near the mid-depth of the con-
nection. (Hormby et al., 1984). No comments are provided in
the research regarding the center of rotation of single-plate
connections supporting composite beams; however, Horm-
by et al. (1984) noted, with regard to the use of single-plate
connections used with composite beams, that “since full-
scale beam tests of off-axis bolt groups resulted in essential-
ly the same moment-rotation and center of rotation response
as symmetrical connections, it is concluded that the behav-
ior of the single plate is not affected by its location relative
to beam’s neutral axis.”

The preceding findings relative to the location of the cen-
ter of rotation are based on the observed behavior of single-
plate connections to rigid supports. There is a lack of similar
data pertaining to flexible supports; however, because the
simple beam end rotation can be accommodated through
movement of the flexible support, instead of plowing of the
bolts, the location of the center of rotation is of less impor-
tance for these conditions.

Theoretically, the single-plate shear connection with stan-
dard holes can accommodate the requisite beam end rota-
tions through a combination of plate flexural yielding; bolt
deformation; bolt plowing; and, in the case of a connection
to a flexible support, through support rotation. Bolt plowing
is the local yielding of the plate or beam web, which occurs
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at the bolt holes causing elongation of the holes. The rela-
tively short distance between the bolts and the welds, which
is an integral feature of the conventional single-plate shear
connections, allows only a small area over which yielding
can occur, so plate yielding is usually discounted as a means
of accommodating the simple beam end rotation. Support
rotation is not relied on to accommodate simple beam end
rotations, because this mechanism cannot be applied to rigid
supports and because other effects associated with support
rotation can lead to serviceability problems.

Both bolt deformation and bolt plowing are dependent
on determining not so much the end rotation, but rather the
movement of the bolts relative to the plate that occurs as
a result of the end rotation. For a given center of rotation,
there is a direct relationship between the beam end rotation
and the amount of movement the bolt group must accom-
modate either through deformation in the bolt itself and/or
plowing through the joined materials. Assuming a center of
rotation at the center of the bolt group, the relative horizontal
movement of the bolts and the connected materials can be
approximated as:

~1)b
8= (0.03radian) (n=1)

M

This results in a maximum relative horizontal movement of
0.495 in. for a 12-row connection. Deformation of this mag-
nitude would essentially exhaust the capacity of the bolt—as
can be shown using the load-deformation relationship given
on page 7-6 of the AISC 13th edition Manual (which can be
used to calculate the force on a bolt given a deformation, in
this instance a deformation of about 0.5 in.):

) 0.55

= Rul[( 1 —e—10(0.5))0-55

R = Rult(l_e_IOA (2)
= 0.996R,,;;

To accommodate even the modest deformational demands
of a two-bolt connection, nearly 60% of the bolt capacity
would be exhausted. Therefore, deformation in the bolt alone
cannot be counted on to accommodate the simple beam end
rotation.

Eliminating plate flexural yielding and support rotation as
a possible means of accommodating the beam end rotations
leaves only the combined effects of bolt deformation and
bolt plowing. In order for the bolts to plow, however, there
must be an upper limit placed on the stiffness and strength
of the plate and/or the beam web relative to that of the bolts.
Prior to the 13th edition Manual, the plate thickness was
limited to one-half the diameter of the bolt plus Y6 in. In
the 13th edition Manual, the possibility that deformations
could occur in either the plate or the beam web was formally
recognized, and the requirement was changed such that the
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Table 2. Results of Bolt Plowing Tests

Bolt tp (in) | A (n) P':‘ktsei)"- y P'?kt:i)"- u
%ein.A325-N | % | 065 | 475 65.9
%ein. A325-N | % | 06 473 65.5
%-in.A325-N | % | 03 476 671
Yoein. AAOO-N | % | 07 473 65.5
Yeein, AAOO-N | % | 0.4 476 671

thickness of either the plate or the beam web was limited to
one-half the diameter of the bolt plus Vs in.

To evaluate this requirement, it is instructive to look at the
results of tests in which a single bolt was essentially plowed
through various thicknesses of plates. Sarkar and Wallace
(1992) ran a series of such tests. The results are provided in
Table 2.

These results indicate that for a plate thickness equal to
one-half the bolt diameter, approximately 0.3 in. of bolt
plowing, A, can occur. Limiting the plate thickness to ap-
proximately half the bolt diameter can, therefore, be ex-
pected to accommodate end rotations for up to a seven-row
connection. Further limiting the plate thickness to half the
bolt diameter minus Y16 in. can accommodate the larger de-
formations required for deeper connections. Because the
tests were run with ¥-in. bolts, it is believed that the results
can be safely extrapolated to larger-diameter and -strength
bolts. Bolts less than %-in. diameter are rarely used in struc-
tural connections.

Providing short-slotted holes in the plate can also help to
accommodate the simple beam end rotation. The short slots
will provide between ' in. and ¥i6 in. of horizontal move-
ment in typical connections, before any deformation must
occur in the bolts, the plate or the beam web. This ' in.
alone is enough to provide the 0.03 radian of rotation for a
five-row connection. In other words, when short slots are
provided in a single-plate shear connection of five rows or
less, the ratio between plate thickness and bolt diameter is
immaterial.

As stated previously, 0.03 radian is considered a conserva-
tive upper bound for the end rotation. It might be reasonable
to relax the plate thickness to bolt diameter requirements
when the end rotation is known to be less than 0.03 radian,
such as when the beam span is short relative to the beam
depth or when the beam is sized based on serviceability
rather than strength criteria. Moving from ASTM A325
bolts to A490 bolts might also offer some relief from this
requirement. Because all of the tests directly related to bolt
plowing utilized A325 bolts, the plowing behavior of A490



bolts has not been established, but it seems reasonable to
believe that due to its greater strength, an A490 bolt would
be capable of plowing through a greater length or thickness
of plate before rupturing.

Edge Distance Requirements

The AISC Manual design procedures for single-plate con-
nections had not included a provision requiring that the
horizontal edge distance be twice the bolt diameter prior to
the 13th edition. This requirement comes from the original
Richard et al. (1980) research. It was included in the AISC
book Engineering for Steel Construction (1984). It was not
included in the Astaneh et al (1988, 1989) procedure, which
was the basis of the procedure in the 9th edition (ASD), 2nd
edition (LRFD), and 3rd edition (LRFD) Manuals. Rather
than requiring a horizontal edge distance twice the bolt di-
ameter, Astaneh et al.’s procedure recommended a horizon-
tal edge distance 1.5 times the bolt diameter.

The intent of the twice the bolt diameter requirement
seems to be to ensure that the bolts will bear without tear-
ing through the edge of the material. However, bolt tear-out
never occurred in any of the testing nor was any tearing be-
tween the edge of the hole and the edge of the plate observed
that might indicate bolt tear-out was imminent. The maxi-
mum relative horizontal movement required to develop the
simple beam end rotation of 0.03 radian is 0.495 in., as previ-
ously discussed. Based on this fact, and considering the fact
that it was not required by the Astaneh et al. work (which
was the basis for single-plate shear connection design in the
United States for 20 years), the edge distance requirement of
twice the bolt diameter would seem to be overly conserva-
tive and unnecessary.

DESIGN OF THE BOLT GROUP

It is intuitive to assume that the bolt group in a single-plate
shear connection, being offset from the face of the support,
will experience some eccentricity. The effective, or design,
eccentricity, however, is not necessarily equal to the distance
from the weld group to the bolt group, as might be assumed.
A significant end moment might develop when a stiff plate
connection is attached to a rigid support. In such cases, the
inflection point of the beam might be moved considerably
into the span, resulting in an effective eccentricity higher
than the distance from the weld group to the bolt group.
Conversely, the presence of short slots or bolt plowing might
reduce the effective eccentricity on the bolt group. Both of
these possibilities were reflected in the design procedures
used prior to the 13th edition Manual. The LRFD 3rd edi-
tion Manual (AISC, 2001), for instance, calculated the effec-
tive eccentricity on the bolt group as:

ep = |(n -1)- a‘ for connections using standard holes  (3)

or

for connections using short-slotted holes (€))

e —‘%—a
b3

When attached to a flexible support, the effective eccen-
tricity, ep, could not be less than the distance from the
weld group to the bolt group. Assuming a practical range
of 2% in. to 3% in. for a, the 3rd edition LRFD Manual
equations would predict an effective eccentricity on the bolt
group of between about 5 to 267% of the distance from the
weld group to the bolt group. Where the predicted effective
eccentricity exceeded the a dimension, this was presumably
done to account for potentially large moments occurring at
the support, which could result in a larger moment at the bolt
group. Though this large effective eccentricity will occur
early in the loading history, the tests indicate that the reduc-
tion in stiffness due to bolt plowing reduced the eccentricity
at ultimate loads as was intended.

Reanalysis of existing data and further testing (Creech,
2005; Baldwin Metzger, 2006) led to a less conservative re-
quirement for the 13th edition Manual in which, for most
cases, eccentricity was neglected. Though the tests did not
indicate that there was no eccentricity on the bolt group,
the 20% reduction in the bolt strength inherent in the 2005
Specification allowed the conclusion that the eccentricity
could safely be neglected.

Because many of the tests were configured such that the
bolts governed the capacity of the connection, there is a rela-
tive wealth of data on which to base the design procedure for
the bolts. Of 31 tests considered here, the bolts governed the
strength of 20 of the connections. These 20 connections also
contained a good mix of connection depths, hole types and
support rigidities.

The approach taken in developing a design methodology
for the bolt group followed the historical precedent of de-
termining the effective eccentricity to which the bolt group
was subjected. Only the effective eccentricity at ultimate
load was considered in developing the design procedure, al-
though effective eccentricities were often reported through-
out the loading. There is no evidence in the testing that these
larger effective eccentricities applied in conjunction with
lesser loads can govern the strength of a single-plate shear
connection meeting the dimensional requirements laid out
in the procedure. A summary of the test data and the analy-
sis is provided in Table 3.

In Table 3, the predicted bolt group strength without ec-
centricity values (column 11) were calculated by multiplying
the number of bolts in the connection (column 2) by the bolt
shear strength (column 4). Where the bolt shear strengths
were measured and reported in the available reports, these
values were used. Where measured bolt strengths were not
reported, the bolt strength was assumed to be 26.5 kips for
ASTM A325-N bolts and 33.2 kips for ASTM A325-X and
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A490-N bolts. Inherent in these values are the same as-
sumptions made in the 2010 AISC Specification that the
bolt strengths equal the minimum specified tensile strength
given in the ASTM standards, the ratio of bolt shear strength
to bolt tensile strength is 0.62 and ratio of effective thread
root area to shank area is 0.80.

Once a predicted strength neglecting eccentricity was es-
tablished, the effect of the eccentricity could be determined.
Calculating the ratio of the tested strength (column 9) to
the predicted strength (column 11) provided the efficiency
of the bolt group in resisting the applied shear (column
12), which is essentially the C-value from the eccentrically
loaded bolt group tables in Part 7 of the Manual. Using the
instantaneous center of rotation method described in Part 7,
an effective eccentricity corresponding to the bolt group ef-
ficiency could be determined and expressed as a percentage
of the a dimension (column 13).

It can be seen that seven of the tests (tests 2, 3, 11, 22,
26, 27 and 30) indicate that the strength of the bolt group is
best predicted by neglecting the eccentricity. The number
of bolts for these tests ranged from two to six installed in
both standard and short-slotted holes. There are eight tests
(tests 8, 14, 15, 16, 17, 19, 24 and 25) that indicate that the
strength of the bolt group is best predicted by assuming an
eccentricity equal to 0 to 50% of the a distance. The number
of bolts for these tests ranged from two to seven installed in
both standard and short-slotted holes. Six of the tests (tests
1, 4,9, 13, 28 and 29) indicate that the strength of the bolt
group is best predicted by assuming an eccentricity equal
to 74 to 114% of the a distance. In every case, where the
best predictor of bolt group strength was based on an effec-
tive eccentricity exceeding one half the a distance, standard
holes were used. Four of the tests were either six- or seven-
row connections.

The remaining two tests were treated as outliers. One of
the tests was a three-row connection in which the support
girder was yielded during testing, which was considered
unusual. The other outlier was a test in which the applied
rotation was 0.053 radian, considerably more than the target.
Other connections were subjected to similarly large rota-
tions but did not show an increase in the effective eccentric-
ity. It should be noted that when these two data points are
compared to the 14th edition Manual design procedure there
is still good agreement, even though an eccentricity less than
that predicted by the test is used in the 14th edition Manual
design procedure. This can be explained in part by the 10%
reduction in bolt value inherent in the 2010 Specification.

In cases where bolt strengths were not reported, it is likely
that the actual bolt strengths were greater than the nominal
strengths used to calculate the predicted strength of the con-
nection. Underestimating the predicted strength of the con-
nection would lead to an overestimation of the bolt group
efficiency and a lower corresponding effective eccentricity.

There were 17 tests for which bolt strengths were not re-
ported; of these, the bolt group governed the strengths of
12 tests. Therefore, nearly half of the tests potentially un-
derestimate the effect of the eccentricity. However, in 7 of
the 12 cases (tests 2, 3, 24, 25, 26, 27 and 30), the calcu-
lated effective eccentricity is more than 20% lower than the
recommended eccentricity used in the 14th edition Manual
design procedure, a considerably larger margin than the re-
ported overstrength of the tested bolts. In 3 of the remain-
ing tests (tests 1, 28 and 29), where the predicted effective
eccentricity exceeds the recommended eccentricity used in
the 14th edition Manual design procedure, the 14th edition
Manual design procedure limits the plate thickness to less
than the tested configuration to increase the ductility of the
bolt group. In the final 2 of the 12 tests for which no bolt
data were available (tests 4 and 5), the rotational demand on
the connection during testing was approximately twice the
expected simple beam end rotation.

The use of slip-critical connections should also be ad-
dressed. The design procedure contained in the 14th edition
Manual follows the precedent set by previous editions of the
Manual in allowing slip-critical connection design values to
be used with single-plate shear connections. Because only
standard and short-slotted holes are allowed and accommo-
dation of the end rotation is required, the use of slip-critical
connections would never be required per the Specification
for these connections, and AISC discourages the use of slip-
critical connections unless required by the Specifications.
However, the use of slip-critical connection design values
was not felt to be detrimental to the performance of the con-
nection, so they have been allowed. Even when designed
using slip-critical design values, the bolts in a single-plate
shear connection will likely slip into bearing when large end
rotations are required.

DESIGN OF THE WELD GROUP

Just as the ratio between the bolt diameter and plate thick-
ness is intended to allow ductile redistribution of moments
and accommodation of the simple beam end rotation, the
weld is also sized to promote ductile behavior. The Manual
design procedure requires that the weld size be equal to % of
the plate thickness. A derivation of the weld requirement has
been provided by Muir and Hewitt (2009), so only a brief
discussion will be provided here. The derivation assumes
that the plate must yield prior to weld rupture to ensure duc-
tile behavior. Though most single-plate connections tested
had a weld size equal to at least 3% of the plate thickness,
Baldwin Metzger (2006) ran several single-plate connec-
tion tests, both extended and conventional configurations,
with welds sized to one-half the plate thickness, which con-
firmed the suitability of the current % of the plate thickness
requirement.
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DESIGN OF THE PLATE

Only two of the tests listed in Table 3 were governed by
the strength of the plate, and the governing limit states were
listed as shear yielding and shear distortion (Sarkar and
Wallace, 1992). However, it is clear that the plate must have
sufficient strength to resist the required design loads, as re-
quired by the Specification. The applicable limit states from
Section J4 of the Specification are shear yielding (Equation
J4-3) shear rupture (Equation J4-4) and flexural yielding.
Flexural yielding should be checked using the plastic section
modulus (Mohr and Murray, 2008). Block shear may also
be a governing limit state if the horizontal edge distance
does not exceed the vertical edge distance. Buckling will
not occur in the plate, because the distance from the weld to
the bolt group cannot exceed 3'% in. This can be proven as
follows (Muir and Thornton, 2004):

Assuming a = 3.5 in. (the maximum permissible dimen-
sion), L = 36 in. for a 12-row connection, Fy = 50 ksi, and
tp =025 in.:

L[F,
L 2
t 47,000+112,000(2)

a
36+/50

A=

2(3.5)

2
0.25,]47,500+112, 000(36]

=0.587<0.7

Therefore, buckling will not govern.

COMPARISON TO TEST RESULTS

A comparison of the 14th edition Manual design proce-
dure to the test results is given in Figures 2 and 3. Figure 2
compares the 14th edition Manual design procedure to test
run with an a dimension equal to 3 in. Figure 3 makes the
comparison to test run with an a dimension equal to 3'% in.
There appears to be good agreement, and there is only one
data point for which the 14th edition Manual procedure ap-
pears slightly nonconservative.

-
~
250 —
-~
~
200 »
”
£ | ¥
§ 150
8 * _~
E ¢ 7
£ <
2 100 r
50 - Predicted Nominal Strength STD Holes
& Test Data for STD Holes
= = Predicted Nominal Strength SSL Holes
. A Test Data for SSL Holes
2 3 4 5 6 7 8 9 10 11 12

Number of Bolts

Fig. 2. Comparison of design procedure to test results for a = 3.0 in.
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DESIGN EXAMPLE

Given:
Beam: W24x76 (A572 Grade 50); t,, = 0.44 in.
Bolts: Six 7-in. A325-N (STD holes)
Plate: A572 Grade 50; t, = 0.375 in.; d, = 18 in.

Verify that the plate satisfies the requirements for design as a conventional single-plate shear connection:

Verify number of bolts: 2<n=6 < 12
Verify distance between the bolt and the weld: a < 3.5 in.

Verify plate or web thickness: 7, = 0.375 in. < dp/2 — 16 in. = (0.875 in.)/2 — Vi in. = 0.375 in.

Verify horizontal edge distance: L., = 1.75 in. > 2d), = 2(0.875 in.) = 1.75 in.

Determine shear strength of a single bolt:
dy 875 in.)?
orp = q)Tb nF,, = 0.75[@}5(54 ksi) = 24.4 kips

Determine bolt bearing strength of plate per bolt:
First determine clear distance, L., to edge of plate:

0.9375 in.

d
L. =Le—?h=1.5in =1.03 in.

Orprg =min (024 dptp Fy, 01.2LctpF, )

= min (0.75(2.4)(18 in.)(0.375 in.)(58 ksi), 0.75(1.2)(1.03 in.)(0.375 in.)(58 ksi))

= min (38.4 kips, 22.6 kips)

_
” 4
250 27
-
-
/
200 >~
£ A g -
4 A
& 150 -
& ~
g “
€
o 100
= @ Predicted Nominal Strength
STD Holes
¢  Test Data for STD Holes
50
= = Predicted Nominal Strength
SSL Holes
0 : - - T T A  Test Data for SSL Holes
2 3 4 5 6 7 12

Number of Bolts

Fig. 3. Comparison of design procedure to test results for a = 3.5 in.
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It should be noted that calculating the bearing strength based on lesser of the horizontal and vertical edge distances is conserva-
tive and other more exact methods are also acceptable. Because the thickness of the beam web is greater than the thickness of
the plate, bearing on the plate will govern.

Determine strength of bolt group:
Because there are six rows of bolts in standard holes, the eccentricity shall be taken as the full distance between the bolts
and the weld, 3 in.

From Table 7-7, C = 4.98
ORp =min (q)rb,d)rb,g) C
=22.6 kips(4.98)
= 113 kips > 100 kips o.k.

Determine the shear yielding strength of the plate:
ORyy = 00.6 Fyd)yt)
=1.0(0.6)(50 ksi)(18 in.)(0.375 in.)
=203 kips > 100 kips o.k.
Determine the shear rupture strength of the plate:
Ay =ty|dy—n(dp+0.125in)]
=0.375 in.[18 in.—6(0.875 in.+0.125 in.) |
=4.5in2
ORyy = 00.6FAper
=0.75(0.6)(65 ksi)(4.5 in.%)
=132 kips > 100 kips o.k.

Determine flexural strength of the plate:
As noted earlier, the check should be performed using the gross plastic section modulus and buckling of the plate will not

govern.
t,d> i i)
Z, = rdp _ (0.375 in.)(18 in.) —304 in3
4
F,Z
or, =207
e
~0.9(50 ksi)(30.4 in?)
3in.
=456 kips

Size the weld:
w = %t, =%(0.375 in.) = 0.234 in.

Therefore, use a Y4-in. weld each side.

Because the horizontal edge distance is greater than the vertical edge distance block shear will not govern.
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CONCLUSION

The design procedure for conventional single-plate shear
connections contained in the 14th edition of the AISC Man-
ual has been revised to accommodate a change in the nomi-
nal bolt strength presented in the AISC Specification. The
new procedure represents a safe and economical approach
to these connections based on rational design methods and
confirmed by testing.
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SYMBOLS
Fy Minimum specified yield stress, ksi
Len  Horizontal edge distance, in.
Le, Vertical edge distance, in.
R Simple beam end reaction, kips

Ryi;  Ultimate shear strength of the bolt, kips

a Distance from the face of the support to the vertical
line of bolts

b Spacing between rows of bolts
d Plate depth
d, Bolt diameter

ep Effective (design) eccentricity of the bolt group

n Number of rows
tp Plate thickness, in.
tw Beam web thickness, in.

w Weld leg size, in.

o Relative horizontal movement of the bolts and the
connected materials, in.

Deformation of the bolt, in.

A Slenderness parameter, dimensionless
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TECHNICAL NOTE

NewZ-BREAKSS: Post-tensioned Rocking
Connection Detail Free of Beam Growth

DANIEL M. DOWDEN and MICHEL BRUNEAU

ABSTRACT

This technical note concisely presents the details of a post-tensioned rocking moment connection (PT-RMC) concept that could be imple-
mented in steel plate shear wall (SPSW) and moment-resisting frame (MRF) systems, along with preliminary results from limited SAP2000
cyclic nonlinear static pushover and time-history analyses that verify its anticipated behavior. The partial research results presented here
could be of benefit in ongoing discussions about practical implementation and design codification of PT-RMCs [aka post-tensioned energy
dissipating (PTED) or self-centering moment-resisting (SC-MRF) connections].

Keywords: rocking connection; self-centering frame; steel plate shear wall; moment frame.

Post—tensioned rocking moment connections (PT-RMCs)
in steel frames have been proposed by many researchers
(e.g., Ricles et al., 2002; Christopoulos et al., 2002a, 2002b;
Garlock et al., 2005; Rojas et al., 2005) as an alternative
moment-resisting frame (MRF) connection that provides
frame self-centering and limits hysteretic damage to desig-
nated energy dissipating elements during earthquakes. This
connection, which is appealing for many reasons, requires
careful and nonconventional floor diaphragm detailing to
account for interaction effects of the PT frame with the grav-
ity system. In particular, issues with PT frame expansion
(Garlock, 2003), often referred to as “beam growth,” arise
associated with the opening of the rocking beam joint. Gar-
lock and Li (2008) and Iyama et al. (2009) proposed some
innovative floor slab diaphragm details for specific plan lay-
outs to accommodate the beam growth that occurs in the PT
frames relative to the other gravity frames in building struc-
tures and, more challengingly, when beam growth develops
in both orthogonal plan directions. Apart from floor slab
issues, in taller frames having larger columns, because col-
umns must flexurally deform to accommodate beam growth
at subsequent stories, the large stiffness of these columns

Daniel M. Dowden, PE., S.E., Ph.D. candidate, Department of Civil, Structur-
al, and Environmental Engineering, University at Buffalo, Buffalo, NY. E-mail:
dmdowden@buffalo.edu

Michel Bruneau, P.Eng., Ph.D., Professor, Department of Civil, Structural, and
Environmental Engineering, University at Buffalo, Buffalo, NY (corresponding).
E-mail: bruneau@buffalo.edu

may become overwhelming and prevent beam growth to the
point where PT-RMC systems may not work properly.

Here, atype of rocking connection is proposed, inspired by
a moment-resisting connection developed and implemented
in New Zealand (Clifton, 1996, 2005; MacRae et al., 2007,
Clifton et al., 2007; MacRae, 2008; MacRae et al., 2009), to
achieve the advantages of a PT-RMC system without beam
growth. This is done as part of an ongoing research proj-
ect on steel plate shear walls (SPSWs) having rocking beam
connections (e.g., Berman et al., 2010); consequently, the
focus of this technical note is primarily on SPSW systems.
However, while this technical note illustrates how a rocking
connection of the type proposed here could be detailed for
SPSW systems, it is presented with the understanding that,
with minor changes, it could also be a workable solution for
rocking MRF as a method to eliminate beam-growth issues,
while providing in both cases the benefit of frame recenter-
ing while eliminating the need for special detailing of the
diaphragm to accommodate beam growth.

NEWZ-BREAKSS ROCKING CONNECTION

For convenience, the proposed connection is called the
“New Zealand-inspired—Buffalo Resilient Earthquake-
resistant Auto-centering while Keeping Slab Sound (NewZ-
BREAKSS) Rocking Connection.” This proposed rocking
connection is shown in Figure 1 for the particular detail that
would be used in a self-centering SPSW system (the detail
shown is for a //5-scale frame considered for possible testing).

In Figure 1, VBE is the vertical boundary element and
HBE is the horizontal boundary element in keeping with the
nomenclature used for conventional SPSW systems. The pro-
posed rocking connection essentially eliminates the beam
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growth typically encountered in the previously researched
connections that rock about both of their beam flanges by,
instead, maintaining constant contact of the beam top flange
with the column during lateral drift. Additionally, this con-
nection provides a large moment arm from the rocking point
to the centroid of the post-tension for maximizing the PT
elongation desired for self-centering connections. However,
in a given beam, because the top flange of the beam is in
constant contact with the columns at both ends of the beam,
as the frame drifts, when one of the rocking joint “opens”
and induces PT elongation, the rocking joint at the opposite
end of the beam “closes” and induces PT decompression.
Thus, the two PT elements need to be anchored indepen-
dently along the length of the beam as shown in Figure 1; if
a single PT element was used to span across the entire beam
and was anchored only to the columns, its net elongation
would be zero over the full length of the beam. Note that the
stress concentrations at the rocking point for this connection
are not significantly different than for the condition for post-
tensioned moment-resisting rocking steel frames, in that a
flange reinforcement plate will also typically be needed to
accommodate stress demands on the rocking beam flanges
as shown in Figure 1.

The location of the PT anchor point along the beam will
depend on the strain demands of the PT elements at the
maximum target drift. The anchor location should be pro-
vided to ensure that the PT strains remain elastic up to that
drift demand. Either steel or fiber-reinforced polymer (FRP)
tendons or rods could be used, depending on the level of PT
strain anticipated. One other notable characteristic with the
proposed detail is that because one joint closes, the recen-
tering capability of the PT at the closing joint diminishes
as the PT element is “relaxed”; if, at certain drifts, the ini-
tial elongation of the PT tendon or rod is overcome, the PT

element will become fully relaxed and only the PT element
at the opening joint will contribute to recentering the frame.
Thus, the opening joint will always contribute to frame re-
centering, while the closing joint may or may not contribute
depending on whether the PT element loses its pretension
at the maximum target drift level. In the example presented
subsequently, eventually, at large drifts, only the opening
joint contributes to frame recentering (the closing joint even-
tually does not contribute after the PT element at that joint
has lost its pretension). However, preliminary results show
that this phenomenon has been found to be of no significant
detrimental effect on structural behavior and can be accom-
modated by design.

To better understand the behavior of the proposed detail,
the moment relationship along the length of the beam was
obtained from first principles based on the free body dia-
gram shown in Figure 2 using a capacity design approach for
a self-centering SPSW. Here, it is assumed that the bound-
ary frame and PT remain elastic and only the web plate
yields. Note that vertical HBE reactions develop as shown in
Figure 2, which is resisted by a shear tab connection as
shown in Figure 1. However, for clarity, the shear tab detail
is not shown in the free-body diagram illustrated in Figure 2.

In Figure 2, V; is the story shear force, Wy, is the web
plate horizontal yield force resultant along the length of
the HBE, Wy, is the web plate vertical yield force resultant
along the length of the HBE, Pypg(vBe)is the horizontal re-
action at the rocking point of the yield force resultant of the
web plate acting on the VBE, Py is the PT force, Psypg is the
horizontal reaction of the post-tension force at the rocking
point, y is the distance from the HBE neutral axis to the cen-
troid of the PT, d is the depth of the HBE, R is the length of
the radius corner cut-out of the web plate, and L is the clear
span of the HBE. Note that the subscripts 1 and 2 indicate

Radius Cut-Out

Flange Reinf. Plate

Rocking Point (Ea. End of HBE) Light Gage
- Web Plate
|
Wox VBE— | 1 W8x HBE
Continuity Plate
VBE Web Dblr Plat ——— 7
e r Plate
s
Post-Tension —___ »: [Wlce)) -t < Post-Tensi
(Ea. Side of HBE Web) e~ = ost-lension
/ e ) Eccentricity
Stiffener Plates (Typ.) W \Cont. Steel Fish
‘ ~  Plate

Cant HBE Web (Ea. End of HBE)A/AL

Shear Plate w/
Horiz. Long Slotted Holes

Fig. 1. Self-centering SPSW rocking connection.
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that the force components shown are of different magnitude.
In particular, it is assumed that the web plate below the HBE
flange is thicker than the web plate above the HBE. By static

equilibrium at sections 1 to 5 (points of applied load chang-
es), the moment distribution along the length of the HBE is
determined as follows:

_ d d y y d L
My = Ps1vpge (E)—Psl [ZX+ZXJ+PSZ (Zx+zx)+(u)byl —(Dbyz)(ax—Rx)
)
+(Oext + Oy ) ﬁ—ﬁ—d—R ropn| 2R —ax J+v[ 4
cxl cx2 4 4 5 bxl 17 i 4
My =P, 4 - P, ix+lx + P, lx+ix +(m ) ) £x—ﬁ—R—2
2 sIVBE ) sl 2L I 52 17 2L byl by2 > > )
@
+(@ex1 + Oy ) @—ﬁ—d—R ropa [ 2R IR [ LRy (4
cxl cx2 4 4 ) bxl I > > bx2 B > i 4
_ d d y y d L x> R’
M3—PS]VBE(§)+P51(y—zx—zx)+Psz(zx+zx)+((0by]—mbyz)[zx—7—7 5
+ (01 + 02 ) @—ﬁ—d—R rop [ 2R IR [ LRy (4
cxl cx2 4 4 3 bxl1 I > ) bx2 5 > i 4
My =P, d + P, —ix—lx + P, Zx+ix— +(0) - )éx—ﬁ—R—z
4 s1VBE > s1| Y 2L I 52 I Y y byl by2 > > >
)
+ (01 + Oy ) @—ﬁ—d—R v [ 2R IR [ LRy (4
cxl cx2 4 4 ) bxl L > ) bx2 ) > i 4
d d vy y d ? L
MS :PSWBE(EJ—',-Psl[y—zx—zx)-i-Psg(Zx-i-zx—y)ﬁ-((obyl—(Dbyz)[?-i-Rx—Ex—LR .
®)

dn d*

+(0)cxl +0)cx2){____ >

where £ is the story height; ®. and wj, are the force per unit
length of the horizontal and vertical components of the
yielded web plate along the height and length of the VBE
and HBE, respectively (Berman and Bruneau, 2008; Sabelli
and Bruneau, 2007); x is the distance from point C along the
length of the HBE; and PsyE is the horizontal reaction at
the rocking point, which is a fraction of Py and calculated
as follows:

h—y

h+g
2

PsivBe = P

©)

dR 2dR dL dL d
i op | S x—dx+ = —dR |+ opra | —=—dR |+Vi| =
J bxl( I3 X—dx > ) be( > J 1(4J

In addition, V;, the story shear force assumed to be applied
equally at each end of the frame for the condition consid-
ered, is given by:

Vi =l(t1 —tg)pr (L—ZR)SinZOL
2 ©)

where #1 and 1 are the thickness of the web plate below and
above the HBE, respectively; F), is the anticipated yield
strength of the web plate; and o is the angle of inclina-
tion of the tension field of the web plate with respect to a
vertical axis. Note that for use with multistory frames, the
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additional lateral story shear force at each HBE level due
to multistory PT frame stiffness would have to be consid-
ered for preciseness in calculating the HBE demands. These
equations would be considerably simpler for the case of a
self-centering moment-resisting frame because there would
be no contribution from the yielding SPSW web plate in the
preceding equations, but rather a small contribution due
to the type of energy dissipation element introduced in the
connection (to reflect the schemes considered in research on
PTED or SC-MRF).

SAP2000 ANALYTICAL MODEL COMPARISON

To verify the behavior of the proposed rocking connec-
tion and the hysteretic response of SPSWs having NewZ-
BREAKSS connections, cyclic nonlinear static pushover
analysis was first conducted using the computer program
SAP2000 (CSI, 2009). The analytical model used consisted
of a single-bay, single-story frame with a bay width of 20 ft
and story height of 10 ft. The SPSW web plate consisted of
a 16 gage steel plate with assumed expected yield strength
of 46.8 ksi. A total of eight “4-in.-diameter grade 270-ksi
steel tendons were provided at each end of the HBE with
a distance of 6 in. below the neutral axis of the HBE to
the centroid of the tendons (here, it is assumed the tendons
would be placed equally along each side of the HBE web
in a grouping of 2 X 2). An initial post-tensioning force of
approximately 20% of the assumed yield strength of the PT
was provided. The depth of the HBE was taken to be 18 in.,
representing the use of a W18 beam section.

A strip model was used for the SPSW web plate (Sabel-
li and Bruneau, 2007). Because the hysteretic behavior of
SPSW relies on yielding of the web plate through diago-
nal tension field action, the web plate was modeled by us-
ing a series of tension-only strips. Each of the strips was
assigned an axial plastic hinge model assuming an elastic

Why2

perfectly plastic response to account for nonlinear hysteretic
behavior. The thickness of the web plate was provided to
ensure that the boundary frame and post-tension elements
remained elastic. A combination of nodal joint constraints
and SAP2000 gap link elements was also required to prop-
erly model the rocking joint behavior.

For the current example, the designed SPSW is used to
avoid abstract complexities in keeping the problem paramet-
ric. Additionally, the boundary frame members are assumed
rigid here such that PT force losses due to HBE axial short-
ening can be ignored, because this has a negligible impact
on the results and keeps the conceptual illustration manage-
able. Ongoing research accounts for those effects that are
secondary for the purpose of this technical note. However,
the formulations developed earlier are applicable regardless
of whether PT force losses are considered. Only the Py and
Ps> terms in the moment equations are affected and would
need to consider PT force losses due to axial shortening
of the HBE due to the axial compression forces along the
length of the HBE shown in Figure 2.

The comparison of the formulations developed describing
the moment distribution along the HBE and also the system
hysteretic response with the NewZ-BREAKSS connection is
shown in Figure 3. It is observed that the proposed rocking
connection provides recentering capability as observed by
the hysteresis plots. A maximum displacement of approxi-
mately 3.6 in. was reached corresponding to a drift of 3%.
The corresponding maximum base shear was approximately
256 kips. Note that because the boundary frame was mod-
eled as rigid, this will lead to nearly simultaneously yielding
of the web strips, which translates into the bilinear hyster-
esis loops observed (versus multilinear hysteresis loops that
would be representative of a progression of web plate strip
yielding, which would be observed in a boundary frame
with flexibility).

T
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Fig. 2. Free-body diagram on HBE for rightward drift.
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Additionally, the moment distribution obtained from the
theoretical and analytical models are comparable. Note that
the moment diagram shown is for a rightward 3% drift con-
dition. From observation of the moment distribution, it can
be seen that the PT force at the “opened” joint results in
a vertical “step” in the moment diagram at the PT anchor
location, as observed in Figure 3. The PT at the “closed”
joint—for the condition shown—has become fully relaxed
at this particular drift, and therefore no vertical step in the
moment diagram is present at that location (which would not
be the case otherwise).

Second, SAP2000 nonlinear time-history analysis was
performed to verify the performance of the self-centering
SPSW system with the NewZ-BREAKSS rocking con-
nection under a more realistic loading environment due
to a ground motion excitation. The same model was used
as that for the cyclic nonlinear static pushover analysis,
but a total frame tributary seismic weight of 350 kips was
considered. For illustrative purposes only, the SAC LA14
ground motion was used as the ground motion input and
is shown in Figure 4. The LA14 record is taken from the
M6.7 Northridge earthquake record and is part of the
Los Angeles suite of historical earthquake recordings, which
were scaled to match the 10% in 50-year earthquake hazard

Hysteresis (3% Drift)
300
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| |
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-200 [ / J —H—14

-300
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for Los Angeles, California, as part of the 1997 SAC Joint
Venture Project.

It is observed in Figure 4 that recentering under dynam-
ic ground motion loading occurs for the given earthquake
record as observed by the hysteresis plots. A maximum
displacement of approximately 4 in. was reached, corre-
sponding to a drift of approximately 3.4%. The correspond-
ing maximum base shear was approximately 262 kips.

Note that a different hysteretic behavior would be ob-
tained for a moment-resisting frame having the NewZ-
BREAKSS rocking connections and would depend on the
type of energy dissipation elements used in conjunction with
the rocking beams (per the references cited earlier). Typi-
cally, those energy dissipation elements are weaker than the
web plate of an SPSW but are able to dissipate energy in a
repeatable manner. However, regardless of the different en-
ergy dissipation mechanism, the favorable characteristic of
no beam growth would remain.

CONCLUSION

The NewZ-BREAKSS rocking connection provides the
advantage of essentially no beam growth, thus mitigating
damage to the floor diaphragm and beams while keeping

HBE Moment (3% drift)
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Fig. 3. SAP2000 pushover analytical versus theoretical comparison.
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Fig. 4. SAP2000 nonlinear time history.
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the desirable benefits of PT frames—namely, self-centering
after an earthquake and limiting inelastic deformations
to replaceable elements while the surrounding boundary
frame remains elastic. Analytical modeling for use with self-
centering SPSW systems was presented. Preliminary results
from SAP2000 cyclic nonlinear static push-over and time-
history analyses indicate that the NewZ-BREAKSS con-
nection could be a viable option for self-centering systems.
Future research is needed to further validate the connection,
including experimental work to investigate its behavior and
self-centering characteristics in a physical model.
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REIDAR BJORHOVDE

his quarter’s paper focuses on a selection of current re-

search projects at some of the leading Chinese univer-
sities. The descriptions will not discuss all of the current
projects at the schools. Instead, selected studies provide a
representative picture of the research efforts and demon-
strate the importance of the schools to the country and in-
deed to the efforts of industry and the profession worldwide.

The universities and many of their structural steel re-
searchers are very well known in the world of steel con-
struction: Tsinghua University in Beijing, Tongji University
in Shanghai and the Polytechnic University of Hong Kong.
Some other projects at these institutions have been discussed
in previous “Current Steel Structures Research” papers, but
the studies that are presented here reflect major, long-time
efforts in a number of areas of industry and transportation
systems of the country. Much of the work is tied to the ag-
gressive programs of the government of China to improve
and expand the infrastructure, including electrical power
stations and related structures, and, of course, highways and
railroads and numerous bridges to span the rivers of China.
Some of the design work for various structures has been
performed by prominent international companies, including
many American firms. A number of the technical solutions
have certainly been based on the results of international
research, including many American projects, but over the
past several years, the magnitude of the Chinese research
efforts within universities and governmental organizations
has been very significant.

In true forward-looking fashion, the researchers at the in-
stitutions that are featured here have been active for many
years, as evidenced by their leading roles in the design
standards development efforts of China, including the inde-
pendent codes of Hong Kong. Large numbers of English-
language technical papers and conference presentations have
been published, contributing to a collection of studies that
continue to offer practical solutions to complex problems for
designers as well as fabricators and erectors. Not the least
important, these efforts complement and expand on ongo-
ing work in other areas of the world. Thus, the collaboration

Reidar Bjorhovde, Dr.-Ing., Ph.D., PE., Research Editor of the Engineering
Journal. Tucson, AZ. Email: rbj@bjorhovde.com

between Chinese researchers and their colleagues in Austra-
lia, Japan, Korea, Singapore and the United States (to men-
tion just a few countries) is extensive. The broad sharing of
knowledge that is taking place promises significant results,
not the least of which will be related to of issues of finance
and the sheer cost of research.

References are provided throughout the paper, when-
ever such are available in the public domain. However,
much of the work is still in progress, and in some cases re-
ports or publications have not yet been prepared for public
dissemination.

SOME CURRENT RESEARCH WORK AT
TSINGHUA UNIVERSITY IN BEILJING, CHINA

For many years Tsinghua University has been one of the
leaders in many areas of structural engineering research.
The university is sometimes referred to as the “MIT of Chi-
na.” There have been numerous principal contributors, and
the faculty of the Department of Civil Engineering of Tsing-
hua University, now with the leadership of Professor Lin-Hai
Han as chair, has been very active in the development of so-
lutions to many technical problems. In particular, since 2005
Professor Han and his colleagues have conducted extensive
studies of the performance of concrete-filled steel tubular
(CFST) members, including the response of columns and
beam-columns and beam-to-column connections subjected
to seismic effects as well as fire temperatures. Numerous pa-
pers have been published, some very recent (Han et al., 2011;
Li and Han, 2011; Tao et al., 2011). Funded by the National
Natural Science Foundation of China (NSFC), initially the
program examined the behavior and strength under mono-
tonic as well as cyclic loads, including the important issue of
residual strength following fire exposure. Long-term effects
such as concrete creep have been examined, along with the
influence of member preloading.

Major efforts are currently under way at Tsinghua and
Tongji universities addressing the strength and behavior
of very high strength members. These studies will be ad-
dressed here.

Performance of CFST Beam-to-Column Connections:
The current focus of the research program examines the
behavior of CFST columns connected to steel beams and
steel-reinforced concrete (SRC) columns to SRC beams.
Both of these options reflect typical construction practice
in China. The developments examine the lifetime behavior
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of such elements and connections, using a loading sequence
that includes initial loading, heating, cooling and postfire
loading on the assembly. Figure 1 provides a schematic of
the full-scale testing arrangement.

Using finite element modeling and parametric evalua-
tions, the model results were verified by the full-scale tests.
The computational results were then used to analyze the me-
chanical characteristics of the connections, including stress
distributions, stress resultants and moment-rotation data.
These evaluations have been utilized to develop simplified
formulations for the residual stiffness and strength ratios for
the assemblies.

Subsequent to the first series of tests and evaluations, the
response of the composite connections under seismic load-
ing was also studied. This work focused on CFST columns
with steel beams, using external diaphragms for stiffening
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and load transfer mechanisms. CFST columns connected to
reinforced concrete beams were included in these tests and
analyses. Figure 2 shows the full-scale test setup for the lat-
ter. The accuracy of the finite element models was verified
by the tests, including the cyclic behavior performance, fol-
lowing extensive parametric analyses. The studies now aim
to determine the behavior and strength under the combined
effects of fire and structural loading, including seismic
loads, for structures that have survived a fire. The concepts
and approaches will be extended to full composite frames.

Performance of High-Strength Steel Structures: This is
a long-term (since 2006) research effort that has been fund-
ed by the National Natural Science Foundation of China
(NSFC). The project directors have been Professors Yongjiu
Shi and Gang Shi.
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Fig. 1. Lifetime loading sequence for composite beam and column and beam-to-column connection tests:
(a) initial loading; (b) heating; (c) cooling; (d) postfire loading. (Drawing courtesy of Professor L.-H. Han)

Fig. 2. Test assembly for CFST column and reinforced concrete beam in a beam-to-column connection test.
(Photo courtesy of Professor L.-H. Han)
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As in other areas of the world, the most common grades
of steel for building and bridge structures in China have
been 250 to 350 MPa (36 to 50 ksi) yield stress materials,
with the occasional use of higher grades [up to 460 MPa
(65 ksi)] for certain applications. For the past few years,
there has been great interest in using steels with higher yield
stress levels, but at the same time it has been recognized
that the design code criteria have been based on tests and
analyses with yield stress values at lower levels. This is, of
course, the same situation as is found in other areas of the
world. The current multiyear project is an aggressive effort
to establish performance criteria for steels with yield stress
larger than 460 MPa (65 ksi). The database has been ex-
tended to include tests of columns and connection elements
in 690 and 960 MPa (100 and 140 ksi) yield stress steel
(Girao and Bijlaard, 2008), with additional examinations of
the performance capacities of very high strength connec-
tions (Bjorhovde, 2008). The work is now being extended
to assess the strength and behavior data for members and
connections under fire and seismic conditions.

It should also be noted that significant studies on the same
subjects are being conducted at Tongji University in Shang-
hai. These will be detailed later in this paper.

Because there are no hot-rolled shapes available in the
higher grades of steel, welded built-up shapes are used. The

Fig. 3. Stub-column test of shape with slender web and
flange elements in 65-ksi yield stress steel.
(Photo courtesy of Professor Gang Shi)

current studies include residual stress measurements, using
the well-known sectioning method, and full-scale tests of
stub columns as well as long columns are conducted. Local
and overall buckling limit states are established, with exten-
sive parametric evaluations using finite element modeling.
The tests have verified the analytical results. Figure 3 shows
a stub column test in 65 ksi steel; Figure 4 shows a long
column test.

Certainly, the types and details of the individual tests and
the analytical results that have been established agree with
compression member studies conducted elsewhere, but the
performance of all of the high-strength members do provide
new data.
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Fig. 4. Long column test of welded built-up
shape in 65-ksi yield stress steel.
(Photo courtesy of Professor Gang Shi)
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The physical testing and finite element analyses have
been extended to welded and bolted connections, including
limit states, deformation capacities, ductility and robust-
ness. The work is now being extended to seismic effects and
will include the development of suitable constitutive models
for the steel, accounting for the gradual deterioration of the
members and the connection elements.

SOME CURRENT RESEARCH WORK AT TONGJI
UNIVERSITY IN SHANGHAI, CHINA

Tongji University is another major Chinese research univer-
sity, with extensive programs in all areas of construction.
The researchers in the building and bridge research groups
are very well known internationally, and the analytical and
physical testing facilities are excellent. Numerous papers
have been published in international journals and confer-
ences; the following is but a small example (Li and Mativo,
20005 Li, 2004; Wang and Li, 2008).

Analysis and Design of High-Strength Steel-Fabricated
Columns: This long-term project has been directed by Pro-
fessor G.-Q. Li.

Using 65-ksi yield stress plates, welded built-up H-shapes
and box shapes were fabricated for the physical testing, and
the residual stress distributions were determined using the
hole-drilling method as well as the sectioning method. The
distributions were used as imperfections for the analytical
examinations.

A total of 26 full-scale columns were fabricated, using
1I-mm (7i6-in.) and 21-mm (approximately 7-in.) plates.
With centrally and eccentrically loaded specimens, using
slenderness ratios of 35 to 70 for the square box sections
and 40 to 80 for the H-shapes, the agreement with the finite
element solutions was very good. Additional evaluations are
now being conducted to develop improved column strength
criteria for static loads.

In addition to the various tests and analyses for compres-
sion behavior, a total of eight columns were tested for con-
stant axial load and cyclic bending. The test setup is shown
in Figure 5. The hysteretic responses of columns with vary-
ing slenderness ratios were determined by tests; these data
were used together with analytical results to arrive at the
cyclic behavior of the high-strength columns. Seismic code
criteria are currently being developed.

Fatigue Performance of Welded H-Beam with Corru-
gated Web: This project has been directed by Professor
G.-Q. Li.

Beams with corrugated webs have become very attractive
for bridge girders as well as for crane girders, for reasons
of structural strength and stiffness as well as construction
economy. The contribution of the web is a major consider-
ation, and the resistance to local buckling that is afforded
by the corrugated web is very significant. But the questions
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related to the fatigue performance of dynamically loaded
members are very important, considering the geometry of
the web and some of the welding details that may offer lim-
ited dynamic resistance.

Four girders were fabricated as test specimens, using
trapezoidal corrugations. Figure 6 shows the test setup.
During the testing, the webs were subjected to concentrat-
ed cyclic loads with a constant stress amplitude, applied at
midspan. The tests were designed to adhere to the criteria
of the Chinese steel design code. The girders had the same
overall and cross-sectional dimensions; the corrugation pro-
files varied, with different symmetries. Specifically, one of
the specimens was designed with a 10-mm (34-in.) deviation
away from the centerline of the web, aiming to take into

Fig. 5. Testing for seismic behavior of welded H-shape column.
(Photo courtesy of Professor G.-Q. Li)



consideration how the performance would be affected by
the installation of a crane girder. All of the tests are con-
clusive—to the effect that the fatigue life of a girder with a
trapezoidal corrugated web is significantly longer than that
of a girder with a traditional flat web.

The findings and the design recommendations have now
been incorporated into the Chinese code for steel structures.

Construction Process Analysis of Large and Complex
Spatial Steel Structures: This project has been directed by
Professor Y.-F. Luo.

Professor Luo makes the observation that state-of-the-art
steel structures are often large in dimensions and scale with
complex and distinctive structural systems. Further, and
very importantly, the researchers note that

e The construction process is complicated and time-
dependent on the system and its elements.

e The magnitude and distribution of the loading on the
structure is highly nonlinear and time-dependent.

e The construction process has a significant influence
on the final loading behavior and indeed the strength
and behavior of the structure.

However, in spite of these facts, current analysis techniques
usually do not take into account the variations of the non-
linear response of the structure during the construction
process. Two early studies did just that, but they were not
expanded (Griffis, 1986; Vallenilla and Bjorhovde, 1990).

Fig. 6. Testing of girder with trapezoidal corrugated web.
(Photo courtesy of Professor G.-Q. Li)

To resolve these issues, Professor Luo’s study aims at de-
veloping analytical procedures that will recognize the ef-
fects of the time-dependent response to provide an approach
for how to predict the loading behavior and how to control
the construction process. The examination will proceed in
the following steps:

1. Identify the main construction process parameters and
the roles they play at various stages of construction.

2. Using the initial numerical model for the structure, up-
date the real-time model for the during construction.

3. Examine the limit states of the structure during con-
struction and the potential “prewarning” indicators for
the structural behavior.

Behavior, Strength, and Construction of Cold-Formed
Steel Structures: This project is a long-duration, compre-
hensive study of cold-formed steel structures and the stan-
dards that are needed for the Chinese industry. The project
directors are Professors Z.-Y. Shen and Y.-Q. Li.

The original Chinese cold-formed steel structures design
and fabrication industry was based on very small thick-
ness materials that were also typical in the United States
and other countries. Steel grades with yield stresses of 36
and 50 ksi were preferred, and material thicknesses be-
tween 2 and 6 mm (approximately 0.1 and 0.25 in.) were
the norm. Local and overall buckling, effective widths and
local material property variations were, therefore, para-
mount considerations for the design codes. Today’s materi-
als for cold-formed elements use thicknesses less than 1 mm
(0.04 in.) and up to 20 mm (¥ in.), and steel grades are avail-
able with yield stress up to 550 MPa (80 ksi), albeit with
ductility limitations. This is the situation that is also the case
for the rest of the world. The development of the Chinese
cold-formed steel structures design standard was largely
based on the American Iron and Steel Institute’s Specifica-
tion and Manual (AISI, 2007; 2008), as is actually the case
for most such codes in the world today. It is now been re-
vised to reflect the housing needs of the population as well
as the expansion of the construction industry in general. It is
anticipated that the new code will be adopted soon.

Responding in particular to the needs for residential con-
struction in many areas of China, the project focuses on the
following engineering and construction needs:

e Testing and analytical evaluation of the mechanical
behavior, strength and stability of the typical thin-
walled (less than 2 mm) cold-formed cross-sections,
including some built-up members (double Cs) as well
as thin-walled tubular shapes.

e Development of reliability and limit states design cri-
teria for such cold-formed members.
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e Development of the characteristics of strength, behav-
ior and design of cold-formed steel trusses.

e Testing of single shear connections with self-drilling
screws and various dimensions of plates, fastener pat-
terns and grades of steel.

e Performing monotonic and cyclic shear tests of 16
composite wall specimens with different aspect ratios,
types of sheathing, grades of steel and sizes of open-
ings to assess ductility and seismic energy dissipation.

* Shaking table tests for three full-scale models of two-
story residential buildings, using different grades of
steel for the studs and different sheathing boards.

Figure 7 shows one of the buildings that will be tested.

The evaluation of the larger thickness (6 to 20mm) cold-
formed elements is proceeding, aiming for the development
of the following data:

e Material property variations and residual stress distri-
butions for various open and closed cross-sections.

e Analytical and experimental data for the strength and
behavior of typical members and cross-sections.

Fig. 7. Full-scale two-story building to be tested on shaking table.
(Photo courtesy of Professors Z.-Y. Shen and Y.-Q. Li)
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e Hysteretic behavior of bracing members and eccentri-
cally loaded columns.

e Cyclic behavior, strength and limit states for typi-
cal connections between thick-walled cold-formed
members.

SOME CURRENT RESEARCH WORK
AT HONG KONG POLYTECHNIC
UNIVERSITY IN HONG KONG, CHINA

The Hong Kong Polytechnic University is one of the premier
universities in Hong Kong. With a large academic staff, good
laboratories and especially fine computational facilities, this
school has a first-class reputation for advanced graduate
and undergraduate programs. Like a number of the major
Chinese universities, the graduate courses in some areas of
study are offered in English, lending significant advantages
to its graduates. In addition, the university enjoys very close
collaboration with the many national and international de-
sign firms with offices in the city. Equally important are the
joint efforts between the university and the highly compe-
tent staff of the Hong Kong Buildings Department (HKBD),
through which an outstanding limit states steel design code
was developed (HKBD, 2005).

Direct Analysis for Structures in Steel, Composite and
Reinforced-Concrete Construction: This is a major proj-
ect that has been led by Professors S.-L. Chan and Y.-P. Liu.

Following the 2005 publication of the new steel design
code for Hong Kong, direct analysis has been used exten-
sively for the design of steel structures. The approach that
was developed for the code is highly reliable and efficient,
just as has been found for the direct analysis method of the
AISC Specification in the United States. The research team
at HKPU has now extended the method to hybrid steel and
concrete frames, where the approach is applied to bare steel,
composite steel-concrete and reinforced-concrete systems.
Using a single code, originally developed for steel, struc-
tural analysis is now performed without the use of several
codes—thus becoming safer, more efficient and more eco-
nomical. This is accomplished in true, efficient hybrid form
in terms of strength, stiffness and structural robustness. Of
course, individual limit states for members and connections
in the different materials still have to be checked.

Time will tell whether the combined application of the
code will succeed in broadly applicable fashion, but the
initial responses from the design community are favorable.
The key is the consideration of member as well as struc-
tural second-order effects, because these do not depend on
the construction material (Chan, 2001; 2006). Thus, biaxial
stress resultant surfaces can be formulated for steel or con-
crete, as required, and the resulting capacity surfaces can
be incorporated directly into practical second-order analysis
and design procedures.



Modeling of Long-Span Composite Beams with High-
Performance Materials and Deformable Shear Connec-
tors: This is a long-duration project under the direction of
Professor K.-F. Chung and his research team. Previous work
by Professor Chung reflects much of the initial thinking
(Chung, 2006). At this stage, the project aims for improved
structural accuracy and efficiency of long-span composite
beam design, incorporating practical construction features.
Using test data for simply supported and continuous
beams, suitable two- and three-dimensional models have
been developed. The models have the following features:

e Geometric and material nonlinearities are repre-
sented, including initial geometric and mechanical
imperfections.

e Deformable shear connectors with limited ductility
are represented, including nonlinearity at the interface
of steel and concrete.

e The steel is modeled as an elastoplastic high-perfor-
mance material, including various levels of strain
hardening.

e Advanced reinforced-concrete models reflect nor-
mal weight material, with normal to high-strength
concrete.

e Complete ranges for different failure criteria of the
materials are represented, including steel stress levels,
concrete strains, overall beam deflections and slip of
the shear connectors.

e Effects of
incorporated.
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Deformed model at large deformation

(a)

Figure 8 illustrates the undeformed and the deformed two-
and three-dimensioanl models, including distributions and
intensities of the von Mises stresses.

Following extensive parametric evaluations, the major
findings of the study are as follows:

1. For beams with 100% shear connection, the full flex-
ural capacity is developed, and the shear connector
slip is generally less than 1 mm (0.04 in.).

2. For beams with a partial shear connection, the shear
connector slip is typically in the range of 2 to Smm
(0.08 to 0.2 in.) when the requisite moment capacity
has been reached. As expected, the slip will be smaller
for unshored beams.

3. For partially composite beams with spans larger than
20 ft and deep, wide-flange shapes (d > 18 in.), slip in
the range of 5 to 10mm (0.2 to 0.4 in.) will occur when
the shear connection is less than 50%. The moment
capacity is typically reduced by 5 to 10% of the design
values.

4. For composite beams with 100% shear connection and
different material grades for the concrete and steel, the
moment capacity is increased by 20 to 70% if the yield
stress of the steel is increased from 50 to 65 ksi and
100 ksi. The self-weight is not increased.

5. The common plastic moment stress block gives accu-
rate moment capacities for a wide range of steel and
concrete materials.

The researchers are currently developing improved com-
posite beam design expressions for use with the design

4
Jumsses——

Undeformed model

Deformed model at large deformation

(b)

Fig. 8. Two- and three-dimensional composite beam models: (a) three-dimensional model; (b) two-dimensional model.
(Drawing courtesy of Professor K.-F. Chung)
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standards. In addition, vibrations induced by foot traffic are
examined, with the aim of providing suitable methods of
analysis and realistic performance criteria.

Enhancing the Performance of Steel Structures with
Fiber-Reinforced Polymers (FRPs): This project is a
wide-ranging investigation with Professor J.-G. Teng as
the director. While the original work focused on the use of
FRPs to improve the response characteristics of reinforced-
concrete structures, for the past number of years, in-depth
studies have been addressing a range of subjects aimed at
enhancing the performance of steel structures. The project
has focused on the strengthening of existing steel structures,
but also providing for the efficient use of FRPs and steel
in hybrid applications. Several subprojects have been under-
taken, as follows:

Strengthening of Steel Structures with FRP:

1. Debonding failures in FRP-strengthened steel struc-
tures: Typically, the FRP has been bonded to the steel
through some form of adhesive. The subject has been
addressed in a number of studies, including
a. An experimental evaluation of the effect of the sur-
face preparation of the steel.

b. a combined experimental and analytical examina-
tion of the full range of behaviors for the FRP-to-
steel interface, using linear and nonlinear adhesives.

The key results have shown that adhesion failure can be
avoided if the steel surface is grit-blasted before bond-
ing. Using finite element analysis, reliable bond-slip
models have been developed for the linear as well as the
nonlinear adhesives. The agreement with the experimen-
tal results is very good.

2. FRP confinement of hollow and concrete-filled steel
tubes: These types of elements are commonly used in
various structural applications. One of the governing
limit states for columns is local buckling of the tube wall
near the member end, and FRP jackets have sometimes
been used to prevent this type of failure. The project
was a combination of testing and analytical evaluations,
which demonstrated that the confinement of the steel by
the FRP could be an effective solution. Basically, the
FRP jacket delayed or completely suppressed the local
buckling failure, while also providing for a significant
improvement of the column behavior and strength. As
part of the study, an accurate stress-strain model was de-
veloped for use with monotonic as well as cyclic loading
for the confined concrete.

Hybrid FRP-Concrete-Steel Double-Skin Tubular Mem-
bers: Figure 9 shows typical examples of the cross sections
of some double-skin tubular members (DSTMs). The use of
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FRPs for such members was invented by Professor Teng; it
has attracted significant attention.

Briefly, as can be seen, the outer tube is FRP and the in-
ner tube is steel. The tube can be left unfilled (as shown in
Figure 9) to maintain a lower mass. Briefly, the FRP pro-
vides the confinement for the concrete as well as additional
shear strength of the member. These members may be pre-
cast or built on site.

In addition to the high corrosion resistance of the member
as provided by the FRP skin, these members offer high duc-
tility, a high weight-to-strength ratio, and ease of construc-
tion. Beam-to-column connections can be built relatively
easily by removing the FRP in the immediate area and con-
necting directly to the steel through the concrete.

The DSTM researchers have performed a number of
full-scale member tests for axial compression, bending and
eccentric compression. The results have demonstrated effec-
tive confinement of the concrete between the outer FRP tube
and the inner steel tube. Further, the members are highly
ductile under pure compression as well as combined bend-
ing and compression. Finally, a simple and practical design
procedure has been developed; it has been adopted by the
Chinese code for infrastructure application of FRP compos-
ite materials.

Currently, the behavior and strength of DSTM members
under cyclic loading is being examined, using full-scale tests
as shown in Figure 10. Conclusions will be forthcoming.

FRP tube

Y Gl e
...J_,_.-._.
Steel tube | M

Y

Concrete
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Concrete

Steel tube

(c) (d)

Fig. 9. Typical double-skin tubular
member (DSTM) cross-sections.
(Drawing courtesy of Professor J.-G. Teng)



ACKNOWLEDGMENTS

Significant assistance has been provided by Professor
S.-L. Chan, Hong Kong Polytechnic University, and Pro-
fessor G.-Q. Li, Tongji University, both members of the
International Structural Steel Research Advisors (ISSRA).
Additional assistance was provided by Professors L.-H. Han
and Gang Shi of Tsinghua University; Professors Y.-F. Luo,
Z.-Y. Shen and Y.-Q. Li of Tongji University; and Professors
K.-F. Chung and J.-G. Teng of Hong Kong Polytechnic Uni-
versity. Their efforts are sincerely appreciated.

REFERENCES

AISI (2007), North American Specification for the Design
of Cold-Formed Steel Structural Members, ANSI/AISI
Standard S100-2007, American Iron and Steel Institute,
Washington, D.C.

AISI (2008), Manual for Cold-Formed Steel Design, Ameri-
can [ron and Steel Institute, Washington, D.C.

Bjorhovde, R. (2008), “Performance and Design Issues for
High Strength Steel in Structures,” International Sympo-
sium on Innovative Design of Steel Structures, University
of Hong Kong, December 5, pp. 1-14.

Chan, S.-L. (2001), “Non-Linear Behavior and Design of
Steel Structures,” Journal of Constructional Steel Re-
search, Vol. 63, No. 7, pp. 961-969.

Chan, S.-L. (2006), “Codified Second-Order Analysis and
Design of Steel Structures,” International Symposium on
Worldwide Trend and Development in Codified Design of
Steel Structures, Singapore Structural Steel Society, 2-3
October, pp. 101-111.

Chung, K.-F. (2006), “Developing a Performance-Based De-
sign Code for Steel and Composite Structures in Asia,”
International Symposium on Worldwide Trend and Devel-
opment in Codified Design of Steel Structures, Singapore
Structural Steel Society, 2—3 October, pp. 35-45.

Fig. 10. Full-scale cyclic lateral loading test of a hybrid DSTM.
(Photo courtesy of Professor J.-G. Teng)

ENGINEERING JOURNAL / SECOND QUARTER /2011 / 167



Girao, A. and Bijlaard, F.S.K. (2008), “High Strength Steel
in Buildings and Civil Engineering Structures,” Interna-
tional Symposium on Innovative Design of Steel Struc-
tures, University of Hong Kong, December 5, pp. 15-42.

Griffis, L.G. (1986), “Some Design Considerations for Com-
posite Frame Structures,” Engineering Journal, AISC,
Vol. 23, Second Quarter, pp. 59—-64.

Han, L.-H., Wang, W.-D. and Tao, Z. (2011), “Performance
of Circular CFST Column to Steel Beam Frames under
Lateral Cyclic Loading,” Journal of Constructional Steel
Research, Vol. 67, No. 5, pp. 876-890.

HKBD (Hong Kong Buildings Department) (2005), Code of
Practice for the Structural Use of Steel (Limit State Ap-
proach), Hong Kong, China.

Li, G.-Q. (2004), “Aseismic Design of Steel Structures in
China,” International Symposium on Worldwide Codified
Design and Technology in Steel Structures, Hong Kong
Institute of Steel Construction, Hong Kong, 9-10 Febru-
ary, pp. 69-78.

168 / ENGINEERING JOURNAL / SECOND QUARTER / 2011

Li, G.-Q. and Mativo, John (2000), “Approximate Estima-
tion of the Maximum Load of Semi-Rigid Steel Frames,”
Journal of Constructional Steel Research, Vol. 54, No. 2,
pp- 213-225.

Li, W. and Han, L.-H. (2011), ”Seismic Performance of
CFST Column to Steel Beam Joints with RC Slab: Analy-
sis,” Journal of Constructional Steel Research, Vol. 67,
No. 1, pp. 127-139.

Tao, Z., Han, L.-H., Uy, B. and Chen, X. (2011), “Post-Fire
Bond between the Steel Tube and Concrete in Concrete-
Filled Steel Tubular Columns,” Journal of Constructional
Steel Research, Vol. 67, No. 3, pp. 484-496.

Vallenilla, C.R. and Bjorhovde, R. (1990), “Behavior of
Composite Frames during Construction,” Journal of Con-
structional Steel Research, Vol. 15, No. 1, pp. 3-21.

Wang, J.-F. and Li, G.-Q. (2008), “A Practical Design
Method for Semi-Rigid Composite Frames under Verti-

cal Loads,” Journal of Constructional Steel Research, Vol.
64, No. 2, pp. 176-189.



