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Estimating Inelastic Drifts and
Link Rotation Demands in EBFs

PAUL W. RICHARDS and BRANDON THOMPSON

_l_he ductility of steel eccentrically braced frames (EBFs)
depends on stable inelastic rotation of the links (Roeder
and Popov, 1978). Experimental testing of ASTM A992
links has shown that well-stiffened shear-yielding links can
accommodate large inelastic rotations without significant
loss of strength (Okazaki et al., 2005). Current provisions
require designers to detail links with appropriate stiffen-
ers depending on the expected inelastic rotation demands
(AISC, 2005). EBFs are unique, when compared to other
ductile braced frames or special moment resisting frames, in
that specific detailing (the link stiffener spacing) is directly
related to the estimated inelastic deformation.

Typically, a designer will amplify elastic analysis results
to estimate EBF link inelastic rotations. First, the displace-
ments and story drifts are obtained from a static elastic
analysis of the EBF under the equivalent lateral force. Next,
elastic story drifts are multiplied by a deformation amplifi-
cation factor, C,, to estimate the inelastic story drifts (ICC,
2006). Finally, with the estimated inelastic story drifts, the
designer estimates link inelastic rotations using simplified
rigid-plastic relationships (Figure 1, for example).

Two issues may limit the accuracy of the practice just de-
scribed. First, the definition of story drift in the provisions
(ICC 2006) includes components from column deformations
that are likely unrelated to link demands. Second, the defor-
mation amplification factor, even if reasonable for comput-
ing inelastic roof drifts, may not be reasonable for comput-
ing inelastic story drifts. The first issue is discussed in the
following paragraph, while the second is discussed in the
following section.

It may be unreasonable to amplify the total elastic story
drift by C, to estimate the inelastic story drift in tall frames.
Provisions define story drift as the relative lateral displace-
ment of the top and bottom of a story, divided by the story
height (ICC, 2006). When columns of a particular story

Paul W. Richards is an assistant professor in the depart-
ment of civil and environmental engineering, Brigham
Young University, Provo, UT.

Brandon Thompson is a graduate student researcher in
the department of civil and environmental engineering,
Brigham Young University, Provo, UT.

experience axial deformation, frame “flexural” deformation
increases story drifts for all stories above (see Figure 2, left).
In contrast, brace and beam deformations at a particular sto-
ry cause frame “shear” deformation and do not impact story
drifts beyond that story (Figure 2, middle). The total story
drift is greatest in the upper stories of tall frames because
of frame flexural deformation. Therefore, link inelastic rota-
tions will always be predicted to be greatest in the top stories
of tall frames. Some engineers consider it overly conserva-
tive to amplify total elastic story drifts by C, because inelas-
tic story drifts (and link rotations) are related only to frame
shear distortions (Horne et al., 1999).

Fig. 1. Relationship between inelastic story drift and
inelastic link rotation (AISC, 2005).

Flexural Shear Total

Fig. 2. Components of story and frame deformation.
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DEFLECTION AMPLIFICATION FACTORS FOR
ESTIMATING INELASTIC DRIFTS

Roof Drifts

A typical response envelope of base shear ratio (C) versus
lateral drift (A) is shown in Figure 3. In design, the inelas-
tic roof drift of the system (4, in Figure 3) is estimated by
multiplying the elastic drift (A,) by a deflection amplification
factor (DAF). The deflection amplification factor DAF is:

DAF =, Q ey

where U, = A, /A, and Q = C,/C; (Uang, 1991; Uang and
Maarouf, 1994). If the equal displacement principle holds
true (A, = A,), the deflection amplification factor DAF
should be equal to C,/C,, which is the strength reduction
factor, R, used in design.

Previous studies indicate that low-rise structures require
greater DAFs than high-rise structures. For low-rise struc-
tures that fall in the acceleration amplification region of
the response spectra, A, tends to exceed A, (Newmark and
Hall, 1982). Uang and Maarouf (1994) found that a DAF of
1.2 times the R factor (1.2R) was appropriate for a 2-story
EBF with a ductility demand of 5. However, for three taller
systems in that study (6- to 13-story steel and concrete mo-
ment frames), appropriate DAFs were in the range of 0.7 to
0.9R. Karavasilis et al. (2007) investigated X-braced steel
frames and had similar results; back calculated DAFs were
about 1.3 times the ductility demand for 3-story frames,
but 0.6 to 0.8 times the ductility demand for 6- to 20-story
frames.

Values of the deformation amplification factor, C,
in current provisions reflect engineering judgment and

Base Shear
Ratio, C

Ce

Drift, A
A A A Am

Fig. 3. General structural response envelope.
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compromise. The history of drift requirements and deforma-
tion amplifications factors is summarized by Searer and Free-
man (2004). Current U.S. provisions (ICC, 2006) specify a
deformation amplification factor, C,, for EBFs of 4, which is
0.5 to 0.6 times the R factor. This value applies to all EBFs
regardless of building height. The 1997 UBC (ICBO, 1997)
specified a deflection amplification factor of 0.7R. Amplifi-
cation factors in this range (0.5 to 0.7R) appear reasonable
for mid- to high-rise structures based on the studies cited
earlier, but seem too low to accurately predict inelastic roof
drifts in low-rise buildings.

Story Drifts

The previous discussion on DAFs was in the context of pre-
dicting inelastic roof drifts. In practice, deformation ampli-
fication factors are commonly used for estimating inelastic
story drifts because story drifts have prescribed limits (ICC,
2006). When the deformation amplification factors for roof
drifts are extended directly to story drifts, the underlying as-
sumption is that inelastic deformation is distributed evenly
among the stories.

Because of weak stories, appropriate DAFs for predict-
ing maximum story drifts are greater than those for pre-
dicting roof drifts. Uang and Maarouf (1994) found that
deflection amplification factors to estimate maximum story
drifts ranged from 1 to 1.5R for three buildings that had rea-
sonable distribution of yielding, but was as high has 1.8R
for a 6-story concrete building with a weak first story. In a
much more exhaustive study of moment frames, Medina and
Krawinkler (2005) found that maximum story drifts were 1.1
to 1.5 times the maximum roof drifts. This issue compounds
the problems of using the current C, factor to estimate story
drifts in low-rise EBFs.

OBJECTIVE

This paper explores the accuracy of predicting EBF inelas-
tic drifts and link rotations through amplification of elastic
deformations. Inelastic drifts and rotations from nonlinear
dynamic analyses of several EBFs are compared with those
estimated by amplifying elastic deformations. Three ap-
proaches to developing better deformation amplification
factors are investigated. Practical implications of the results
are discussed and recommendations are made for improved
EBF design.

EBF DESIGN AND ELASTIC DRIFTS

Design of Frames

Twelve EBF buildings were designed representing three
heights (3-, 9-, and 18-story) and four strength levels. Build-
ing plan dimensions and floor masses matched those used
in moment frame studies (Gupta and Krawinkler, 1999)



Table 1. Link Demand/Capacity Ratios
and Frame Periods
No. Stories Link D/C Period (s)
3 0.85 0.73
3 0.65 0.64
3 0.50 0.58
3 0.42 0.52
9 0.90 2.00
9 0.60 1.81
9 0.44 1.55
9 0.36 1.41
18 1.03 5.65
18 0.63 4.75
18 0.45 3.99
18 0.35 3.55

(see Figure 4). Seismic weights, W, for the 3-, 9-, and 18-story
buildings were 7,160, 21,880, and 24,160 kips, respectively.
Bracedbayswerelocated aroundthe perimeter of the buildings.
EBFs had two braces per bay. The 18-story buildings were
239 ft tall, just below the 240-ft maximum height allowed
for braced frames (Seismic Design Category D, ICC, 2006).

Buildings were designed according to the 2006 IBC (ICC,
2006) equivalent lateral force procedure and AISC Seismic
Provisions (2005). A Los Angeles, California, site was used
for design with Sps=1.11 and S, = 0.61, where S)s and Sp,;
are the site design spectral accelerations at 0.2 and 1.0 s in
terms of gravity. Sps and Sp; are based on the MCE x %4. The
importance factor was taken as 1.0. The equivalent lateral
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' &
- £ S
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Fig. 4. Plan and elevation views of EBF buildings: (a) 3-story,
(b) 9-story and (c) 18-story.

forces for the 3-, 9-, and 18-story buildings were 0.134W,
0.056W, and 0.0342W, respectively.

EBFs were designed for each of the buildings. To investi-
gate the influence of strength, four designs were developed
for each building height. For each design, a demand/capacity
between 0.4 and 1.0 was selected for the links. Then links
were sized to provide similar demand/capacity ratios at all
floors (Popov et al., 1992). The average demand/capacity
ratio (D/C ratio) for the links of each frame are indicated
in Table 1. Frames with a D/C ratio relatively close to 1.0
represent typical designs, while those with a lower D/C are
stronger than required to resist the equivalent lateral force.
Member sizes for all frames can be found in Prinz (2007). As
part of the design, elastic analysis under the equivalent lat-
eral force was performed for each frame using the program
RISA (RISA Technologies, 2005).

Elastic Drifts

Results from the elastic analyses provide some insight into
the effect of frame strength on elastic story drifts. The elastic
story drifts of each frame under the equivalent lateral force
are shown in Figure 5. Total story drift is indicated with open
squares, while solid squares indicate the component of the
total drift caused by story shear distortion (Figure 2, middle).
Equations for computing the story drifts components from
model nodal displacements are developed in the Appendix.
Frames with different D/C ratios had different member sizes
and correspondingly different lateral stiffness. As frame
stiffness increases (lower D/C ratios) elastic drifts decrease.
Note that the shear component of the story drift is similar
over the height each frame (Figure 5).

In Figure 5, a dashed line where drift equals 0.005 indi-
cates an elastic story drift that will result in an estimated
inelastic drift of 0.02 (4 x 0.005), which is the inelastic story
drift limit for these frames. The 9-story frame with D/C =
0.90 and all of the 18-story frames have noncompliant story
drifts in upper stories when typical procedures are used to
estimate inelastic drift.

ADDITIONAL MODELING AND ANALYSIS

Techniques

Individual frames were modeled as two-dimensional systems
using the nonlinear dynamic analysis program Ruau-
moko (Carr, 2006). Standard beam elements with bilinear
flexural-axial hinges at each end were used to represent
beams and columns. Links were modeled with beam ele-
ments and springs in an arrangement that has been used and
validated in previous EBF studies (Richards and Uang, 2006;
Ramadan and Ghobarah, 1995). Columns at the base of the
frames were considered fixed. Beam-column connections
were considered rigid when a gusset plate would be present
and pinned when not present.
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Expected material strengths were specified for the ductile
elements in the models, while nominal strengths were used
for other members. EBF shear link elements had maximum
strengths of 1.55V, (R,=1.1, ® = 1.41) based on experimen-
tal data for ASTM A992 shear links (Okazaki et al., 2005),
where V, is the nominal shear capacity of the link, R, is the
ratio between expected and nominal material strength, and ®
is the strain hardening factor.

A single continuous column in each model represented all
the gravity columns associated with the frame (one-fourth
of the building). This representative column had stiffness
and strength at each story corresponding to the sum of the
gravity columns, assuming weak axis bending. Gravity loads
corresponding to 1.2D + 0.5L (ICC, 2006) were applied to
this column during the analyses, where D and L are dead
and live load effects. This column was pinned at the base
and constrained to match the frame displacements at each
floor level.

Analyses

Modal and pushover analyses were performed for model
characterization. The pushover analyses used the lateral
force distribution prescribed by the equivalent lateral force
procedure (ICC, 2006).

Dynamic analyses were performed using suites of ten
earthquake records, primarily from California events (Tables
2 and 3). Earthquake records were scaled so that the mean
spectral acceleration of the suite for a range of building peri-
ods was greater than the design spectra over the same range.
Compared to period-independent scaling procedures, this
method of scaling has been shown to result in reduced scat-
ter of response data (Kurama and Farrow, 2003). The mean
spectra of the scaled records are shown in Figure 6 with the
design spectra. Different suites were used for the analysis of
the 3- and 9-story and the 18-story frames (Tables 2 and 3)
so that scaling factors greater than 3 were not required.

Rayleigh damping was used in the dynamic analyses with
consideration of its potential problems. Ricles and Popov
(1994) and Hall (2005) have demonstrated that Rayleigh
damping may result in unrealistically high damping forces
during time history analyses for some cases. To investigate
the sensitivity of final results to damping assumptions, anal-
yses were performed twice, first with 2% Rayleigh damping
specified at the fundamental period and at a period of 0.2 s,
and again with 0.5% damping specified at the same periods.
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Fig. 5. Elastic story drifts under
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Table 2. Earthquake Records Used for 3- and 9-Story Frame Analyses

Record PGA? (g) R® (km) Site® Scale Factor
1994 Northridge
Canoga Park, NORTHR/CNP196¢ 0.42 15.8 D 2.06
90013 Beverly Hills, NORTHR/MUL279 0.52 19.6 C 1.07
90018 Hollywood, NORTHR/WIL180 0.25 25.7 C 1.85
90006 Sun Valley, NORTHR/RO3090 0.44 12.3 D 1.27
1989 Loma Prieta
1656 Hollister Array, LOMAP/HDA255 0.28 25.8 D 2.20
Hollister City Hall, LOMAP/HCH180 0.22 28.2 D 1.54
Gilroy No. 3, LOMAP/GO3090 0.37 14.4 D 2.60
Gilroy No. 4, LOMAP/GO4090 0.21 16.1 D 2.53
1987 Superstition Hills
Parachute Test Site, SUPERST/B-PTS225 0.46 0.7 C 1.02
Parachute Test Site, SUPERST/B-PTS315 0.38 0.7 C 2.02

a. Peak Ground Acceleration

b. Distance to fault rupture

c. NEHRP Site class

d. Designation in Pacific Earthquake Engineering Research (PEER) database

Table 3. Earthquake Records Used for 18-Story Frame Analyses

Record PGA? (g) R® (km) Site® Scale Factor
1999 Duzce, Turkey

Duzce, DUSCE/DZC270¢ 0.54 8.2 D 0.86
1999 Chi-Chi, Taiwan

TCU063, CHICHI/TCU063-N 0.13 10.4 D 0.90

CHY101, CHICHI/CHY101-N 0.44 11.4 D 0.59
1999 Kocaeli, Turkey

Yarimca, KOCAILI/YPT060 0.27 2.6 D 0.83

Yarimca, KOCAILI/YPT330 0.35 2.6 D 0.97
1994 Northridge

90056 Newhall, NORTHR/WPI046 0.46 7.1 C 1.28
1992 Landers

24 Lucerne, LANDERS/LCN275 0.72 1.1 B 0.71
1979 Imperial Valley

955 El Centro Array #4, IMPVALL/H-E04230 0.36 4.2 D 0.87

952 El Centro Array #5, IMPVALL/H-E05230 0.38 1.0 D 0.82

942 El Centro Array #6, IMPVALL/H-E06230 0.44 1.0 D 0.70

a. Peak Ground Acceleration

b. Distance to fault rupture

c. NEHRP Site class

d. Designation in Pacific Earthquake Engineering Research (PEER) database
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Model Characterization

Results from the modal and pushover analyses provide a rea-
sonable level of confidence in the designs and the models.
The natural period of each frame is shown in Table 1 (last
column). The approximate fundamental periods given by
design provisions are 0.66, 1.41, and 2.55 s for the 3-, 9-,
and 18-story frames, respectively (ICC, 2006). As expected,
the natural period of the model frames are close-to or greater
than the approximate periods. Results from the pushover
analyses are given in Figure 7. The drift at yield is similar
for all frames of a given geometry, despite large differences
in strength.

RESULTS FROM NONLINEAR
DYNAMIC ANALYSES

Damping

Drifts from the analyses with 2% damping will be discussed
in the remainder of the paper. Compared with the models
with 0.5% damping, the models with 2% damping had lower
story drifts (around 20% lower for most stories, but as low
as 50%), but greater maximum brace and column demands

3.0

— Individual scaled EQ
= Avg of scaled EQs
— Site design spectra

20

Range of periods for
3- and 9-story buildings

Spectral Acceleration (g)
&

1.0
0.5 =
0.0 .
0 1 2 3 4 5
Period (sec)
@)
3.0

— Individual scaled EQ
= Avg of scaled EQs
25 — Site design spectra

Range of periods for
| 18-story buildings

Spectral Acceleration (g)
&

Period (sec)
(b)

Fig. 6. Response spectra of earthquakes scaled for (a) 3- and
9-story buildings and (b) 18-story buildings.
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(around 5% greater for most columns, but as much as 10%
greater). This is because relatively high link rotation veloci-
ties generate large damping forces, unrealistically increasing
brace and column demands (Ricles and Popov, 1994). While
2% viscous damping may result in excess brace and column
forces, it is believed to provide reasonable values for drifts
(and link rotations).

Inelastic Roof Drifts

Roof drifts were computed using data from the nonlinear
dynamic and static elastic analyses. For each frame, the roof
drift from the dynamic analyses is the average of the maxi-
mum roof drift that occurred under each of the ten records.
Average values are used since more than seven records were
considered (ICC, 2006). The amplified elastic roof drift is
the roof drift from the elastic analysis under the equivalent
lateral force multiplied by the factor C,/I. C,/I was equal to
4.0 for all frames.

1000

~
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o

Base Shear (k)
(4]
o
o

D/C=0.42 —
D/C=0.50 —
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D/C=0.85 —
0 ;
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3 1000f
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Fig. 7. Pushover analysis results: (a) 3-story,
(b) 9-story and (c) 18-story.



Short and tall frames have different relationships between Inelastic Story Drifts

strength and roof drift. Figure 8 shows roof drift as a func-
tion of frame strength (D/C ratio) for the 3-, 9-, and 18-story
frames. For the 3-story frames, there is an increase in roof
drift as frame strength decreases (D/C ratio increases) (Fig-
ure 8). However, for the 9- and 18-story frames, roof drifts
from the dynamic analyses are largely independent of frame
strength. Estimating roof drifts by amplifying elastic drifts by
a factor of 4.0 is somewhat unconservative for short frames
and overly conservative for tall frames with D/C ratios near
1.0. This observation is consistent with the other studies that
were discussed previously.

Story drifts were computed using data from the nonlinear
dynamic and the linear static analyses (see Appendix). Story
drifts from the dynamic analyses were computed as the av-
erage of the maximum story drifts for each floor from ten
analyses (circles in Figure 9). Story drifts were estimated
from the elastic analyses by amplifying the elastic story
drifts by the factor C,/I (triangles in Figure 9).

Maximum story drifts from the dynamic analyses oc-
curred in the lower story of the 3-story frames (Figure 9,
top row), and in the top few stories of the 9- and 18-story
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Fig. 9. Story drifts computed from analyses.
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frames (Figure 9, middle and bottom rows). For the 3-story
frames, the maximum story drift decreases as frame strength
increases (D/C decreases); however, in the 9-story frames,
the story drifts at the top of the frames increase as frame
strength increases. It appears that reduced yielding at the
base of the 9-story frames resulted in greater response in the
upper stories. For the 18-story frames, maximum story drifts
are similar for all D/C ratios.

Correlation between the amplified elastic story drifts and
the dynamic analyses drifts improves as D/C ratios decrease.
Considering Figure 9, correlation is quite poor for frames
with D/C ratios closer to 1.0 (left side) but improves, and
might be considered good, for taller frames with low D/C
ratios (right side). This is because the stronger frames expe-
rience more of a first mode elastic response, giving a distri-
bution of drifts more similar to the elastic analysis. Unfortu-
nately, typical designs have D/C ratios closer to 1.0, placing
them in the region of poor correlation. For the 3-story frames
with D/C = 0.85, the amplified static drift at the first story
was only 26% of that observed in the dynamic analyses (Fig-
ure 9). For the 9- and 18-story frames reasonable correla-
tion was observed in the bottom stories; however, drifts in
the upper stories from amplified elastic drifts were nearly
two times the drifts from the dynamic analyses for 18-story
frames with D/C close to 1.0.

Additional insights into the behavior of the frames can
be gained by considering the portion of the drifts coming
from story shear deformations. Figure 10 indicates the shear
component of the maximum story drifts from the dynamic
analyses with solid circles. The open circles are the total
drift and have the same values as in Figure 10. For the 3-
and 9-story frames, the majority of the drift for all stories is
from story shear deformations; for the 18 story frame with
D/C = 1.03, shear deformations account for at least half of
the story drift for most stories. As might be expected, the
percentage of drift from shear deformations in taller frames
is much greater than that given by elastic analysis (compare
Figure 10 and Figure 5).

Inelastic Link Rotation

Link rotations were computed using data from the nonlinear
dynamic and the static elastic analyses (see Appendix). Link
rotations from the dynamic analyses were computed as the
average of the maximum link rotations for each floor from
ten analyses (circles in Figure 11). Link rotations were es-
timated from the elastic analyses by multiplying the elastic
story drifts by C,/I to get an estimated inelastic drift and
then multiplying that by L/e (see Figure 1).
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Fig. 10. Comparing shear component of story drift with the total story drift from dynamic analyses.
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For most of the frames, the differences between the dy-
namic and amplified elastic values of link rotation are simi-
lar to the differences in story drifts (compare Figure 11 and
Figure 9). When link lengths are the same at each floor, the
relationship assumed by Figure 1 scales all of the drifts from
Figure 9 by the same value. The greatest discrepancy be-
tween Figure 11 and Figure 9 is for stories in frames where
the majority of the drift is not from shear deformations. For
typical frames (with D/C near 1.0) the amplified elastic esti-
mates of link rotation do not correspond well to those from
the dynamic analyses; estimates are too low for the 3-story
frames and too high for the others.

ALTERNATIVE METHODS OF ESTIMATING LINK
INELASTIC ROTATION

Since the current approach for estimating link rotations ap-
pears inaccurate, three alternative methods for estimating
link inelastic rotation were explored. The first is using a
calibrated story-specific C, factor to scale total elastic story
drifts, and then compute link rotation using Figure 1. The
second method is using a calibrated story-specific C, factor
to scale the shear component of story drift, and then com-
pute link rotation using Figure 1. The third method is using

a story-specific rotation amplification factor to scale elastic
link rotations directly to yield inelastic link rotations.

Method 1

A calibrated deformation amplification factor can be com-
puted by combining results from the nonlinear dynamic
analyses with the static elastic analyses. The typical method
of estimating link rotation is:

(elastic drift) x C,; x (L/e) = (inelastic link rotation) 2)

where C, is constant. Analysis results were used to solve for
C, for each story of each frame given the elastic drift from
the elastic analyses, and the inelastic link rotation from the
dynamic analyses:

C, caip = (inelastic link rotation)/[(elastic drift) X (L/e)] (3)

The computed values of C, .., are indicated in Figure 12(a).
A value of 4.0 (currently used for design) is indicated by a
dashed line in Figure 12(a).

From Figure 12(a) it is clear that no single value of C,
will give a reasonable estimate of link rotation for all stories
of all frames. The present value of 4.0 gives reasonable
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Fig. 11. Link rotations computed from analyses.
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estimates of link rotations in the top two stories of the 3-story
frames and in the bottom stories of the 9-story frames.

The grouping for the 9-story frames in Figure 12(a) gives
a sense of the sensitivity of the results to frame geometry.
The 9-story frame with D/C = 0.90 had links that were 3 ft
long (except the top story), while the other 9-story frames
had links that were 4 ft long (except top story). The frame
with D/C = 0.90 has similar calibrated C, factors as com-
pared to the others, but it appears there is some sensitivity of
the result to geometry. For the 3- and 18-story frames, simi-
lar link sizes were used for frames of all D/C ratios (except
in the top stories of the 18-story frames), so differences in C,,
calip are entirely due to strength.

Method 2

Another type of deformation amplification factor can be de-
veloped that scales only the shear component of the elastic
story drift. This factor is computed as:

C shear = (inelastic link rotation)
/[(shear component of elastic drift) X (L/e)]. (4)

The computed values of C, .. are indicated in Figure
12(b). In comparing Figure 12(b) with Figure 12(a), specifi-
cally the taller frames with the highest D/C ratios, values of
C. snear appear to have better vertical alignment than C, ..
making them better suited to be represented by a constant
value. For example, a constant value of 5.0 for C, ., might
give a reasonably conservative estimate for link rotations for
the 9- and 18-story frames of this study. Refer to Figure 4
and Prinz (2007) for the specific geometry and sizes for the
frames that these factors are based on; in general, bay widths
were 20 to 30 ft, bay heights were 13 ft, and link lengths
were 3 to 4 ft.

Method 3

The third type of factor considered was a link rotation ampli-
fication factor (RAF) that would provide a direct estimation
of link inelastic rotation from the link rotation of the elastic
analysis. This factor, RAF was computed from the data as:

RAF = (inelastic link rotation)/(elastic link rotation) (@)
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where inelastic link rotation came from the dynamic analy-
ses. Values for the RAF are given in Figure 12(c). Values for
this factor are less tightly grouped and appear more sensitive
to frame strength. There appears to be no benefit to using the
RAF instead of the C g0

SUMMARY AND PRACTICAL IMPLICATIONS

The ductility of steel eccentrically braced frames (EBFs) de-
pends on stable inelastic rotation of the links. Links are sized
and detailed so that inelastic rotation demands do not exceed
inelastic rotation capacities. Typically, design engineers am-
plify elastic analysis results to estimate EBF link inelastic
rotations. In this study, twelve EBFs (3-, 9-, and 18-story)
were designed and investigated using time history analyses.
Roof drifts, story drifts, and link rotations obtained from the
time history analyses were compared with those estimated
by amplifying elastic analysis results. In general, poor cor-
relation was observed for most stories in typical frames.
Three other methods for estimating inelastic link rotations
were considered.

Low-rise EBFs will experience greater story drifts and
link rotations than predicted by amplified elastic analysis.
The value of the deformation amplification factor, C,, is too
low to accurately estimate inelastic drifts in low-rise build-
ings. Since inelastic drifts are underestimated, inelastic link
rotations are also underestimated. Designers should keep
this in mind when sizing links and determining appropriate
stiffeners in low-rise buildings.

Mid to high-rise EBFs will experience much lower story
drifts and link rotations than predicted by amplified elastic
analysis. This is primarily due to the fact that elastic drifts
which include the flexural component caused by column
elongation are amplified.

Calibrated C, factors are necessary for designers to rea-
sonably estimate inelastic drifts and link rotations in EBFs.
Results indicate that using a constant factor to scale the
elastic shear deformation will yield more reasonable results
for taller buildings than the present method of scaling total
deformation. A factor of 5.0 was reasonable for the 9- and
18-story frames in this study with D/C near 1.0. The frames
considered in the study had 20- to 30-ft bay widths, 13-ft
typical bay heights, and link lengths of 3 to 4 ft. It appears
the calibrated C, factors are somewhat sensitive to EBF ge-
ometry, so this study is inadequate to recommend factors for
general design.
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APPENDIX

Total story drifts and drift components were computed us-
ing nodal displacements from the analysis outputs. The six
nodal displacements required to compute the components of
drift for a story are xj, y;, y4, X1, ¥'; and y';, as defined in
Figure 13(a).

The total story drift, as defined by current provisions
(ICC 2000), is:

07 = (xi—x"D/h (6)

where £ is the story height. One component of this total story
drift, is due to column shortening or elongation in the sto-
ries below, 0;,. From the geometry shown in Figure 13(b),
eﬂ, is:

0y, = arcsin[(y", — y4)/L] )

Another component of the total story drift comes from col-
umn shortening or elongation in the story in question, O
[illustrated in Figure 13(c)]. From the geometry of Figure
13(c), O, is:

6;,=90°-P ®)
where
B = arcos(A,/L) )
From similar triangles in Figure 13(c),
(h+AD/h+ (yi=y'D] = (h=A)/[h+ (ys—y»]  (10)
which can be solved for A;:
A, =h(R-1/(R+1) (11
where
R=[h+Oi=yDV [h+(Gi=y)] (12)

Combining Equations 10 to 14, 0, can be expressed in terms
of nodal displacements:

0, = 90° — arccos{[A(R — )]/[L(R + 1)]} (13)
Finally, the shear component of the total story drift, 6, is:
0,=0;-0,,-0 (14)

Link rotation, y, was computed using nodal displacements
X1, X', y, and y;. From Figure 13(d) the relationship is:

Y= (s —yle+ (x;—x')/h (15)
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Experimental Study of Bolted Connection
Strength at Elevated Temperatures

LIANG YU and KARL H. FRANK

STM A325 and A490 bolts are widely used on bolted
connections in steel structures (ASTM A325-04,
A490-04). Bolted connections are designed based upon their
strength at ambient temperature; however, their strength
at elevated temperatures is crucial to the performance of
a structure during a fire. Understanding their behavior at
elevated temperature is one of the keys to evaluate the fire
resistance capability and fire safety of steel structures. In
the Cardington series of fire tests, both fire protected and
unprotected bolted beam-column connections failures were
observed but not investigated thoroughly (Cardington Fire
Test Report, 1998). Some research work has been focused
on the stiffness variation of bolt connections at elevated tem-
peratures. Theoretical models and FE simulations have been
carried out (Liu, 1996; Silva et al., 2001; Al-Jabri, 2004).
Little experimental work has been done to investigate the ul-
timate capacity of bolt connections at elevated temperature.
A research program was started in 2002 to study the ul-
timate capacity of bolted connections at elevated tempera-
tures by the authors, which included large amounts of ex-
perimental work on both the bolts and the connections. As
part of this study, the stiffness and shear strength of A325
and A490 bolts with temperature was investigated (Yu and
Frank, 2009). The results of the connection tests which in-
vestigated the bearing and block shear capacity limit states
are presented in this paper. Residual slip load capacity of
fully tightened A490 bolt connection after exposure to dif-
ferent elevated temperatures was also presented.

TEST SETUP AND SPECIMEN DESIGN

Single-Bolt Connection

The single-bolt connection was designed to study the bearing
capacity of steel plate at elevated temperature. Figure 1 shows
the dimensions of the connection plates. The connection

Liang Yu is a senior engineer for Deepflex, Inc., Houston,
TX.

Karl H. Frank is a professor in the department of civil, ar-
chitectural and environmental engineering, University of
Texas at Austin.

was made with two pieces of ¥-in.-thick ASTM A572 Grade
50 steel plates and one 7-in.-diameter, 3-in.-long A325 bolt.
The ASTM A572 Grade 50 steel had measured dynamic yield
strength of 57.1 ksi and dynamic ultimate tensile strength of
78.6 ksi at ambient temperature. (“Dynamic” means the cross
head of the test machine moved continuously at a constant
speed without any pause.) The bolt was installed by hand to
compact the connection and lightly tightened to minimize
the clamping force and friction force that could be generated
between the connected plates. An ASTM F436 washer was
installed under the ASTM A563 Grade DH nut. The 1%6-in.
holes in both the top and bottom plates were used to connect
the test connection to the loading clevises with a pin and
were designed not to fail. The ¥is-in. bolt hole in the bottom
plate was designed to have bearing failure at ambient tem-
perature. Two end distances, 7 in. and 1% in., were tested
in the temperature range up to 800 °C (1472 °F). These two
end distances, named as 1.0d and 1.5d, corresponded to the
edge distances of 1.0 and 1.5 times the nominal diameter of
the A325 bolt.

Figure 2 shows the single-bolt connection test setup. The
test system consists of an electric furnace, two stainless
steel loading clevises, load frame, hydraulic ram, and data
acquisition equipment. The furnace has a heating capacity
of 800 °C (1472 °F). Figure 3 shows the heating time tem-
perature curve of the furnace with ASTM standard fire heat-
ing curve (ASTM, E119-00a). The average heating rate is
about 3.6 °F/min (2.0 °C/min). Because the strength of low
carbon steels is insensitive to the time exposed to elevated

o 1—

x|
-
>

|

~ Top Pin
© 3
15 S
7 16 s ’ 3
9’ 16 17/
16 8 5 Intended
» Failure Path
16 ) A\325
3 _
i )5 ©
\ | 8
I —
Bottom Plate 6 Bottom
Top Plate Pin

Fig. 1. Design of single-bolt connection (1 in. = 25.4 mm).
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temperatures, it is believed that the test results presented here
are comparable to other similar tests performed at different
heating rates. Two Type K thermocouple wires are inserted
between connection plates to monitor the specimen tempera-
ture during test. The resolution of temperature readings is
+0.1 °C (0.18 °F). Furnace temperature is set to maintain
specimen temperature at the desired level. Machine vision
technology similar to that used by Spyrou and Davison was
adapted to measure connection deformation, which is de-
fined as the relative movement of connection plates (Spyrou
and Davison, 2001). Figure 4 shows the visual targets—two
pair of punch marks orthogonally oriented—and the connec-
tion deformation under load. The load is measured by a 200-
kip load cell with +0.1% accuracy.

Twenty-one single bolt connections were tested at tem-
peratures from ambient temperature to 800 °C (1472 °F). All
the tests were constant temperature tests and loaded quasi-
statically. The connection was installed in the furnace at
ambient temperature and heated to the desired temperature
level before loading started. Once the desired specimen tem-
perature was reached and the specimen had reached thermal
equilibrium, the temperature in the furnace was kept con-
stant. The axial tension load was then applied gradually until
failure occurred.

Two-Bolt Connection

Two-bolt connections were designed to investigate block
shear capacity at elevated temperature, as shown in Figure 5.
The connection was made with three pieces of “2-in.-thick
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Fig. 2. Single-bolt connection test setup.
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ASTM A572 Grade 50 steel plates and two 7-in.-diameter,
3-in.-long A490 bolts. The Grade 50 steel had measured
dynamic yield strength of 56.3 ksi and dynamic ultimate
strength of 73.0 ksi at ambient temperature. The 1%i6-in.
holes were used to connect the specimen to the stainless
loading clevises. The 3-in.-long A490 bolts were cut and
rethreaded from 7-in.-long A490 bolts from the same manu-
factured lot that had been tested for shear capacity at elevated
temperatures (Yu and Frank, 2009). ASTM F436 washer and
ASTM A563 Grade DH nut were used. All the bolts were
snug tightened. The higher strength A490 bolts were used in
these specimens to produce a block shear failure rather than
a bolt shear failure.

The loading test set up was the same as the single-bolt
connection test shown in Figure 2. Ten connections were
tested. Seven of them were constant temperature tests and
the other three were tests under constant load. The constant
temperature test procedure on two-bolt connections was the
same as that of the single-bolt connection tests. In constant
load test, the tension load in specimen connection was main-
tained while the furnace temperature was increased slowly
until failure occurred. Specimen temperature, load and de-
formation are all recorded during the test.
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Fig. 3. Heating time temperature curve of the electric furnace.



Slip Load Test

A standard test method for determining the slip load of
bolted connection is defined in the RCSC Specification for
Structural Joints Using ASTM A325 or A490 Bolts (Appen-
dix A, AISC 2005). The specimens used for the slip load
test had the same geometry as the standard compression test
specimen given by AISC. The clamping force was provided
by a tension control A490 bolt. The pretension force in the
A490 bolt used in the specimens was determined by tighten-
ing the A490 bolt on a Skidmore load cell. The average of
three results was used as the estimated initial clamping force
in all the specimens. The steel plates were sand blasted on
both surfaces to produce surfaces with uniform slip coeffi-
cients on each plate.

The specimens were bolted together at ambient tempera-
ture. Nine connections were made in each batch and three
were randomly picked as control samples which were not
heated. The other six specimens were heated to desired tem-
perature levels in the furnace and cooled outside of the fur-
nace. After the connections temperature reach ambient tem-
perature, they were tested to determine their slip loads.

TEST RESULTS

Single-Bolt Connection

Figure 6 shows the failure mode and failure paths of the
single-bolt connections with 1.0d end distance. The tests are
labeled using the first letter of their title followed by the test
temperature. For example, the label SC-T300-D10 refers
to single-bolt connection at a remperature of 300 degrees
Celsius with an end distance D of /.0 times the nominal
diameter of the bolt. Specimens failed in bearing at all the
temperatures except 700 °C (1292 °F). As test temperature
increased from ambient temperature to 500 °C (932 °F), the
bearing failure paths changed from parallel to flared fracture

Fig. 4. Visual targets on single-bolt connection plates
and connection deformation.

path. At 600 °C (1112 °F), bearing capacity was very close
to the shear capacity of bolt. The bolt had under gone con-
siderable shear deformations as shown in the Figure 6(g). At
700 °C (1292 °F), the connection failed by bolt shear with
significant bearing deformations around the bolt hole. At
800 °C (1472 °F), a bearing failure occurred with very little
shearing deformation on the bolt shank.

Figure 7 shows the load deformation curves of 1.0d single-
bolt connections at elevated temperatures. From ambient
temperature to 300 °C (572 °F), the load capacity of the
single-bolt connections increases with temperature while
deformation capacity decreases. From 300 °C (572 °F) to
500 °C (932 °F), load capacities of the connections begin to
drop and deformation capacities of the connection are less
than those at ambient temperature. From 600 °C (1112 °F) to
800 °C (1472 °F), load capacity drops significantly and the
deformation capacity increases.

Figure 8 shows the failure mode and failure paths of the
single-bolt connections with 1.5d end distance. From ambient
temperature to 300 °C (572 °F), the 1.5d connection fail-
ures were similar to connection with a 1.0d end distance.
Between 300 °C (572 °F) and 400 °C (752 °F), the failure
mode changed from bearing failure to a shear failure of the
bolt. The amount of bearing deformation at the bolt hole after
the test indicates the shear capacity of bolt is close to bearing
capacity of plate at 400 °C (752 °F) and 800 °C (1472 °F). At
500 °C (932 °F), 600 °C (1112 °F) and 700 °C (1292 °F), the
amount of bearing deformation is very small, indicating the
bearing capacity of the bolt hole is much higher than shear
capacity of the bolt.

Figure 9 shows the load deformations curves of single-bolt
1.5d connections at elevated temperatures. Connection stiff-
ness drops slightly at 100 °C (212 °F), compared with that at
ambient temperature. Connection stiffness then increases at
200 °C (392 °F) and goes back down at 300 °C (572 °F). Due
to the failure mode change from bearing failure to bolt shear
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Fig. 5. Design of two-bolt connection (1 in. = 25.4 mm).
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(a) SC-T25-D10 (b) SC-T100-D10 (c) SC-T200-D10 (d) SC-T300-D10
(25 °C, 77 °F) (100 °C, 212 °F) (200 °C, 392 °F) (300 °C, 572 °F)

(h) SC-T700-D10 and sheared bolt section (700 °C, 1292 °F) (i) SC-T800-D10 and intact bolt after test (800 °C, 1472 °F)

(e) SC-T400-D10
(400 °C, 752 °F)

(f) SC-T500-D10
(500 °C, 932 °F)

Fig. 6. Single-bolt connections (L, = 1.0d) failures at different temperatures.
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Fig. 7. Load deformation curves of single-bolt L. = 1.0d connection at elevated temperatures (1 kip = 4.448 kN).
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(a) SC-T25-D15 (b) SC-T100-D15 (c) SC-T200-D15
(25 °C, 77 °F) (100 °C, 212 °F) (200 °C, 392 °F)

(d) SC-T300-D15 (e) SC-T400-D15 (f) SC-T500-D15
(300 °C, 572 °F) (400 °C, 752 °F) (500 °C, 932 °F)

(g) SC-T600-D15-1 (h) SC-T700-D15 (i) SC-T800-D15
(600 °C, 1112 °F) (700 °C, 1292 °F) (800 °C, 1472 °F)

Fig. 8. Single-bolt connections (L, = 1.5d) failures at different temperatures.
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Fig. 9. Load deformation curve of single-bolt L. = 1.5d connection at elevated temperatures (1 kip = 4.448 kN).
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Load Capacity (kip)

failure at 400 °C (752 °F), the connection stiffness at 400 °C
(752 °F), 500 °C (932 °F) and 600 °C (1112 °F) are higher
than the stiffness at 300 °C (572 °F). The deformation capac-
ity of tested connections increased due to the increased duc-
tility of the bolts from 500 °C (932 °F) to 700 °C (1292 °F).
The very large deformation capacity at 800 °C (1472 °F) was
the combination of bolt ductility and bearing deformation on
the plate.

Figure 10 is a plot of the load capacities of the connec-
tions at different temperature levels. From ambient temper-
ature to 300 °C (572 °F), the capacities of the single-bolt
connections with 1.0d and 1.5d end distances increase with
the temperature by approximately 5 kips, a 15 to 20% in-
crease. The capacity of 1.0d connection drops slightly by
about 2%—from 300 °C (572 °F) to 400 °C (752 °F). How-
ever, the capacity of 1.5d connection drops significantly as
the failure mode changed from bearing failure of the steel
plate to the shear failure of A325 bolt. From 400 °C (752 °F)
to 800 °C (1472 °F), the capacity of 1.5d connection is con-
trolled by the shear capacity of the A325 bolt. In the same
temperature range, bearing failure is still the controlling fail-
ure mode in 1.0d connection except at 700 °C (1292 °F).
The shear capacity of the 7-in. A325 bolt is close to the
bearing capacity 1.0d connection from 600 °C (1112 °F) to
800 °C (1472 °F). The structural steels and high-strength
bolts have different strength reduction rates with tempera-
ture. The high-strength bolt is quenched and tempered while
the structural steel is hot rolled. The bolt loses its strength
rapidly above 300 °C (572 °F) when the test temperature ex-
ceeds the tempering temperature of the bolt (Honeycombe,
1981; DeGarmo, 1979; Kirby, 1995; Yu and Frank, 2009).
In Appendix 4 of the AISC Specification, structural steel is
assumed to have no reduction in strength until it temperature
exceeds 400 °C (752 °F) (AISC, 2005).
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Fig. 10. Load capacities of single-bolt connections at elevated
temperatures (1 kip = 4.448 kN).
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Two-Bolt Connections

Figure 11 shows the results of the two-bolt connections tested
at constant temperatures from 300 °C (572 °F) to 800 °C
(1472 °F). The room temperature test was conducted as part of
a companion study at the laboratory (Brown et al., 2007). At
300 °C (572 °F), the test connection has almost the same ca-
pacity as it does at ambient temperature. From 400 °C (752 °F)
to 700 °C (1292 °F), the connection capacity almost drops lin-
early with its temperature, from 104 kips to 21 kips. The rate of
decrease in connection capacity is less from 700 °C (1292 °F)
to 800 °C (1472 °F). There is only an 8-kip-decrease in capac-
ity at these high temperatures. It is also noticed that there is no
increase in strength at 300 °C (572 °F) and 400 °C (752 °F),
which was found in the bearing tests. Figure 12 shows the
load deformation curves for the two-bolt connections in the
constant temperature tests. As temperature increases, connec-
tion stiffness decreases and ductility increases.

Temperature (deg F)
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Fig. 11. Two-bolt connection constant temperature test results
(1 kip = 4.448 kN).
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Fig. 12. Load deformation curves of two-bolt connection constant
temperature tests (1 kip = 4.448 kN).



Figure 13 shows the block shear failures and the condition
of the bolts after the tests. At 300 °C (572 °F), the ASTM
AS572 Grade 50 structural steel is in the blue brittle range
(where the ductility of steel drops significantly) and an un-
usual half net section fracture-block shear failure occurred.
At 400 °C (752 °F), normal block shear failure occurs. Right
after the middle tensile part fractures, shear failure occurs on
both shear paths. From 500 °C (932 °F) to 800 °C (1472 °F),
the block failure can be divided into two phases: tensile fail-
ure first and then shear failure. The gap between the failed
ends of tensile part indicated the connection still carries load
by shear after the tensile ligament between the holes frac-
tured. After a large amount of shear deformation, the mate-
rial included in block shear fails in tension at two tips. At
temperatures lower than 500 °C (932 °F), the A490 bolts has
no significant deformation, which indicates the A490 bolt’s

(e) TC-T700-CT (700 °C, 1292 °F)

shear capacity is much higher than block shear capacity of
the plate. However from 600 °C (1112 °F) to 800 °C (1472
°F), larger deformations are found on the bolt shank, which
indicates the difference between bolt shear capacity and
block shear capacity of plate is small.

Constant load tests were performed to simulate the
behavior of bolted connections in a fire event. Figure 14
shows the time-temperature and time-deformation curves
of constant load tests. Three load levels, 33 kips, 60 kips
and 75 kips, are tested. All the connections show very small
deformation increase until its temperature reaches a critical
level. The connection deformation then starts to increase
quickly, and connection failure occurs a few seconds later.
The failure temperature was taken as the temperature when
the connection ceases to carry the load. Due to the limitations
of the electric furnace, the connections are exposed to high

(d) TC-T600-CT (600 °C, 1112 °F)

(f) TC-TS00-CT (800 °C, 1472 °F)

Fig. 13. Block shear failures at different temperature levels (constant temperature tests).
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Connection Deformation (in)

Table 1. Tension Force in A490 Bolt
after Shearing of Spline

Bolt No. Bolt 1 Bolt 2 Bolt 3 | Average
Tensionforce | o, | 580 | 570 | 57.3
(kips)

temperature for a longer time—more than 2 to more than
3 hours—than they would experience in the ASTM standard
fire test or in an actual fire with the connection unprotected.
The time at a particular temperature would be less in the
ASTM test than in these tests. No significant deformation
occurred in these sustained load tests until the connection was
within 50 °C (90 °F) of the failure temperature. Any creep
effects would be less in the ASTM standard fire test protocol
due to its rapid temperature increase relative to these tests.

Figure 15 shows the constant temperature test results plot-
ted with the constant load test results. The two types of tests
produced the same strengths. Therefore, it appears that the
test results are not influenced by the heating and loading path
taken during the tests. The effect of the load sustained at low-
er temperatures did not significantly influence the strength or
deformation of the connection. Based upon these results, it is
apparent the constant temperature test results can be used to
estimate the behavior of bolted connections regardless of the
time-temperature history the connection experiences during
a fire event.

Slip Load of Fully Tightened A490 Bolt Connection

The pretension force in tension control A490 bolts used in
the test specimens was measured with a Skidmore load cell.
The test results are shown in Table 1.
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Fig. 14. Time-deformation and time-temperature curves of
constant load tests (1 in. = 25.4 mm, 1 kip = 4.448 kN).
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Block Shear Capacity (kip)

Three batches of connections were tested. Before making
a connection, all the steel plates were blasted using a fine
sand blasting medium to provide a uniform surface to mini-
mize the variance among connections within the batch. The
preparation was not intended to duplicate the surface rough-
ness of a commercially blasted surface. In each batch, three
connections were randomly picked as the control samples
and were tested without being heated. The loss of slip resis-
tance was determined by comparing the control test results
to the results of the heated connections. Among the nine
control connections, seven results were between 30 kips and
40 kips. The test results show a good consistency across test
batches with two exceptions: a low load of 26.6 kips and a
high load of 54.0 kips. The average slip load of each batch
of the control tests, neglecting the two outliers, was between
31.4 to 33.3 kips. These slip loads correspond to a slip coef-
ficient of 0.27 to 0.29, using the average bolt tension deter-
mined in the Skidmore load cell.

Figure 16 gives the absolute slip loads of the heated con-
nections tested after cooled to ambient temperature. From
ambient temperature to 400 °C (752 °F), the slip load in-
creased from about 35 kips to 50 kips. Therefore, slip con-
nections maintain their slip capacity after being exposed
to a temperature lower than 400 °C (752 °F). However, the
slip capacity dropped significantly from 400 °C (752 °F) to
800 °C (1472 °F).

The reason for a slip resistance increase from ambient
temperature to 400 °C (752 °F) might be due to the increase
in the surface roughness due to oxidization and the bolt ten-
sion evidently remaining constant. During the heating and
cooling phases, the connection underwent expansion and
shrinkage. That might have resulted in a better contact be-
tween the surfaces. The rapid drop above 400 °C (752 °F) is
probably due to a loss of bolt tension. From the shear tests
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Slip Resistance (kip)

on A490 bolts at elevated temperature, the shear capacity
of A490 bolt drops by 40% at 500 °C (932 °F) when com-
pared with its shear capacity at ambient temperature (Yu and
Frank, 2009). It is reasonable to estimate A490 bolt’s tensile
capacity drops by the same amount. From the mill test report,
the tensile strength of this A490 bolt is 75.4 kips. At 500 °C
(932 °F), the estimated tensile strength is 45.2 kips. The
original pretension force is 57.3 kips, which is greater than
estimated tensile strength of 45.2 kips at 500 °C (932 °F).
Therefore, A490 bolt stretches plastically. After cooling to
ambient temperature, the elongated bolt will have a reduced
tension load, which would result in a loss of the slip capacity
of the connection.

Figure 17 shows post-test slip surfaces of the connections
that had been heated to different temperatures and cooled
to ambient temperature before being tested for the slip ca-
pacity. On the slip surface of the control connections, slip
marks are small. After the connection was heated to 100 °C
(212 °F) and 200 °C (392 °F), large slip marks concentrate
near the bolt hole, where high clamping force acts. This in-
dicates better contact of the steel plate surfaces due to ex-
pansion and shrinkage in heating and cooling. At 300 °C
(572 °F), there are more slip marks on the surfaces. These
specimens had the highest slip load. At 400 °C (752 °F), slip
marks reduce and are similar to the 100 °C (212 °F) connec-
tion. From 500 °C (932 °F) to 800 °C (1472 °F), slip marks
almost disappear. This is consistent with the conclusion that
A490 bolt loses most of its pretension force after experienc-
ing temperature higher than 400 °C (752 °F).

COMPARISON WITH AISC SPECIFICATIONS

The bearing and block shear test results were normalized
by dividing the strengths at elevated temperatures by the
strength at room temperature. The results were compared

Temperature (deg F)

32 212 392 572 752 932 1112 1292 1472 1652

80 } } : i
ABatch 1
70 mBatch2[ |
@ Batch 3
60 -
[ ]
] n
50 s 3
40 l
30
A
20 &
A
10 -
. (]
0 . . ;
0 100 200 300 400 500 600 700 800 900

Temperature (deg C)

Fig. 16. Slip load vs. temperature (1 kip = 4.448 kN).

with the strength reductions of structural steels given in
Table A-4.2.1 of the Appendix 4 of the AISC Specification,
as shown in Figures 18 and 19. The results of the bearing test
with bearing failures agree with the strength reduction factors
in the AISC Specification. The AISC values overestimate the
strength of connections, which failed by bolt shear failure.
The heat-treated bolts have a rapid drop in strength when
their temperature exceeds the tempering temperature during
manufacture process, which results in a change from bearing
failure to bolt shear failure. The block shear strength tests
shown in Figure 19 all fall below the AISC strength curve.
The block shear strength of the two-bolt connections during
a fire would be overestimated using the AISC strength values
at temperatures between 750 and 1300 °F (400 and 700 °C).
If lower-strength A325 bolts had been used in these two-bolt
connections, the strength would have been even lower since
the test load exceeds the shear capacity of the A325 bolts.
Both the strength of the bolts and plate material at the el-
evated temperature must be considered in determining the
strength of the connection during a fire.

CONCLUSION

Single A325 bolt connections with two end distances, 1.0
and 1.5 times of the nominal bolt diameter, were tested at
temperatures up to 800 °C (1472 °F). A 10 to 20% bearing
capacity increase was found on all specimens at 300 °C
(572 °F). As known from the milling process, steels exhibit a
strength increase along with a ductility decrease around this
temperature. A thorough explanation will involve the knowl-
edge of metallurgy. For 1.0d connections, significant bearing
capacity loss was found between 400 °C (752 °F) and 800 °C
(1472 °F). On 1.5d connections, failure mode changed from
bearing failure to shear failure of the bolt between 300 °C
(572 °F) and 400 °C (752 °F). Above 400 °C (752 °F), load
capacity of these connections was controlled by the shear
capacity of the A325 bolts. Understanding this failure mode
change is extremely important for improving the load capac-
ity of bolted connections at elevated temperatures. At ambi-
ent temperature, the capacity of the tested connections was
controlled by bearing strength of the bolt hole. However, at
temperatures above 300 °C (572 °F), the shear capacity of
the bolt becomes the controlling limit. Under such situation,
increasing the end distance of bolt hole or plate thickness
will not increase the load capacities of the connections.

Block shear capacity of bolted connections at elevated
temperature was studied on two-bolt connections. Signifi-
cant reduction on block shear capacity was found between
400 °C (752 °F) and 800 °C (1472 °F). Test results from
constant load tests agree well with those from constant tem-
perature tests. This indicates the constant temperature test
results can be used to estimate the behavior of bolted con-
nections regardless of the time-temperature history that the
connection experiences during a fire event.
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The residual slip load capacity of fully tightened A490
bolt connections was investigated. Up to 50% slip load
capacity increase is found on the connections that were
exposed to a temperature between 100 °C (212 °F) and
400 °C (752 °F). However, a 50% slip load capacity loss oc-
curs after the exposure to 500 °C (932 °F). Further decrease
is found after the specimen was exposed to temperatures be-
tween 500 °C (932 °F) and 800 °C (1472 °F). In addition,

400 °C (752 °F) is a key temperature in assessing the slip
load capacity of A490 bolt after a fire. Connections heated
below this temperature retain their slip capacity after a fire,
while connections heated above this temperature have a re-
duced slip load capacity.

These findings provide an insight into the design of bolted
connections at elevated temperatures and assess fire dam-
age on bolt connections. The capacity of bolt connections

(a) Control connection 25 °C (77 °F)

(d) Connection heated to 300 °C (572 °F)

(b) Connection heated to 100 °C (212 °F)

(e) Connection heated to 400 °C (752 °F)

(c) Connection heated to 200 °C (392 °F)

(f) Connection heated to 500 °C (932 °F)

(g) Connection heated to 600 °C (1112 °F)

(h) Connection heated to 700 °C (1292 °F) (i) Connection heated to 800 °C (1472 °F)

Fig. 17. Slip surface of connections after heated to different temperature levels and tested at room temperature.
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are generally controlled by the bearing or block shear failure
in the steel plates at temperatures below 300 °C (572 °F) be-
cause the heat-treated bolts have higher strength than struc-
tural steels; however, when exposed to temperatures above
300 °C (572 °F), the bolts lose their strength at a much high-
er rate than structural steels. The capacity of bolted connec-
tions becomes controlled by the strength of bolts rather than
the steel plates. In other words, increasing the bolt end dis-
tance may not help the connection strength at temperatures

above 300 °C (572 °F). For slip critical connections with
fully tightened bolts, the load capacity can be greatly reduced
after exposure to a temperature above 400 °C (752 °F).

The material strength reduction factors given in Appen-
dix 4 of the AISC Specification follow the trend of the test
results. However, the strength of the block shear tests was
lower than the AISC strength reduction factors. The AISC
strength values overestimated the strength of the bearing
tests, which failed by bolt shear as well.
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Fig. 18. Comparisons of bearing tests with AISC Appendix 4.
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Fig. 19. Comparisons of block shear tests with AISC Appendix 4.
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Collapse Performance of Low-Ductility Chevron
Braced Steel Frames in Moderate Seismic Regions

ERIC M. HINES, MARY E. APPEL and PETER J. CHEEVER

rior to 1978, seismic design practice in the United States

distinguished moderate seismic regions from high seismic
regions through the application of lower design acceleration
levels (SEAOC, 1960; Rojahn, 1995). In 1978 the Applied
Technology Council’s document ATC-3-06 proposed further
differentiation between moderate and high seismic regions
by regulating structural systems and detailing requirements
according to Seismic Design Category (SDC) (ATC, 1978).
Since the publication of ATC-3-06, detailing requirements
have grown more numerous and stringent for buildings in
high seismic regions (SDC D or higher); however, they have
not influenced building design in low and moderate seismic
regions (SDC C or lower) as heavily. Thus, it has generally
been accepted that buildings in low and moderate seismic
regions may be designed both for lower maximum consid-
ered earthquake (MCE) forces and less ductility than their
counterparts in high seismic regions. Current model codes
adhere to this philosophy by assigning different height
limits to recognized structural systems in each SDC (ICC,
2006; ASCE, 2005). Each recognized system is assigned a
response modification factor (R-factor), which applies to all
SDCs.

Language in the 1992 AISC Seismic Provisions (AISC,
1992) clearly exempted most buildings in SDC A, B, and C
from seismic detailing requirements. This exemption gen-
erated the unintended consequence that some engineers de-
signed buildings in low and moderate seismic regions with
high R-factors, but without providing appropriate detailing.
The 1997 AISC Seismic Provisions clarified the intention of
the SDC exemptions by specifying that “Systems designed
and detailed to meet the requirements in the LRFD Specifica-
tion but not the requirements of Part I’ of the AISC Seismic
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Provisions should be designed with R = 3 (AISC, 1997a).
Although this provision was originally intended to ensure a
minimum design level for low-ductility systems, its ability
to ensure collapse resistance similar to more ductile systems
with higher R-factors has not been proven.

These historical circumstances motivate fundamental
questions concerning seismic collapse behavior in moderate
seismic regions.

1. How much ductility, how much strength, and how much
reserve capacity are actually required for a building to
survive an MCE event in a moderate seismic region?

2. In particular, can an inherently low-ductility system
such as a concentric chevron braced steel frame be
designed to survive moderate seismic demand with a
high level of confidence?

3. Should such systems even be evaluated according to
the concepts of ductility and capacity design?

4. How can we articulate a design philosophy for low-
ductility systems in moderate seismic regions that
aims to ensure safety against collapse while allowing
engineers as much freedom as possible to design cre-
atively and economically?

DESIGN PHILOSOPHY FOR MODERATE
SEISMIC REGIONS

The absence of a clearly expressed low-ductility design phi-
losophy for moderate seismic regions makes R = 3 appear
to be an attractive option for the design of such systems.
Further investigation reveals, however, that the literature is
relatively silent on the adequacy of R = 3. In comparison
to well-developed design philosophies such as ductility
and capacity design, isolation, and supplemental damping,
R = 3 offers little insight into structural behavior. A design
philosophy for low-ductility systems in moderate seismic
regions should encourage the development of structural
systems according to well-established principles rather than
prescriptive requirements. The analyses presented in this
paper indicate that collapse vulnerability of an R = 3 system
depends heavily on the capacity of its gravity framing to act
as a reserve system. While conclusions regarding the safety
of R =3 in general remain beyond the scope of this paper,
the studies presented herein yield some insight into reserve
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system performance and other important characteristics of a
low-ductility design philosophy. Such a philosophy should
respond to the following observations:

1. Socioeconomic Impact

a. Emphasize collapse prevention over economic loss
(Luft and Simpson, 1979).

b. Encourage owners, designers, and builders to de-
velop creative approaches based on fundamental
principles rather than follow prescriptive require-
ments that can, under certain circumstances, dimin-
ish rather than improve collapse performance.

2. Moderate Seismic Hazard

a. Design event return periods are much longer than
most high seismic regions (Bell and Lamontagne,
2002).

b. Variability of possible earthquake magnitudes is
higher than in most high seismic regions (Hines et
al., 2009).

c. Spectral acceleration values are generally higher
than model codes in the low period range, and
lower than model codes in the high period range
(Leyendecker et al., 2000).

d. Ground motions propagated through specific soil
columns may produce response spectra that differ
significantly from code prescribed values (Sora-
bella 2006, Appel 2008).

3. Low-Ductility Systems

a. Member design of lateral force resisting systems
(LFRSs) is often governed by wind forces and stiff-
ness considerations.

b. Potential variations in capacity of low-ductility
systems are higher than variations in high-ductility
systems.

c. Taller buildings and moment frame structures often
perform in the elastic range, even under ground
motions whose spectral accelerations are more than
twice the levels prescribed by model codes.

d. Most buildings contain substantially more grav-
ity framing than assigned directly to the primary
LFRS. This gravity framing may be harnessed ef-
fectively and economically as a reserve system.

e. Small amounts of ductility in the primary or reserve
LFRS can increase collapse capacity substantially.
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A design philosophy for low-ductility structures in
moderate-seismic regions should draw not only on concepts
of strength and ductility, but also elastic flexibility and re-
serve capacity to address the needs of individual structures.
For instance, ordinary moment resisting frames (OMRFs)
owe much of their robust behavior in moderate seismic re-
gions to their elastic flexibility (Nelson, 2007). Collapse of
low-ductility braced frames can be prevented by providing a
flexible reserve system that is activated after brace fracture
(Hines and Appel, 2007). Eccentric braced frames with lon-
ger links are well-suited to achieve moderate levels of duc-
tility in the primary LFRS while allowing greater flexibility
for coordination with architectural openings (Engelhardt and
Popov, 1989). This paper focuses explicitly on low-ductility
chevron braced steel frames and the consequences of en-
hancing their reserve capacity.

Results presented in this paper show that moment con-
necting a portion of the gravity framing for a building braced
with chevron concentric-braced frames (CBFs) can increase
collapse capacity substantially. Such reserve systems would
require little to no increase in tonnage, and they would allow
reductions in seismic story shear and overturning forces on
the primary LFRS. This has the potential to reduce foun-
dation costs. The reserve systems discussed in this paper
provide stability primarily through their elastic flexibility
and secondarily through their ductility. Overall, ductility
demand on these reserve systems was observed to be very
low, in the range of OMRFs. While moment connections
do carry additional cost, this cost is typically lower than the
cost of increased tonnage associated with moment frames
as primary LFRS (as much as four times the tonnage of a
CBF for equivalent stiffness). A hypothesis resulting from
this study is that reserve systems for CBFs can be designed
with OMREF connections and without consideration of either
strong-column/weak-beam behavior or strong panel zone
behavior. The force levels to which such reserve systems
should be designed is beyond the scope of this introductory
paper and should be the subject of future discussion.

The concept of a reserve system is well established in oth-
er contexts, such as higher ductility dual systems; the ASCE
7 general provision for redundancy, requiring stability of
the lateral system even if an individual member is compro-
mised; and the R = 3 concept itself. R = 3 clearly implies
that the damaged primary system, gravity framing, facade
and nonstructural components of a building possesses suf-
ficient reserve capacity to prevent collapse under earthquake
forces in an acceptable number of cases. The R = 3 criterion
also implies that a response modification factor of 3 ensures
the appropriate design force level for a given primary LFRS.
Following a historical description of how this issue came
to light in Boston, this study compares the effectiveness of
primary LFRS strength versus reserve LFRS strength in im-
proving collapse prevention performance.



HISTORICAL MOTIVATION FOR A CASE STUDY
OF CHEVRON BRACED STEEL FRAMES
IN BOSTON

The poor inelastic system performance of concentric chevron
braced frames has been clearly demonstrated and discussed
for decades, mostly in context of high seismic demands (An-
derson, 1975; SEAONC, 1982; Shibata and Wakabayashi,
1983a, 1983b; Uang and Bertero, 1986; Khatib et al., 1988;
Nakashima and Wakabayashi, 1992; Tremblay and Robert,
2000, 2001; Tremblay, 2001; Kim and Choi, 2004). From
other structural design perspectives, however, chevron braced
frames can be very attractive. Like most braced frames, they
have a very high stiffness-to-weight ratio. They are generally
symmetric, and they accommodate a variety of architectural
openings. They are also statically determinate and assume
gravity loads only from the floor which they support. These
attractive attributes contrast starkly against their potentially
poor seismic performance. Thus, they are interesting can-
didates for study in moderate seismic regions where the
building community generally considers seismic concerns
secondary to more conventional structural design concerns
such as architectural coordination, stiffness and cost.

Historical aspects of the Massachusetts State Building
Code make the Boston area particularly appropriate for
this discussion of strength, ductility and reserve capacity.
Since the 1970s, engineers, seismologists and public of-
ficials have worked to prepare Boston and other cities in
Massachusetts for a destructive seismic event similar to the
1755 Cape Ann Earthquake. The success of these previous
efforts, drawing heavily from the Seismic Design Decision
Analysis project at MIT, was evidenced both in the cre-
ation and adoption of the “first seismic criteria developed
specifically for a jurisdiction in the eastern United States”
(Luft and Simpson, 1979) and in the Hazus Pilot Study
conducted for Boston in the late 1990s (EQE, 1997). Luft
and Simpson summarized the philosophical conclusions of
this work as follows:

The primary finding of these studies was that the probable maxi-
mum earthquake intensities for Massachusetts are as large as
those for Zone 3 regions in California, but have much longer
return periods. Because of the long return periods for destruc-
tive earthquakes, it was found that the cost to society of the
earthquake-resistant design is considerably greater than the pro-
jected savings in damage and loss of life due to an earthquake.
Nevertheless, the committee felt that society would insist on
reasonable measures to mitigate the number of casualties from
a major seismic event. It was therefore considered necessary to
develop a set of criteria which would minimize the projected
loss of life resulting from such an event, without causing con-
struction costs to increase by an unacceptable amount. (p. 1)

These conclusions distinguished seismic design philosophy
in Massachusetts from the contemporary SEAOC provisions
for California by placing exclusive emphasis on protection

against loss of life in an extreme event and ignoring the need
to minimize the cost of damage in minor and moderate earth-
quakes (SEAOC, 1974).

Thirty years later, the philosophy described by Luft and
Simpson remains valid for moderate seismic regions, where
most building owners and occupants are unlikely to experi-
ence a major seismic event during their lifetime. In the mean-
time, however, this philosophy has experienced an interest-
ing historical twist that deserves new attention. In the 1970s
it was clear to the Massachusetts seismic committee that the
least costly way to protect new building stock was to require
design and detailing at an acceptable level of ductility. In
light of seismic provisions issued since the 1990s to protect
chevron braced frames in high seismic regions, however, it
has become clear that the alternative R = 3 approach in SDC
A, B and C results in chevron braced steel frames that are
less expensive than the ordinary concentrically braced frame
(OCBF) criteria listed in any edition of the AISC Seismic
Provisions. This comparison came to light in Massachusetts
because the sixth edition of the Massachusetts State Build-
ing Code required the 1992 AISC Seismic Provisions to ap-
ply to Seismic Design Category C (Massachusetts, 1996).

The contrast between R = 3 and the OCBF is demon-
strated most clearly with the 2002 and 2005 AISC Seismic
Provisions (AISC, 2002, 2005b). For instance, Section 14.2
of the 2002 Provisions required an overstrength factor of
Q =2.0 to be applied to all members and connections in an
OCBF where R = 5, with the exception that brace connec-
tions should be designed for the expected tensile strength
R,F,A, of the braces. The effective R-factor for such a frame
was thus 2.5, less than 3.0. Coupling these higher forces with
the more stringent connection requirements, the 2002 OCBF
design was clearly more expensive than an R = 3 design.

In order to demonstrate this difference in detail, Gryniuk
and Hines (2004) developed R = 3 and 2002 AISC OCBF
designs for an eight-story student residence facility at the
Wentworth Institute of Technology in Boston. These two de-
signs were submitted to several fabricators for comparative
pricing. Representative values from this study, demonstrat-
ing an 82% increase in lateral system cost, are reported in
Table 1.

Similarly, simple calculations for a nine-story OCBF
according to the 2005 AISC Seismic Provisions estimated
a 70% increase in brace, beam and column tonnage over a
comparable R = 3 design. The R-factor related to the 2005
OCBF was reduced from 5 to 3.25 in accordance with mod-
el code revisions, and the amplification of member forces
was eliminated, making the OCBF member forces approxi-
mately 8% lower than the R = 3 design. The b/f requirement
for hollow structural sections (HSS) and the capacity design
requirements for columns and beams in a chevron configu-
ration, however, kept the weight of the system significantly
higher. Thus, it has become clear that, for the chevron CBF
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Table 1. 2004 Cost Comparisonof R=3and R=5
Chevron Concentrically Braced Steel Frames
According to the 2002 AISC Seismic Provisions

Lateral System

R=3  OCBF2002 OCBF %Inc
1 2 3 )

Tons 73.38 154.75 110%
Material $52,942 $115,803 119%
Freight $8,219 $17,239 110%
Drafting $53,029 $67,817 28%
Shop $160,740 $354,780 121%
Erection $120,100 $164,500 37%
Total $395,030 $720,139
Bms., Cols., Brcs.| 248 pcs. 248 pcs.

Draft Hrs. 920 1119 22%
Shop Hrs. 2679 5913 121%

configuration, an R = 3 design is more attractive than an
OCBF with respect to construction cost and design effort
in SDC A, B and C. This does not necessarily mean that an
R = 3 chevron CBF design will safely conform to the seis-
mic design philosophy for moderate seismic regions sum-
marized by Luft and Simpson in 1979. Rather, it legitimates
the question as to whether increased ductility is really the
most economical approach to ensuring collapse resistance in
moderate seismic regions.

1’ slab overhang
¥ in each direction

DESIGN AND MODELING OF BRACED
FRAME BUILDINGS

Chevron braced frames were designed for 3-, 6-, 9- and
12-story building configurations. For each configuration,
separate designs were developed assuming R = 2 (R2),
R =3 (R3) and R = 4 (R4) with no seismic detailing, but
accounting for some lateral capacity in the gravity system.
The 12-story/R4 design was not included in this study since
it resulted in smaller design forces than required by wind
loads. A fourth design was developed for each configuration
as a low-ductility dual system, with a primary braced frame
system designed to resist wind only, and a relatively light
moment frame reserve system (referred to here as a wind
plus reserve system or WRS). OCBF designs according to
the AISC seismic provisions were not included because the
focus of this study was on chevron CBF R = 3 systems and
their reliance on reserve capacity. Each of the 15 designs
assumed the plan geometry of the SAC 9-story building
(SAC, 2000b), with two braced frames per side. Consistent
with the SAC 9-story building, each configuration assumed
a first-story height of 18 ft, with 13-ft story heights above.
See Figure 1 for a plan view and typical bracing elevations
for the R2, R3 and R4 designs.

The frames were designed for Boston, Massachusetts
in accordance with IBC 2006 and ASCE 7-05 using Load
Resistance Factor Design (LRFD). The wind loads were
determined using Exposure B. The seismic loads were
determined using Site Class D and Seismic Design Cat-
egory B, assuming no increase to the fundamental period
as allowed by Section 12.8.2 of ASCE 7-05. Figure 2 plots

| | | } L |
1 5@ 30’-0” = 150°-0” ] 1300”7 ] 300”1 30°-0”]
H H————H H=——=H I—
W16x26 (Typ.) ﬁ\
W21x44 (Typ.) N
I——T I ] T
Design load ! | ' &
with 0% — . . © =
Eccentricity T I I I I |8 °
Mass and LFRS el ?
for V2 of building I T L d T |2
1 [] %
[ \. [ IQ,/ -
] 1 p <)
I a I I I i
/ H H H H
1
W16x36 (Typ.)—/ | | || | Concentrically Braced Frame (Typ.)
] H H H H—L

W21x44 (Typ.)_/

Fig. 1. R3 Plan view and 9-story braced frame elevation.
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Table 2. R3 Design Member Sizes
Story Brace Girder Column |Int. Grav. Col. Corner Col.
(1) (2 (3) 4) (5) (6)
>S R W21x44
S5 3 HSS 6x6x% W21x44  W12x40 W12x40 W12x40
g 8_ 2 HSS 7x7x% W21x44  W12x40 W12x40 W12x40
©| 1 HSS 8x8x W12x53 W12x53 W12x53
R W21x44
6 HSS 6x6x% W21x44  W12x40 W12x40 W12x40
gg 5 HSS 6x6x% W21x44  W12x40 W12x40 W12x40
He| 4 HSS 7x7x% W21x44  W12x53 W12x53 W12x40
© g 3 HSS 8x8x% W21x44  W12x53 W12x53 W12x40
2 HSS 8x8x% W21x44  W12x87 W12x87 W12x53
1| HSS 8x8x%s W12x87 W12x87 W12x53
R W21x44
9 HSS 6x6x% W21x44  W12x40 W12x50 W12x40
8 HSS 6x6x% W21x44  W12x40 W12x50 W12x40
>S 7 HSS 7x7x% W21x44  W12x40 W12x50 W12x40
85| 6 HSS 7x7x% W21x44  W12x72 W12x72 W12x40
D38| 5| HSS8x8xih  W21x4d  Wi2x72 Wi2x72 | W12x40
©| 4 HSS 8x8x% W21x44  W12x87 W12x87 W12x45
3 HSS 8x8x% W21x44  W12x87 W12x87 W12x45
2 HSS 8x8x% W21x44  W12x152 W12x136 W12x72
1 | HSS 9x9x%s W12x152 W12x136 W12x72
R W21x44
12| HSS 5x5x% W21x44 W14x48 W14x48 W14x48
% 11| HSS 6x6xl4 W21x44  W14x48 W14x48 W14x48
S | 10| HSS7x7x% W21x44  W14x53 W14x61 W14x48
o | 9| HSS7x7x% W21x44  W14x53 W14x61 W14x48
> Il 8| HSST7x7x% W21x44  W14x74 W14x82 W14x48
S 8| 7| HSS8x8xn W21x44  W14x74 W14x82 W14x48
‘cf\l’ o | 6| HSSB8x8xk W21x44  W14x109 W14x109 W14x53
— & | 5| HSS8x8xlk W21x44  W14x109 W14x109 W14x53
S| 4| HSS8x8xk W21x44  W14x120 W14x109 W14x61
S| 3| HSS8x8x¥e W21x44  W14x120 W14x109 W14x61
‘@ | 2| HSS8x8x%e W21x44  W14x176 W14x145 W14x82
O | 1| HSS 9x9x%e W14x176 W14x145 W14x82

approximate base shear versus story height for wind and R3
earthquake loads according to these assumptions for build-
ings up to 18 stories. The close proximity of design earth-
quake and wind forces in this graph demonstrates the com-
mon experience in moderate seismic regions that wind can
control member design, while seismic requirements control
detailing. This is seldom the case in high seismic regions.
Figure 2 also shows that the threshold at which wind forces
control a design can vary depending on LRFD and Allow-
able Strength Design (ASD) approaches. For buildings that
are not square, wind forces in the short direction control at
lower heights.

Table 2 lists the member sizes for each R3 design. Brace siz-
es are listed in Column (2). All braces were designed as square
HSS, slotted and field welded to gusset plates, as shown in Fig-
ure 3. All braces were selected to have a minimum thickness
of % in. Column (3) in Table 2 lists the braced frame girders.

Column (4) lists the braced frame columns, designed to carry
both gravity loads and overturning forces. Column (5) lists the
interior gravity frame columns, and Column (6) lists corner col-
umns, designed to carry gravity loads only. All beams and gird-
ers were designed assuming full composite action. The girders
spanning between gravity frame columns were designed as
W21x44s for vibration control. Spandrel girders were designed
as W21x44s to meet deflection requirements. Although the
gravity system was not designed explicitly for lateral loads, its
lateral capacity was considered in the two dimensional (2D)
analysis of the buildings by allowing these members to reach
0.20M,, with an elastic stiffness of 0.50E1, based on a simpli-
fied interpretation of test results reported by Liu and Astaneh
(2000). Gravity frame beams were designed as W16x26s and
spandrel beams were designed as W16x36s, however, these
beams were not modeled since the analyses assumed 2D seis-
mic forces parallel to the girders.
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Accounting for the expected yield strength and expected
end fixity of the tube braces, the frame designs resulted in
connections that fractured before the braces buckled. For
this reason, brace buckling hysteresis and fracture life were
not modeled. Instead the analytical model assumed elastic
brace behavior up to fracture with little to no brace capac-
ity thereafter (see Appendix). Table 3 compares the expected
brace strength to the connection capacity for each R3 de-
sign. As a matter of convention, the R2, R4 and WRS de-
signs were also assumed to experience connection fracture
prior to brace buckling for all cases. Column (2) in Table 3
lists the computed LRFD axial brace force using ASCE 7-05
load combinations. Column (3) lists HSS members selected
for an unbraced length between work points assuming an
effective length factor for the brace of K = 1.0. The expected
buckling strength of the braces [Column (4)] was calculated
assuming an expected yield strength of R,F, = (1.3)(46 ksi)
= 60 ksi, and using an effective length factor of K = 0.7.
Column (5) lists the weld size used, representing one of four
welds used for the connection shown in Figure 3.

Weld lengths were assumed to be at least the width of the
HSS, consistent with requirements for plates in section J2.2b
in the AISC Specification (AISC, 2005a) and similar recom-
mendations extended to HSS in the AISC Hollow Structural
Section Connection Manual (AISC, 1997b). Column (6) in

2000

Table 3 lists the assumed fracture capacity of the four welds
listed in Column (5). For example the 3-story/R3 third story
weld size listed in Column (5) is calculated as (0.6)(70 ksi)
(%16 in.)(0.707)(4)(6 in.) = 134 kips.

The wind plus reserve system (WRS) was designed with
a primary chevron braced frame to resist wind only and two
three-bay moment frames in each direction. See Figure 4 for
the locations of the braced frames and moment frames, and
see Table 4 for typical member sizes of the WRS designs. In
order to change as few members as possible in the analyti-
cal model, the moment frames were constructed by moment
connecting the existing spandrel girders in the braced frame.
This “design” should be understood in diagrammatic and
analytical terms only. In an actual building, complications
might arise from attempting to moment connect large gus-
set plate connections without prequalified detailing. From an
analytical point of view, imagining the new moment connec-
tions outside of the existing gravity framing system allowed
the gravity beam contributions to remain identical between
the two models. This study emphasized analytical compari-
sons of strength variations in primary and reserve LFRS, not
the detailed implementation of an actual reserve system.

For the WRS design, the size of the braced frame columns
was increased slightly to carry additional bending moments
and to avoid extremely weak panel zones. The braced frame

1500 —
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Base Shear (kips)

750 —

500

250 —

—@— ASD Wind ——— LRFD Wind

1750~ _m— AsDEQ —}— LRFDEQ

xwmdxm

Wind x1 .STA

10 12 14 16 18

Story

Fig. 2. R3 seismic and wind base shears with respect to story height.
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Table 3. R3 Design Brace Sizes and Connection Forces Table 4. WRS Design Member Sizes
Design Expected Weld Weld . Panel Zone
Story| | oa4  Brace Strength  (x4) Capacity Story Brace Girder  Column "o 4 ction
Mm | @ ) (@) (5) 6) (1) (2 (3) (4) (5)
~| R W21x44 0.29M,
§|3 | 8k 6x6xk 201k  Y'x6" 134k S| 3 | HSS5x5x%  W21x44  W12x40  0.29M,
o f 12; 'l: ;X;XK‘ ggg E :f..xg.. ggg :: Q| 2 | HSS5x5x4  W21x44  W12x40  0.43M,
XOXA 4’ 1 HSS 6x6x% W12x72
R W21x44 0.20M
6 | 63k 6X6XK4 201k  %"x6" 134k 1 P
8 Stk et 1aan | 8| Hss 5x5x1A W21x44  W12x40  0.29M,
210 | en v ek g o8k S| 5 | HSSBHx5xk  W21x44  Wi2xd0  0.37M,
3|3 | 1ear  oxmor sk ds 23ak B | 4 | HSSBEX5xA  W21x44  W12x50  0.37M,
© |5 | 167k 8§8§ 1/“ 339 K 1/“,,§8,, bas k © | 3 | HSSEx6x%  W21x44  W12x50  0.57M,
T | 197K 8x SX%‘; 371 K ‘/:"x o 257 K 2 | HSS6x6x%4  W21x44  W12x96 0.57M,
1 HSS 7x7x% W12x96
" R W21x44 0.34M
9| 62k 6x6XK4 201k %e"x6 134 k P
8| 95k 6x6xih 201k  Ye'x6" 134k 9 | HSS5x5xi  W21xdd  W12x53  0.34M,
7 | 119Kk 7Tx7xh 068K W' 208 K 8 | HSS5x5x%  W21x44  W12x53 0.34M,
>| 6 | 140k 7x7x% 268k  W'x7" 208k > | 7 | HSS6x6xii  W21x44  WI2x53  0.43M,
Sle | 158K B o S| 6 | HSS6x6xl  W21xd44  W12x72 0.43M
2 X8xY 332k %4'x8 238 k & 1 b
o |4 | 172k 8xexk 332k Wx8' 238k o | 5 | HSSExBoL - W2ix4d — Wi2x72 — 0.52M,
3 | 182K  Bxexd B0k ' o067 K 4 | HSS7x7x  W21x44  W12x87 0.52M,
2 189k  8x8x% 332 k %%Q" 267 k 3 HSS 7x7x% W21x44 W12x87 0.97M,
1 HSS 8x8x% W12x152
12| 57k 5x5x% 134Kk ¥"x5" 111k R W21x44 0.38M,
11| 87k 6x6x% 201k  %'x6" 134k 12 | HSS5x5x4  W21x44  W14x48  0.38M,
10 | 110k  7x7x% 268k  Ye'x7" 156k 11 | HSSS5x5x%  W21x44  W1dx48  0.42M,
9 | 130k 7x7x% 268k  W'x7' 208k 10 | HSS6x6x  W21x44  W14x61  0.42M,
>|8 | 148k 7x7x4 268k  u'x7" 208k 9 | HSSéxbxi  W21x44  W14x61 0.61M,
217 | 163k 8x8x4 332k  4'x8" 238k S| 8 | HSSEx6x  W2ixas  W14x109  061M,
P16 | 176k  8x8xk 332k #%'x8" 238k @ | 7 | HSS7x7x%  W21x44  W14x109  0.61M,
~|5 | 186k 8x8xk4 332k W'x9" 267k ~ | 6 | HSS7x7x%  W21xd4d W14x109 0610,
4 | 194k  8x8xl 332k %4'x9" 267k 5 | HSS7x7xia  W21x44  W14x109  0.81M,
3 | 200k 8x8x%s 409 k 1%"x9" 267 k 4 | HSS8x8xkh  W21x44 W14x120 0.81M,
2 | 204k 8x8x%s 409k  Ye'x8" 297k 3 | HSS8x8x%4  W21x50 W14x120  0.89M,
1 | 233k  9x9x%e 453Kk %6"x9" 334k 2 | HSS8x8x%  W21x62 W14x176  0.67M,
1 | HSS 9x9x%4s W14x176

columns were initially designed to carry the gravity loads plus
the overturning from wind only. They were then enhanced to

HSS MEMBER

T SLOTAT ENDS withstand 0.01g acceleration, consistent with the minimum
I TO FIT GUSSET seismic force specified in Section 12.8.1.1 of ASCE 7-05.
! This load was distributed as an inverted triangle, assuming
: (R —|é) all braces had fractured and assuming no consideration for
COLUMN —= | panel zone capacity. Since panel zone capacity ultimately
| ERECTION BOLT controlled the strength of these reserve moment frames,
— — — g BEAM beam yield strengths were reduced for analysis to the values
~—— | FILLERR ES listed in Column (5) of Table 4. In the taller configurations,
% AS REQD the member size of the second-story braced/moment frame
SHOP WELD TO . . o . -
- | BEAM & GUSSET R girder was increased for additional capacity. In addition to
the reserve system, the WRS models were constructed to
Fig. 3. Gusset plate connections. Note, the connection does not account for gravity framing reserve capacity in the same
conform to the 2t brace-to-gusset plate requirement way as the R2, R3 and R4 designs. Furthermore, one line
Fig. C-I-13.2 (AISC,2005b). of gravity columns was rotated to act in the strong direction.
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Table 5. Design Weight Comparison

R2 R3 R4 WRS
> | Lateral System | 53 44 42 44
9 | Weight (tons)
ﬁi’, % Difference 22.3% — -3.7% 1.0%
> | Lateral System | 107 98 93 94
% Weight (tons)
© | % Difference 9.3% — -5.1% -4.3%
> | Lateral System | 191 168 157 168
2 | Weight (tons)
‘£ % Difference 141% — -6.1% 0.3%
%‘ Lateral System | 284 244 — 258
& | Weight (tons)
N | % Difference | 16.1% — - 5.4%

Table 5 compares the weights of the 15 lateral system de-
signs, showing that in all cases the WRS designs are lighter
than the R2 designs and very similar the to the R3 designs.
Reserve system first yield capacities of the models were
assessed based on pushover analyses assuming control
forces distributed as an inverted triangle and are reported in
Table 6. Figure 5 shows the moment diagram for the 6-story/
R3 pushover analysis. Note that the gravity framing provid-
ed enough stiffness to cause the braced frame columns to
bend about their strong axis, effectively mobilizing column
strength and stiffness at the first floor for columns assumed
pin-connected to adjacent beams. Hence, even a modest re-
serve system can be expected to afford higher capacity than
calculated simply according to beam yield strength.

Table 6. Reserve System First-Yield Capacities

R3 WRS

8 3 58 k 113 k
o)

& 6 80 k 132 k

© 9 83 k 171 k
2

12 85k 176 k

Detailed discussion of the analytical models and ground
motion suite can be found in the Appendix to this paper.

ANALYTICAL RESULTS

Collapse capacities of low-ductility structural systems are
particularly sensitive to variations in both ground motion and
building system characteristics. Furthermore, rock motions
and soil amplification characteristics can vary greatly for
a given MCE scenario. For these reasons, reliability-based
performance assessments, such as described in FEMA-350
(SAC, 2000a) and ATC-63 (ATC, 2008), are particularly
well-suited to evaluate the collapse capacities of low-
ductility systems. The Appendix to this paper includes de-
tailed discussion of both FEMA-350 and ATC-63 approach-
es to collapse performance assessment and explains why
the ATC-63 approach was favored for these low-ductility
systems. The Appendix also describes modifications to the
ATC-63 approach that were necessary for accommodating
special characteristics of the Eastern North America (ENA)
suite and the low-ductility systems.

This section discusses structural behavior observed dur-
ing analysis of these systems. Once the braces were assumed

H—— o e—o =0 || ——T
W16x26 (Typ.)ﬁl\ | |
T H H H H T
W21x44 (Typ.) | I-
T T I I— T
I L
j I I :i:
| /
H H H H

One line (per half)
of gravity columns —

H

’jL H
—

I
+—I—n

rotated to strong axis T Jo——e-Ho——o o%o H
WRS Moment Connection

Frame

Concentrically Braced Frame
+ Moment Frames (Typ)

Fig. 4. WRS building plan and braced frame elevation.
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to fracture, these systems experienced severe stiffness and
strength discontinuities. System performance was highly de-
pendent on ground motion characteristics. Different ground
motions would fracture braces at different levels in differ-
ent sequences, resulting in a variety of behaviors that are too
complicated to characterize intuitively or simply. In spite of
the complex behavior exhibited by these systems, however,
some interesting behavioral trends did emerge out of both the
analyses and the performance assessment process. Not only
elastic higher mode effects, but also dynamically changing

/— Flexural Hingf/v Rigid Links

- -« -— -« 41»

modes due to brace fracture were observed to affect collapse
performance. Collapse performance was also observed to de-
pend on building height, primary LFRS strength, and reserve
LFRS strength.

Incremental dynamic analyses (IDAs) (Vamvatsikos and
Cornell, 2002) were run for each of the 15 models under the
15 motions discussed in the Appendix, for a total 225 IDAs.
Figure 6 shows the IDA results for the 9-story/R3 configura-
tion. Starting at a scale factor (SF) of 1.0, the ground motion
(GM) acceleration amplitudes for each IDA was scaled up

Equivalent Gravity
Moment Frame

SR S

Fig. 5. Pushover analysis moment diagram for the 6-story/R3 reserve system.

05 GMO1 | GM02| | GMO03 GMO04 GMO05
S
B 20 - -
&
© 15— - -
©
& 1.0 — —
0.5
0.0
3.0
05 | GMO06 | GMO07 | GMO08 | GMO09 | GM10
.
B 20 - - — —
&
© 15— - L L |
©
@ 1.0 — = — —
. 2/,/*- {f
0.0
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05 L GM11| | GM12 | GM13 | GM14 Matched
S
B 20 - - L
&
© 15— - - -
©
& 1.0 — — . [
v /5 ,}‘ ?{/x*
0.0 \ \ \ \ \ \ \ \ \ \
0 002 004 006 0 002 004 006 0 0.04 006 0 0.02 004 006 O 002 004 0.6

Interstory Drift Radio Interstory Drift Radio

X Scale Factor = 1.0

Interstory Drift Radio

Interstory Drift Radio Interstory Drift Radio

Fig. 6. IDA curves for the 9-story/R3 design.
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Table 7. Collapse Table
. Ground Motion
DesignValue ™53 4 T 5 6 ] 7 8 | 9 10 | 11 12 | 13 14 |Matched
WRS 68 68|58 45| 50 45| 45 2.8 |54 80 |45 58 |60 45| 30
g R4 12 19 17| 15 16| 2.8 20 2.4 16 18|24 10| 12
@ R3 0.8) 1.1 13| (08) 14| 30 10 [12 12 [13 14 (08)
R2 (06) 2.4 | 1.3 1.4[ 16 12| 1.8 1.1 1.7 17 17|15 @ 1.3
WRS 45 53|35 30| 3.0 30/ 50 30|54 58 [1.9 30 |35 20| 16
R4 15 1.7 |12 1.2 15[22 12 ‘ 14 |13 12 | 1.1 ‘ ‘
- 09 09 DED
2 R3 10 13|17 1.4/ (08) 13|30 13|13 14|13 17
©
R2 13 15 | 1.1 13| 1.1 08| 40 26 |16 12 |15 17[12(06) 1.1
WRS 45 60 |50 35| 35 3.0| 45 18 |58 52 |60 40 |45 26| 1.2
12 19 [13 15| 13 14 15 (15 12 |30 14 |13 12 ‘
g R4 @ @
n
o R3 15 15 |15 17| 15 22[18 15|20 15 [22 16|20 22| 1.1
Ro 26 26 |28 26| 14 15|30 22|40 17 |14 35|20 14| 13
WRS 45 35 (19 22| 2.8 30| 26 2.0 |50 54 |50 26|40 19| 18
>
o]
g R3 12 26 |18 14| 11 22|28 20|20 11 [1.0 18 12| 10
AN
- Ro 20 30|24 35|17 13|26 20|16 11 |13 13|13 13| 14

by increments of 0.1 until the model either collapsed or be-
came numerically unstable, and it was scaled down until the
model responded in the linear range. Some models required
certain motions to be scaled down in order to arrive at their
collapse capacity. Collapse capacity was recorded in terms of
scale factor at the increment just prior to collapse. Note that
incrementing SF rather than the spectral acceleration at the
first natural period (S,7;) was a modification to the ATC-63
process. The Appendix discusses this modification further.
Collapse capacities for each analysis are reported in Ta-
ble 7, with a circle around analysis cases resulting in col-
lapse at a scale factor of 1.0. Cases such as the 6-story/R3/
GM1, with a collapse capacity of 1.0, survived the unscaled
ground motion, but then collapsed when the ground motion
was scaled to 1.1. Four models collapsed under the spectral
matched motion, shown in Figure A-8 in the Appendix and
listed in the column labeled “Matched” in Table 7. The high-
est IDA scale factor under this motion for the R2, R3 and
R4 system designs was 1.4 for the 12-story/R2 design. IDA
scale factors for the WRS designs under the matched motion

158 / ENGINEERING JOURNAL / THIRD QUARTER / 2009

ranged from 1.2 for the 9-story configuration to 3.0 for the
3- and 6-story configurations. Relatively poor performance
under this motion suggests that the suite of motions used
for this study should not be considered overly conservative.
Furthermore, the choice of ground motions and soil amplifi-
cation characteristics are essential to the collapse assessment
of these systems. See the Appendix of this paper and Hines
et al. (2009) for further discussion of ground motion suite
selection for ENA.

The circled values in Table 7 give an immediate impression
that the 3- and 6-story configurations were more vulnerable to
collapse than the 9- and 12-story configurations. The 3-story/
R3 model collapsed under 6 of the 15 unscaled ground mo-
tions (40%), whereas the 6-story/R3 model collapsed under 4
of the 15 unscaled ground motions (27%). The 9-story/R3 did
not collapse under any unscaled ground motions and 12-sto-
ry/R3 models collapsed under only one unscaled motion.

It is difficult to distinguish significant behavioral dif-
ferences among the R2, R3 and R4 models for the 3- and
6-story configurations. For instance, the 3-story/R4 model



collapsed under only two motions (13%), outperforming not
only the 3-story/R3, but also the 3-story/R2 (three collapses
= 20%). Such an observation suggests that collapse capac-
ity may not always increase in proportion to strength. There
may even be configurations, as demonstrated here, where an
R3 design produces greater vulnerability than either a stron-
ger or a weaker design.

Table 7 demonstrates the subtle relationship between de-
sign strength and collapse vulnerability via comparison of
different designs under the same motion. For the 6-story
configuration, GM5 collapsed only the weaker R3 and R4
designs. On the other hand, GM6 collapsed the stronger R2
design but spared the two weaker designs. In certain cases,
the survival of a weaker design next to the collapse of a stron-
ger design under the same ground motion can be understood
by examining how initial damage protected the weaker de-
sign from subsequent stronger pulses by moving the build-
ing’s natural periods out of the range of these pulses. For
instance, the 6-story/R4 design experienced early damage at
approximately 8 seconds into GM6, as shown in Figure 7.
The first story drift record in Figure 7 shows that although
the R4 model reached a drift of almost 3% as a result of this
damage, the model righted itself under subsequent shaking.
Conversely, the R2 design easily withstood the potentially
damaging pulse at 8 seconds, only to collapse under much
stronger shaking at 22 seconds.

The only 9-story configurations to collapse at SF = 1.0
were the R4 design under GM6 and the Matched motion, sug-
gesting that for the taller configurations, increased strength
played a role in mitigating collapse vulnerability. The
12-story/R3 design was observed to collapse under GM13
at the tenth story, demonstrating that taller buildings can be-
come vulnerable to higher mode effects. This observation is
consistent with observations from hundreds of analyses not
reported in this paper on designs with lower brace capaci-
ties at higher stories (Appel, 2008). Brace connection ca-
pacities for the designs featured in this paper were specified

according to fillet weld lengths equal to or in excess of the
width of the brace. Table 3 demonstrates that the expected
weld capacity in Column (6) typically far exceeded the
demand on the brace in Column (2). For instance, for the
9-story/R3 model, Table 3 lists the seventh-story expected
weld capacity as 208 kips, 1.75 times higher than the 119
kip design demand, whereas it lists the first-story expected
weld capacity as 297 kips, only 1.36 times higher than the
218 kip design demand. Previous studies on designs with
expected weld capacities uniformly proportional to design
brace demands yielded more collapses in the upper stories
and more uniform damage to the primary system. More uni-
formly distributed damage in the primary LFRS could serve
to increase collapse capacity provided an appropriate reserve
system is in place.

For all configurations, the WRS design significantly out-
performed the strength designs experiencing no collapses at
a scale factor of 1.0 and reaching median scale factors above
4.0. Figures 11 through 14 clearly demonstrate the robust-
ness of the WRS designs in comparison to their strength de-
sign counterparts. The Appendix discusses these figures in
greater detail. Figures 8 through 10 compare damage and
collapse behavior of the 6-story/R3 and WRS designs. Fig-
ure 8 shows that the 6-story/R3/GMS case experienced first
brace fracture at the fifth story at around 7.6 seconds, with
first-story brace fracture occurring at around 19.9 seconds
in the negative direction. Subsequent pulses in the positive
direction also fractured a second-story brace and yielded the
second-story gravity frame prior to collapsing the model at
the first story. Figure 9 shows that the 6-story/WRS/GMS5
case also experienced first brace fracture at higher stories
close to 7.5 seconds, with first-story brace fracture at around
15.4 seconds. No yielding of the reserve system and rela-
tively low inelastic drifts, less than 0.5%, were observed.
Figure 10 shows that the 6-story/WRS/GM5x2 case expe-
rienced more pronounced inelastic behavior when the GM5
accelerations were scaled to 2.0 times their original values.

Story Drift (in)

12

16 20 24

Time (sec)

Fig.7. First-story drift for the 6-story/R2 and R4 models under GM6.
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An additional brace fractured at the fifth story and reserve
system beams were observed to yield at the second and fifth
stories. Figure 10 demonstrates the need for some ductility
in the reserve system. More ductile reserve systems allow
IDAs to be scaled to higher levels. The same may also be
said of stronger reserve systems, which are still significantly
more flexible than the primary system. How reserve systems
should be designed for strength and ductility presents itself
as a major question for future research concerning low-duc-
tility systems.

Collapse Performance Assessment

Figures 11 through 14 show not only the improvement to
collapse capacity provided by the WRS designs for every
configuration, but also the relative similarity between the R2,
R3 and R4 designs. Note that the symbols in these figures are
used to differentiate between curves. They do not represent
experimental data points. For taller configurations, Figure 13
and Figure 14 demonstrate the beneficial effects of added
strength, while they also show less difference between the
R2 and WRS designs. Probability of collapse can be read for
each design as the point where its fragility curve crosses the
vertical line at an SF of 1.0. Figure 11 shows that the 3-story/
R2, R3 and R4 designs appear to have collapse probabilities
ranging from 30% to 48%, while the WRS design appears
to have a collapse probability of less than 2%. While this

study does not necessarily satisfy the further consideration
required by ATC-63 for average and upper bound collapse
probabilities for a set of “Index Archetype Configurations,”
the WRS results do generally fall under the recommended
10% threshold (ATC, 2008, p. 2-9). Figure 12 shows that
the 6-story/R2, R3 and R4 designs appear to have collapse
probabilities of about 40%, while the WRS curve shows a
collapse probability of less than 10%. For the 9-story/R2, R3
and R4 designs, Figure 13 shows collapse probabilities rang-
ing from 18% to 39%, while the WRS curve shows a col-
lapse probability of 5%. Finally, Figure 14 shows collapse
probabilities for the 12-story/R2 and R3 designs as 30% and
35%, while the WRS curve shows a collapse probability of
11%. While Table 7 lists only one collapse for the 12-story
configuration at SF = 1.0, the WRS fragility curve in Figure
14 shows less dramatic improvement over the R2 and R3
designs. This can be explained by observing which stories
collapsed at the maximum IDA increment for the various
designs.

Tables 8 through 11 summarize the IDA results at the in-
crement prior to collapse for each of the configurations. The
“Scale Factor” rows in these tables present the same data
as Table 7; however, these tables also list the story that col-
lapsed and the maximum drift reached on this story at the
increment before the collapse occurred. Note that the drift
reported may not be the maximum drift, since it relates to

[%] wua

8 —
" First Story Drift ® Collapse
4 Q) First Fracture
£ 2 /
; 0 ey oA ¢ PUPSNE NP
o 2 / -1
-4 @ Second Fracture
6L A
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N Y Y I N S |
01 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 21 22 23 24 25
Time [sec]
R
6 \ ‘\ -\
5 : : >
4
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Fig. 8. Collapse behavior for 6-story/R3/GMS5.
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Fig. 11. 3-story fragility curves.
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Fig. 12. 6-story fragility curves.
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Fig. 13. 9-story fragility curves.
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Fig. 14. 12-story fragility curves.
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Table 8. 3-Story Collapse Summary
. Ground Motion
Design Value 1 2 3 4 5 6 7 8 9 10 11 12 13 14 |Matched
Story | 1 1|1 3|1 3|1 13 31 1|1 1| A1
Scale
o Factor| 06 24 |13 14 |16 12|18 11 (08 17|17 17|15 08| 13
Drift | .011 .055|.031 .027 |.039 .027 |.023 .021|.016 .029|.024 .037|.019 .038| .032
Story | 1 1 | 1 1 | 1 1 | 1 1|1 1 | 1 1 |1 1| 1
Scale
(]
Q Factor| 08 1108 1308 1430 10|12 12|13 06| 1.4 08| 08
Drift | .032 .018|.015 .027 |.016 .035 |.038 .028 | .030 .012|.044 .026 |.017 .037 | .002
Story | 1 1 | 1 1 | 1 1| 1 1|1 1| 1 1] 1 1] 1
Scale
<
& Factor| 12 19|08 17 |15 16 (28 20 |24 08|16 18|24 10| 1.2
Drift |.031 .019|.025 .022 |.022 .027 |.029 .028 |.014 .021 |.020 .022 |.026 .036 | .023
Story | 1 1 | 1 1 | 1 1| 1 1|1 1] 1 1|1 1| 1
Scal
€ | Factor| 68 68|58 45 |50 45 |45 28 |54 80|45 58|60 45| 30
=
Drift |.037 .044|.038 .022 |.042 .026 |.030 .030|.018 .026 |.021 .035 |.043 .026 | .044
Table 9. 6-Story Collapse Summary
Ground Motion
Design Value
1 2 3 4 5 6 7 8 9 10 11 12 13 14 |Matched
Story 5 6 1 1 4 1 1 1 4 1 1 1 1
Scale
A
& Factor | 13 15 |11 13 | 11 08 |40 26 |16 12| 15 17| 12 06 1.1
Drift |.037 .009 |.013 .034 |.011 .005 |.031 .038 | .035 .029| .030 .055| .036 .022| .005
Story 5 1 1 A1 1 1 1 1 1 5 1 1 11 1
o Scale
@ Factor | 10 18 |17 14 |08 13 30 13|13 14| 13 17| 09 04 0.8
Drift | 023 .023 |.027 .035 |.023 .040 |.014 .017 | .028 .018| .033 .029 | .012 .014| .018
Story 1 11 1 5 11 11 11 11 1
< Scale
o Factor | 15 1.7 |12 12 | 06 15 |22 12 |09 14| 13 12| 1.1 08 0.6
Drift | 016 .017 |.017 .016 |.003 .019 |.026 .025 | .011 .028| .018 .035 |.047 .030 .003
Story 1 11 11 11 11 11 11 1
) Scale
i Factor | 45 50 |35 30 | 30 30 |50 30|54 58| 19 30| 35 20 1.6
=
Drift | 015 023 |.022 .026 |.021 .024 |.048 .027|.033 .022 | .017 .029 | .024 .021| .047
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Table 10. 9-Story Collapse Summary
. Ground Motion
Design Value
1 2 3 4 5 6 7 8 9 10 11 12 13 14 |Matched
Story 8 1 1 1 8 7 1 1 1 1 9 1 8 7 1
o Scale | o6 55 |28 26 | 14 15|30 22|40 17| 14 35| 20 14 13
Factor
Drift | -057 .035 |.018 .027 |.031 .031 | .028 .027 | .030 .026| .027 .023| .026 .046| .005
Story 8 1 1 1 8 1 1 1 9 1 8 8 1 1 1
® Scale | 15 45 |15 17 |15 22 |18 15 | 20 15| 22 16| 20 22 1.1
o Factor
Drift | .033 .040 |.022 .028 |.050 .022 |.039 .018 | .038 .018| .019 .018 | .031 .025 .030
Story 7 1 1 1 7 1 1 A 1 7 1 1 1 1 1
< Scale
o Factor | 12 19 |13 15 | 13 08 |14 15|15 12| 30 14| 13 12 0.8
Drift |.027 .018 |.017 .026 |.018 .017 |.004 .031 | .022 .042 | .020 .018 |.018 .019 .021
Story 1 1 1 1 1 1 1 1 1 1 1 1 1 1 1
(7)) Scale
g Factor | 45 6.0 |50 35 |35 30 |45 18 | 58 52| 60 40| 45 26 1.2
Drift | 027 .031 |.035 .036 |.024 .022 |.039 .030|.021 .024 | .017 .034 | .024 .019 .020

Table 11. 12-Story Collapse Summary
Ground Motion

Design Value ™7, 3 4 5 6 7 8 | 9 10 | 11 12 | 13 14 |Matched

Story 1 9 1 1 1 12011 11 | 11 11 1 11 11 1 1
o | S on 30 |24 35| 17 13|26 20|16 11]13 13| 13 13 1.4
[0 Factor

Drift | -041 .029 |.019 .032 [.028 .028 |.028 .020 | .023 .028| .043 .016| .051 .043| .029

Story | 11 1 11 12 11 1 11 1 1 11 10 1 11
) Scale | 15> 26 |18 14 | 11 22 |28 20|20 11|10 18| 08 12 1.0
o Factor

Drift | 022 .023 |.011 .017 |.027 .026 |.020 .036| .021 .023 | .026 .015 |.017 .017| .014

Story 11 11 1 1 1 1 1 1 1 1 11 1
@ | Scale | 45 35 119 22| 28 30 |26 20|50 54|50 26| 40 1.9 1.8
= Factor

Drift |.015 .024 |.022 .017 | .024 .018 |.014 .032|.015 .022 | .018 .018 | .022 .024| .014
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the story that collapsed in the next increment, and not the
story with maximum drift in the increment reported. Table
11 lists all maximum IDA increment collapses on the first
story for the 12-story/WRS model, whereas it lists 8 out of
15 collapses at higher stories for the R2 design and 6 out of
15 collapses at higher stories for the R3 design. The WRS
design still outperformed both R2 and R3 designs, and ef-
fectively prevented collapses at upper stories due to higher
mode effects. The strength and stiffness of the WRS reserve
system were, however, insufficient to allow IDA amplifica-
tion levels similar to shorter buildings. This can be explained
by the large P-A effects at the first story under the heavy
weight of the 12-story structure. Even though shear forces
between the first and second stories were lower in propor-
tion to total weight for the 12-story configurations, lack of
fixity at the column bases and increased story height made
the reserve system more vulnerable to P—A effects and less
able to handle amplified forces and deformations after brace
fracture. In fact, Tables 8 through 11 list all IDA maximum
increment collapses for the WRS on the first story, demon-
strating that this problem of a soft story in the reserve system
ultimately proved to limit all of the WRS designs. For taller
configurations, the problem became more pronounced due
to higher gravity loads. Such a result makes intuitive sense,
and is certainly familiar from experience with more ductile
systems in high seismic regions. This result leads to three
questions about reserve systems that should direct further
investigation:

1. For taller structures, how effective are primary system
strength and reserve system strength and stiffness at
the lower stories in preventing collapse?

2. Performance of reserve systems for individual struc-
tures can be improved by tuning based on nonlinear
dynamic analysis, but can simpler, more realistic tun-
ing methods be developed?

3. Would it be advantageous not to specify minimum
weld requirements for upper story braces?

The third question arises out of previous work where
model brace fracture capacities were based on brace design
forces, rather than on minimum weld lengths. These analy-
ses allowed more uniform damage throughout the structure
and concentrated more maximum increment IDA collapses
in the upper stories, where P—A effects were smaller than the
lower stories and where increases in reserve system strength
and stiffness are potentially less costly. These three ques-
tions help to emphasize that while this study has indicated
the possibility of improved performance with reserve sys-
tems, it has neither demonstrated ideal reserve system de-
signs nor determined the minimum acceptable capacity for
reserve systems. The reserve system is a broad and flexible
concept that appears essential to the design of low-ductility
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structures in moderate seismic regions, but it requires further
investigation to be developed for general use in design.

CONCLUSIONS

Moderate seismic regions are distinguished from high seis-
mic regions in three basic ways.

1. Collapse prevention, rather than potential economic
loss, drives lateral system design.

2. Ground motions for moderate seismic regions differ
significantly from their high seismic counterparts.

3. Wind loads and stiffness considerations often govern
system choice and member design.

In light of these differences it is reasonable to talk about
an independent seismic design philosophy for low-ductility
structures in moderate seismic regions. At the heart of this
philosophy, the concepts of reserve capacity and elastic flex-
ibility should complement more well-established concepts
of strength, ductility and capacity design. Such a philoso-
phy should provide engineers with maximum flexibility for
developing new structural systems based on first principles.
This paper focused specifically on the concept of reserve ca-
pacity and its ability to enhance collapse performance for
chevron braced steel frames not specifically detailed for
seismic resistance.

R =3 designs for 3-, 6-, 9- and 12-story building configu-
rations under 2% in 50-year earthquake loads calculated ac-
cording to IBC 2006 were assessed to have an approximately
30% chance of collapse for a typical Site Class D location in
Boston, Massachusetts. Two major assumptions in this study
violated ATC-63 recommendations for collapse performance
assessment (ATC, 2008):

1. The gravity system provided reserve capacity (p. 1-4).

2. Suite ARS values were allowed to be uniformly lower
than their IBC 2006 counterparts at the building fun-
damental period (p. A-11).

The R = 3 models would have demonstrated less robust col-
lapse performance without these two assumptions.

At the same time, conventional faith in the collapse re-
sistance of low-ductility steel structures appears to be well
founded. For instance, Yanev et al. (1991) noted that the per-
formance of steel structures has been excellent in previous
earthquakes, with very few actual collapses. Steel building
collapses were generally concentrated in the 1985 Mexico
City earthquake, where most steel frames had been con-
structed out of built-up sections rather than rolled shapes.
No steel structures were observed to collapse during the
Northridge earthquake (Bruneau et al., 1995), and the only
steel braced frames structures that collapsed during the



Kobe earthquake had been braced with rods, angles and flat
bars (Tremblay et al., 1996). Nevertheless, the literature is
relatively silent both on why these low-ductility buildings
designed for high seismic regions survived and on whether
such anecdotes constitute reliable assurance that a provision
such as R = 3 will prevent future collapses. Large-scale test
data related to the performance of sections and details typi-
cally used for building design in moderate seismic regions,
as well as large-scale shaking table tests related to the col-
lapse of low-ductility frames are only sparsely addressed in
the literature to date.

In this study, the R = 3 models’ resistance to collapse ap-
pears to have derived more from their inherent elastic re-
serve capacity than from their inherent ductility. Changes
in primary LFRS strength, explored for R = 2 and R = 4
designs neither significantly improved nor significantly de-
graded collapse performance. In fact, the 3-story/R4 model
outperformed both of the stronger designs. Changes to the
reserve system capacity, however, uniformly improved col-
lapse performance. The familiar concept of reserve capacity
is widely accepted for high-ductility dual systems, and it is
implied in the R = 3 provision itself. As a philosophical con-
cept, reserve systems have the potential to increase safety,
reduce construction cost, and encourage innovation in LFRS
design. With so much riding on reserve systems, they should
be recognized formally and designed explicitly.

Further investigation of these questions requires more
complete understanding of low-ductility structural details
and their effects on system collapse performance. Bruneau
et al. (1995) noted that 4 out of 11 CBFs observed after the
Northridge earthquake experienced some form of anchor
bolt yielding or failure. Gravity column splices could also
hasten collapse if they act as weak links during the engage-
ment of the gravity frame as a reserve system. Conversely,
gusset plate connections could be designed to provide sig-
nificant strength and ductility via moment frame action after
brace fracture.

We recognize the multiple uncertainties associated with
the study presented in this paper and feel that questions re-
lated to the collapse performance of R = 3 chevron braced
steel frames will remain difficult to answer definitively. In
spite of these uncertainties, however, it is our opinion that
these analyses demonstrate the potential for reserve systems
to improve R = 3 collapse performance significantly. In fact,
an appropriate reserve system could allow the primary LFRS
to be designed for wind only, effectively reducing overturn-
ing demands on a building’s foundation.

The models presented in this paper were created from the
same template, varying only in configuration, member sizes
and the extent of reserve system. Assumptions regarding
nonlinear material and geometric behavior were uniform for
all models. Therefore, the improvement in analytical collapse
performance achieved through more robust reserve systems

was interpreted as insight into actual physical behavior.
While it is possible to debate the reserve capacity assumed
in these models for gravity framing or gusset plate connec-
tions, it is likely that the concept of a reserve system itself is
quite reasonable. Ideally, future research will encourage the
development of typical details for gusset plate connections
that allow them to be included fully in the reserve system.
If it can be clearly understood how much reserve capacity
is required to ensure adequate collapse performance, then
a structural designer may be able to create a reserve system
via typical gusset plate details without adding more moment
connections. Additional reserve system capacity may only be
necessary in the weakest areas of a structure, allowing such
a system to be tuned for efficiency. Philosophical emphasis
should be placed on the need for a reliable reserve system.
The manner in which a particular system is to be achieved
should remain the responsibility of the designer.

In response to the lack of literature discussing the R = 3
criterion and low-ductility collapse performance under mod-
erate seismic excitation in general, this study has called at-
tention to questions that fall outside the general conceptual
framework for design in high seismic regions:

1. What are the relationships among strength, ductility,
elastic flexibility, reserve capacity, damage and col-
lapse for low-ductility systems?

2. How can understanding of these relationships be used
to develop an appropriate design philosophy for low-
ductility systems in moderate seismic regions?

Such a philosophy should ensure safety, promote economy
and allow designers maximum flexibility to develop creative
structures that resist collapse. We hope that our discussion of
the reserve system concept will serve as a useful step toward
defining this philosophy.
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Table A-1. Modeling Assumptions

. Conservative or
Assumption i Comments
Unconservative

1 2D behavior Unconservative Torsional behavior can amplify force and deformation

demands.

2 No nonstructural components Unconservative/ Unconservative if such elements serve to concentrate stiff-

Conservative ness and attract loads to vulnerable parts of the building,
or reduce the period of the structure. Conservative if such
elements provide reserve capacity.

3 No flexural stiffness or strength of | Conservative Gusset plate-to-column connections are not expected to
gusset plate connections behave reliably in a ductile manner. While it may be possible

for them to provide reserve capacity before fracturing, this
reserve capacity is not well understood.
No buckling of columns Unconservative Stronger braces and connections could overload columns.
Perfect anchorage of column Unconservative/ Unconservative if yielding of anchor rods results in displace-
bases Conservative ment of the building column on top of a concrete pier; con-
servative if yielding of anchor rods allows the primary LRFS
to rock before experiencing significant damage.

6 Strong column splices Unconservative The column splices are allowed to develop the full flexural

strength of the smallest member.

7 Gravity frame girders have Conservative According to Liu and Astaneh (2000), 30% to 40% capacity
0.50El, yield at 0.2M,,, and have is only available for certain size members and for the load
high ductility direction where the slab goes into compression. The capac-

ity drops to approximately 18% at relatively low levels of
inelastic rotation. See further discussion later.

8 The SAC building geometry is Unconservative This level of regularity in a building system cannot be consid-
highly regular ered typical, especially in a moderate-to-low-seismic region.

9 Braced frame columns bent Conservative/ All columns were allowed to yield in flexure as beam-
about strong axis and gravity unconservative columns. For an R3 system, a designer theoretically assumes
columns bent about weak axis; no responsibility for the orientation and contribution of the
gravity girders (not beams) to be gravity framing as a reserve system.
oriented parallel to direction of
loading

10 | The models do not lose all brace | Unconservative This assumption was necessary to ensure reliable numerical
capacity immediately after reach- convergence. See further discussion that follows.
ing their designated fracture force

APPENDIX
Design and Modeling of Braced Frame Buildings

Half of each building configuration (Figure 1 and Figure 4)
was modeled using the nonlinear analysis software
Ruaumoko-2D (Carr 2004). The braced frames were
connected by rigid links to a moment frame representing
the inherent lateral capacity of the gravity framing (Figure
5). Table A-1 lists major assumptions applied consistently
throughout the study. These assumptions are neither
uniformly conservative nor uniformly unconservative.
Assuming that the girders yield at 0.20M,, (assumption 7)
could be unconservative, because the gravity loads on the
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girders did not require their connection to be developed over
the full depth of the W21x44. Liu and Astaneh’s (2000)
tests, however, generally assumed full depth connections.
The gravity framing and reserve systems were modeled with
bilinear plastic hinging mechanisms in the beams and col-
umns (Figure A-1). Each girder modeled in the gravity frame
represented two girders in order to capture the two lines of
gravity framing. Girder yield moment capacity was there-
fore (50 ksi)(0.2)(95.4 in*)(2) = 1910 kip-in.

Due to large discontinuities in strength and stiffness be-
tween damaged and undamaged frames, it was difficult to
get these systems to converge numerically. The braces were
modeled using the Ruaumoko model for the Matsushima



strength reduction hysteresis rule (Matsushima, 1969). The
braces were assumed not to lose all brace capacity imme-
diately after reaching their designated fracture force, rather
they assumed a constant yield plateau prior to the first re-
versal of force. After the first reversal this yield plateau was
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0.2 0.1 0 0.1 0.2
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Fig. A-1. A 6-story/R3/GM3 second-floor bilinear hysteresis loop
representing two gravity girders.

abandoned and the brace was assumed to degrade to 5% of
its previous strength. Each further reversal prompted an ad-
ditional 95% degradation, effectively modeling zero capac-
ity after the first excursion. While such yielding is unrealistic
for braces prone to fracture, it did not appear to have a major
impact on system performance. Figure A-2 represents a typi-
cal case where such yielding appears significant in the con-
text of a hysteresis loop, but seems less so when observed as
a function of time (Figure A-3, Figure A-4).

Figure A-3 plots force as a function of time for similar
braces in three different structures: R3 with the brace hys-
teresis rule described earlier, designated R3; R3 with a bilin-
ear brace hysteresis rule, designated bilinear; and the WRS
system. As Figure A-3 shows, the two R3 structures demon-
strated similar elastic behavior up to first-fracture/first-yield
at approximately 4.7 seconds. The displacement response
histories for these same situations are shown in Figure A-4.
The R3 brace continued to resist force for approximately
1 second thereafter, before reaching a steady state of ef-
fectively zero force. The bilinear brace continued to resist
force, without experiencing significant yielding. The WRS
brace closely followed both R3 braces in the elastic range
up to first fracture, continuing to resist force for approxi-
mately 1 second thereafter before reaching a steady state of
zero force. While this short period of residual brace capacity
may not represent physical behavior, it accounts for only a
fraction of the total response over time and is less alarming
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Fig. A-2. A 6-story/R3/GMS3 first-story brace hysteresis loop.
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Fig. A-4. A 6-story/R3/GM3 first-story brace displacement.
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Table A-2. Ground Motion Records

Earthquake | GM Record Magnitude DiE:?nn]ce
Mammoth Lakes|—— ERA- L0 6.0 19.7
Tabas 2 EE:EE?:'{] 7.4 94.4
Landers 2 Eg::ggggg 7.3 69.5
Kocaeli Z; Eg:mggggg 7.4 62.3
San Fernando 19 5 Eg:gjgggg 6.6 104
Northridge } ; Eg:ggggfg 6.7 54.1
Morgan Hill (-~ igtggﬁg 6.2 227

when viewed as a function of time than as hysteretic behav-
ior. Such a plateau probably protected most models from
collapsing under a single pulse by requiring brace forces
to reverse before allowing any loss in capacity. Though the
plateau is unrealistic, it represents a modeling compromise
made for the sake of numerical convergence and should be
assessed as slightly unconservative. For further information
regarding the design and analysis of these models, see Ap-
pel (2008).

Boston Ground Motion Suite

Strong motion records for moderate seismic regions
are often too scarce to assemble adequate suites
of ground motions for performance assessments.
These limited data require either the development
of artificial ground motions or the adaptation of
records from measured events in higher seismic
regions. Furthermore, the lack of data implies that
uncertainty related to earthquake magnitude and
distance is probably greater in moderate seismic
regions than in high seismic regions. For instance,
Figure A-5 shows the 1-Hz deaggregation of seis-
mic hazard for Boston and for a location in Los
Angeles. The LA hazard appears to derive from
only two major sources and a few minor sources,
whereas the Boston hazard derives from a multi-
tude of separate sources. This variability in possible
earthquake magnitudes is typical for the Eastern
North America (ENA) seismic hazard.

The suite of ground motions used in this study
was developed such that the average acceleration
response spectrum (ARS) curve for 14 motions
matched the IBC 2006 MCE for Site Class B.

Every motion in the suite was required to match or exceed
at least one U.S. Geological Survey (USGS) uniform hazard
spectrum (UHS) point at 7 = 0.0, 0.1, 0.2, 0.3, 0.5, 1.0 or
2.0 seconds without scaling. Table A-2 lists the selected 14
ground motions recorded from seven different earthquake
sources. In anticipation of future three-dimensional (3D)
simulations, an orthogonal pair of motions was selected
from each earthquake. For this two-dimensional (2D) study,
all 14 motions were applied independently. Figure A-6 com-
pares the selected suite of 14 unscaled ground motions to
the UHS points. The Site Class B ARS values were allowed
to be as great as 2.0 times or as small as 0.5 times any of the
UHS points. Allowing this variation was thought to capture
approximately 90% of the hazard represented by the USGS
deaggregations (Sorabella, 2006). The Site Class B motions
were amplified using the program Equivalent-linear Earth-
quake site Response Analysis (Bardet and Ichii, 2000),
assuming a typical Boston soil profile (Johnson, 1989;
Sorabella, 2006). Figure A-7 compares the ARS of the 14
motions with the average ARS and the IBC 2006 Site Class
D MCE. Figure A-7 shows resonance of the soil column at
approximately 0.9 second, and significantly lower spectral
accelerations for all motions for 7 > 2.0 seconds. For this
reason, a 15th motion was created artificially to match the
Site Class D MCE as closely as possible. Figure A-8 com-
pares the ARS of the spectral compatible motion, created
using the program SIMQKE (Carr, 2004), to the Site Class
D MCE as well as the 14 ground motion suite average. See
Hines et al. (2009) for further discussion of issues related to
the selection of ENA ground motion suites.

Deaggregation
for Los Angeles

2% in 50 years
T=1.0sec
Deaggregation
for Boston T

2% in 50 years I
S

Fig. A-5. A 2% in 50-year (Frankel et al., 2002)
deaggregation for Boston and LA at T = 1.0 s.
(adapted from files downloaded from http://www.usgs.gov)
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Fig. A-7. The 14 ground motion suite amplified through Site Class D soil column.
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Performance Assessment: FEMA-350 versus ATC-63

The methods proposed in FEMA-350 (SAC, 2000a) and
ATC-63 (ATC, 2008) differ substantially in their charac-
terization of system demand and capacity and provide very
different assessments for particular low-ductility build-
ings. After introducing the principal difference between
these two methods—developed to assess higher ductility
systems in high seismic regions—results for this study are
presented according to a modified version of the ATC-63
method.

The FEMA-350 approach (SAC, 2000a; Cornell et al.,
2002; Yun et al., 2002; Lee and Foutch, 2002) assumes that
maximum interstory drift is the best indicator of collapse
demand and capacity. This assumption is consistent with
the general understanding that nonlinear structural behavior
under seismic loads is more accurately assessed according
to displacements than according to forces. For the purposes
of the FEMA-350 approach, however, interstory drifts were
assumed to be linearly related to spectral acceleration (Cor-
nell et al., 2002). The use of displacements as engineering
demand parameters (EDPs) to evaluate collapse has recently
come under criticism, based on the observation that these
EDP demands “become very sensitive to small perturbations

when the system is close to collapse” (Ibarra and Krawin-
kler, 2005, p. 282).

For low-ductility systems, this problem is compounded
in the assessment of the drift demand parameter, D. Since
low-ductility systems either remain elastic or experience
significant drift demands once the primary lateral system
degrades, the EDP for interstory drift, D, can exhibit values
that vary by an order of magnitude between ground motions.
This wide variation results in a demand randomness factor,
Y.» that is commonly 2 or higher, leading to very low con-
fidence in collapse capacity. Ironically, the confidence can
be increased for a given assessment simply by removing the
lowest drift demands from the assessment. This is illustrated
by an example for the 9-story/R3 model.

The maximum interstory drift demands and capacities are
given in Table A-3, for the 9-story/R3 model and the resulting
demand and capacity factors reflecting randomness, based
on the logarithmic standard deviations, [, of these values are
listed in Table A-4. For the purposes of this example, the 3
values for uncertainty are assumed to be 0.400, reflecting an
increased level of uncertainty associated with the analysis of
low-ductility braced frame systems when compared to the
moment frame systems for which the procedure was origi-
nally calibrated.

1.0

—— MCE

—&— MCE D Matched Motion

- - - 14 Ground Motion Average
0.8 -
0.6 -

0.0 05 1.0

1.5 2.0 2.5 3.0
Period (sec)

Fig. A-8. Matched motion ARS comparison.
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Table A-3. Maximum Interstory Drift Demands
and Capacities for 15 Ground Motions
Motion Demand Capacity

GM1 0.018 0.033
GM2 0.003 0.040
GM3 0.014 0.022
GM4 0.015 0.028
GM5 0.021 0.050
GM6 0.029 0.022
GM7 0.002 0.039
GM8 0.003 0.018
GM9 0.016 0.038
GM10 0.003 0.017
GM11 0.020 0.019
GM12 0.012 0.018
GM13 0.024 0.031
GM14 0.027 0.025
Matched 0.024 0.030
Median 0.0160 0.0283

Combination of these values results in

(1.85)(1.12)(0.0160)

5 = Ye¥uD _ a3 O
0,0,C  (0.918)(0.890)(0.0283)
where

Y= = demand variability factor

Yv = analysis uncertainty factor

D = median maximum drift demand for the unscaled
motion

¢r = resistance factor accounting for random behavior

@y = resistance factor accounting for uncertainty in an-
alytic modeling

C = median maximum drift capacity according to IDAs

which yields K, = -0.22 and a confidence of 41%.

Note, however, that GM2, 7, 8 and 10 produced demand
drifts measuring in tenths of a percent, while the remaining
ten motions produced demand drifts over 1% (Table A-3).
Such low drift demands reflect the tendency of the system to
perform in the elastic range under these ground motions at
a scale factor (SF) of 1.0. Since Table A-3 reports only four
such instances, the median demand, D = 0.0160, is still in
the higher range of values. Equation 1 shows that y; = 1.85
has the most significant effect on confidence level. If these
four motions are removed from the assessment, the median
demand increases, but not enough to offset the increase in
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Table A-4. Demand and Capacity Factors per
FEMA-350 Assessment for 15 Ground Motions
Demand Capacity
Bor 0.916 Ber 0.343
Ve 1.85 Pr 0.918
Bou 0.400 B 0.400
Yu 1.12 Oy 0.890

confidence. Combination of these values results in a confi-
dence of 65%. (See Tables A-5 and A-6 pn page 175).

The addition of more ground motions to the suite would
probably not result in greater accuracy if the distribution
continues to bifurcate between elastic and inelastic be-
havior, as shown in Figure 6. Such behavior distinguishes
low-ductility braced frame systems from their higher ductil-
ity counterparts, whose transition into the inelastic range is
generally expected to be smoother. If, for some reason, the
median demand value fell into the elastic range, the result-
ing confidence would be unconservatively high. It could be
argued that the effects of this bifurcation on the FEMA-350
approach could be mitigated by scaling the ground motions
to the code spectral value at the first natural period, S.7, as
recommended. The ATC-63 approach, however, demonstrat-
ed little sensitivity to the wide variety allowed within the
suite and was therefore better suited to incorporate uncer-
tainty related to earthquake intensity.

In addition to the sensitivity mentioned by Ibarra and
Krawinkler (2005), this drift demand sensitivity motivates
the assessment of collapse capacity according to earthquake
intensity rather than drift demand and capacity. Since the
models and incremental dynamic analyses used to assess
collapse earthquake intensity are the same used for assess-
ing interstory drifts, there is no danger in abandoning the
“displacement-based” FEMA-350 approach in favor of an
intensity-based parameter. Sensitivity to displacement be-
havior is preserved in the IDAs. Figure 6 shows the IDA
curves for the 9-story/R3 model and demonstrates that varia-
tion in behavior can be observed either in terms of drift, or in
terms of ground motion intensity. The IDA curve for GM4
shows that the model stayed in the elastic range until SF =
1.7 and just before collapse. Compare this result to the curve
for GM11, where at SF = 1.0. The model already experi-
enced inelastic behavior; however, it did not collapse until
SF = 2.2. Note that almost every IDA curve exhibits a pla-
teau between elastic and inelastic behavior, where the transi-
tion is made from primary LFRS to reserve LFRS.

Since drift demands appear bifurcated rather than log-
normally distributed for the low-ductility LFRS in question,
and since ground motion intensity, expressed in spectral ac-
celeration, S,, or SF gives at least as good an indication of



Table A-5. Maximum Interstory Drift Demands
and Capacities for 11 Ground Motions
Motion Demand Capacity

GM1 0.018 0.033
GMS3 0.014 0.022
GM4 0.015 0.028
GM5 0.021 0.050
GM®6 0.029 0.022
GM9 0.016 0.038
GM11 0.020 0.019
GM12 0.012 0.018
GM13 0.024 0.031
GM14 0.027 0.025
Matched 0.024 0.030
Median 0.0200 0.0283

variability in collapse capacity as interstory drift, it is attrac-
tive to use an approach more similar to ATC-63. This ap-
proach focuses on spectral acceleration as an intensity mea-
sure and avoids discussing drift demands all together. IDA
results are represented in the form of cumulative distribution

1.0

Table A-6. Demand and Capacity Factors per
FEMA-350 Assessment for 11 Ground Motions
Demand Capacity
Bor 0.288 Bor 0.312
Vr 1.06 Pr 0.931
Bou 0.400 Beu 0.400
Yu 1.12 Py 0.890

functions, or fragility curves. These fragility curves provide
not only a numerical indication but also visual indication of
a particular system’s resistance to collapse (see Figures 11
through 14).

Figure A-9 shows fragility curves for the 9-story/R3 and
WRS models in terms of S,;, with a collapse probability for
the R3 model of close to 70%. In this figure, the smooth
fragility curve is a cumulative distribution function based on
the median and lognormal standard deviation of the experi-
mental data points. The high probability of collapse reflects
a characteristic of the ground motion suite that may provide
further reason to differentiate the assessment of low-ductility
systems in moderate seismic regions from high ductility
systems in high seismic regions. Figure A-7 shows that the
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Fig. A-9. The 9-story/R3 and WRS fragility curves as a function of S,,.
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average S,; (T} = 2.07 seconds) value for the suite falls well
below the MCE value given by IBC 2006 for Site Class D.
These low spectral accelerations in the first mode are consid-
ered to be more realistic and more consistent with the state
of the art related to ENA ground motions than the IBC 2006
curve (Sorabella, 2006; Hines et al., 2009). This phenom-
enon, combined with the presence of higher mode effects
due to ARS spikes at lower periods suggests that evaluating
fragility based on SF rather than S, may be more realistic for
low-ductility systems in moderate seismic regions. Using SF
is similar to using S,z for the suite average rather than for
the IBC MCE. Note that the IDAs in this assessment did
not account for the fact that less soil amplification would
be expected for larger motions due to nonlinear soil behav-
ior. In order to take this into account, it would perhaps be
more accurate to increment the rock motion and reevaluate
the nonlinear soil column analysis at each increment. Such a
procedure is beyond the scope of the present work. For now,
it can be assumed that this part of the assessment is con-
servative since it does not take into account decreasing soil
amplification with increasing intensity of bedrock ground
motions. Figure A-10 shows the 9-story/R3 fragility curve
in terms of SF, which is normalized to 1 for the original Site
Class D suite.

The fragility curves in Figure A-9 express implicitly an-
other characteristic of the suite used for this assessment. As

10 & w 19

discussed previously, no rock motions were scaled prior to
their inclusion in the suite so as to allow maximum realis-
tic variation in ground motion characteristics. Based on this
suite, there is legitimate concern that the fragility curves
merely reflect the level of variation allowed in choosing the
rock motions. If this were the case, then the smallest motions
would have the largest scale factors and the largest motions
would have the smallest scale factors. In order to address
this concern, Figure A-10 also shows normalized S, values
for each motion and for each of the first three modes ordered
in the same manner as the values composing the fragility
curves. S, values were normalized for each mode by divid-
ing the S, for that mode (first, second or third) and ground
motion (GM 1-14 or “Matched) by the S, value for the same
mode as defined by the IBC 2006 MCE ARS curve. Strict
correlation with variations in rock motion intensity would
imply a negative slope to each of the normalized S, curves.
While some general negative slope can be discerned for
each set of S, values, it is overwhelmed by variations in the
normalized S, values themselves. This demonstrates that
higher mode effects and record-to-record (RTR) variabil-
ity without respect to variations in M-R values provide for
substantial variation in the collapse scale factors between
ground motions. Similar variations in second and third
mode normalized S, values can be observed in Figure A-11
for the 9-story/WRS model.
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Fig. A-10. The 9-story/R3 fragility curve as a function of SF.
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Figure A-10 and Figure A-11 reinforce the observation
from Figure A-9 that the WRS design improved collapse
resistance significantly beyond the R3 design. Figures 11
through 14 depict final fragility curves for each model as
lognormal distributions based on the median scale factors
from the suite of 15 motions and a uniform standard devia-
tion of

Bror = VBl + B + 1y + Bl @)
=\04> +047+04>+04> =03
where
Bror = total system collapse uncertainty
Brrr = record-to-record collapse uncertainty
Bpr = design requirements-related collapse uncertainty
B;p = test data-related collapse uncertainty

Bup. = modeling-related collapse uncertainty

These values are recommended by Chapters 5 and 7 of
ATC-63 for an assessment considered to be “good.” For
comparison to the ATC-63 values, Table A-7 lists Bz val-
ues calculated from the 15 analysis cases for each model,
and the resulting B;or value. Brrz = 0.40 was used in lieu
of the values reported in Table A-7 for three reasons: con-
sistency with ATC-63, similarity between the calculated

Table A-7. Calculated Bz;5 Values

B R2 R3 R4 WRS
g RTR | 0.365 0.385 0.385 0.286
g Total | 0.790 0.799 0.799 0.756
S RTR | 0.447 0447 0.354 0.390
ig Total | 0.830 0.830 0.785 0.802
g’ RTR | 0.383 0.212 0.314 0.463
gg Total | 0.798 0.731 0.767 0.839
>
S RTR | 0.411 0.386 — 0.389
2 Total | 0.812 0.740 — 0.801

Bz values and the ATC-63 recommended value, and the
ATC-63 value derives from a significantly greater num-
ber of analysis cases. It may be appropriate to modify the
ATC-63 Bgr value for low-ductility systems in moderate
seismic regions; however, such a decision should be based
on more than 15 ground motions.
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Fig. A-11. The 9-story/WRS fragility curve as a function of SF.
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ABBREVIATIONS

ARS acceleration response spectrum
ASD Allowable Strength Design
ATC Applied Technology Council
CBF concentric braced frame
CUREE Consortium of Universities for Research in
Earthquake Engineering
EDP engineering demand parameter
ENA Eastern North America
FEMA Federal Emergency Management Agency
GM ground motion
HSS hollow structural section
LFRS lateral force resisting system
LRFD Load Resistance Factor Design
IDA incremental dynamic analysis
M-R magnitude-distance
MCE maximum considered earthquake
OCBF ordinary concentric braced frame
OMRF ordinary moment resisting frame
RTR record-to-record (variability)
SAC SEAOC-ATC-CUREE
SDC Seismic Design Category
SEAOC Structural Engineering Association of California
SF scale factor
UHS uniform hazard spectrum
WRS wind plus reserve system
SYMBOLS
A, = section gross area
b/t = width/thickness
C = median maximum drift capacity from IDAs
D = median maximum drift demand from IDAs
F, = yield stress
K = effective length factor
K, = Gaussian variate
M, = plastic moment capacity
R = response modification factor
Ry = ratio of expected yield stress to specified mini-
mum Yyield stress
S, = spectral acceleration
St = spectral acceleration at the first natural period of

a structure
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w = building seismic weight
B (beta) = logarithmic standard deviation

Ber = beta for aleatory uncertainty associated with
structure capacity (FEMA-350)

Beu = beta for epistemic uncertainty associated with
structure capacity (FEMA-350)

Bor = beta for aleatory uncertainty associated with
structure demand (FEMA-350)

Bor = beta for design requirements related to collapse
uncertainty (ATC-63)

Bou = beta for epistemic uncertainty associated with
structure demand (FEMA-350)

Brrr = beta for record-to-record variability (ATC-63)

Bup. = beta for modeling uncertainty (ATC-63)

Bz = beta for uncertainty related to test data
(ATC-63)

Bror = beta for total system collapse uncertainty
(ATC-63)

Y = demand variability factor (FEMA-350)

Yu = analysis uncertainty factor (FEMA-350)

0, = resistance factor accounting for random (alea-
tory) behavior (FEMA-350)

0, = resistance factor accounting for uncertainty in
analytical modeling

Q = system overstrength factor

REFERENCES

AISC (1992), Seismic Provisions for Structural Steel Build-
ings, American Institute of Steel Construction, Inc.,
Chicago.

AISC (1997a), Seismic Provisions for Structural Steel
Buildings, American Institute of Steel Construction, Inc.,
Chicago.

AISC (1997b), Hollow Structural Sections, Connections
Manual, American Institute of Steel Construction, Inc.,
Chicago.

AISC (2002), Seismic Provisions for Structural Steel Build-
ings, ANSI/AISC 341-02, American Institute of Steel
Construction, Inc., Chicago, May 21.

AISC (2005a), Specification for Structural Steel Buildings,
ANSI/AISC 360-05, American Institute of Steel Con-
struction, Inc., Chicago, March 9.

AISC (2005b), Seismic Provisions for Structural Steel Build-
ings, ANSI/AISC 341-05, American Institute of Steel
Construction, Inc., Chicago, March 9, with Supplement
No. 1, November 15.



Anderson, J.C. (1975), “Seismic behavior of K-Braced
Frames,” Journal of the Structural Division, ASCE, Vol.
101, No. 10.

Appel, M.E. (2008), Design and Performance of Low-
Ductility Chevron Braced Frames under Moderate Seis-
mic Demands, Masters Thesis, Department of Civil and

Environmental Engineering, Tufts University, Medford,
MA.

ASCE (2005), Minimum Design Loads for Buildings and
Other Structures, ASCE/SEI 7-05, American Society of
Civil Engineers, Reston, VA.

ATC (1978), Tentative Provisions for the Development of
Seismic Regulations for Buildings, ATC-3-06, Applied
Technology Council, NBS Special Publication 510, NSF
Publication 78-8, U.S. Government Printing Office, Wash-
ington, D.C.

ATC (2008), Quantification of Building Seismic Perfor-
mance Factors, ATC-63 Project Report—90% Draft,
FEMA P695, Applied Technology Council, Redwood
City, CA, April.

Bardet, J.P,, Ichii, K. and Lin, C.H. (2000), A Computer Pro-
gram for Equivalent-Linear Earthquake Site Response
Analyses of Layered Soil Deposits, Department of Civil
Engineering, University of Southern California, August,
40 pp.

Bell, G.R. and Lamontagne, A.S. (2002), “Use of Total Haz-
ard in Examining Seismic Risk Considerations in Building
Design,” EERI 7th National Conference on Earthquake
Engineering, Boston, July 21-25.

Bruneau, M., Tremblay, R., Timler, P. and Filliatrault, A.
(1995), “Performance of Steel Structures during the 1994
Northridge Earthquake,” Canadian Journal of Civil Engi-
neering, Vol. 22, pp. 338-360.

Carr, A.J. (2004), Ruaumoko Manual Volumes 1 & 2, Univer-
sity of Canterbury, Christchurch, New Zealand, 333 pp.

Cornell, C.A, Jalayer, F., Hamburger, R.O. and Foutch, D.A.
(2002), “Probabilistic Basis for 2000 SAC Federal Emer-
gency Management Agency Steel Moment Frame Guide-
lines,” Journal of Structural Engineering, ASCE, April,
pp- 526-533.

Engelhardt. M.D. and Popov, E.P. (1989), Behavior of Long
Links in Eccentrically Braced Frames, UCB/EERC-89/01,
Earthquake Engineering Research Center, University of
California at Berkeley, Richmond, CA.

EQE International (1997), Second Pilot Test Study of the
Standardized Nationally Applicable Loss Estimation
Methodology, Boston, Massachusetts, Final Report, Pre-
pared for the National Institute of Building Sciences,
March.

Frankel, A., Petersen, M.D., Mueller, C., Haller, K.M.,
Wheeler, R.L., Leyendecker, E.V., Wesson, R.L.,
Harmsen, S.C., Cramer, C.H., Perkins, D.M. and Ruk-
stales, K.S. (2002), Documentation for the 2002 Update
of the National Seismic Hazard Maps, United States Geo-
logical Survey, Open-File Report 02-420, Denver.

Gryniuk, M.C. and Hines, E.M. (2004), Safety and Cost
Evaluation of a Steel Concentrically Braced Frame Stu-
dent Residence Facility in the Northeastern United States,
Preliminary Report to the American Institute of Steel
Construction, LeMessurier Consultants, Cambridge, MA,
December.

Hines, E.M and Appel, M.E. (2007), “Behavior and Design
of Low-Ductility Braced Frames,” ASCE Structures Con-
gress, Long Beach, CA, May.

Hines, E.M., Sorabella, S. and Baise, L.G. (in review 2009),
“Ground Motion Suite Selection for Eastern North Amer-
ica,” Journal of Structural Engineering, ASCE.

ICC (2006), International Building Code, International Code
Council, Falls Church, VA.

Ibarra, L. and Krawinkler, H (2005), Global Collapse of
Frame Structures under Seismic Excitation, Blume Center
Technical Report No. 152, Stanford University, Palo Alto,
CA, August, 349 pp.

Johnson, E.J. (1989), “Geotechnical Characteristics of the
Boston Area,” Civil Engineering Practice, Boston Society
of Civil Engineers Section/ASCE, Vol. 4, pp. 53-64.

Kim, J. and Choi, H. (2004), “Response Modification Fac-
tors of Chevron-Braced Frames,” Engineering Structures,
Vol. 27, pp. 285-300.

Khatib, I.F., Mahin, S.A. and Pister, K.S. (1988), Seismic
Behavior of Concentrically Braced Steel Frames, UCB/
EERC Report 88/01, Earthquake Engineering Research
Center, University of California, Berkeley, Richmond,
CA, January.

Lee, K. and Foutch, D.A (2002), “Seismic Performance
Evaluation of Pre-Northridge Steel Frame Buildings with
Brittle Connections,” Journal of Structural Engineering,
ASCE, Vol. 28, No. 4, April, pp. 546-555.

Leyendecker, E.V., Hunt, R.J, Frankel, A.D and Rukstales,
K.S (2000), “Development of Maximum Considered
Earthquake Ground Motion Maps,” Earthquake Spectra,
Vol. 16, No. 1, February, pp. 21-40.

Liu, J. and Astaneh-Asl (2000), “Cyclic Testing of Simple
Connections Including Effects of Slab,” Journal of Struc-
tural Engineering, ASCE, Vol. 126, No. 1, pp. 32-39.

Luft, R.-W. and Simpson, H. (1979), “Massachusetts Earth-
quake Design Requirements,” ASCE Convention and Ex-
position, Boston, Preprint 3567, April 2—6.

ENGINEERING JOURNAL / THIRD QUARTER / 2009 / 179



Massachusetts (1996), The Massachusetts State Building
Code: 780 CMR Sixth Edition. Massachusetts State Board
of Building Regulations and Standards, Boston.

Matsushima, Y. (1969), “Discussion of Restoring Force
Characteristics of Buildings, the Damage from Tokachi-
oki Earthquake” Report, Annual Meeting, Architectural
Institute of Japan, August, pp. 587-588 (in Japanese).

Nakashima, M. and Wakabayashi, M. (1992), “Analysis and
Design of Steel Braces and Braced Frames in Building
Structures,” in Stability and Ductility of Steel Structures
under Cyclic Loading, Fukumoto, Y. and Lee, G.C. edi-
tors, CRC Press, Boca Raton, FL, pp. 309-321.

Nelson, T.A. (2007), “Performance of a 9-Story Low-
Ductility Moment Resisting Frame under Moderate
Seismic Demands,” Masters Thesis, Department of
Civil and Environmental Engineering, Tufts University,
Medford, Massachusetts.

Rojahn, C. (1995), Structural Response Modification Fac-
tors, ATC-19, Applied Technology Council, Redwood
City, CA.

SAC (2000a), Recommended Seismic Design Criteria for
New Steel Moment-Frame Buildings, FEMA-350, Fed-
eral Emergency Management Agency, Washington, D.C.

SAC (2000b), State of the Art Report on Systems Perfor-
mance of Steel Moment Frames Subject to Earthquake
Ground Shaking, FEMA 355C, Federal Emergency Man-
agement Agency, Washington, D.C.

SEAOC (1960), Recommended Lateral Force Requirements
and Commentary, Seismology Committee, Structural En-
gineers Association of California, San Francisco.

SEAOC (1974), Recommended Lateral Force Requirements
and Commentary, Seismology Committee, Structural En-
gineers Association of California, San Francisco.

SEAONC (1982), Earthquake Resistant Design of Concen-
tric and K-Braced Frames, Structural Engineers Associa-
tion of Northern California, Research Committee, July.

Shibata, M. and Wakabayashi, M. (1983a), “Ultimate
Strength of K-Type Braced Frame,” Transactions of
the Architectural Institute of Japan, No. 326, pp. 1-9,
(in Japanese).

180 / ENGINEERING JOURNAL / THIRD QUARTER / 2009

Shibata, M. and Wakabayashi, M. (1983b), “Experimental
Study on the Hysteretic Behavior of K-Type Braced
Frame Subjected to Repeated Load,” Transactions of
the Architectural Institute of Japan, No. 326, pp. 10-16
(in Japanese).

Sorabella, S. (2006), Ground Motion Selection for Boston,
Massachusetts, Masters Thesis, Department of Civil and
Environmental Engineering, Tufts University, Medford,
Massachusetts.

Tremblay, R. (2001), “Seismic Behavior and Design of Con-
centrically Braced Steel Frames,” Engineering Journal,
AISC, Vol. 38, No. 3, 3rd Quarter, pp. 148-166.

Tremblay, R., Bruneau, M., Nakashima, M., Prion, G.L.,
Filliatrault, A. and DeVall, R. (1996), “Seismic Design
of Steel Buildings: Lessons from the 1995 Hyogo-ken
Nanbu Earthquake,” Canadian Journal of Civil Engineer-
ing, Vol. 23, pp. 727-756.

Tremblay, R. and Robert, N. (2000), “Seismic Design of
Low- and Medium-Rise Chevron Braced Steel Frames,”
Canadian Journal of Civil Engineering, Vol. 27,
pp- 1192-1206.

Tremblay, R. and Robert, N. (2001), “Seismic Perfor-
mance of Low- and Medium-Rise Chevron Braced Steel
Frames,” Canadian Journal of Civil Engineering, Vol. 28,
pp. 699-714.

Uang, C.M. and Bertero, V. (1986), Earthquake Simulation
Tests and Associated Studies of a 0.3-Scale Model of a
Six-Story Concentrically Braced Steel Structure, UCB/
EERC-86/10, Earthquake Engineering Research Cen-
ter, University of California at Berkeley, Richmond, CA,
December.

Vamvatsikos, D. and Cornell, C.A. (2002), “Incremental Dy-
namic Analysis,” Earthquake Engineering and Structural
Dynamics, 31, pp. 491-514.

Yanev, P.I, Gillengerten, J.D., and Hamburger, R.O. (1991),
The Performance of Steel Buildings in Past Earthquakes.
American Iron and Steel Institute and EQE Engineer-
ing, Inc.

Yun, S.Y., Hamburger, R.O., Cornell, C.A., and Foutch, D.
(2002), “Seismic Performance Evaluation of Steel Mo-

ment Frames, Journal of Structural Engineering, ASCE,
Vol. 128, No. 4, April, pp. 534-545.



Experimental Evaluation of Kaiser Bolted
Bracket Steel Moment-Resisting Connections

SCOTT M. ADAN and WILLIAM GIBB

_l_he Kaiser bolted bracket (KBB) is a new beam-to-
column moment connection that consists of proprietary
cast high-strength steel brackets that are fastened to the
flanges of a beam and then bolted to a column. This fully
restrained connection is designed to eliminate field welding
in steel moment frame construction.

The cast Kaiser brackets are manufactured in a variety of
sizes and are proportioned to develop the probable maximum
moment capacity of the connecting beam. Depending on fab-
rication preference the brackets can be either fillet welded
[Figure 1(a) or bolted to the beam Figure 1(b)]. When sub-
jected to cyclic inelastic loading, yielding and plastic hinge
formation occur primarily in the beam near the end of the
bracket, thereby eliminating inelastic deformation demands
at the face of the column.

This paper summarizes the development of bolted bracket
connections and presents the results of seven full-scale KBB
tests. These tests were conducted to evaluate the connection
for both the retrofit of existing and the construction of new
steel moment frames. More specifically, the tests were in-
tended to assess the ductility of the connection under cyclic
inelastic loading and to qualify their performance with re-
spect to the requirements of ANSI/AISC 341, Seismic Provi-
sions for Structural Steel Buildings (AISC, 2005a), hereafter
referred to as the AISC Seismic Provisions.

BACKGROUND

In the aftermath of the 1994 Northridge, California, earth-
quake, damage to steel moment frame connections spawned
concern for the reliability of established design and con-
struction procedures. Widespread damage was observed in
beam-to-column joints that experienced rotation levels well
below the plastic moment capacity of the framing members.
Failures included nonductile fractures of the bottom girder
flange-to-column flange complete-joint-penetration (CJP)
groove welds, cracks in beam flanges and cracks through the

Scott M. Adanis a structural engineer at Simpson Gumpertz
& Heger Inc., San Francisco, CA.

William Gibb is the president of Steel Cast Connections,
LLC, Seattle, WA.

column section (Tremblay et al., 1995; Youssef et al., 1995;
FEMA, 2000). The fractures were caused by poor welding
procedures, including the use of filler metals with inherent
low toughness, uncontrolled deposition rates and inadequate
quality control; connection design and detailing that led to
larger moment-frame members, less system redundancy and
higher strain demands on the connections; the use of higher
strength girders, leading to unintentional undermatching of
the welds; and a number of other connection detailing and
construction practices that were typical prior to the earth-
quake (FEMA, 2000). In an attempt to ensure satisfactory
earthquake performance, more stringent qualifications for
fully restrained moment connections were imposed.

Subsequent to the earthquake, a significant amount of
research activity was initiated on the behavior of fully re-
strained connections. Some of the research objectives were
focused specifically on providing a bolted repair method for
moment frame connections damaged during the earthquake.
Implementation of a bolted repair has advantages that come
from eliminating the health and fire hazards associated with
welding in an occupied building. Eliminating field weld-
ing can also reduce costs associated with weld fabrication
and inspection.

(a) Fillet welded to the beam. (b) Bolted to the beam

Fig. 1. Typical Kaiser bolted bracket
moment-resisting connection.
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A research program was initiated at Lehigh University
with the objective of developing an economically viable
bolted connection repair that could restore damaged mo-
ment connections to their original fully rigid condition. The
program developed two repair schemes using high-strength
bolts to attach a bracket between the flanges of a beam and
a column. In the first scheme, the brackets were fabricated
from either a stiffened angle or from thick welded plates. In
the second scheme, the bracket consisted of pipes welded to
a horizontal bracket plate.

The effectiveness of the repair schemes were demon-
strated experimentally at Lehigh University where a total
of eight tests were performed (Kasai et al., 1998). The first
four specimens utilized relatively lightweight wide flange
beam (W16x40) and column (W12x65) sections, identical
to specimens tested by Anderson and Linderman (1991) with
a clear span-to-depth ratio of 15. The haunch brackets were
fabricated from a trimmed W14x145 section and fitted with
a welded vertical stiffener plate. The beams, columns and
brackets were A572 Grade 50 steel. The connecting fasten-
ers were high-strength pretensioned A490 bolts.

The subsequent four test specimens utilized heavier wide
flange beam (W36x150) and column (W14x426) sections,
identical to specimens tested by Engelhardt and Sabol (1994)
with a clear span-to-depth ratio of 10. The columns were
A572 Grade 50 and the beams were A36 steel. The haunch
brackets were fabricated from thick welded steel plates and
connected with A490 bolts.

On five of the specimens, brackets were connected to both
top and bottom beam flanges. The other three specimens be-
ing configured with brackets bolted only to the bottom flange,
the top flange being connected with a high notch toughness
CJP weld. This revised configuration was intended to inves-
tigate the effects of repairing only a fractured bottom flange.
When a beam flange was connected with a bracket, the as-
sociated flange was not welded to the column, simulating a
fractured condition.

On six of the specimens, thick steel washers or clamp
plates were positioned on the opposite side of the connected
beam flange in order to prevent ductile fracture through the
net area. The clamp plates maintain the stability of the flange
when inelastic buckling occurs outside the connected region.

Additionally, on three of the specimens, a thin brass
washer plate was inserted between the bracket and the beam
flange. In previous research, Grigorian et al. (1993) had used
a thin brass plate as a friction-based seismic energy dissipa-
tor. Although not intended to dissipate energy in the bolted
bracket connection, the brass plate provides a smooth slip
mechanism at the bracket-to-beam interface.

All eight tested specimens exceeded the AISC Seismic
Provisions (AISC, 2005a) special moment frame (SMF)
qualifying requirements. At higher levels of interstory drift,
flange local buckling outside the bracket region was observed
to increase strains in the outermost bracket bolt holes. In the

182 / ENGINEERING JOURNAL / THIRD QUARTER / 2009

lighter specimens without the clamp plates, this increased
strain caused necking and fracture through the flange net
area. When configured with the clamp plates, the identical
specimens exceeded the required interstory drift require-
ment without failure, and the tests were subsequently halted
to prevent damage to the apparatus.

In the heavier specimens configured without the thin brass
washer plates, energy released through the beam-bracket slip-
stick mechanism caused loud, intermittent bursts of noise,
particularly at high levels of inelastic drift. Fracture occurred
through the flange net area at the outermost bolt holes. Upon
inspection, evidence of abrading was observed between the
beam and bracket contact surfaces. When the identical speci-
men was configured with the thin brass washer plates, defor-
mation and fracture occurred outside the connected region
through the flange gross area at a higher level of interstory
drift. Noise levels were reduced and no evidence of abrading
was observed.

Based on the initial eight Lehigh tests, the research con-
cluded that the bolted bracket was capable of restoring the
capacity of weakened or damaged moment connections.
The haunch brackets directed yielding and inelastic beam
deformation away from the column face and outside the con-
nected region.

Although testing demonstrated that the thin brass washer
and clamp plates were not essential in achieving the qualify-
ing level of interstory drift, the research concluded that the
plates could enhance ductile behavior and prevent net area
fracture. The thin brass washer plate in particular was attrib-
uted with providing a smooth slip mechanism between the
bracket and beam flange (Kasai et al., 1998).

To further demonstrate the effectiveness of the bolted
bracket connection repair, six additional tests were per-
formed at Lehigh University (Gross et al., 1999). The
additional tests sought to obtain data on interior or two-
sided connections that included the presence of a con-
crete slab.

In order to investigate the effects of repairing only a frac-
tured bottom flange, the specimens were configured with
brackets fastened only to the beam bottom flange. However,
unlike prior tests, the top flange was fastened with a pre-
Northridge CJP weld using filler metals without rated notch
toughness and the backer bar was left in place. The bottom
flange haunch brackets were fabricated from welded plates
and attached with both a thin brass washer plate at the brack-
et slip interface and clamp plates opposite the connected
bracket. The clear span-to-depth ratio of the specimens var-
ied between 8 and 10. The beam, column and brackets were
all A572 Grade 50 steel.

The first four specimens showed poor inelastic drift per-
formance developing early fractures in the top flange CJP
weld. In order to enhance the performance of the remaining
two specimens, a double angle (trimmed from a W36x256
section) was bolted to the beam top flange and to the



Table 1. Kaiser Bolted Bracket Proportions
Bracket Bracket Bracket Number of Column Bolt  Column Bolt
Bracket Length, L,, Height, h,, Width, b,, Column Bolts, Gage, g Diameter

Designation in. (mm) in. (mm) in. (mm) Ney, in. (mm) in. (mm)
W3.0 16 (406) 5% (140) 9 (229) 2 5%2 (140) 1% (35)
W3.1 16 (406) 5Y (140) 9 (229) 2 5Y2 (140) 1%2 (38)
W2.0 16 (406) 8% (222) 9 (229) 4 6 (152) 1% (35)
W2.1 18 (457) 8% (222) 9% (241) 4 62 (165) 1%2 (38)
W1.0 25 (648) 12 (305) 9% (241) 6 62 (165) 12 (38)
B2.1 18 (457) 8% (222) 10 (254) 4 62 (165) 1%2 (38)
B1.0 25 (648) 12 (305) 10 (254) 6 62 (165) 1%2 (38)
B1.0C 28% (730) 12 (305) 10 (254) 6 62 (165) 1% (41)

column face using A490 bolts. Both of the enhanced speci-
mens exceeded the AISC Seismic Provisions (AISC, 2005a)
SMF qualifying requirements.

The research concluded that with adequately proportioned
brackets, a repaired connection can redirect the flange ten-
sion force, thereby reducing the stress in the flange welded
joints. In addition, the global study concluded that the pres-
ence of a concrete floor slab was beneficial to specimen per-
formance by enhancing beam stability and delaying strength
degradation (Gross et al., 1999).

CAST KAISER BOLTED BRACKET DEVELOPMENT

Following the successful completion of the Lehigh bolted
bracket testing, research objectives focused on utilizing a
high-strength casting as a replacement for the welded plate
bracket. Fabrication of the plate brackets required a signifi-
cant amount of skilled labor and rigorous inspection, while a
one-piece casting could be manufactured in a quality consis-
tent process, with little or no skilled labor.

In accordance with the design provisions outlined by Gross
etal. (1999), two cast bracket configurations were developed

and the concept was patented with the United States Patent
and Trademark Office. The first configuration or W-series
bracket is shop fillet-welded to a beam flange. As shown in
Figure 2, the horizontal flanges of the W-series brackets are
tapered to permit the application of a connecting fillet-weld
to the beam flange.

The second configuration or B-series brackets are bolted
to a beam flange. As shown in Figure 3, the horizontal flange
of the B-series brackets are cast with two rows of parallel
bolt holes. While initially intended for the repair of damaged
moment connections, the bolted B-series may also be used
in new moment frame construction, where a bolted applica-
tion can facilitate fabrication. Once connected, the design
intent is to promote yielding and plastic hinge formation in
the beam at the end of the connected brackets.

Based on recommendations from the Steel Founder’s So-
ciety of America (SFSA), the bracket cast steel specifica-
tion was designated A148 Grade 80/50, the predecessor to
the current specification of A958 Grade SC8620 class 80/50
(ASTM, 2006). The cast steel material has a nominal yield
and tensile strength of 50 ksi (354 MPa) and 80 ksi (566
MPa), respectively.

(a) Six-bolt W1.0

(b) Four-bolt W2.1/W2.0

(c) Two-bolt W3.1/W3.0

Fig. 2. W-series bracket.
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Table 2. W-Series Bracket Design Proportions
Column Bracket Bracket Bracket Minimum
Bolt Edge Column Bolt Stiffener Stiffener Horizontal Fillet Weld
Bracket Distance, d, Pitch, p, Thickness, t; Radius, r, Radius, r;, Size
Designation in. (mm) in. (mm) in. (mm) in. (mm) in. (mm) in. (mm)
Wa3.0 2> (64) None 1 (25) n.a. 28 (711) Y2 (13)
W3.1 2> (64) None 1 (25) n.a. 28 (711) % (16)
W2.0 2V4 (57) 3% (89) 2 (51) 12 (305) 28 (711) % (19)
W2.1 24 (57) 32 (89) 2 (51) 16 (406) 38 (965) 7 (22)
W1.0 2 (51) 3% (89) 2 (51) 28 (711) n.a. 7 (22)
Table 3. B-Series Bracket Design Proportions
Column Bracket Bracket
Bolt Edge Column Bolt Stiffener Stiffener Number of Beam Bolt
Bracket Distance, d. Pitch, p, Thickness, t Radius, r, Beam Bolts, Diameter
Designation in. (mm) in. (mm) in. (mm) in. (mm) Ny in. (mm)
B2.1 2 (51) 32 (89) 2 (51) 16 (406) 8 1% (29)
B1.0 2 (51) 32 (89) 2 (51) 28 (711) 12 1% (29)
B1.0C 2 (51) 32 (89) 2 (51) 32 (813) 14 1V4 (32)

The A958 specification imposes a number of requirements
beyond identifying the casting steel material. The specifica-
tion requires the castings be produced in conjunction with a
heat treatment process that includes normalizing and stress
relieving and requires each batch of steel meet strict mechan-
ical and chemical composition properties. These properties
include the specified tensile and yield strengths, as well as
elongation and area reduction limitations.

Following production, visual inspection and nondestruc-
tive quality control measures are performed on the castings.
The nondestructive measures include tensile, radiographic,
ultrasonic and magnetic particle testing.

Connection detailing for the Kaiser brackets is shown in
Figure 4. The corresponding bracket proportions are sum-
marized in Table 1. The design proportions for the W- and

(a) Six-bolt B1.0/B1.0C

(b) Four-bolt B2.1

Fig. 3. B-series bracket.
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B-series bracket configurations are further summarized in
Tables 2 and 3, respectively. In order to accommodate at-
tachment of a fillet weld to the W-series brackets, the beam
flange must be at least 6 in. (152 mm) wide. When specifying
the B-series brackets, to prevent beam flange tensile rupture,
the beam flange must be at least 9 in. (254 mm) wide.

As shown in Figures 2(b), 2(c) and 3(a), a dual designa-
tion is associated with each of the depicted brackets. The
difference between the two designations is the column bolt
diameter, the bracket length, or both as indicated in Table 1.

The fasteners connecting the bracket to the beam and col-
umn are high-strength pretensioned A490, F2280 or A354
grade BD bolts. In the B-series brackets, when retrofitting an
existing connection, the bracket-to-column bolt hole is cast
with a standard bolt diameter and the bracket-to-beam bolts
holes are cast 16 in. (2 mm) smaller than the nominal bolt
diameter. Otherwise, the bracket-to-column holes are cast
vertically short-slotted for field installation tolerance.

The matching bolt holes in the column and beam flang-
es are drilled % in. (3 mm) and '42 in. (1 mm) larger than
the nominal bolt diameter, respectively. For the B-series,
the bracket is typically used as a template to drill the beam
flange bolt holes and simultaneously chase the holes in the
casting. The strict tolerance on the beam flange bolt holes
reduces the potential for connection slip.

For the W-series brackets, the filler metal used to weld the
bracket to the beam flange requires rated notch toughness



in accordance with Section 7.3b of the AISC Seismic Provi-
sions (AISC, 2005a).

When necessary, finger shims are used to fill the gap be-
tween the column flange and the bracket. However, the use
of finger shims is subject to the limitations of RCSC Speci-
fication for Structural Joints Using ASTM A325 and A490
Bolts (RCSC, 2004).

The beam shear tab is a single plate connected to the col-
umn flange using a two-sided fillet weld, a two-sided partial-
joint-penetration (PJP) groove weld or CJP groove weld.
The shear tab is fastened to the beam with A325 bolts.

The thick rear flange of the bracket is designed to elimi-
nate prying action in the bolts. However, prying action is still
a design consideration in the connecting column flange.

As shown in Figure 4, the connection of the bracket to
the column increases the effective panel zone depth. The
increase in depth increases the area of the panel zone and
can reduce or, in some cases, eliminate the need for doubler
plates in accordance with the requirements of the AISC Seis-
mic Provisions (AISC, 2005a).

Continuity plates have been a feature for many code
prequalified moment connections. These stiffeners, posi-
tioned horizontally on each side of the column, are welded
to the flanges and to the web. The use of continuity plates is
dictated by the need to satisfy code prescribed limit states for
the flange and web of the column. In a bolted connection, the

Th
// B (13 mm)

configuration of the fasteners can impede the ability of the
stiffeners to effectively address these limit states. The design
intent for the KBB connection is to satisfy the prescribed
limit states without continuity plates.

CONNECTION EXPERIMENTAL EVALUATION

The effectiveness of the KBB moment-resisting connection
has been demonstrated experimentally at both Wyle Labora-
tories (Norco, California) and at the University of Califor-
nia, San Diego (UCSD). At Wyle Labs, a total of six tests
were performed in 1998. Three of the tests were performed
to obtain approval from the California Office of Statewide
Healthcare Planning and Development (OSHPD) for a hos-
pital moment frame retrofit project and the remaining three
to obtain general approval from Los Angeles County for a
variety of planned new moment frame projects. At UCSD,
a test was performed in July 2005 to determine if the con-
nection was a viable alternative for a moment frame retrofit
project in Oakland, California (Newell and Uang, 2006).

Test Matrix

The experimental evaluation involved the testing of seven full-
scale KBB connection subassemblies. The test matrix is shown
in Table 4, and the details of the specimens are summarized and
discussed herein. The test specimens included a wide range of
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(a) W-series

(b) B-series

Fig. 4. Kaiser bolted bracket connection detailing.
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Table 4. Test Specimen Matrix

Span-to- Panel Continuity
Specimen  Column Bracket Column Floor Depth IM*,. Zone Plates Loading
Designation Size Beam Size Size Type Slab Ratio o ORJ/R, tolteq Sequence

HH-5 Box? W33x130 B1.0 Interior No 11 0.8 1.0 1.4 ATC-24
HH-5A Box® W33x130 B1.0 Exterior No 11 1.3 2.1 1.4 ATC-24
HH-6 W14x233 W30x108  B2.1 Exterior No 12 1.7 1.1 1.0 ATC-24
HH-7 W14x233 W18x55 W3.1 Exterior No 20 5.2 2.1 1.4 ATC-24
HH-8 W14x233 W30x108  W2.1 Exterior No 12 1.7 1.1 1.0 ATC-24
HH-9 W14x132  W24x55 W3.1 Exterior No 15 2.3 1.1 0.9 ATC-24

UCSD-3  W27x281" W36x210 B1.0C Interior Yes 10 0.9 0.6 0.9 AISC-341

2 Built-up box column: 15% in. (397 mm) square by 1%z in. (38 mm) thick, 288 Ib/ft (432 kg/m) total weight
® Panel zone strengthened with a %-in. (10-mm) doubler plate (one side) and %s-in. (16-mm) continuity plates (both sides)

conditions and applications. Two of the specimens, HH-5 and
UCSD-3, represented an interior moment frame column, with
one specimen, HHSA, representing a three-sided condition
when attached in conjunction to the column of specimen HH-
5. One of the specimens, UCSD-3, had a composite concrete
floor slab. In this test, to facilitate instrumentation, the con-
crete slab was blocked out around the brackets. In four of the
test specimens, HHS, HH-5A, HH-6 and USCD-3, the bracket
was bolted to the beam. These four specimens represented ex-
isting moment frame connections under consideration for ret-
rofitting using the bolted bracket. The remaining specimens,
HH-7, HH-8 and HH-9, were fillet-welded to the beam to
represent new moment frame connections under consideration
for construction.

The specimen column sizes ranged from a W14x132 to
a W27x281 and included a square box column. The speci-
men beam sizes ranged from a W18x55 to a W36x210. All
of the specimens had nominal steel yield strengths of 50
ksi (345 MPa). The cast Kaiser bracket sizes ranged from a
W3.1 to a B1.0C. Each basic bracket size was represented.
The clear span-to-depth ratio of the specimens varied be-
tween 10 and 20.

Included in Table 4 are the column-beam moment ratios
prescribed by the AISC Seismic Provisions (AISC, 2005a).
The criteria require the columns to be generally strong
enough to force flexural yielding in the beam, thereby avoid-
ing the formation of single-story mechanism. Two of the
specimens, HH-5 and UCSD-3, both representing existing
conditions, did not satisfy the criteria. The criteria are satis-
fied when the ratio of the sum of the column nominal flex-
ural capacity, XM *pc, to the sum of the beam expect flexural
capacity, ZM",,, is greater than 1.0 for each specimen, where
the flexural capacities are extrapolated to the intersection
of the beam and column centerline in accordance with the
AISC Seismic Provisions (AISC 2005a).
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Also included in Table 4 are the column panel zone (PZ)
ratios prescribed by the AISC Seismic Provisions (AISC,
2005a). The criteria require minimum strength to prevent
excessive column PZ distortion, where the strength, R,, and
the demand, R,, are defined in accordance with the AISC
Seismic Provisions (AISC, 2005a).

For reference purposes, Table 4 also includes the conti-
nuity plate criteria outlined in AISC Prequalified Connec-
tions for Special and Intermediate Steel Moment Frames for
Seismic Applications (AISC, 2005¢), hereafter referred to
as the AISC Prequalified Connections. The criteria require
minimum column flange thickness, ¢.; to prevent local flange
buckling and to help distribute beam flange forces to the col-
umn web.

In order to evaluate the performance of the connection
without continuity plates, the wide flange column speci-
mens at Wyle Labs were tested without the stiffeners, with
the condition for specimen HH-9 being unconservative. In
specimen UCSD-3, continuity plates were provided at the
same level as the beam flange.

Material Properties

The beams and columns for specimens HH-5 through HH-9
were fabricated from A572 Grade 50 steel. The beams and
column for UCSD specimen were fabricated from A992
steel. The Kaiser bolted brackets were fabricated from A148
Grade 80/50 or 90/60 steel. Table 5 shows the measured
static yield and tensile strengths, elongations, heat numbers
and material suppliers for the test members. The mechanical
properties were determined from tensile coupon tests and
certified mill test reports. The cast steel tensile coupons or
keel blocks were taken from the same heat as the represen-
tative casting in accordance with ASTM standards (ASTM,
2006). Fillet welds connecting the W-series bracket to the



Table 5. Steel Mechanical Properties
Yield Tensile Elong-
Strength? Strength? ation?
Member Size Steel Grade  Location ksi (MPa) ksi (MPa) (%) Heat Number Supplier
Column Box A572 Gr. 50 Flange 58.2 (402) 85.9 (592) [18] 2C7673 Geneva
Column  W14x233  A572 Gr. 50 Flange 46.5 (321) 65.7 (453) [24] 70731 Kawasaki
Column  W14x132  A572Gr.50 Nottaken [57.0(393)] [76.0 (524)] [28] 1-44900 Kawasaki
Column  W27x281 A992 Flange 54.4 (375) 74.6 (515) 33 234974 Nucor-Yamato
Column  W27x281 A992 Web 57.2 (395) 75.1 (5618) 34 234974 Nucor-Yamato
Beam W33x130  A572 Gr. 50 Flange 53.6 (370) 73.0 (504) [22] 83254 Nucor-Yamato
Beam W30x108  A572 Gr. 50 Flange 55.7 (384) 75.0 (518) [25] 2-40010 Kawasaki
Beam W30x108  A572 Gr. 50 Flange 53.0 (366) 67.0 (462) [25] 2-40010 Kawasaki
Beam W24x55 A572 Gr. 50 Flange 51.0 (352) 71.0 (490) [26] 102958 Nucor-Yamato
Beam W18x55 A572 Gr. 50 Not taken  [56.0 (386)] [70.0 (483)] [29] 3-5006 Chaparral
Beam W36x210 A992 Flange 52.0 (359) 73.0 (504) 34 226190 Nucor-Yamato
Beam W36x210 A992 Web 67.6 (466) 77.0 (5631) 26 226190 Nucor-Yamato
Bracket B1.0 A148 Gr. Keel block  60.0 (414) 87.0 (600) 25 8/21/97-H3 Varicast
80/50
Bracket W3.1 A148 Gr. Keel block  61.0 (421) 88.0 (607) 22 12/31/97-H7 Varicast
80/50
Bracket B2.1 A148 Gr. Keel block  61.3 (423) 87.9 (607) 24 12/06/97-H3 Varicast
80/50
Bracket W2.1 A148 Gr. Keel block  73.9 (510) 102.9 (710) 22 H-3781 Pacific Steel
80/50
Bracket B1.0C A148 Gr. Keel block  73.8(365)  96.4 (90.0) 22 6336 North Star
90/60
@ Values in brackets are based on Certified Mill Test Reports, others from coupon testing
beam were made from rated notch toughness E71-T8 filler
metal. Further details regarding material properties for the _LOAD ACCTUATOR
UCSD specimen are reported in Newell and Uang (2006). ’ TRANSFER
| ASSEMBLY ﬁ
Test Subassemblage, Loading Protocol | '
. i BRACING = BRACING
and Instrumentation LOCATIONA = LOCATION B
The subassemblage for the tests performed at Wyle Labs % 3 :: * 1l
positioned the specimens in a horizontal plane just above the WEST = EAST
test floor as shown in Figure 5. The ends of the columns had BEAM B T it T T eeAam 1T
pin-connected boundary conditions, using cylindrical bear- % 3
ings to simulate inflection points at the column mid-height in o e b e 4
the prototype frame. The actuator attachment was made near = /
3ft 3ft; |
the end of each beam through a load transfer assembly and | NORTH LOAD !
lateral supports were provided along the beams as shown. i,j‘ TRANSFER |
The Kaiser brackets were attached to the beam and column \ ASSEMBLY—
specimens as indicated in Figure 4. The W-series brackets " ACCTUATOR 154 154

were fillet welded to the beam using a weld procedure speci-
fication (WPS) qualified for the combination of cast and
rolled materials.

Fig. 5. Wyle Labs horizontally positioned experimental test setup.
(Note: 1 ft = 305 mm)
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Table 6. Summary of Test Results
Maximum Maximum Maximum
Interstory Inelastic  Column Face  Maximum Plastic
Specimen  Drift Angle Drift Angle Moment Ratio, Hinge Moment
Designation (% rad) (% rad) M /M, Ratio, M,,,/M, Test Failure Mode
HH-5 6.1 4.7 1.51 1.25 No failure, maximized actuator stroke
HH-5A 6.8 5.1 1.55 1.29 No failure, maximized actuator stroke
HH-6 4.6 3.0 1.22 1.09 No failure, slip in the test apparatus
HH-7 4.8 3.1 1.37 1.24 Flange gross area fracture
HH-8 5.6 4.6 1.31 1.18 No failure, excessive buckling in
specimen
HH-9 6.9 6.0 1.38 1.25 No failure, maximized actuator stroke
UCSD-3 4.0 3.0 1.35 1.11 Bracket-to-column bolt tensile rupture

The subassemblage for the test performed at UCSD posi-
tioned the specimen in a vertical plane. Pins were provided
at the ends of the beams and at the top and bottom of the col-
umn to simulate inflection points. The actuator attachment
was made at the top of the column through a load transfer
assembly. Further details regarding the subassemblage in-
cluding lateral bracing, steel column guides, composite floor
connections and other details is reported by Newell and
Uang (20006).

The specimens were tested by imposing a prescribed
quasi-static cyclic story drift history. At UCSD, the loading
history was based on the protocol specified in Appendix S
of the AISC Seismic Provisions (AISC, 2005a). In this se-
quence deformations consist of six cycles each of 0.375, 0.5
and 0.75% story drift, followed by four cycles of 1.0% story
drift and two cycles each of 1.5, 2, 3, 4 and 5% story drift.

At Wyle Labs, the loading history was based on the pro-
tocol specified in ATC 24 (ATC, 1992), which is considered
acceptable by the AISC Seismic Provisions (AISC, 2005a).
In this sequence, deformations are applied to the test speci-
men, up to the completion of the test, to produce three cycles
each of loading at 0.253,, 0.683,, 9,, 28,, 39,, followed by
two cycles each of loading at 43,, 55,, 63,, where 9§, is the
deformation value at the first significant yield of the test
specimen.

The testing was terminated when a fracture occurred, re-
sulting in a significant loss of beam capacity; when the test-
ing apparatus became unstable; or after reaching the equiva-
lent story drift of 63,, where 68, was the maximum stroke the
actuator could accommodate.

As reported by Newell and Uang (2006), the test speci-
men at UCSD was instrumented to enable measurement of
the applied loads, strains in the beams, column, brackets and
panel zone, in addition to panel zone and bracket deforma-
tion. The beams, column and panel zone in the connected
region were whitewashed prior to testing to provide visual
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indication of the occurrence of yielding during testing. The
test specimens at Wyle Labs were instrumented to enable
measurement of the applied loads, strains in the beams, col-
umn, brackets and panel zone. The panel zone deformation
was not instrumented.

Test Results

All the specimens tested at Wyle Labs exceeded the AISC
Seismic Provisions (AISC,2005a) SMF qualifying 4.0% inter-
story drift angle without significant strength degradation. The
UCSD test specimen met the requirement but subsequently
experienced an unexpected nonductile connection failure.
A summary of the response for each specimen is shown in
Table 6, including the maximum interstory drift angle, the
corresponding maximum inelastic drift angle, maximum
column face moment ratio, maximum plastic hinge moment
ratio and the test failure mode.

The interstory drift angle was computed by taking the
beam tip displacement and dividing by the distance to the
column centerline. The inelastic drift angle was calculated
by taking the inelastic portion of the tip deflection and di-
viding by the distance to the face of the column. The beam
column face moment, M, was computed by taking the maxi-
mum force applied at the beam tip multiplied by the distance
to the column face. The beam plastic hinge moment, M,,,
was computed by taking the maximum force applied at the
beam tip multiplied by the distance to the end of the bracket.
The column face and plastic hinge moment ratios are calcu-
lated by dividing the respective moment by the correspond-
ing beam nominal plastic moment, M,

Figure 6 (pp. 190-191) shows plots of the applied load
versus beam tip displacement for each specimen tested at
Wyle Labs. The corresponding beam moment and interstory
drift angle are also shown on the plots. The 4.0% interstory
drift angle is shown with vertical dashed lines and the 80%



nominal plastic moment is shown with horizontal dashed
lines corresponding to the AISC Seismic Provisions (AISC,
2005a) strength degradation requirement. As indicated in
Figure 6, each of the specimens underwent a gradual dete-
rioration of strength following the onset of local flange and
web buckling of the beam. This gradual reduction in strength
typically occurred after about 3.0 to 4.0% drift.

Specimens HH-5 and HH-5a were erected and tested sep-
arately on the opposing faces of the same built-up box col-
umn. As mentioned previously, the test was intended to rep-
resent an interior three-sided moment connection. A 1%-in.
(44-mm) spacer plate was positioned between the HH-5A
beam flange and the brackets to offset the bolt holes project-
ing through the column. The hysteretic plots are shown in
Figures 6(a), 6(b) and 6(c) for specimen HH-5 east beam,
HH-5 west beam and HH-5A orthogonal beam, respectively.
The slight pinching observed in the plots can be attributed
to the slip-bearing behavior of the bolted beam flange con-
nection. Following some amount of initial slip, subsequent
hardening due to bolt bearing is observed. In specimen HH-5,
panel zone yielding was observed in the column. Strain
gauges were observed to be in the yield range at an interstory
drift angle of approximately 3.3% drift. The same level of
panel zone strain was not observed in the single-sided speci-
men HH-5A.

The tests were halted at 6.1% and 6.8% drift for specimen
HH-5 and HH-5A, respectively, after the maximum actuator
stroke was reached. At this level of rotation, a distinct plastic
hinge had formed near the far end of the brackets as shown
in Figures 7(a) and (b) (p. 192) for specimen HH-5 and
HH-5A, respectively. Figure 7(c) shows a close-up of the
beam flange near the end of the bracket in specimen HH-5
east, highlighting the ability of the thin brass washer and
clamp plates to mitigate net area fracture. This detailing
prevents flange buckling and abrading from distorting the
first row of bolts as exhibited in earlier bolted bracket testing
(Kasai et al., 1998).

Specimens HH-6 and HH-8 both used the same size beam
and column. For specimen HH-6, the B-series brackets were
bolted to the beam flange, and for specimen HH-8, the W-
series brackets were welded to the beam flange. The test for
specimen HH-6 was halted at approximately 4.6% drift to
prevent damage to the test apparatus due to beam flange lo-
cal buckling and column base anchorage bolt slip.

As shown in Figure 8(a) (p. 192), a 2-in. (50-mm) crack
in the bracket-to beam fillet weld of specimen HH-8 was
observed near the nose of the bracket at approximately 3.3%
drift. Following a short pause, the test was continued with no
observance of further crack growth. At approximately 5.6%
drift, the test was halted to prevent damage to the apparatus
due to excessive beam buckling. In both specimens HH-6
and HH-8, a plastic hinge was formed in the beam near the
far end of the brackets. Figure 8(b) shows the hinge in speci-
men HH-8 at the end of the test.

Specimens HH-7 and HH-9 both had W-series brackets
welded to the beam. The hysteretic plots are shown in Fig-
ures 6(e) and 6(g) for specimen HH-7 and HH-9, respective-
ly. As shown in Figure 6(e), the combined strong column-
weak beam and high PZ ratios focused the majority of the
inelastic rotation into the beam. The test for specimen HH-7
was terminated at approximately 5.9% drift following gross
area fracture in the beam flange. As shown in Figure 8(c),
the fracture occurred approximately 3 in. (76 mm) from the
end of the bracket in the same general vicinity where lo-
cal inelastic buckling and low cyclic fatigue had weakened
the lange.

The test for specimen HH-9 was halted at approximately
6.9% drift after the maximum actuator stroke was reached.
At this level of rotation, a plastic hinge had formed in the
beam near the far end of the brackets. Figure 9 (p. 193)
shows the hinge in specimen HH-9 at the end of the test.

Specimen UCSD-3 represented an existing interior con-
nection with a composite slab. During the test, as reported
by Newell and Uang (2006), yielding in the column panel
zone and in both the beam and column flanges was initially
observed at approximately 0.75% drift. The column doubler
plate had noticeably buckled at approximately 3.0% drift.
On the first positive excursion to 4.0% drift, one of the lower
bracket-to-column bolts ruptured. Despite the rupture and
after a brief pause, the test was continued. On the first nega-
tive excursion to 4.0% drift, a bracket-to-column bolt on the
opposite lower beam subsequently ruptured. Upon comple-
tion of the second full cycle of 4.0% drift, all the remaining
lower bracket-to-column bolts ruptured, and the attaching
bottom flange CJP weld fractured. Following the test, the
remaining upper bolts were removed and observed to have
been bent where the threaded portion of the bolt was in con-
tact with the column flange.

Evaluation of Test Results

As indicated in Table 6, the specimen maximum plastic
hinge moment ratios were similar to or less than the factor of
1.27 prescribed by AISC Prequalified Connections (AISC,
2005c¢) to account for both material overstrength, R,, and
strain hardening, C,,.

Following a significant amount of inelastic strain, speci-
men HH-7 failed by gross area ductile fracture of the beam
flange near the end of the bracket. While the cyclic loading
of the remaining specimens at Wyle Labs was halted prior
to fracture, given the observed cyclic inelastic strains, had
the testing continued, flange gross area fracture would have
been expected in these specimens as well.

As mentioned previously, the test specimens were instru-
mented with strain gauges to enable measurement of inelas-
tic behavior in each of the connection components, includ-
ing the beam and column flanges, the panel zone and the
brackets. The component normalized tensile strains at 4.0%
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Table 7. Component Normalized Tensile Strains at 4% Interstory Drift

Beam Beam Column Column Bracket Panel
Specimen  Flange Net Flange Flange Net Flange Panel Stiffener Bracket XIM*, Zone
Designation Area Gross Area Area Gross Area Zone Edge Heel IM*,, o,R./Ru
HH-5 6.5 3.5 1.5 1.2 0.4 4.2 0.9 0.8 1.0
HH-5A 6.5 3.5 0.5 0.7 0.2 3.3 1.0 1.3 2.1
HH-6 5.0 3.6 0.5 No Gauge 0.2 0.6 0.5 1.7 1.1
HH-7 Not bolted 7.0 0.2 0.2 0.1 0.5 0.4 5.2 2.1
HH-8 Not bolted 5.0 No Gauge 0.2 0.3 1.2 0.3 1.7 1.1
HH-9 Not bolted 4.0 0.4 0.4 0.8 0.5 0.3 2.3 1.1
UCSD-3 20.0 6.0 20 4.0 15.0 1.0 0.3 0.9 0.6
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Interstory Drift Angle (% rad)

(c) HH-5A

Interstory Drift Angle (% rad)

(d) HH-6

Fig. 6. Applied load versus beam tip displacement—Wyle Labs specimens. (Note: 1 kip = 4.44 kN; 1 in. = 25.4 mm)



interstory drift are show in Table 7. In this table, the calcu-
lated column-beam and PZ ratios are repeated from Table 4
to compare with the measured strains. Although not totally
inclusive of all inelastic contributions, these values indicate
how each primary component contributed to the total inelas-
tic behavior of the connection. For example, the calculations
and strain measurements for specimen HH-7 indicate that
virtually all the plastic rotation was developed within the
beam; essentially no inelastic behavior was observed or re-
corded in the column, panel zone or brackets.

Each of the cast bracket stiffeners were instrumented on
the free edge and near the junction of the vertical and hori-
zontal flange (heel). As shown in Table 7, inelastic tensile
strain in the brackets was limited to locations on the free
edge. Following the completion of each test, no visible signs
of distress to the stiffeners or to any other portion of the
brackets were detected.

Beam Tip Displacement (in)
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10 : 60
5
@ 7 40 -
et 2 8
EE 3 20 =
=2 2 'r%
35 0 0 S
oo . 4 o
ex -3 Y i 202
o~ Y AT JTRT LEY L7 g
E 7 40 <
=
-10 60

-6 -4 -2 0 & 4 6
Interstory Drift Angle (% rad)

(e) HH-7

As described previously, and as shown in Figure 8(a),
the bracket fillet weld in specimen HH-8 developed a
2-in. (50-mm) crack at the nose of the bracket. Despite the
incident, the test was continued with no further observed
crack growth. It is believed that the high toughness weld
metal was a key factor that prevented the growth of the
crack. Following the test, the procedure used to fillet weld
the bracket to the beam was modified to avoid terminating
weld passes near the bracket nose. Apparently, the speci-
men HH-8 weld passes had been terminated in this region.
During the subsequent tests for specimens HH-7 and HH-9,
no cracks were observed in the fillet welds made with the
revised procedure.

Both column and beam flange bolt slip was observed in
the test specimens. Figures 6(a) through 6(d) of the hyster-
etic plots show varying levels of pinching due to beam bolt
slip. Column bolt slip is also evident in the hysteretic plots,
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Fig. 6. (cont.) Applied load versus beam tip displacement—Wyle Labs specimens. (Note: 1 kip = 4.44 kN; I in. = 25.4 mm)
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Fig. 7. Photographs of specimens at the end of testing:
(a) HH-5 east beam hinge formation, (b) HH-5A hinge formation;
(c) HH-5 east beam flange local buckling.

Fig. 8. Photographs of specimens at the end of testing:
(a) HH-S8 fillet weld crack close up; (b) HH-8 hinge formation;
(c) HH-7 flange gross area fracture.
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although less pronounced. In bolted connections, some
amount of limited and controlled slip can be a desirable phe-
nomenon. As a result of slippage, the stiffness of the structure
decreases, the period elongates, and the energy dissipation
and damping increase, all positive benefits. However, ex-
cessive slip can result in larger than expected story drifts.
To limit and control slip, the B-series bracket specifies the
use of smaller-diameter drilled beam bolt holes. Because the
brackets can be either fastened to the beam in a fabrication
shop or drilled in-place using the bracket as a template, the
controlled conditions permit the strict tolerance required by
the smaller-diameter hole.

In the Wyle Labs wide flange columns specimens, the tests
were intended to evaluate the performance of the connection
without continuity plates. In those specimens, the absence
of continuity plates did not appear to promote local flange
buckling or lead to other detrimental effects.

In specimen UCSD-3, significant yielding was observed
and recorded in the panel zone. Analysis of the test data for
specimen UCSD-3 indicated that between one-half and two-
thirds of the total plastic rotation was developed by panel
zone yielding, with the remainder developed by yielding in
the beams and columns, particularly in the flange net areas
(Newell and Uang, 2006). As shown in Table 7, measured
inelastic strain in the panel zone was significant. Given the

Fig. 9. Photograph of hinge formation at the end of testing
specimen HH-9.

panel zone yielding and the observed bending in the remain-
ing bracket-to-column bolts, deformation of the connecting
column likely caused bolt tensile force levels to increase
above their ultimate strength and fail. As indicated by the
AISC Steel Construction Manual (AISC, 2005d), hereafter
referred to as the AISC Manual, this prying action phenom-
enon can significantly increase the tensile force in a bolt.

Subsequent analysis of specimen UCSD-3 also deter-
mined several unintentional column limit state deficiencies.
As indicated in Table 7, the column strength was significant-
ly lower than that of the attaching beams. This condition can
promote the formation of a hinge in the column, typically
just below the level of the stiffened region. Table 4 indicates
the column was also susceptible to local flange buckling.
Although equipped with a continuity plate, the position of
the bracket below the stiffener does not adequately limit
flange buckling due to the offset distance. Finally, analysis
of the column indicated the flange bolt holes did not sat-
isfy the tensile rupture limit state provisions of AISC 360
Specification for Structural Steel Buildings (AISC, 2005b).
Had the column satisfied these critical limit state design pro-
visions, a more desirable ductile failure mode would have
been anticipated. Although the specimen satisfied the SMF
requirements for drift and strength, as part of this evaluation,
the results are not considered justification to prequalify the
specimen column, beam and bracket combination.

The presence of a composite floor slab on specimen
UCSD-3 did not appear to promote the bolt fracture or lead
to other detrimental effects. On the contrary, the presence of
the slab was beneficial to specimen performance by enhanc-
ing beam stability and delaying strength degradation despite
the high levels of recorded inelastic strain.

Although specimen UCSD-3 incorporated the use of a
deep column section, the majority of bolted bracket speci-
mens have been tested with W14 columns. In previous
testing of RBS connections with deeper column sections,
Ricles et al. (2004) concluded that the deeper columns do
not behave substantially different from W14 columns and
that no special consideration or bracing was needed when
a slab is present.

The limited number of tests conducted in this program is
insufficient to prequalify beams larger than those tested at
Wyle Labs. However, the results can be used to develop de-
sign provisions for equivalent sized beam and bracket com-
binations. Those provisions, currently under development,
will be the focus of a future paper.
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SUMMARY AND CONCLUSIONS

An experimental study was performed to investigate the
Kaiser bolted bracket steel moment-resisting connection.
The study included a review of historical bolted bracket
tests and the evaluation of seven full-scale specimens using
a high-strength cast steel bracket. The parameters investi-
gated in the experimental program included (1) column size,
(2) beam size, (3) bracket size, (4) bracket connections,
(5) and clear span-to-depth ratios. The conclusions that fol-
low are based on the test results of this study.

1. For new construction, the KBB connection is able to
satisfy the criteria in Appendix S of the AISC Seismic
Provisions (AISC, 2005a) for qualifying a connec-
tion for use in a special moment frame. The connec-
tion directs yielding and inelastic beam deformation
away from the column face and outside the connected
region.

2. For existing connections, the KKB connection is
capable of improving the capacity of weakened or
damaged moment connections. A bottom-only bracket
configuration is not recommended when used in con-
junction with low notch toughness (pre-Northridge)
CJP weld connecting the top flange.

3. For the range of column sizes investigated in this
study, it is recommended that deep and box columns
be considered for prequalification. Based on the simi-
larity in performance to that of the RBS connection,
the expected column sizes would include an equivalent
depth up to a W36 section. The use of box columns
participating in orthogonal moment frames is also rec-
ommended. There was insufficient testing to determine
if box column depths deeper than 16 in. (406 mm)
should be considered.

4. For the range of W14 column sections investigated in
this study, the lack of continuity plates did not have a
significant effect on performance. It is recommended
that the stiffeners be eliminated when the column
flange thickness satisfies local flange buckling limit
state requirements. There was insufficient testing to
determine if deeper column sections can tolerate the
removal of continuity plates. Therefore, in deeper sec-
tions, continuity plates are recommended at the same
elevation as that of the beam flanges.

5. For the range of beam and bracket sizes investigated
in this study, it is recommended that beam sizes be
limited to an equivalent beam depth of a W33 section
and a maximum beam weight of 130 Ib/ft (195 kg/m)
with a clear span-to-depth ratio of 8 or greater.
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6. For bolted connections, deformation of the connect-
ing column flange can increase the tensile force in the
bolt above that due to the direct tensile force alone.
It is recommended that the prying action specification
requirements of the AISC Manual (AISC, 2005d) be
considered when calculating the size of the fastener.

7. To avoid the formation of discontinuities in the fillet
welds connecting the W-series bracket to the beam
flange, it is recommended that weld passes should
not be stopped or started within 2 in. (51 mm) of the
bracket nose and should be continuous around the
nose. In addition, the use of a high toughness weld
metal is recommended.

8. In the B-series brackets, beam net area fracture, com-
mon in bolted flange connections, can be mitigated
with special detailing including the use of a thin brass
washer plate at the bracket-to-beam interface and
clamp plates opposite the connected bracket.

9. Connection slip in beams with bolted flange connec-
tions can be controlled and limited with a strict toler-
ance on the drilled bolt hole diameter.
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Experimental Investigation of Fillet-Welded Joints
Subjected to Out-of-Plane Eccentric Loads

AMIT M. KANVINDE, GILBERT Y. GRONDIN, IVAN R. GOMEZ and YUKAY KWAN

I:illet-welded connections are popular in civil engineer-
ing construction due to their economy (minimal surface
preparation is required prior to welding) and strength, and
various aspects of their response have been studied ex-
tensively over the past five decades. Building on the early
studies of Ligtenburg (1968), Clark (1971) and Butler and
Kulak (1971), subsequent research efforts (e.g., Butler, Pal
and Kulak, 1972; Miazga and Kennedy, 1986, 1989; Lesik
and Kennedy, 1990) have led to the development of strength
prediction approaches for welded connections loaded con-
centrically as well as eccentrically. Design considerations
based on these approaches have been implemented in cur-
rent North American design specifications (AISC, 2005;
CISC, 2007).

Within this overall theme of research on fillet-welded con-
nections, this paper focuses on the response of eccentrically
loaded fillet welds where the load is not in the plane of the
weld group, such as illustrated schematically in Figure 1(a).
This type of weld group and loading configuration is de-
scribed as a “special-case” in current weld design tables pro-
vided by the American Institute of Steel Construction (Table
8-4, Steel Construction Manual, AISC, 2005). Referring to
the illustration in Figure 1(a), these joints resist the applied
load through the development of stresses in the welds as well
as bearing stresses over the contact surface of the attached
plates. However, as discussed in this and the subsequent sec-
tion, approaches adopted in current design practice (AISC,
2005) do not incorporate all aspects of behavior that con-
trol the strength of these joints. The design table adopted by
AISC (Table 8-4, Steel Construction Manual, AISC, 2005)
is based on the method of the instantaneous center (IC) of
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rotation (Tide, 1980). This IC method, as applied in develop-
ment of the current design table, relies on the principle that
at the strength limit state, the weld group rotates about a cen-
ter of rotation, resulting in compatible deformations for all
segments of the weld. Contingent on these deformations, the
stresses in the weld segments are determined through a load-
deformation relationship such as the one proposed by Lesik
and Kennedy (1990). While the assumptions underlying the
design table are consistent with the response of eccentrically
loaded lap joints, they are questionable when applied to ec-
centrically loaded joints where the applied load is not in the
plane of the weld group. Specifically, two issues are of con-
cern. First, the eccentrically loaded configuration shown in
Figure 1(a) produces a root notch at the unfused interface
of the plates. Previous studies (e.g., Ng et al., 2002; Pham,
1983; Kanvinde et al., 2008) indicate that such a root notch,
perpendicular to the direction of the bending stresses in the
connection, produces a crack-like effect, possibly reducing
both the strength and the ductility of the welds with respect to
values implicitly assumed in the design table. This flaw, sub-
jected to Mode I (crack opening) loads, is of greater concern
as compared to a similar flaw in lap joints, which is subjected
to Mode II (shear) loads. The second, and perhaps a more
important issue, pertains to bearing in the region of compres-
sion between the connected plates. The design table is based
on an approach that disregards this effect (Tide, 1980), lead-
ing to an inappropriate representation of the stress distribu-
tion in the welded joint. The reliance on this approach may
be due to the relative lack of experimental data from welds
loaded eccentrically out of plane. In fact, in addition to the
current study, only two other documented test programs

Yoot
otch

Welds subjected
to tension &
shear

All stresses
«— carried by
welds

Zone of bearing
between plates

(a) (b)

Fig. 1. Welded connection subjected to
(a) out-of-plane eccentric load and
(b) in-plane eccentric load.
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(Dawe and Kulak, 1972, 1974; Beaulieu and Picard, 1985)
have investigated this situation experimentally. Motivated
by these issues, the main objectives of this paper are to (1)
obtain a data set of test results of sufficient size to conduct a
meaningful statistical analysis of the strength characteristics
of welded connections loaded with out-of-plane eccentricity,
(2) evaluate the effect of various parameters (under a wider
range of values) on this strength in a systematic way, and (3)
assess the applicability and level of safety provided by cur-
rent design practice.

To realize these objectives, the main experimental basis
for this paper is a series of 60 bend tests on cruciform speci-
mens (such as shown in Figure 2) that evaluate the effect of a
range of parameters, including weld size, weld metal tough-
ness, load eccentricity and plate bearing width. The tests
presented here are part of a comprehensive parent study that
also included experiments and investigations of the effect of
the weld root notch on the tensile strength and ductility of
fillet welds (Gomez et al., 2008).

A review of the literature relevant to this study is first pre-
sented. Subsequent sections address the experimental pro-
gram, including ancillary tests and bending tests on cruciform
welded specimens to investigate the out-of-plane loading
condition. The data from these tests are then reviewed and
analyzed along with data from prior testing programs to as-
sess the effectiveness of the current design approach and the
effect of various parameters on its applicability. An alternate
model that considers the bearing effect between the plates
is presented as a more suitable method to characterize the
joint strength. The paper concludes by reviewing the find-
ings and limitations of the study while outlining strategies
for future research.

BACKGROUND AND OBJECTIVES

This section summarizes prior research from the early 1970s
to the present, focusing on the development of test programs
and analysis methods of the behavior of fillet-welded joints
with out-of-plane eccentricity. While the review presented
here is directly relevant to this paper, a more comprehensive
background of related research (including studies on various
weld configurations under concentric loading) is available in
Gomez et al. (2008) and Ng et al. (2002).

(a) U Bearing width “t”
/

Dl

4
Reinforced 4— Testweld
weld

ﬂ <Eccentricity “e” —>|

Several experimental studies (e.g., Butler et al., 1972;
Swannell, 1981a, 1981b; Sanaei and Kamtekar, 1988) have
investigated the behavior of eccentrically loaded fillet-
welded connections through experiments on lapped speci-
mens, such as illustrated schematically in Figure 1(b).
Whereas these studies have validated several theoretical ap-
proaches to predict the strength of these eccentrically loaded
welded connections, they only consider situations where the
eccentric load is in the plane of the weld group, such as il-
lustrated in Figure 1(b). Experimental studies that examine
situations where the eccentric load is not in the plane of the
weld group, such as illustrated in Figure 1(a), are relatively
scarce, and prior to the current study, only two significant
documented test projects have investigated this configura-
tion. These are reviewed first, before discussing various the-
oretical models for strength prediction.

The first experimental study, by Dawe and Kulak (1972),
included eight specimens to investigate the behavior of weld
groups subjected to out-of-plane eccentric loading. The test
specimens consisted of a wide flange section with its end
welded to an end plate by fillet welds along the outer side
of each flange. The test configuration involved loading the
wide flange sections in minor axis bending to determine the
joint strength. The key variables investigated included the
length of weld, the eccentricity of load and the thickness of
the connected plate. Two nominal weld lengths (8 in. and
12 in.) and four load eccentricities (ranging from 8 in. to
20 in.) were considered. Since the specimens were loaded in
the minor axis orientation, the effective plate bearing width
was determined as twice the flange thickness of the wide
flange section. Using this interpretation, five nominal bear-
ing widths (ranging from 0.86 in. to 1.24 in.) were investi-
gated. All specimens were fabricated from ASTM A36 steel
and featured “-in. (nominal leg size) fillet welds deposited
with AWS AS5.1 E60XX compliant electrodes. Table 1 sum-
marizes the main aspects of the test series, including test re-
sults, which will be discussed later. A detailed analysis of
these data and comparison to the current study are presented
in a subsequent section.

The second experimental study, by Beaulieu and Picard
(1985), included a total of 24 fillet welded plate connections
loaded eccentrically out-of-plane. Referring to Table 1, the

§ Upper load fixture

4 Specimen
vy q i
n_

Lower load fixture

Fig. 2. Cruciform joint bending specimens: (a) schematic and (b) photograph of test setup.
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Table 1. Results of Cruciform Bend Tests from Dawe and Kulak (1972)
and Beaulieu and Picard (1985)
e f
N omb t c Rmaxd Rmax Rbmax
Test Program | Test# | a° in. in. kips R Ry
1 1.03 Va 1.04 62.5 1.36 1.07
2 1.53 Y4 1.04 39.0 1.22 0.96
3 2.03 A 1.04 23.1 0.99 0.78
(1972) 5 2.04 Ya 0.86 23.6 1.02 0.89
6 2.02 Va 1.52 32.6 1.29 0.95
7 1.26 Y4 1.24 59.7 1.11 0.83
8 1.69 Y4 1.24 49.6 1.15 0.88
1 1.50 Ya 0.79 50.9 1.08 1.02
2 1.50 Vo 0.79 61.9 0.73 0.94
3 0.50 Ya 0.79 157.9 1.19 1.10
4 0.50 Ya 0.79 141.7 1.10 1.00
5 0.30 Va 0.79 245.9 1.39 1.27
6 1.51 e 1.58 93.5 1.27 1.03
7 1.49 %6 1.58 96.1 1.31 1.05
8 1.51 Y% 1.58 61.3 0.85 0.68
Beaulieu and
3,
Picard (1985)° 9 1.51 7] 1.58 109.1 1.49 1.20
10 0.50 %6 1.58 235.7 1.35 1.08
11 0.50 %6 1.58 286.6 1.66 1.32
12 0.50 Y% 1.58 266.2 1.56 1.24
13 0.50 Y% 1.58 249.5 1.39 1.12
14 0.30 %6 1.58 334.6 1.68 1.45
15 0.30 %6 1.58 313.4 1.66 1.43
16 0.31 Y% 1.58 381.5 1.42 1.24
17 0.30 Y% 1.58 358.7 1.34 1.18
Mean 1.27 1.06
Coefficient of variation 0.19 0.19
2L oad eccentricity ratio = load eccentricity length divided by weld group length.
®Nominal (specified) weld size.
°Plate (root notch) thickness.
4 R, = maximum eccentric force observed in experiments.
¢ R/'SC = predicted strength based on AISC approach.
f Rpeng = predicted strength on alternate approach incorporating bearing.
90nly 17 of 24 tests reported; others failed by plate rupture.
key variables investigated in this study include the weld size weld failure a.nd do not inclu(.ie other specimens that showed
(nominally % in., % in., %6 in. and %% in.), the load eccen- base I.ne.tal failure due to tearing. . o .
tricity (ranging between 3 in. and 14.75 in.) and the bear- Building on th.ese and other studles. on lap—].omt Specimens
ing width, also equal to the root notch length (0.787 in. and (such as those briefly mentioned earlier), various theoretical
1.575 in.). All specimens were fabricated from ASTM A36 methf)ds have been proposed to determine the strength O.f ec-
steel, and the welds (all approximately 10 in. long) were de- centrically loaded fillet welds. Broadly, these may be classified
posited using AWS A5.1 E70XX electrodes. The 17 experi- into three categories: (1) methods that assume elastic response
ments included in Table 1 represent only those that exhibited of all the welds, (2) methods that apply the principle of the
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instantaneous center (IC) of rotation, and (3) methods that
assume a predetermined form of the stress distribution in the
welds and in the bearing portion of the connected plates. The
elastic methods are generally understood to be highly con-
servative (Lesik and Kennedy, 1990; Salmon and Johnson,
1996), while those that apply the principle of the IC of rota-
tion and an assumed stress distribution reflect more realistic
response, including inelastic action in the welds. With this
background, this section reviews the development of these
methods.

Butler et al. (1972) developed a method to predict the
strength of welded joints with in-plane eccentricity based on
the approach previously proposed by Crawford and Kulak
(1971) for eccentrically loaded bolted joints. This method
employs the load deformation response of weld elements
as a function of loading angle and relies on the assumption
that the weld group, under an eccentric load, rotates about
an instantaneous center of rotation. Once the location of the
IC is established (through an iterative process until equilib-
rium of forces and moments is satisfied), the strength of the
joint is calculated considering equilibrium of all the weld
elements when the critical element (typically farthest from
the IC) reaches its ultimate (or fracture) deformation. Vari-
ous aspects of this method have been refined in subsequent
years, including load-deformation relationships of the weld
elements themselves, which is an important input to these
methods. The original work of Butler et al. (1971) was based
on a load-deformation model for fillet welds based on a se-
ries of tests on '4-in. welds conducted by Butler and Kulak
(1971). Lesik and Kennedy (1990) subsequently refined the
load-deformation models based on the tests of Miazga and
Kennedy (1986, 1989) on double-lapped connections. The
IC method has also been adapted for eccentrically loaded
joints loaded out-of-plane, where plate bearing in the com-
pression zone may alter the stress distribution in the welds
(Dawe and Kulak, 1972).

Neis (1980) simplified the ultimate weld capacity predic-
tion procedures proposed by Dawe and Kulak (1972). The

I.C. of rotation

model presented by Neis assumes a stress distribution in the
weld adopted from the research of Butler and Kulak (1971)
for a weld loaded perpendicular to its axis (8 = 90°). This
approach obviates the iterative procedures typically involved
in the IC methods and obtains predictions as a closed-form
solution. Neis suggested seven variants of the model, which
featured various combinations of stress block geometries for
the welds and assumptions regarding bearing stress distribu-
tion in the compression zone. Beaulieu and Picard (1985)
presented a model similar to Neis (1980) by assuming that
the bearing strength is equal to the yield strength of the bear-
ing plates. Both Neis (1980) and Beaulieu and Picard (1985)
neglect shear stresses in the welds and are valid only for rela-
tively large load eccentricities (ratio of eccentricity to weld
length greater than 0.4).

The American Institute of Steel Construction (AISC,
2005) published tables (Steel Construction Manual, Table
8-4, “special-case”) for the strength of eccentric fillet weld-
ed connections loaded out-of-plane. Figure 3 schematically
illustrates the assumptions and stress distributions reflected
in the AISC design tables. As indicated in the figure, the
stresses in the welds are based on the IC method employ-
ing the descriptions of the fillet weld load-deformation re-
sponse proposed by Lesik and Kennedy (1990). Lesik and
Kennedy performed extensive analysis on test data of Mi-
azga and Kennedy (1986, 1989) to provide algebraic expres-
sions for the load-deformation relationships of fillet welds.
As per their research, for a weld segment of leg size w and
unit length (such as indicated in Figure 3) loaded at an angle
0 with respect to its axis, the load-deformation relationship
may be expressed as follows:

f(p) = 8.234p for 0 < p < 0.0325 (1)

f(p) =—13.29p +457.32p" — 3385.9p"
+9054.29p% — 9952.13p" )
+3840.71p* for p > 0.0325

(a)

R; — Force in i weld
segment

J<—e—

Fig. 3. Assumptions inherent in the AISC design tables: (a) weld deformation and stresses,
(b) load deformation response of welds (Lesik and Kennedy, 1990).
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where f(p) is the normalized force in the i weld element,
such that f(p) = R;/R,;,, and:

Rult = 060FEXX AW(IO + O.SSinl‘Se) (3)

Equation 3 predicts the capacity of a fillet weld segment in
terms of the electrode nominal tensile strength, Fpyy, the
weld throat area, A,, and the angle, 6, between the axis of
the weld and the line of action of the force. The constant 0.60
is the shear stress transformation factor. The deformation
quantity described in Equations 1 and 2 is normalized by the
deformation at peak force such that p = A/A,, where:

A, = 0.209(8 + 2) 03w )

As per the IC method (Butler et al., 1972), the weld group is
assumed to rotate until a critical segment (typically farthest
from the IC) reaches its fracture deformation, A, which is
determined as follows:

Ar=1.087D(6 + 6) 55 < 0.17,, 5)

At this point, the equilibrium of the entire connection is con-
sidered, and the force capacity is determined. Referring to
the preceding discussion and Figure 3, some of the assump-
tions implicit in the formulation of the AISC design tables
are questionable. For example, the weld load-deformation
response described by Equations 1 through 5 is based on tests
of lap-joint specimens. Thus, the equations (especially Equa-
tion 5 which reflects weld fracture deformation) neglect the
crack-like effect of the root notch, as shown in Figure 1(a),
which may potentially impact weld strength and ductility. In
this context, it is relevant to mention recent tests by Ng et al.
(2002), Li et al. (2007) and Kanvinde et al. (2008) on welded
cruciform joint specimens, which indicate that the ductility
(and to some extent the strength) of welds is diminished
when the load is applied perpendicular to the root notch.
Perhaps more importantly, the approach disregards bearing
between the two connected plates in the compression region
and assumes that all the stresses are carried by the welds
(refer to Figure 3). Thus, the actual behavior of the welds for
out-of-plane loading is not reflected by the AISC approach.
In summary, prior research features limited test data with
respect to eccentric weld connections loaded out-of-plane.
Thus, the theoretical methods to predict the strength cannot
be evaluated for a wide range of parameters. The methods
themselves are based on several assumptions, outlined in the
preceding discussion. Moreover, since all the methods are
based on weld load-deformation relationships derived from
tests on lap-joint specimens, none consider the potentially
detrimental effect of the root notch on the ductility of the
welds. Finally, an examination of current AISC design tables
indicates that significant aspects of physical response, such
as bearing between the connected plates, are not consid-
ered in their development. To address these issues, the main

objectives of the current study, as discussed in the introduc-
tion, are to evaluate the applicability of the current design
standards to joints with out-of-plane eccentricity and to sug-
gest improved alternatives.

ANCILLARY TESTS

A series of ancillary tests was conducted to characterize
material properties in support of the cruciform joint bend-
ing tests. Described in the next section, the cruciform joint
bend specimens were fabricated from ASTM A572 Grade
50 base metal, and two different types of E70XX weld filler
metals (self shielded flux-cored wires), including an AWS
A5.20 (2005a) E70T-7 electrode, which is designated as a
“non-toughness-rated” filler metal, and a “toughness-rated”
E70T7-K2 electrode per AWS A5.29 (AWS, 2005b). Welds
designated “toughness-rated” meet minimum Charpy V-
Notch toughness requirements of 27 joules at —29 °C and
54 joules at 21 °C. Standard tension tests (per AWS AS5.20,
2005a, and AWS A5.29, 2005b, for welds; ASTM ES,
2008, for base metal) were conducted to characterize ma-
terial constitutive response. The test method for the weld
materials involved creating a groove-welded assembly of
two plates per AWS 5.20 (2005a), shown schematically in
Figure 4, from weld electrodes used for fabrication of the
cruciform bend tests. Referring to the figure, all-weld metal
specimens (two for each weld material) were extracted from
the groove weld region and tested under monotonic tension.
Average results from these tests, including the yield and
ultimate strengths and ductilities expressed in terms of the
ratio of pre- to post-fracture cross section diameter dy/d;
(and the corresponding maximum true strains at fracture),
are summarized in Table 2. The mean ultimate strengths
F, .eaq (from quasi-static tests) for both the E70T-7 and
E70T7-K2 weld metals are approximately 97 ksi, on average
40% greater than the specified minimum (70 ksi). As ex-
pected, the average ductility, dy/d;, for the toughness rated
E70T7-K2 weld material is greater (by about 35%) as com-
pared to the non-toughness-rated (E70T-7) weld material.
Similar results from tension tests of the base metal are also

uroove wela

Extraction of
tension coupon

/

Fig. 4. Plate assembly (per AWS A5.20) indicating extraction
of all-weld metal tension specimens.
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Table 2. Results from Ancillary Tests Including Tension and Charpy V Notch Tests
Tension Tests CVN Energy (Ib-ft)
Fya Fub
Material Test ksi ksi d,/d; €° -20 °F 70 °F 212 °F
E70T-7 1 75.8 97.1 1.35 0.60 5.5 19.0 41.0
(Non-toughness- 2 76.8 97.2 1.15 0.28 6.0 18.0 41.0
rated weld) Mean 76.3 97.1 1.25 045 | 5.75 18.5 41.0
E70T7-K2 1 82.7 97.5 1.65 1.00 30 56.0 88.0
(Toughness-rated 2 83.0 97.4 1.74 1.11 23 62.0 88.0
weld) Mean 82.8 97.4 1.69 105 | 26.5 59.0 88.0
1 52.9 71.5 2.13 1.52
A572 Grade 50 5 539 718 508 146 CVN tests not conducted for
(Base metal) base metal
Mean 53.4 71.6 2.11 1.49
2 Measured yield stress, based on 0.2% offset method; static value
® Measured ultimate strength; static value
° ¢ = In(dy/d;)? = average true strain across necked cross section of tension coupon

presented in Table 2. In addition to these mechanical tests,
spectrochemical analyses were carried out for both weld metal
electrodes. The analyses (archived in Roberts, 2008) indicate
that none of the electrodes had an unexpected chemical com-
position relative to the requirements of AWS 5.20 (2005a).

Similar ancillary tests have been conducted for the other
experimental programs (Dawe and Kulak, 1972; Beaulieu
and Picard, 1985). Although these ancillary data are not re-
produced in this paper (since they are available in the cited
references), they are used in the analysis of bend test data
from these programs.

EXPERIMENTAL PROGRAM

This section describes the cruciform joint bending tests in
detail. Figure 2(a) illustrates the test setup and specimen
schematically, whereas Figure 2(b) includes a photograph of
a specimen being loaded in a three-point-bend configuration.
The main variables investigated are (1) the load eccentricity,
e; (2) the plate bearing width or plate thickness, 7, which is
also equal to the nominal root notch dimension; (3) weld size
and (4) weld filler metal classification. Table 3 presents the
test matrix indicating that three replicates are tested for each
assembly (or test category) to obtain statistically significant
data. Referring to the table, two nominal weld sizes (% in.
and Y6 in. leg dimension), three load eccentricities (e = 3.0,
5.5 and 8.5 in.) and three plate widths (¢ = 1.25, 1.75 and
2.50 in.) were investigated for each of the two weld classifi-
cations. For economy, the test matrix represents a fractional
factorial matrix; that is, not all possible parameter combina-
tions are investigated explicitly. However, the matrix is de-
signed to provide comparative evaluations of the effect of all
parameters. The following discussion outlines the specimen
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preparation, test setup and procedure. Discussion of the test
results is presented in a subsequent section.

Test Specimen Preparation and Test Setup

Figure 5 schematically illustrates the typical specimen ge-
ometry. As shown in the figure, for each configuration, three
replicate specimens (nominally 4 in. wide) were cut out from
an assembly of three plates (all A572 Grade 50 ksi steel)
welded together in a cruciform configuration. The plate
bearing width (i.e., the root notch length) was controlled by
varying the thickness of the two outer plates. The connec-
tion was designed so that failure occurred in the test welds
while the connecting plates remained elastic. The overall
width of the assembly was 13 in. allowing run-on and run-
off regions at either end of the assembly to ensure relatively
uniform weld properties within each specimen. Each of the
two filler metal types (E70T-7 and E70T7-K2) was taken
from the same spool of wire to minimize variability in weld
properties. Standard weld procedures (Roberts, 2008) were
used, and all welding was performed using the flux cored arc
welding (FCAW) process. Three weld passes were needed
for the Y5-in. welds, while only one pass was needed for the
Y16-in. welds. As indicated in Figure 5, one side of the central
plate had reinforced welds (i.e., they were oversized by ap-
proximately %2 in.) to ensure failure on the predetermined
“test” side, thereby minimizing instrumentation.

The loading fixture shown in Figure 2(b) was designed
to enable testing of the cruciform joint specimens in bend-
ing with different load eccentricities, while also providing
pinned boundary conditions. The fixture includes a steel base
with smooth-cut round grooves (at multiple preset locations)
in which dowel pins may be seated as the supports. A similar



dowel pin is connected to the central (upper) loading fixture.
All dowel pins feature a milled flat surface to minimize lo-
cal deformations of the specimen at the reaction points. The
round dowels were lubricated to allow free rotation at the
contact points. The eccentricity for each test, as illustrated in
Figure 2(a), is defined as the distance from the centerline of
the dowel to the surface of the center plate.

Using the load setup and fixture described earlier, 60 cru-
ciform specimens were loaded quasi-statically to failure un-
der displacement control. Qualitatively, all tests exhibited a
similar response: initial elastic response followed by a period
of strain hardening concluding with a drop in force. Figure
6 shows a representative load versus load-line deformation
curves for Test 8 (eccentricity = 3.0 in.) and Test 52 (ec-
centricity = 8.5 in.). The load shown in the figure is half the
load applied at the center of the symmetric three-point-bend
specimen, representing the force sustained by the test weld,
which is located on one side of the central loading fixture.
Failure for most tests with larger eccentricities (e = 5.5 in.
and 8.5 in.) was gentle, and weld rupture involved a gradual
“un-zipping” of the specimen initiating at the bottom end of
the weld (the tension end); see the response of Test 52 shown

4— Overall assembly length = 20” —>

Specimen édges

verallassembly /LS A& v T
idth = 13”

Individual

specimen
width = 4”

\f Plate thickness = 1.25”, 1.75 or 2.5”

Reinforced fillet weld 1/2 or 5/16 inch fillet “test” weld

Fig. 5. Cruciform specimen assembly showing key dimensions and
fabrication details.

Rimax

Load (KIpS)

Test # 52 (e = 8.5")

0 Displacement (inches) 0.3

Fig. 6. Representative load-deformation curve for Test 8 and Test 52

(indicating the peak load, R,,).

in Figure 6. A majority of the tests with the smaller eccen-
tricity (i.e. e = 3.0 in.) exhibited more sudden shearing fail-
ure, corresponding to an abrupt drop in load (see response
of Test 8 shown in Figure 6). Figure 7(a) shows a fractured
specimen (Test 19) photographed at the conclusion of test-
ing. Several load and deformation quantities were measured
during the tests, including the peak load, R, (as indicated on
Figure 6), the load line displacement, the weld deformation
at four locations and, in some specimens, the longitudinal
surface strains. While a detailed discussion of these various
quantities is presented in Gomez et al. (2008), the observed
peak load, R, (or connection strength), is most relevant in
the context of this paper. Table 3 summarizes measured R,
values for all the test specimens, along with other quantities.
A discussion of these results along with a graphical repre-
sentation is presented in a subsequent section.

Pre- and Post-Fracture Specimen Measurements

To minimize systematic bias in the analysis of the test data,
detailed measurements of the weld sizes were recorded both
before and after testing. The profiles of all the test welds

N A + 4
initial crack initial crack
propagation propagation

f«— root notch ﬂ

shear crack

(b)

HIHHHH

Fig. 7. (a) Representative photograph of failed specimen (Test 19);
(b) schematic bottom view of specimen indicating failure pattern.
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Table 3. Results of Cruciform Bend Tests from Current Study
Test No.? Weld Size (in.) Ryo %9 Ri h
o Nom W o kips RAsC Rbearing
NT T in NT T in. NT T NT T NT T
1 31 0.400 | 0.427 44 .4 50.5 1.41 1.58 1.19 1.36
2 32 Y6 0.399 | 0.426 53.7 57.4 1.68 1.75 1.42 1.50
3 33 0.411 0.421 52.5 60.8 1.63 1.95 1.39 1.67
4 | 34 | 55 0.593 | 0.589 1.25 734 | 820 | 155 1.66 1.55 1.65
5 35 2! 0.591 0.562 72.2 84.5 1.50 1.84 1.49 1.78
6 36 0.587 | 0.608 711 98.8 1.46 1.84 1.45 1.86
7 37 0.359 | 0.403 120.0 | 165.2 2.34 2.79 1.73 2.12
8 38 %6 0.365 | 0.382 119.0 | 160.4 2.23 2.7 1.66 2.04
9 39 0.361 0.387 123.9 | 155.3 2.26 2.64 1.68 1.99
10 40 3.0 0.551 0.583 153.4 | 193.2 2.02 217 1.68 1.84
11 41 2] 0.555 | 0.580 175.0 | 200.0 2.14 2.30 1.79 1.94
12 42 0.570 | 0.563 1521 185.4 1.94 217 1.63 1.81
13 43 0.367 | 0.445 61.7 86.7 1.95 2.31 1.42 1.80
14 44 %6 0.366 | 0.424 59.7 69.8 1.90 1.94 1.39 1.50
15 45 0.371 0.360 63.0 78.0 2.08 2.53 1.52 1.84
16 | 46 | 99 0.598 | 0.583 1.75 90.0 | 99.3 | 1.73 | 2.02 1.48 1.72
17 47 2 0.563 | 0.602 76.6 90.0 1.79 1.91 1.50 1.65
18 48 0.584 | 0.574 79.6 86.6 1.71 1.92 1.46 1.62
19 49 0.418 | 0.419 39.0 45.9 1.81 1.92 1.38 1.45
20 50 %6 0.422 | 0.416 30.1 46.8 1.43 2.08 1.09 1.58
21 51 0.417 | 0.418 334 46.0 1.53 2.04 1.16 1.54
22 | 52 | 85 0.585 | 0.588 51.9 | 59.3 | 1.57 1.78 1.35 1.52
23 53 2 0.576 | 0.601 51.3 59.9 1.57 1.83 1.34 1.57
24 54 0.622 | 0.631 53.0 57.1 1.53 1.82 1.35 1.61
25 55 0.405 | 0.381 62.0 77.9 1.73 2.42 1.18 1.62
26 56 %6 0.403 | 0.398 58.7 77.0 1.76 2.34 1.20 1.58
27 57 0.396 | 0.407 58.3 76.4 1.66 2.32 1.13 1.59
28 | 58 | 55 0.582 | 0.621 1.25 86.9 | 1105 | 1.81 2.13 1.36 1.63
29 59 Vo 0.575 | 0.642 101.6 | 112.0 1.96 2.16 1.47 1.67
30 60 0.555 | 0.615 945 | 110.7 1.93 2.27 1.43 1.74
Mean 1.79 2.10 1.43 1.69
Coefficient of variation| 0.14 0.15 0.13 0.11
a NT = “Non-toughness-rated” (E70T7) welds; T = “toughness-rated” (E70T7-K2) welds.
® Load eccentricity length.
° Nominal (specifi.ed) weld size. ) ) . ) >
d Effecpye weld size based on average measured tension and shear leg dimensions, i.e., W,= |[————F—
: gszczmriizﬁttfngrzgz:gr?ttﬁg)fgfg rc];te)ssse-rved in experiments. (1/L5hear) ’ (1/L mm)
9 RASC = predicted strength based on AISC approach.
" Rpeaing = predicted strength on alternate approach incorporating bearing.

204 / ENGINEERING JOURNAL / THIRD QUARTER / 2009




were measured at eight locations along the length of each
test weld (within each specimen), using a fillet weld gage
and a caliper gage. These detailed measurements enable a
more effective interpretation of the test data with respect to
design equations. Figure 8 illustrates the average weld pro-
files (based on all the measurements for a given assembly)
for all the welds. In the figure, average weld profiles from
all the assemblies (corresponding to the given weld size) are
overlaid on one another. Because welding of the test speci-
mens was performed in the horizontal position, the “shear
leg” and the “tension leg” had different dimensions. On aver-
age, the “shear leg” of the weld (which attaches to the large
outer plate) was 38% longer than the “tension leg” (which
attaches to the central plate), although this difference was
slightly less pronounced in the '/2-in. welds. However, in most
cases, the tension leg was at least as large as the specified
weld size, whereas the shear leg was on average 44% longer
then the specified minimum. It is also interesting to observe
the dimple shaped weld profiles for the “4-in. weld assem-
blies, which are produced by the multiple welding passes.
The length of each weld was also measured and, in general,
was determined to be within 5% of the nominal 4-in. length.
It is important to emphasize that all the comparisons with
the predicted values are made based on the measured weld
profiles and lengths, rather than the nominal weld sizes.
Figure 7(a) shows a representative photograph of a frac-
tured specimen (shown here for Test 19, 1.75-in. root notch,
non-toughness Yie-in. weld, 8.5-in. eccentricity). Referring
to the figure, the fracture surface consists of a region of ini-
tial crack propagation straight ahead of the root notch (i.e.,
perpendicular to the principal bending stresses), before tran-
sitioning to shear type fracture at an angle. Figure 7(b) indi-
cates this schematically. This type of failure surface was also
observed for the cruciform tension tests (Kanvinde et al.,
2008). In many specimens, fracture did not occur on well-
defined planes, and sometimes the fracture plane changed
orientation along the length of a single weld. Several mea-
surements were conducted on the fractured specimens. Given
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the irregularity of the fracture surfaces, these post-fracture
measurements are interesting only in a qualitative sense and
cannot be directly applied to interpret the effectiveness of
design guidelines.

EXPERIMENTAL DATA FROM
PREVIOUS INVESTIGATIONS

As discussed previously, two other test programs have inves-
tigated the strength of welded joints with out-of-plane ec-
centricity. In the context of this paper, where a key objective
is to examine the effectiveness of current design provisions,
it is important to examine these other results to enable a
comprehensive evaluation of the current design guidelines.
Table 1 summarizes data from these other experimental
programs (i.e., Dawe and Kulak, 1972; Beaulieu and Picard,
1985). The data are presented in a similar format as Table 3,
wherein the various test parameters are presented, including
the joint strength, R,,., along with test-to-predicted ratios
per the AISC design tables. The data are also represented
graphically in figures introduced in the next section. As for
the tests presented in the current study, strength predictions
for these prior tests are based on the measured material prop-
erties and weld profiles.

DISCUSSION OF RESULTS

The results from the present study and prior experimental
programs are summarized in Tables 1 and 3. Both these ta-
bles include the measured joint strengths, R, and the test-
to-predicted ratios, R,../R,¢, where R,*5¢ represents the
strength calculated per Table 8-4 from the Steel Construction
Manual (AISC, 2005). As discussed in a previous section,
Table 8-4 in the Manual is based on the instantaneous center
approach employing several assumptions, including (1) the
weld load-deformation relationship as outlined in Lesik and
Kennedy (1990), (2) no consideration of the plate bearing
and the corresponding distribution of stresses in the weld,
and (3) no consideration of the effect of the root notch on

1.00

(b)
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0.00 + S
0.00 0.25 0.50 0.75 1.00
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Fig. 8. Mean weld profiles for (a) all the Yie-in. welds including the different filler metals and plate thicknesses, and
(b) all the Vs-in. welds, including the different filler metals and plate thicknesses.
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weld ductility. The design table is applied through Equation
6 presented here:

R¢ = CCydL 6)

The coefficient C is taken directly from the Steel Construc-
tion Manual Table 8-4, for different load eccentricity ratios
“a” (i.e., ratio of load eccentricity to weld length). The co-
efficient C, accounts for weld strength and is equal to 1.0
for E70XX electrodes. For calculations in the present study,
this coefficient is modified to reflect the measured, rather
than the nominal material strength. Referring to Table 2,
the measured to nominal strength ratios (and hence the C,
coefficients) for the E70T-7 and E70T7-K2 filler metals are
both 1.39. The parameter L is the measured weld length. The
parameter d reflects the weld size, indicating the number of
sixteenths of an inch in the weld leg size. To reflect the mea-
sured weld sizes through this parameter, an effective weld
leg dimension is calculated as follows:

1
\/(I/Lthr )2 + (l/meion )2

where the first term reflects the effective throat dimension
based on the measured tension and shear leg dimensions of
each specimen (averaged over eight measurements along the
length of each weld), and the second term (\/7 ) reflects the
assumed geometrical relationship between the throat size
and the effective weld size. Calculating the effective weld
size in this manner is consistent with the intent of the AISC
design table, such that the weld throat area corresponding to
the preceding estimate of effective weld size from Equation 7
corresponds to the weld throat area of the actual specimen,
which typically does not have equal leg sizes. The true throat
area of the welds may be affected by other factors, such as
the number of weld passes (see the irregular weld profile
indicated in Figure 8) and weld penetration. However, using
these estimates is not consistent with the way in which welds
are designed or fabricated. Thus, only the measured leg sizes
(rather than measured throat sizes) are used in the calcula-
tion of the effective weld size. Once the effective weld size
W is calculated in inches, the parameter d is conveniently
determined through division by (V).

In addition to Table 1 and Table 3, the comparison between
the experimental and predicted strength for all the specimens
(including those tested in other studies) is presented graphi-
cally in Figure 9 and Figures 10(a)—(d). Figure 9 plots the
experimentally measured strength, R, against the predicted
strength, R,MS¢, for all (85) experiments considered. For a clos-
er examination of the trends within the data, Figures 10(a)—(d)
plot the test-to-predicted ratios, R,,./R,*"¢, against various
test parameters, including the load eccentricity, nominal weld
size, plate bearing width and weld toughness classification.

xV2 (N

We[fecri ve —
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Referring to Figure 9, it is immediately apparent that, on
average, the AISC design approach predicts strengths sig-
nificantly lower than the experimental values. Based on all
the experiments, the mean value of R,,./R,*¢ is 1.75 (co-
efficient of variation = 0.25). While the AISC approach is
significantly conservative for the test results reported in the
current study (R,/RA¢ = 1.94, COV = 0.17), it is rela-
tively less conservative for the other test programs (Dawe
and Kulak, 1972; Beaulieu and Picard, 1985) for which the
average R,../R,/" is 1.15 and 1.32 (COV =0.12 and 0.21),
respectively. This may be attributed to two effects. First,
the current study features, on average, larger bearing plate
widths (between 1.25 and 2.50 in.), compared to the other
test programs (between 0.787 and 1.575 in.). Since the pre-
dicted values do not incorporate the effect of bearing, one
may argue that the presence of larger bearing widths within
a data set may bias R,,,./R,""5C ratios within that data set. In
fact, referring to Figure 10(a), which plots bearing width
versus R,../R,¢ for all experiments, a general trend is
observed such that larger bearing widths result in larger
R0/ R,AS€ values. When considered in this context, results
from the current study appear to be more consistent with the
overall trend. Second, the higher R,,../R,*¢ values may be
attributed to differences in weld metal properties between
the current study and the other studies. While the measured
strength values for all the studies are incorporated into the
predicted strength capacities, recall that the strength esti-
mate implicitly reflects the entire load-deformation response
of the weld elements. Thus, the design tables cannot cap-
ture the effects of notch toughness (and hence weld ductil-
ity) variation between various data sets. Although toughness
data (such as Charpy V-Notch energy values) are not docu-
mented for the other test programs, it is likely that the cur-
rent study may result in higher strengths of the joints due to
higher weld material toughness as compared to the previous
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Joint strength predicted as per current AISC design table, R,/*C.



testing programs. However, a detailed comparative analysis results did not indicate a significant decrease in

(Gomez et al., 2008) between the current (UC Davis) tests strength or ductility with an increase in the root notch
and other tests (Ng et al., 2002) indicates that both the filler length above a certain length (typically 1.0 in.).
metals used in the current study are not unusually strong or . AISC :
tough when compared with similar filler metals featured in 2. Figure 10(b) plot§ R'"‘";/ R, for all the tests against the
other recent tests. Thus, results from the current study may weld metal classification. The only tests that feature a
be considered only suitable to represent currently used weld- weld filler metal with a toughness rating are Tests 31
ing materials and practices to 60 of the current study (with the E70T7-K2 filler
To examine the experimental trends in more detail, Fig- meta}). From the .ﬁgure, it is evident that, on average,
ures 10(a)~(d) plot the R,../R,*"C ratio against various test specimens featuring the toughness rated welds have
3 AISC —
parameters for all the experiments. These are now discussed higher R,,../R,"" values (on average 2.09, COV =
individually: 0.15), as compared to the other specimens (on average
1.55, COV =0.23). As described previously, the AISC
1. Figure 10(a) plots R,,../R,**" against the plate bearing design tables reflect a specific weld load-deformation
width, 7. A trend is observed across all data sets, such relationship proposed by Lesik and Kennedy (1990),
that the predictions become increasingly conservative and thus do not distinguish between the tough and
(i.e., R,./R, € increases) as the bearing thickness of non-tough specimens.
the plates increases. As discussed earlier, this may be
explained based on the inability of the design tables to 3. Figure 10(c) plots R,,../R,*"“ versus the eccentricity
incorporate the effect of bearing on the stress distribu- ratio, a, for all the experiments. From the figure, a
tion of the welds. It is relevant to note that the bearing slight trend is observed within each data set such that
thickness is also equal to the weld root notch length. increasing the eccentricity ratio reduces the R,,../R,""*¢
However, based on the data (which shows a consis- ratios. In the absence of additional data, this trend may
tently increasing trend of R,,../R,*5¢ with respect to 1), be analyzed only in a speculative manner. The speci-
it appears that the root notch length does not have a mens with the larger eccentricities result in weld de-
Signiﬁcant detrimental effect on the test-to-predicted formations that are more tensile rather than shearlng m
ratios, especially in the presence of the apparent ben- nature. Although the length of the root notch has been
efits obtained due to simultaneous increase in bear- observed to not affect weld strength or ductility when
ing thickness. This is consistent with findings from the root notch is longer than about I in. (Kanvinde et
a companion study (Kanvinde et al., 2008) that fea- al., 2008), the presence of the transverse root notch
tured tension tests on cruciform specimens, where the produces lower strength and ductility as compared to
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Fig. 10. Effect of various test parameters on the test-predicted ratios, R,,../R,"C.
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lap-joint specimens (where there is no root notch ef-
fect). For specimens with a low eccentricity ratio, the
deformations are predominantly attributed to shear
stresses; thus, the detrimental effect due to the pres-
ence of the root notch may be less prominent (i.e., for
these connections the root notch is not transverse to
the applied stress), as compared to the specimens with
the higher eccentricity. In any case, it is important to
emphasize that even for the higher eccentricity ratios,
the R,,../R, A5 ratios are, on average, greater than 1.0.

4. Finally, referring to Figure 10(d), the weld size did
not appear to have a significant influence on the
R,/ R,ASC ratios.

In summary, the AISC design tables produce conserva-
tive estimates of weld strength for a large majority of the
experimental data examined. A reliability analysis of all the
experimental data (summarized in Gomez et al., 2008) indi-
cates that the AISC tables, when used in conjunction with
a resistance factor ¢ = 0.75, provide a safety index B = 7.2,
which is well in excess of the target safety index, typically
taken as 4.0 for fracture limit states in welded connections. A
closer examination of the data reveals that this conservatism
may be attributed to two sources. The main issue is that the
AISC design tables are based on the IC method, disregarding
the effect of plate bearing, which, as discussed previously
[and illustrated in Figure 10(a)], has a beneficial influence on
the connection capacity. A secondary effect is related to the
weld toughness (i.e., ductility). The AISC method implicitly
reflects a specific and consistent load-deformation response
(and, consequently, ductility) for the weld elements (based
on the work on lapped specimens of Lesik and Kennedy
(1990). A higher weld ductility than the implicitly assumed
values will result in higher R,,../R,*¢ ratios. The other ef-
fect disregarded by the AISC approach, that is, the existence
of the “crack-like” root notch, does not appear to have a
prominent effect on strength, especially in the presence of
the accompanying benefit on strength due to the increased
bearing width.

The next section presents an alternate approach for evalu-
ating the strength of welded connections loaded with out-of-
plane eccentricity. By explicitly incorporating bearing in the
strength estimates, the aim of this alternate approach is to re-
duce the conservatism associated with the AISC design tables.

ALTERNATE APPROACH FOR STRENGTH
PREDICTION CONSIDERING BEARING

As discussed in the previous section, the AISC design ap-
proach predicts the strength of tested welded connections
with a high degree of conservatism, providing a safety index
well in excess of the target value of 4.0. To address this issue,
this section provides an alternate approach to characterize
the strength of connections with out-of-plane eccentricity.
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Referring to the previous section, the AISC standard is con-
servative mainly due to the omission of the bearing effect
between the two connected plates. Fortunately, this effect is
convenient to incorporate within the framework of the IC
method described previously, by assuming an appropriate
stress distribution in the compressive region of the connec-
tion. With the objective of developing a refined model for
predicting the strength of these joints, several alternative
models were applied to the test data and examined for ac-
curacy and consistency. These models included variations
based on the IC method (e.g., Dawe and Kulak, 1972)
as well as other approaches that resulted in closed form
strength equations (e.g., Neis, 1980; Beaulieu and Picard,
1985). The variations in these models resulted from the use
of different weld load-deformation relationships (e.g., Butler
and Kulak, 1971, or Lesik and Kennedy, 1990) and the as-
sumption of various stress distributions in the compressive
bearing region and the tension region. A reliability analysis
of all these models, along with a detailed discussion, is pre-
sented in Gomez et al. (2008). In the current paper, only one
of these models is presented. This model provides the best
agreement with the test data, while relying on assumptions
that are consistent with the principles of mechanics and weld
load-deformation relationships that have been demonstrated
to represent measured response.

The model presented in this paper is a modified version
of the approach proposed by Dawe and Kulak (1972). In
concept, the approach is similar to the one used by AISC
(Figure 3), except it explicitly considers bearing stresses in
the compressive region of the connection. This is illustrated
in Figure 11, which indicates that this method makes use
of the instantaneous center of rotation assumptions in the
tension zone of the connection and assumes load transfer
in the compression zone by bearing of the connected plates
and shear of the weld. The normal stress distribution in the
compression zone is assumed to be rectangular (i.e., there
is no transition from zero stress to yield stress), with the

R \
Rectangular \—
stress block with I.C. of ;v Load
constant stress rotation L)

axis
Vg =
Ho= ——> shear
bearing force in
force weld
[€<—e —>

Fig. 11. Assumptions for the alternate method
considering bearing.



uniform stress in this region taken as the yield strength of the
plate material. As further explained in Gomez et al. (2008),
this type of stress distribution reflects typical observations
from strain-gaged specimens. Since the normal force in the
compression zone (Hpin Figure 11) is carried by bearing be-
tween two plates, the weld in this zone is assumed to carry a
vertical force, Vp, corresponding to the strength of the weld
loaded at an angle, © = 0°. It is relevant to discuss here
that, in general (for more complex connection geometries),
the contact between the two connected plates will be non-
uniform due to the challenges associated with alignment in
a fabricating shop. Thus, a gap may exist between the two
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incorporating bearing, R},

3.0
%
207 y 4 ‘
= I ‘ :
~

§10 H o 4 é 2 [y
g - ﬁo@ s
9 =

(@
0.0
0.0 Bearing Thickness "t" (inches) 3.0

3.0
$ 20t g
S
\Q{ g t f:
= 5 g wo A
510 B AC R T
%"‘ a

(c)
0.0
0.0 Eccentricity Ratio“a” 3.0

bearing

n

R

Rma‘( /

bearing

n

R

Rmax /

connected plates. However, at the ultimate limit state, ei-
ther the welds in the compression zone will yield, thereby
eventually allowing contact, or the plate itself will yield in
the compression zone at the toe of the weld. In either case,
the assumed stress distribution is consistent with expected
response. Thus, the presence of nonuniform contact is not
expected to significantly alter the findings of this study.

In the tension region, the weld deformations are deter-
mined by applying the principle of the instantaneous center
of rotation. Similar to the AISC approach, the correspond-
ing weld load-deformation response is based on Equations
1 through 5 (Lesik and Kennedy, 1990). Finally, the strength
capacity is calculated through an iterative procedure similar
to the one outlined by Dawe and Kulak (1972) and the AISC
approach. The resulting test-to-predicted ratios, R,,,/Rb™s,
for all the specimens are summarized in Table 3 (specimens
from current study) and Table 1 (specimens from previous
studies). Figures 12 and 13(a)—(d) are equivalent to Figures
9 and 10(a)—(d) discussed in the previous section, but instead
feature the predicted strengths, R2“™¢, based on the alternate
approach that incorporates the bearing effect. Several obser-
vations may be made based on Tables 1 and 3 and Figures 12
and 13(a)—(d).

The main observation is that the average test-to-predicted
ratio, R,,./Rb<¢ for all the testsis 1.41 (witha COV =0.22).
This ratio is about 20% lower as compared to the R,,,./R}e"™s
ratios that were obtained disregarding bearing. This suggests
that a consideration of bearing produces more accurate esti-
mates of strength. This has important design implications be-
cause the method incorporating bearing will result in welds
that are significantly smaller compared to those designed as
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Fig. 13. Effect of various test parameters on the test-predicted ratios, R,../R. ™.
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per the AISC table. A reliability analysis of the data (Gomez
et al., 2008) demonstrates that the alternate approach, when
used with a capacity factor ¢ = 0.75, provides a safety index
B = 4.6, which is still in excess of the target safety index
B = 4.0. Since the determination of the weld strengths re-
quires an iterative analysis, the results may be most conve-
niently presented in the form of a table similar to the current
Table 8-4 of the Steel Construction Manual (AISC, 2005).
Such a table is presented in Gomez et al. (2008).

Figures 13(a)—~(d) provide a closer examination of the
trends within the experimental data. Comparing Figure 13(a)
to Figure 10(a) shown previously, it is apparent that the
R,../Re¢r8 ratios that incorporate the bearing effect do not
show a significant trend with respect to the bearing thick-
ness within any data set. This is encouraging, because it sug-
gests that the alternate method is able to effectively capture
the bearing effect. The current tests show higher R,,,./R ¢
values on average than the tests from the other test programs,
but as discussed previously, this may be attributed to the in-
herent material toughness of the weld filler metal used in the
current study. Refer, for example, to Figure 13(b), that plots
the R,,../R""¢ versus toughness classification. Compared to
the similar Figure 10(b) shown earlier, a similar trend is ob-
served, such that the approach is on average more conserva-
tive for specimens with the toughness rated filler material. In
addition to the effect of material toughness, it is relevant to
note that that the other test programs had smaller plate thick-
nesses as compared to the current study. The lower strength
observed in these programs may be attributed to weld frac-
ture accompanied by yielding in the base metal, such as may
be observed for thinner plates. However Ng et al. (2002)
determined that (1) the strength of cruciform tension spec-
imens was not significantly affected by this factor, and (2)
this condition (i.e., forcing the base metal to yield before the
weld, while ensuring that fracture ultimately occurs in the
welds) is difficult to reproduce experimentally, because the
exact strength of the weld and base metal is not known at the
design stage. Thus, for the current study, thicker plates were
chosen to ensure failure in the welds without tension yielding
in the base metal. Figures 13(c) and 13(d) plot the R,,,./R ¢
ratios against the load eccentricity and the weld size, respec-
tively. The trends observed here are similar to those observed
for the AISC approach, and these are not discussed in detail.

It is important to point out that while the alternate method
considers the effect of bearing, it does not consider the weld
toughness as an input variable. Thus, it cannot distinguish be-
tween specimens featuring dissimilar filler metal toughness.
The framework of the IC method allows for the convenient
implementation of weld toughness, such that the weld load-
deformation response (and the fracture deformation Ay; refer
to Equation 5) may be adjusted to reflect weld toughness.
However, incorporating the toughness parameter within the
approach is an ambitious goal, given the difficulty in charac-
terizing weld toughness in a quantitative manner and corre-
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lating it with the load-deformation capacity of weld elements.
Thus, the alternate method described in this paper considers
only the most significant effect disregarded by the AISC ap-
proach, namely, the bearing between the connected plates. In
itself, this has significant cost implications for the design of
welds. Possible variations and refinements to the approach
described in this section may include (1) explicitly incorpo-
rating some measure of weld toughness in the strength pre-
diction, or (2) prescribing different ¢ factors for toughness- or
non-toughness-rated specimens, such that a consistent safety
index is provided for each type of weld classification. These
are described in greater detail in Gomez et al. (2008).

SUMMARY AND CONCLUSIONS

Current design tables (AISC, 2005) for the strength of
fillet-welded joints under out-of-plane eccentric loading do
not consider two effects that may potentially impact their
accuracy. First, they disregard the contribution of bearing
between the two connected plates, and second, they do not
incorporate the effect of the root notch on weld ductility and
strength. The majority of test data that have governed the
development of the design tables were obtained from experi-
ments on lapped-splice connections in which neither of these
effects are present. This paper presents data from 60 bending
tests on cruciform specimens and ancillary tests to investi-
gate the strength of welded connections with an out-of-plane
load eccentricity. These specimens feature connections with
three different plate bearing thicknesses (1.25, 1.75 and
2.501n.), two nominal weld sizes ('/2in. and ¥is in.), three load
eccentricities (3.0, 5.5 and 8.5 in.) and two filler metal clas-
sifications (“non-toughness-rated” E70T-7 and “toughness-
rated” E70T7-K2). Three replicate tests are conducted for
each parameter set. In addition to the tests conducted as part
of this study, the analysis of data includes results from other
test programs that feature similar experiments.

The experimental results of all documented tests indicate
that current design tables (AISC, 2005) are considerably con-
servative when applied to fillet-welded joints loaded with out-
of-plane eccentricity, such that on average, the test-predicted
ratio, R,.../R,/5C, is 1.75 (coefficient of variation = 0.25). A
closer analysis of the data indicates that this conservatism
may be attributed to a bearing mechanism between the con-
nected plates, which is not incorporated in methods used for
the development of the AISC design tables. In the presence of
this beneficial effect, the accompanying influence of the root
notch (whose length is equal to the bearing plate thickness) is
minor. The toughness of the filler metal is also determined to
contribute to the conservatism of the design approach.

To address these issues, an alternate approach is presented
to predict the strength of the welded connections. The ap-
proach is similar to the AISC approach (i.e., it is based on
the IC method), but it directly incorporates the bearing effect
by including an appropriate bearing stress distribution in the



compressive region of the connection. Strength predictions
based on this approach are significantly less conservative as
compared to the AISC approach, such that on average, R,,../
RPearins jg determined to be 1.41 (with a COV = 0.22), an ap-
proximate 20% decrease with respect to the AISC approach.
This has potentially beneficial cost implications since welds
designed using the alternate approach will be significantly
smaller as compared to welds designed as per the current
(AISC) approach. When used with a resistance factor ¢ =
0.75, the alternate approach provides an acceptable safety
index P = 4.6. Since application of the alternate approach in-
volves an iterative procedure, the method may be most suit-
ably applied through a design table.

However, the alternate approach does not incorporate all
aspects of joint response—especially the weld toughness,
which is determined to have an influence on the test-to-
predicted ratios. Incorporating the weld toughness as a design
parameter may be an ambitious goal, given the subjectivity
in characterizing it in a quantitative manner. To incorporate
these effects, variations to the method are briefly discussed
and refinements are proposed for future work. In addition,
the effects of weld profile irregularity cannot be explicitly
considered within the scope of this study. For example, the
deviation between ideal and true weld profiles, as well as
the extent of weld root penetration may have a proportion-
ally dissimilar effect for welds of different sizes. Finally, the
results of this study are based on all documented test data
on fillet welds with out-of-plane eccentricity. Unfortunately,
limited test data (i.e., only three experimental programs) are
available for this type of welded detail. There is the pos-
sibility of the test data being influenced by unusual material
properties or other aspects of the test setup. While the authors
have sought to incorporate these effects into their analysis
to the extent possible (e.g., by comparing the current test
data with other similar data to examine its applicability), the
generalization of the results (and possible incorporation into
design guidelines) must be accompanied by a fair degree of
caution and engineering judgment.
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NOTATION

a = load eccentricity ratio a = e/L

Aproar = throat area based on average measured leg
dimensions

A, = weld throat area

C = coefficient tabulated in AISC Table 8-4

C = electrode strength coefficient

d = number of sixteenths-of-an-inch of fillet
weld size

dy/d; = ratio of initial to final (fracture) diameter of
tension coupon

e = load eccentricity

fp) = normalized force in the i" weld element

Fryx = electrode tensile strength

F, = ultimate strength of plate or weld

F, = vyield strength of plate or weld

Hp = normal force in connection compression
zone

L = length of weld group

mean measured shear and tension leg dimen-
sions, respectively

Lshear; Lrenxion =

Nom = nominal (specified) weld size

R, = resultant force in the i weld element

R = experimentally observed maximum strength

R, = ultimate force of weld element

R,ABSC = strength calculated as per AISC design table

R, bearing = strength calculated as per the method con-
sidering bearing

t = plate bearing width (also equal to nominal
root notch length)

Vi = shear force in connection compression zone

w = weld segment leg size

Wepr = effective weld size

B = safety index

A = deformation of weld element

A = fracture deformation of weld

A, = deformation of weld at ultimate strength

€ = average true strain across cross section of
tension coupon

0 = angle between weld axis and line of action
of load

p = normalized weld deformation in the i weld
element

0] = resistance factor
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DISCUSSION

Designing Compact Gussets with the Uniform

Force Method

Paper by Larry S. Muir
(First Quarter, 2008)

Discussion by Ramon F. Arias

The writer submits this discussion with some trepidation
as he recognizes that the author of the paper is a well-
known authority in the design of connections, and who has
made valuable contributions to the AISC codes and to books
on the subject.

Prior to discussing the substance of the author’s paper, a
typo should be corrected as follows:

The author’s equation (8) reading XF, = 0= H,.— H. should
read XF, = 0 = Psin® — (H,+ H,.). This correction does not
affect the author’s analysis.

The first point of discussion is the author’s approach.
It appears that the author’s solution to the compact gusset
corresponds to one of two boundary conditions that would
frame the actual solution.

In discussing this, two geometric points should be noted:
point B, on the beam axis at the column flange and point C,
on the column axis at the level of the top of the beam. In the
traditional Uniform Force Method (UFM), the force (H,, V)
passes through point B, and the force (H., V,) passes through
point C,. In other words, the moment M,, of the forces H,
and V, relative to point B, and the moment M., of the forces
H, and V., relative to point C, are both zero.

In the author’s solution to the compact gusset, the force
(H,, V,,) passes through B, but the force (H,, V.) is left to drift
away from C, and all of this in such a way that the equations
of equilibrium are satisfied. In other words, M,, = 0 and M,,
differs from zero. Under these conditions, expressions are
derived for H., V,, H, and V, as exhibited by the author’s
equations (10), (11), (12) and (13), respectively.

Ramon F. Arias is a principal civil engineer with Babcock
Hitachi K.K., Kure Division, Vancouver, BC.

Additionally, the moments M,, and M, defined
earlier are:

M,,0=0=H,,61,— V,,(x (131)

M('(>:H(7B_ Vc'ec (132)

Equations 13.1 and 13.2 are not in the author’s paper, but
they can be easily derived from his analysis.

The other boundary condition consists of letting the force
(Hy, V) drift away from point B, while keeping the force (H.,
V.) through C, and satisfying the equations of equilibrium.
That is to say, M., = 0 while M,, differs from zero. Under
these conditions the analysis gives the following results:

H. = e.P{cos — e,sinb/(e.+ o) }/B (10a)
V, = e, Psinb/(e.+ o) (11a)
H, = Psin® — H. (same as the author’s equation 12)

V.= PcosO -V, (same as the author’s equation 13)

M,,=H,e,—V,0 (same as 13.1 above)

M.,=0=H.p-V.e. (same as 13.2 above)
If the author’s approach is correct, the solution of the prob-
lem created by the compact gusset should be located between
these boundary conditions. In this solution, both M,, and M.,
are different from zero. These moments are relatively small.
M., is usually neglected and M,, can be easily accommo-
dated in the beam to column connection.

Table la shows a comparison between the two boundar-
ies and includes a solution consisting on a weighted sum of
the values from the boundary conditions. The weight factor
for the boundary 1 values is k; = d./(d}, + d.) and for bound-
ary 2 is k, = d,/(d, + d.), where d, and d. are the distances
from points B (centroid of the beam-to-column connection)
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Table 1a. Comparison between Muir’s solution (Boundary 1),
Boundary 2, and a Weighted Solution
Parameters Boundary 1 Boundary 2 Weighted Solution
Vy 50.3 46.0 47.9
H, 60.2 69.7 65.4
V. 7.09 11.4 9.46
H, 21.7 12.2 16.5
1Y/ 0.0 175.0 96.8
M, 91.4 0.0 40.8

and C (centroid of the column-to-gusset connection) to the
working point (WP) or point of intersection of the beam and
column axes. Then,

Vi =k\Viy + V),
H,=kH, +kHy,

and so on, where V,,;, H,,, V,, and H,, indicate the reaction
values corresponding to boundaries 1 and 2.

Of course, the two boundary conditions and the weighted
solution satisfy XF, =0, ZF, =0 and ZM = 0.

A second point of discussion is the approach adopted by
the author and continued in this discussion, in which geo-
metric constraints are imposed to determine the connec-
tion forces.

The solution to the compact gusset cannot be any of the
two boundary conditions or the weighted solution because
they contain geometric restrictions that are imposed by the
designer (the forces must pass through certain points and
must be oriented in certain directions). However, the behav-
ior of the connection under the axial force does not have to
follow arbitrary geometric constraints.

Since the forces are concurrent and their sum is zero, it
follows as a result that the sum of their moments relative to
any point is also zero. This approach is arbitrary as it gives
solutions without having to make implicit or explicit refer-
ence to the moment caused by the local eccentricity of the
brace axial force relative to the centroid G of the connections
of the gusset to beam and column. The fact that the sum of
moments is zero should be a condition of the problem, not a
result of imposed geometric constraints. In other words, the
analysis must reflect the behavior of the connection, and the
geometric constraints must be relaxed accordingly.

A third and final point of discussion is the adoption by the
author of a force, AV, to manipulate force, V,, resulting in a
moment, M,, assigned to the beam to gusset connection and
given by the author’s equation (14). Actually, what is adopt-
ed is a couple, (AV,, o), with forces, AV, oriented vertically
so that they only affect V}, and V,, acting at points B and C.
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The results of this manipulation are shown in Table 1 of the
author’s paper (refer to the column entitled “Modified UFM
with AV,” in this table). The adoption of a couple of forces
that act in the vertical direction and applied at points that do
not fall in a horizontal line is arbitrary. The forces should
be oriented perpendicular to line BC and it should affect all
connection forces.

Additionally, the author does not explain why the mo-
ment, M,, required to balance the couple, (AV,, o), is applied
to the beam-to-gusset interface. Presumably, the reason is
that this connection is more rigid than the column-to-gusset
connection. However, it could be argued that the design of a
more compact gusset with a larger B, as in the author’s exam-
ple, results in an increased rigidity of the column-to-gusset
connection compared to the concentric gusset connection
case. Based on this increase, the moment should be as-
signed to the column-to-gusset connection. Furthermore,
assigning the moment M, to the beam-to-gusset connection
interface appears to defeat the purpose of the author’s so-
lution as this moment must also be applied to the beam to
column connection.

The writer feels that if there is a need to manipulate the re-
sults, an alternative is to introduce a moment, M, affecting
all four connection forces. The moment, M,,., should consist
of a couple, (AF, d,.), where d,, is the distance between B
and C (dy.> = 0> + p?). The force, AF, would be selected so as
to result in the desired values of the connection forces. Then,
a balancing moment, —AM, would have to be assigned to one
of the two connections.

In summary, the author has identified a boundary condition
to the solution of the compact gusset. However, this
boundary condition has been reached by adopting geometric
constraints that appear to invalidate it. This also applies to
the second boundary condition and the weighted solution
presented here. Some of the resulting connection forces in
the boundary conditions, including the author’s solution,
could be underestimated. The introduction by the author of
a force, AV,, to manipulate the results of his analysis also
seems arbitrary.



A solution to the compact gusset design should (1) be
based on the UFM, (2) with the equations of equilibrium as
condition of its solution, (3) include in the analysis the lo-
cal eccentricity of the brace force relative to the centroid G,
(4) be reduced to the traditional UFM solution under the
right circumstances, (5) not include arbitrary geometric con-
straints, and (6) be easily expanded to accept small eccen-
tricities created by the brace axial force not passing through
WP. This solution would have M,, and M., different from
zero, except for the special case where the centroid G is lo-
cated on the axis of the brace.

NOTATION

d, = distance from the beam-to-gusset connection
to the working point

d. = distance from the column-to-gusset connec-
tion to the working point

dy, = distance between the beam-to-gusset and
column-to gusset connection centroids

ey = one-half the depth of the beam

e. = one-half the depth of the column

ki, k, = weight factors

B = centroid of the beam-to-gusset connection

B, = centroid of the beam-to-column connection

C = centroid of the column-to-gusset connection

C, = point on the column axis at the level of the

top of the beam

Q
I

centroid of the combined beam-to-gusset
and column-to-gusset connections

H,, H,, H,, = shear force on the beam-to-gusset connec-
tion

H., H,,H, = tension force on the column-to-gusset con-

nection

M, = moment on the beam-to-gusset connection

M, = moment introduced to manipulate the
reactions

M,, = moment on point B,

M, = moment on point C,

Vs Vi1, Viy = tension force on the beam-to-gusset connec-
tion

Vo Vo, V.o = shear force on the column-to-gusset connec-
tion

WP = point of intersection of the beam and column
axes

o = distance from face of column to centroid of

beam-to-gusset connection

B = distance from face of beam flange to centroid
of column-to-gusset connection

AF = force adopted to manipulate all reactions
(AF = My/dy.)

AV, = change in the distribution of vertical reac-
tions

X, Y) = force resulting from the vector addition of

forces X anY

Xy = pair for forces X acting in opposite direc-
tions and at a distance
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CLOSURE

Designing Compact Gussets with the

Uniform Force Method

Paper by Larry S. Muir
(First Quarter, 2008)

Closure by Larry S. Muir

would like to begin by thanking Mr. Arias for his inter-
est in and comments regarding my paper. I believe that an
open and vigorous discourse is the best way to advance our
understanding and practice of engineering.
Mr. Arias addresses three separate issues, which I will try
to restate:

1. T have found only one of a number of possible solu-
tions to the problem.

2. 1 have applied arbitrary geometric constraints to the
analysis, and my analysis does not reflect the behavior
of the connection.

3. Ipresent an alternative that uses AV, to arbitrarily ma-
nipulate the distribution of vertical forces in the con-
nection.

I agree with all three of Mr. Arias’ points enumerated here.
However, I disagree with the conclusions developed from
these points. It is my understanding that Mr. Arias’s main
problem with the approach presented in my paper is that it
is arbitrary and does not accurately reflect the true behavior
of the connection. From this he concludes that the procedure
may result in inadequate designs and that the traditional
UFM more accurately reflects the behavior of the connection
and therefore results in safer designs.

Larry S. Muir is the president of Cives Engineering
Corporation and chief engineer at Cives Steel Company,
Roswell, GA.

I contend that no one—not Mr. Arias, not myself, not Dr.
Thornton, the originator of the UFM—can accurately predict
the behavior of any connection. That is why all connection
design—and, in all likelihood, virtually all structural steel
design—is accomplished based, either implicitly or explic-
itly, on the Lower Bound Theorem. The Lower Bound The-
orem states that the applied external forces in equilibrium
with the internal force field are less than or, at most, equal to
the applied external force that would cause failure, provided
that all the limit states are satisfied and sufficient ductility
exists to allow redistribution of the forces. In other words, as
long as sufficient ductility is present and all applicable limit
states are satisfied, design can safely proceed based on any
arbitrary distribution of forces, as long as the distribution sat-
isfies equilibrium. If this was not true, designs would quick-
ly grind to a halt as we constructed and calibrated, through
physical testing, highly complex finite element models for
every detail and possible load case for our designs.

Mr. Arias brings up many arguments that are certainly
true. There will undoubtedly be some moment present in the
physical connection at the beam-to-column interface. How-
ever, this moment will be limited to some value less that the
ultimate strength of the beam-to-column connection. As the
loads imposed on the connection approach the connection
strength, the elements will begin to yield and therefore shed
load to stiffer elements. As it turns out, neglecting the rota-
tional stiffness of this connection and the resulting imposed
moments in the analysis actually adds to, and not subtracts
from, the safety of the connection. Any additional restraint
will serve to strengthen, not weaken, the structure.

As Mr. Arias states, increasing the B dimension of the
connection will tend it make it more rigid at the gusset-to-
column interface. This will, as Mr. Arias asserts, draw mo-
ment from the gusset-to-beam interface. The prediction that
no moment exists at the gusset-to-column interface is most
certainly incorrect, as are all the other forces predicted by
the proposed procedure. Some of the predicted forces are too
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high, some are too low, but still the resulting design is safe
and will carry the loads, or else the Lower Bound Theorem is
wrong and so too are countless structures in service.

This same logic justifies the use of AV, to manipulate the
distribution of the forces in the connection. The use of AV,
predates my paper and has been present in the AISC Manu-
al for many years. It is used primarily where the beam end
connection is subjected to a high shear load due to gravity
loads, so that it cannot resist the additional load imposed by
the bracing with a typical connection. In some instances, the
additional shear induced by the bracing may be such that
the beam web itself is overstressed when subjected to the
forces predicted by the UFM. If the beam and its connec-
tions maintained their stiffness throughout loading and then
suddenly snapped like glass, it would be inappropriate to ap-
ply AV,—but this is not how steel behaves.

Finally, Mr. Arias suggests that the traditional UFM is
inherently superior to the procedure presented in the paper.
Based on his previous arguments regarding the general-
ized UFM presented in the paper, this implies he feels the

218 / ENGINEERING JOURNAL / THIRD QUARTER / 2009

traditional UFM is less arbitrary than the generalized method.
In fact, it could be argued that the traditional UFM is actu-
ally more arbitrary in the constraints it chooses to impose on
the force distribution. When he derived the traditional UFM,
Dr. William Thornton arbitrarily chose to pass the forces V.
and H, through a point at the intersection of the top of steel
and the face of the column. This ensured that no moment
would exist in a section cut through the column at the top
of steel. This choice was based in part on figures shown in
Blodgett’s Design of Welded Structures. It resulted in more
elegant-appearing equations for the interface forces than my
proposed generalized method, but actually contained one ad-
ditional arbitrary geometric constraint than the generalized
procedure.

In conclusion, the procedure presented in my paper was
never intended to accurately predict the forces present in the
connection. It was intended instead as an improvement to an
existing tool by which an admissible force distribution can
be obtained that has been proven through use to produce safe
and economical designs.



Current Steel Structures Research

REIDAR BJORHOVDE

Research is not always tied to industrial or societal needs,
and sometimes not even closely related to such needs.
This is most unfortunate, especially for all of engineering,
since it would appear that if a study does not have any practi-
cal applications and ultimately does not end up in the form
of real-life projects, why should it be undertaken in the first
place? Of course, it is always interesting and challenging to
solve complex problems, but for engineers there is a clear
missing link if the subject has not emanated from a practical
need. Nevertheless, esoteric subjects form the basis of many
projects, and the key to satisfactory solutions is to maintain
a levelheaded view of progress and goals.

On this background, it is a fact that research around the
world tends to progress in waves and cycles. The initial idea
may have come from a study in the United States or any
other country, but reports and publications and interpersonal
relationships communicate with the research community at
large. A good idea is a good idea anywhere, and elements of
the broad subject matter that lend themselves to additional
study get picked up by students or professors or practic-
ing engineers and eventually to solutions that address real
needs. As a “for instance,” the entire subject matter dealing
with robust structures, structural integrity and resistance to
disproportionate (progressive) collapse is currently being
addressed by researchers in a dozen or more countries. To
a certain extent, these studies are tied to the seismic per-
formance of structures and connections. Five years ago,
research on robustness was essentially nonexistent. Thus,
three of the studies presented in this paper deal with robust
performance in one or another form, and the analyses and
applications demonstrate degrees of sophistication the attest
to levels of advanced knowledge that even a few years ago
was limited to very few institutions.

The performance of various types of industrial structures
is now being addressed by groups in the United States, Swit-
zerland and South Africa, to mention three efforts. This in-
cludes a novel framing system that has broad applications
within certain industries, not because of the complex nature

Reidar Bjorhovde is the Research Editor of AISC’s
Engineering Journal.

of the frames themselves but because manufacturing com-
panies need them. A new seismic standard has in fact been
developed to reflect the design needs of these frames.

Work on numerous applications of hollow structural sec-
tions is actively pursued in a number of countries, for struc-
tural as well as architectural reasons. Finally, an interesting
project is focusing on imperfections of various kinds, using
an optimization approach to determine the most unfavorable
combination of imperfections in certain types of structural
elements.

References are provided throughout the paper, whenever
such are available in the public domain. However, much of
the work is still in progress, and reports or publications have
not yet been prepared for public dissemination.

ROBUST STRUCTURAL PERFORMANCE AND
STRENGTH UNDER SEISMIC LOADS

Robustness of Seismically Resistant Multi-Story Frames
with Accidental Column Loss Scenarios: This project has
been conducted at the Polytechnic University of Timisoara
in Timisoara, Romania, with Professor Dan Dubina as the
director, in collaboration with the Timisoara Branch of the
Romanian Academy of Sciences.

Several projects over the past few years have suggested
that seismically resistant framing systems also will provide
significant robustness against disproportionate collapse. In
particular, the study of Hayes et al. (2005) showed that spe-
cial moment frame detailing of structures led to improved
response to blast and similar loading conditions, in compari-
son with the performance of ordinary moment frames under
the same type of loading conditions. Further, the capacity
design approach that forms the basis for the seismic criteria
of Eurocode 8 (CEN, 2005b) emphasizes energy dissipation
in certain members (normally beams and girders) and struc-
tural overstrength in the columns. This design philosophy
achieves satisfactory ductility and prevents failure modes that
involve soft story mechanisms (Dinu and Dubina, 2009).

The current project has specifically examined the progres-
sive collapse resistance of certain types of multistory frames
that have been designed for seismic performance. Various
failure scenarios were investigated, specifically by looking
at the structural behavior for cases of loss of interior col-
umns and loss of corner columns, located at mid-height of
the frame or at the first floor level. The building in question
is shown in Figure 1— it is a 26-story structure that had been
designed for seismic accelerations of 0.24-g and a multilevel
performance requirement with a ground acceleration of
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0.36 g. The building is located in the high seismicity region
of Bucharest in Romania; it was completed in 2007.

Three performance levels were used in the evaluation of
the structure: (1) serviceability limit state, (2) ultimate limit
state, and (3) collapse prevention limit state. Nonlinear dy-
namic analyses were used for an accurate performance as-
sessment of the structure as a whole. For the column removal
evaluations, two cases were used, as follows: Case 1 involved
the loss of the first floor interior columns; Case 2 examined
the performance of the frame with the loss of the 14th-floor
interior columns. The columns were removed one by one,
and three-dimensional nonlinear static analysis was used to
examine the response of the structure. The nonlinear model-
ing incorporated material as well as geometric effects.

The analyses of Case 1 showed that the structure was
able to carry the gravity loads when as many as 15 to
20% of the l1st-floor interior columns were removed (five
columns). Plastic hinges developed in the beams of the
Ist through the 13th stories, with plastic rotations up to
0.015 radian. For Case 2, the structure was stable after the
loss of five columns, but the rotations were no larger than
0.007 radian. The researchers note that the rotation demands
associated with the loss of 15 to 20% of the columns is
similar to what would be expected for a strong earthquake.
They also observe that columns in high-strength steel [yield
stress of 65 ksi (460 MPa)] may further improve the structural
performance.

Finally, any effects of strain hardening, different strain
rates and overstrength of the steel have not been examined.
Similarly, the dynamic (i.e., brittle) effects of column re-
moval have not been studied; this would be an important ad-
dition to the state of the art. It is anticipated that these topics
will be addressed in further studies.

:
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Fig. I (a). Elevation of frame for column removal study
(courtesy of Professor Dan Dubina).

220 / ENGINEERING JOURNAL / THIRD QUARTER / 2009

Robustness of Parking Garages against Localized Fire:
This three-year project is a major collaborative study, in-
volving universities, companies and research centers in five
European countries. The lead institution is the University
of Liege in Liege, Belgium; the other institutions are Im-
perial College in London, England; University of Coimbra
in Coimbra, Portugal; the steel producer ArcelorMittal in
Luxembourg; and CTICM, the French steel construction
institute. Funding has been provided by the Research Fund
for Coal and Steel of the European Commission. Professor
Jean-Pierre Jaspart of the University of Liege is the director
of the project.

The project was recently started, so any results are not
yet available. However, input from the research partners and
access to the European fire research database will be critical
to the success of the work. The effects of nonuniform tem-
perature distributions, connection behavior and other aspects
of the response of the parking structures to localized fires
will be examined, with the aim of providing practical design
criteria and realistic performance descriptions.

Itis interesting to observe that a parking garage fire test was
conducted by the American Iron and Steel Institute (AISI) in
Scranton, Pennsylvania, in 1972, using a full-size American
car as the source of the fire (Gage-Babcock, 1973; Harris,
1979). The steel structure had no fire protective materials for
any components. The garage and its members behaved very
well, with no local or overall member or structural failure.

Robust Structures by Joint Ductility: This is a three-year
collaborative research project that was completed in 2007.
Involving the University of Liege in Liege, Belgium, the Uni-
versity of Stuttgart in Stuttgart, Germany, and the University
of Trento in Trento, Italy, the industrial partner was the steel
producer ARBED, Arcelor Group, from Luxembourg. Fund-
ing was provided by the Research Fund for Coal and Steel
of the European Commission. Professor Ulrike Kuhlmann of
the University of Stuttgart was the project director.

The project focused on how redundancy and general
structural system robustness could be mobilized to prevent
a local failure from progressing to overall failure of the
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Fig. 1(b). Floor plan for building
(courtesy of Professor Dan Dubina).



structure. In particular, the ductility of steel and the capacity
of the connections to undergo very large deformations were
examined as key elements of the stress resultant redistribution
throughout the frame. The full-scale tests at the University of
Liege are especially interesting, as they focused on column
removal within a two-bay substructure of a composite frame,
examining the robustness of the connections as well as the
frame (Demonceau, 2008; Demonceau and Jaspart, 2008).
Complete nonlinear finite element analyses of the structure
and the substructure that was tested have been conducted,
using static loads. Figure 2 shows one of the specimens after
the completion of the test.

The final report of the project is not yet available. It will
be published by the Science Research Development arm of
the European Commission.

INDUSTRIAL STRUCTURES AND APPLICATIONS

Uplift Criteria for Unanchored Circular Tanks Subject-
ed to Seismic Loads: This is a research project that is just
getting started at the Swiss Federal Institute of Technology
in Lausanne, Switzerland. The project director is Professor
Alain Nussbaumer.

The European experience with circular silos and tanks has
shown that there may be significant risk for uplift and failure
of the welded bottom connections when these structures are
subjected to seismic loads. The design criteria are provided
by Eurocodes 3 and 8 (CEN, 2005a; 2005b); analyses have
shown that the anchoring for many of the silos and tanks need
to be strengthened to ensure satisfactory performance. Vari-
ous models for uplift have been developed, but the problems
are highly complex and are not completely understood. The
results also vary a great deal and do not provide consistent

Fig. 2. Robustness test of two-span composite beam with column
removed (courtesy of Jean-Frangois Demonceau,).

predictions for slender and stocky tanks alike. The project
aims at resolving the technical issues as far as behavior and
strength are concerned, including questions related to low-
cycle fatigue of the welded base plate to tank connections.
It is also anticipated that improved code criteria will be de-
veloped.

Based on finite element analyses, Figure 3 gives an ex-
ample of the relationship between the uplift force (V), the
vertical displacement (w) and the uplift length of the base
(L) for a tank with a height to radius aspect ratio of H/R =
0.5 (Scharf, 1989).

Geometric Nonlinear Analysis of Slender Structures:
This is a major collaborative research and development
project involving universities in Germany, Russia and South
Africa, with Professor Peter Dunaiski of the University of
Stellenbosch in Stellenbosch, South Africa, as the project
director and lead researcher. The project has been under way
for some time, and a book that will feature the nonlinear
techniques and software that have been developed will be
published by the University of Stellenbosch in 2009.

As an example, the approach to nonlinear analysis has
been applied to a study of slender, long-span trusses that
has been conducted at Stellenbosch. Coupled with full-scale
tests, among other findings is the observation that the effec-
tive lengths of truss verticals and diagonals are significantly
smaller than the system lengths. Figure 4 shows one of the
trusses that was analyzed. Another study examined the de-
sign of slender portal frames, determining that serviceability
governs these structures as opposed to strength.

Seismic Response of Cold-Formed Steel Structural Sys-
tems in Special Bolted Moment Frames: This project was
conducted at the University of California at San Diego, with
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Fig. 3. Tank uplift force in relation to displacement and uplift
length (Scharf, 1989) (courtesy of Professor Alain Nussbaumer).
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Professor Chia-Ming Uang as the director. The study was
funded by the American Iron and Steel Institute and was
completed in 2007, including the development of a new
AISI/ANSI design standard for these types of frames (AISI,
2007; Sato and Uang, 2008). A notable achievement, it is
emphasized that this is the first time a seismic standard has
been developed for use with cold-formed members.

These special bolted moment frames (SBMF) are com-
monly one story only and are used as mezzanine or plat-
form structures within other structures typically industrial

Fig. 4. Long-span slender truss
(courtesy of Professor Peter Dunaiski).
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Fig. 5. Connection for special bolted moment frames with cold-
formed beams (courtesy of Professor C.-M. Uang).
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installations. They are very common and economical solu-
tions for unique needs and are used a great deal in California
and other seismically active areas. The SBMF uses HSS col-
umns with cold-formed C-shape beams, as shown in Figure
5. The connections are bolted, as shown, most commonly
with 1-in.-diameter HS bolts; these are installed as snug-
tight bolts only.

The project examined the response of the frames to a large
number of ground motions and determined that most of the
energy absorption took place in the connections. Nine full-
scale tests were conducted (Sato and Uang, 2008), and no
local or overall buckling occurred during the tests. Using a
capacity design approach in the development of the connec-
tion model, the analyses also predicted such behavior. It is
interesting to observe the hysteretic response of the connec-
tion and compare this to what is commonly seen for many
hot-rolled connections. An example is shown in Figure 6,
demonstrating very different behavior but excellent connec-
tion rotation and energy absorption capacity.

ANALYSIS OF STEEL STRUCTURES

Application of Optimization Techniques to Assess Effects
of Imperfections: This study has been conducted at the Uni-
versity of Ljubljana in Ljubljana, Slovenia, with Professor
Joze Korelc as the project director.

Many structures are imperfection sensitive, especially
structures with very slender members such as cold-formed
elements and certain plate girders with very thin webs. It is
important to find the most critical types, locations and ori-
entation of the imperfections and to determine the ultimate
limit state(s) that is governed by each of these. Using opti-
mization philosophy, an algorithm has been developed that
takes into account nonlinear primal and first-order sensitiv-
ity analysis to arrive at the moist suitable objective function
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Fig. 6. Hysteresis characteristics for the connection of a special
bolted moment frame (courtesy of Professor C.-M. Uang).



(Kristanic and Korelc, 2008). The method is capable of deal-
ing with a range of imperfection magnitudes, using linear
combinations of certain basic types. Constraints can be set
to allow for the selection of various basic shapes, including
selection of boundary conditions and characteristic shapes.

It has been found that if only the amplitude of the imper-
fections is constrained, the solution gives significantly lower
ultimate loads than what is found in physical experiments.
Part of the problem is that some of these imperfection shapes
are, in fact, technically impossible. Although the method is
very powerful, it is, therefore, important to ensure that the
imperfection shape is realistic. The magnitude of the imper-
fections must also be controlled, to avoid getting unrealistic,
very low ultimate loads.

Figure 7 shows a girder with exaggerated (for illustration
purposes) imperfections, but the form of the deflections is
realistic. The method is very efficient for computations.
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Fig. 7. Girder with the optimized governing imperfections
(courtesy of Professor Joze Korelc).
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