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Cyclic Behavior and Seismic Design of Bolted Flange 
Plate Steel Moment Connections
ATSUSHI SATO, JAMES D. NEWELL and CHIA-MING UANG

Steel moment connections in high seismic regions typi-

cally use welded beam fl ange-to-column fl ange joints. 

Field welding of these connections has signifi cant economic 

impact on the overall cost of the building. A moment con-

nection that could eliminate fi eld welding in favor of fi eld 

bolting and shop welding could result in a more economical 

seismic moment frame connection.

One type of bolted moment frame connection consists of 

plates that are shop welded to the column fl ange and fi eld 

bolted to the beam fl ange and is known as the bolted fl ange 

plate (BFP) moment connection. As a part of the SAC Joint 

Venture Phase II Connection Performance Program, eight 

full-scale BFP moment connection specimens were tested 

(Schneider and Teeraparbwong, 2000). Tested connections 

exhibited predictable, ductile behavior and met established 

acceptance criteria. However, beam sizes were limited to 

W24×68 and W30×99.

The AISC Connection Prequalifi cation Review Panel 

(CPRP) is currently reviewing the bolted fl ange plate mo-

ment connection for inclusion in the next edition of the AISC 

Prequalifi ed Connections for Special and Intermediate Steel 
Moment Frames for Seismic Applications (AISC 2005a). To 

expand the experimental database for prequalifying the BFP 

moment connection for special moment frames, cyclic test-

ing of three full-scale BFP steel moment connection speci-

mens has been conducted. Beam sizes for these specimens 

(W30×108, W30×148, and W36×50) were larger than previ-

ously tested to extend the range of available experimental 

results.

EXPERIMENTAL PROGRAM

Connection Details and Test Setup

Three full-scale, one-sided moment connection specimens, 

without a concrete slab were fabricated and tested in accor-

dance with Appendix S of the AISC Seismic Provisions for 
Structural Steel Buildings, hereafter referred to as the AISC 

Seismic Provisions (AISC, 2005b). Specimens were designed 

in accordance with the design procedure developed by the 

BFP Committee of AISC’s CPRP. The design procedure (see 

Appendix I) assumes the beam plastic hinge is located at the 

center of the outermost (farthest from the column face) row of 

bolts. Tables 1a and 1b list the member sizes and connection 

details for the specimens. Beam-to-column connection 

details are shown in Figure 1. As indicated in Table 1, Speci-

mens BFP-1 and BFP-2 had 1 in. continuity plates and Spec-

imen BFP-3 did not have continuity plates. Specimen BFP-1 

did not have a panel zone doubler plate while Specimens 

BFP-2 and BFP-3 included a w-in. doubler plate.

Bolt holes in the beam shear tab were short-slotted with 

the slot length oriented parallel to the beam span and bolt 

holes in the beam web were standard holes. Bolt holes in 

the fl ange plate were oversized holes (14-in. diameter for 

1-in. diameter bolts) and bolt holes in the beam fl ange were 

standard holes (11z-in. diameter for 1-in. diameter bolts). 

The short-slotted holes in the shear tab and oversized holes 

in the fl ange plate were provided to accommodate erection 

tolerances.

The distance between the two bolted fl ange plates was de-

tailed to be a in. larger than the nominal beam depth. This 

tolerance accommodates typical variations in actual beam 

depth and any gaps between the beam fl ange and fl ange 

plate larger than 8 in. are fi lled with fi nger shims. For all 

specimens, two 8-in. fi nger shim plates (total 4 in.) were 

installed between the top fl ange plate and beam top fl ange. 

No shims were used between the bottom fl ange plate and 

beam bottom fl ange.

The clear-bay-width to beam-depth ratio of previously 

tested BFP moment connection specimens varied from ap-

proximately 9 to 12 (Schneider and Teeraparbwong, 2000). 

For Specimens BFP-1, BFP-2 and BFP-3 the beam length 

varied in order to maintain a target clear-bay-width to beam-

depth ratio of 12. The overall specimen geometry and test 

setup is shown in Figure 2. Simulated pins were provided at 

the ends of the column, and actuator attachment point at the 
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 (a) Specimen BFP-1 (b) Specimen BFP-2

(c) Specimen BFP-3

Fig. 1. Moment connection details.

Table 1a. Member Sizes

Specimen
Designation

Column Beam
Lc 

(in.)
Lc/db

a

BFP-1 W14×233 W30×108 355¾ 11.94

BFP-2 W14×233 W30×148 3672 11.97

BFP-3 W14×311 W36×150 426d 11.89

a Clear bay width-to-beam depth ratio, Lc    /db (target ratio = 12)

Table1b. Connection Details

Specimen
Designation

Flange
Plates

(in.)

Flange
Plate 

Welding

Row
of

Bolts

Panel Zone
Doubler Plate

(in.)

Continuity
Plates

(in.)

BFP-1 12 ESW 7 NA 1

BFP-2 1¾ ESW 11 ¾ 1

BFP-3 1¾ FCAW 10 ¾ NA
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end of the beam to simulate infl ection points in the actual 

building. A load transfer corbel was bolted to the end of the 

beam and attached to a servo-controlled hydraulic actuator. 

The maximum lateral bracing spacing permitted by the 

AISC Seismic Provisions for Specimens BFP-1, BFP-2 and 

BFP-3 was 107, 113 and 123 in., respectively. For Specimens 

BFP-1 and BFP-2 lateral bracing of the beam was provided 

approximately 105 in. from the centerline of the column. 

The same lateral bracing at a distance of 105 in. from the 

column was also used for Specimen BFP-3. But since test-

ing of both Specimens BFP-1 and BFP-2 showed signifi cant 

beam lateral-torsional buckling and column twisting, it was 

decided to add additional lateral bracing at 177 in. from the 

column centerline (see Figure 2).

Fabrication and Erection

Two different welding processes were used for the fl ange-

plate to column-fl ange complete joint penetration groove 

welds. Flange plates were welded to the column using the 

electroslag welding (ESW) process for Specimens BFP-1 

and BFP-2 and using the fl ux-cored arc welding (FCAW) 

process for Specimen BFP-3.

For the ESW fl ange-plate to column-fl ange welds the sides 

of the weld were formed by water-cooled copper shoes. Two 

Arcmatic 105-VMC 3/32 in. diameter electrodes were placed 

inside a consumable guide tube. Flux (FES72) was added by 

hand per the fabricator’s standard procedure. It took approxi-

mately 15 minutes to completely weld each fl ange plate. The 

electrode used has a specifi ed minimum Charpy-V notch 

(CVN) toughness of 15 ft-lb at −20 °F. [AISC Seismic Pro-
visions specifi es a minimum CVN toughness of 20 ft-lb at 

−20 °F and 40 ft-lb at 70 °F for demand critical welds. On 

the other hand, American Welding Society (AWS) Struc-
tural Welding Code–Seismic Supplement, AWS D1.8 (AWS, 

2005) specifi es a minimum CVN toughness of 20 ft-lb at 

0 °F and 40 ft-lb at 70 °F for demand critical welds.] 

FCAW of the fl ange plates to the column fl ange was done 

with an E70T-1 gas-shielded fl ux-cored electrode (Hobart 

Brothers TM-11, W-in. diameter) and 100% CO2 shielding 

gas. This electrode has a specifi ed minimum CVN toughness 

of 20 ft-lb at 0 °F.

Welding of continuity plates and panel zone doubler plates 

for all specimens used the FCAW process. Welding was 

done with an E70T-1/E70T-9 gas-shielded fl ux-cored elec-

trode (Lincoln Outershield 70, W-in. diameter) and 100% 

CO2 shielding gas. This electrode has a specifi ed minimum 

CVN Toughness of 20 ft-lb at −20 °F. 

Specimens were erected at University of California, 

San Diego, by laboratory staff. The column was fi rst placed 

in position in the test setup, followed by installation of 

the beam to simulate the fi eld erection process. Beam 

web to shear tab bolts were ASTM F1852 (A325TC) 

tension control bolts. Flange plate to beam fl ange bolts were 

(a) Schematic

(b) Specimens BFP-1 and BFP-2

(c) Specimen BFP-3

Fig. 2. Test setup.
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ASTM F2280 (A490TC) tension control bolts. Bolts were 

initially brought to the snug-tight condition with connected 

plies in fi rm contact followed by systematic tensioning of the 

bolts. For the beam web to shear tab connection the middle 

bolt was tensioned fi rst and then bolts were tensioned out-

ward from the middle progressing in an alternating up and 

down pattern. Flange plate to beam fl ange bolts were ten-

sioned, starting with the most rigid portion of the connection 

near the face of the column and then working progressively 

outward.

Material Properties

ASTM A992 steel was specifi ed for all beam and column 

members. ASTM A572 Gr. 50 steel was specifi ed for all 

plate material. Material properties determined from tension 

coupon testing are shown in Table 2 and additional informa-

tion may be found in Sato, Newell and Wang (2008).

Loading Protocol and Instrumentation

The loading sequence for beam-to-column moment connec-

tions as defi ned in the 2005 AISC Seismic Provisions was 

used for testing (see Figure 3). Displacement was applied 

at the beam tip and was controlled by the interstory drift 

angle. Specimens were instrumented with a combination of 

displacement transducers, strain gage rosettes, and uniaxial 

strain gages to measure global and local responses. Figure 4 

shows the location of displacement transducers. Displace-

ment transducer δtotal measured the overall vertical displace-

ment of the beam tip. δ1 and δ2 measured column movement. 

δ3 and δ4 measured the average shear deformation of the 

column panel zone. δ5 and δ6 measured the slippage between 

fl ange plates and beam fl anges. For additional instrumentation 

information see Sato et al. (2008). The data reduction proce-

dure was a modifi ed version of one formulated by Uang and 

Bondad (1996). The procedure (see Appendix II) was used 

to compute the components of beam tip displacement, δtotal, 

that are contributed by deformation of the beam, column, 

panel zone and slip-bearing between the fl ange plates and 

beam fl anges.

EXPERIMENTAL RESULTS

Several observations were made during testing that were 

similar for all three specimens. Bolt slip, which produced 

very loud noises, occurred during early cycles (at 0.375% 

or 0.5% drift) and on all subsequent cycles. Yielding in the 

connection region, as evidenced by fl aking of the whitewash, 

was observed to initiate at 2% drift. Beam fl ange and web 

local buckling initiated at 4% drift, and lateral-torsional 

buckling (LTB) of the beam together with twisting of the 

column was observed at 5% drift.

Testing of Specimen BFP-2 was stopped after one com-

plete cycle at 6% drift due to safety concerns resulting from 

the observed column twisting [see Figure 5(a)]. For Speci-

men BFP-3 signifi cant beam LTB and column twisting, as 

shown in Figure 5(b), were observed at 6% drift. For this 

specimen, which did not require continuity plates, the unusu-

al yielding pattern of the column, shown in Figure 6, might 

have been caused by column fl ange local bending, web local 

yielding, and column twisting (i.e., warping stress).

Specimen BFP-1 experienced net section fracture of the 

beam bottom fl ange at the outermost bolt row on the second 

excursion to 6% drift. Specimen BFP-3 failed in the same 

Table 2. Steel Mechanical Properties

Member Size
Steel 
Grade

Yield 
Strengtha

(ksi)

Tensile 
Strengtha

(ksi)

Elongationa,b

(%)

Column
W14×233

A992

51.5 76.5 28

W14×311 55.0 78.0 27

Beam

W30×108 52.0 77.5 30

W30×148 58.5 80.0 27

W36×150 63.5  81.0  31

Bolted Flange

Plate

12-1in. PL

A572 

Gr. 50

60.5 87.5 25

1¾-in. PL 54.5 81.5 27

Doubler Plate ¾ in. PL (57.0) (78.0) (20)

Continuity Plate 1 in. PL (56.7) (80.3) (20)

a Values in parentheses are based on Certified Mill Test Reports.
b Certified Mill Test Report elongation in parentheses based on 8-in. gage length, others based on 2-in. gage length.
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 Fig. 3. AISC loading sequence. Fig. 4. Instrumentation plan.

  

 Fig. 5. Beam lateral-torsional buckling and column twisting at 6% drift. Fig. 6. Specimen BFP-3: yielding in column.

(a) Overall (west side)

(b) West side detail

(c) East side detail

(a) Specimen BFP-2

(b) Specimen BFP-3
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 Fig. 7. Specimen BFP-3: beam fl ange net section fracture. Fig. 8. Moment versus beam tip displacement relationships.

manner on the fi rst excursion to 7% drift. Figure 7 shows the 

location and a close-up view of the fracture. For both speci-

mens LTB of the beam increased the tensile strain demand 

on the edge of the fl ange net section (i.e., between the fl ange 

edge and bolt hole) where failure was observed. Maintaining 

an adequate edge distance is, therefore, important for the de-

sign of BFP connections. Fracture was preceded by the oc-

currence of necking at the net section. It is likely that Speci-

men BFP-2 would have experienced net section fracture had 

testing not been stopped due to safety concerns.

A plot of the moment (at column face) versus beam tip 

displacement relationship is shown in Figure 8 for the three 

specimens. To meet the acceptance criteria of the AISC 

Seismic Provisions, specimens shall satisfy the following 

requirements: (1) the connection must be capable of sustain-

ing an interstory drift angle of at least 0.04 rad, and (2) the 

required fl exural strength of the connections, determined 

at the column face, must equal at least 80% of the nominal 

plastic moment (Mpn) of the connected beam at an interstory 

drift angle of 0.04 rad. The vertical dashed lines shown 

in Figure 8 are at 4% drift and the horizontal dashed lines 

are at 80% of the nominal plastic moment. Specimens ex-

ceeded the requirements of the AISC acceptance criteria and 

achieved an interstory drift angle of at least 0.06 rad. The 

pinching observed in the hysteresis loops is mainly attrib-

uted to the slip-bearing behavior of the bolted connection. 

After some amount of initial slippage, hardening behavior 

can be observed due to bearing between the bolt, fl ange plate 

and beam fl ange.

(a) Fracture Location

(a) Specimen BFP-1

(b) Close-up

(b) Specimen BFP-2

(c) Specimen BFP-3
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COMPARISON OF RESULTS

The overstrength factor, α, resulting from cyclic strain hard-

ening, for each specimen as computed from Equation 1 is 

shown in Figure 10.

 α =
M

M
u

pa

 (1)

Ultimate moment, Mu, was calculated from test data at the 

assumed plastic hinge location and Mpa was the plastic mo-

ment of the beam based on measured fl ange yield strength. 

Specimen overstrength values were similar to the value of 

1.15 [= (Fy + Fu)/2Fy] given by AISC Prequalifi ed Connec-
tions for Special and Intermediate Steel Moment Frames for 
Seismic Applications (AISC, 2005a).

Signifi cant LTB of the beam and twisting of the column 

were observed in all specimens. Figure 11(b) shows one col-

umn fl ange strain gauge, near the fl ange tip, plotted versus 

the gauge near the opposite fl ange tip [see Figure 11(a)] for 

Specimen BFP-2. Deviation from the one-to-one (dashed) 

line provides an indication of column twisting (i.e., warping 

stress). Similar evidence of column twisting was observed 

for the other specimens. The specimens did not include a 

concrete structural slab, which would have provided lateral 

bracing to the beam top fl ange and torsional restraint to the 

column. Column twisting has been observed in testing of 

RBS moment connection specimens with deep columns and 

without a concrete structural slab (Chi and Uang, 2002), but 

not in testing with W14 columns. Additional deep column 

moment connection testing has indicated that the presence 

of a concrete structural slab mitigates column twisting issues 

associated with deep columns (Zhang and Ricles, 2006). 

However, the column twisting observed in this testing is a 

phenomenon that has not been previously observed in test-

ing of moment connections with W14 columns with or with-

out a concrete structural slab.

Potential contributing factors to the observed column 

twisting include (1) the geometry of the fl ange plate con-

nection, which pushes the plastic hinge location further 

away from the column face, and (2) the oversized holes in 

Fig. 9. Components of beam tip displacement.

Figure 9 shows the relative contribution of the column, 

beam, panel zone, and slip-bearing deformation to the over-

all beam tip displacement at different drift levels. [For Speci-

men BFP-2, components at 5% and 6% drift are not shown in 

Figure 9(b) because column twisting affected the measure-

ments.] Shear deformation in the panel zone and slippage 

between the fl ange plate and beam fl ange made signifi cant 

contributions to the total beam tip displacement of Speci-

mens BFP-1 and BFP-2. Deformation in the panel zone of 

Specimen BFP-3 was limited because of the strong panel 

zone (demand-capacity ratio of 0.73). But slippage and bear-

ing between the fl ange plate and beam fl ange made a signifi -

cant contribution to the total beam tip displacement. 

Fig. 10. Beam cyclic overstrength ratio.

(b) Specimen BFP-2

(c) Specimen BFP-3

(a) Specimen BFP-1

221-232_Sato_Newell_Uang_2008_4Q.indd   227221-232_Sato_Newell_Uang_2008_4Q.indd   227 10/20/08   3:19:17 PM10/20/08   3:19:17 PM



228 / ENGINEERING JOURNAL / FOURTH QUARTER / 2008

the fl ange plates allowing transverse movement of the beam. 

The gap between oversized bolt holes and the bolt shank al-

lows for transverse movement of the beam; the second-order 

effect resulting from such eccentricity in the beam compres-

sion fl ange, although small initially, promotes LTB of the 

beam. With the plastic hinge located farther away from the 

column face than for typical (e.g., reduced beam sections) 

welded moment connections, the effect of out-of-plane forc-

es is magnifi ed (Chi and Uang, 2002). 

It is expected based on the design of the bolted connection 

that slip will occur. However, slip occurred at approximately 

one-half the expected slip capacity considering the total re-

sistance of all bolts in the connection. As shown in Figure 9, 

deformation from slip-bearing made a signifi cant contribu-

tion to the total deformation. For all specimens at 4% drift 

slip-bearing deformation contributed approximately 30% of 

the total deformation. The level of slip-bearing deformation 

was observed to be consistent for different loading ampli-

tudes (i.e., 2, 3, 4%, drift).

The contribution of slip-bearing deformation to the total 

deformation is dependent on the oversize of the bolt holes in 

the fl ange plate and beam fl ange. During testing, bolt slip was 

observed to occur on early cycles and signifi cantly contrib-

uted to the overall beam tip displacement on these cycles. As 

a result, beam fl ange yielding for the BFP specimens was not 

observed to occur until 2% drift, whereas for a typical weld-

ed moment connection, fl ange yielding would be expected at 

about 1% drift. Also, the observed level of beam fl ange and 

web local buckling was less severe than observed in previ-

ous testing of welded moment connections (Uang, Yu, Noel 

and Gross, 2000). Bolt slippage and bearing deformation in 

the BFP connection accommodated deformation that would 

have induced both local and lateral-torsional buckling in a 

welded connection.

Specimens BFP-1 and BFP-3 eventually failed by net 

section fracture of the beam fl ange at the outermost row of 

bolts. Testing of Specimen BFP-2 was stopped before frac-

ture, but necking at the outermost row of bolts was observed 

and it is likely that fracture on the net section would have 

occurred if testing was continued. Demand on the net section 

was exacerbated by LTB of the beam. Figure 12 shows strain 

profi les across the Specimen BFP-3 beam bottom fl ange for 

different drift levels. The skew of the strain profi les at higher 

drift levels resulted from beam LTB. 

SUMMARY AND CONCLUSIONS

Three full-scale, one-sided, bolted fl ange plate steel moment-

frame connection specimens consisting of W14 columns 

and W30 to W36 beams were subjected to increasing am-

plitude cyclic testing to support prequalifi cation of the 

bolted fl ange plate connection for special moment resist-

ing frames. All three specimens performed well and met 

the acceptance criteria of the AISC Seismic Provisions. 

Fig. 11. Specimen BFP-2: column fl ange strains. Fig. 12. Specimen BFP-3: strain profi les across beam bottom fl ange.

(b) Comparison of strain gauges S26 and S27

(a) Strain gauge locations (a) Strain gauge locations

(a) Strain profi le (S17, S18, S19)
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Specimens achieved an interstory drift angle of 0.06 rad 

before failure. Specimens BFP-1 and BFP-3 failed by beam 

fl ange net section fracture and for Specimen BFP-2 necking 

at the outermost row of bolts was observed. The tensile de-

mand on the net section where fracture occurred was further 

increased by LTB of the beam.

On large drift cycles (5% and 6%) column twisting was 

observed in addition to beam LTB. The specimens did not 

include a concrete structural slab, which would limit LTB 

and column twisting. However, column twisting has not 

previously been observed in testing of moment connection 

specimens with W14 columns without a concrete structural 

slab.

Bolt-slip occurred early during testing of all three speci-

mens. The BFP connection differs from welded moment 

connections in that the additional component of bolt slip-

bearing contributes to overall inelastic deformation of the 

connection. Slip-bearing deformation contributed a signifi -

cant amount to the total deformation (approximately 30% of 

the total deformation at 4% drift).
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APPENDIX I: DESIGN PROCEDURE

The draft design procedure outlined below has been de-

veloped by AISC’s CPRP BFP Committee for inclusion 

in Supplement Number 1 to Prequalifi ed Connections for 
Special and Intermediate Steel Moment Frames for Seismic 
Applications, hereafter referred to as AISC Prequalifi ed 
Connections (ANSI/AISC 358-05). The design procedure 

assumes the beam plastic hinge is located at the center of 

the outermost (furthest from the column face) row of bolts. 

The required number of bolts is determined from the force 

in the fl ange plates due to the expected moment demand at 

the face of the column. Controlling shear strength per bolt is 

determined considering the limit states of bolt shear strength 

and bearing strength on the beam fl ange and fl ange plate. 

Tensile rupture of the fl ange plate and block shear of the 

beam fl ange are checked. Continuity plate and column panel 

zone requirements are similar to typical special moment 

frame requirements.

1. Compute the probable maximum moment at the beam 

hinge using the requirements of AISC Prequalifi ed Con-
nections Section 2.4.3.

 M C R F Zpr pr y y x=  (A-1)

2. Compute the maximum bolt diameter preventing beam 

fl ange tensile rupture. For standard holes with two bolts 

per row:
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3. Considering bolt shear and bolt bearing, determine the 

controlling nominal shear strength per bolt.
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4. Select a trial number of bolts. The following equation 

may be a useful way of estimating the trial number of 

bolts.
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5. Determine the beam plastic hinge location, as dimen-

sioned from the face of the column.
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 The bolt spacing between rows, s, and the edge dis-

tance shall be large enough to ensure that Lc, as defi ned 

in AISC Specifi cation (AISC, 2005c) Section J3.10, is 

greater than or equal to 2db.

6. Compute the shear force at the beam plastic hinge lo-

cation at each end of the beam. The shear force at the 

hinge location, Vh, shall be determined by a free body 

diagram of the portion of the beam between the hinge 

locations. This calculation shall assume the moment at 

the hinge location is Mpr and shall include gravity loads 

acting on the beam based on the load combination, 

1.2D + f1L + 0.2S.

7. Calculate the moment expected at the face of the column 

fl ange.

 M M V Sf pr h h= +  (A-6)

8. Compute the force in the fl ange plate due to Mf .
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9. Confi rm that the number of bolts selected in Step 4 is 

adequate.

 n
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 (A-8)

10. Determine the required thickness of the fl ange plate.
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11. Check the fl ange plate for tensile rupture.

 F Rpr n≤ φn  (A-10)

 where R n is defi ned in AISC Specifi cation Section J4.1.

12. Check the beam fl ange for block shear.

 F Rpr n≤ φn  (A-11)

 where R n is defi ned in AISC Specifi cation Section J4.3.

13. Check the fl ange plate for compression buckling.

 F Rpr n≤ φn  (A-12)

 where R n is defi ned in AISC Specifi cation Section J4.4. 

When checking compression buckling of the fl ange plate, 

the effective length, KL, may be taken as 0.65S1.

14. Determine the required shear strength, Vu, of beam and 

beam web-to-column connection from:
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 Check design shear strength of beam according to Chap-

ter G of the AISC Specifi cation.

15. Design a single plate shear connection for the required 

strength, Vu, calculated in Step 14 and located at the face 

of the column, meeting the limit state requirements of 

the AISC Specifi cation.

16. Check the continuity plate requirements according to 

Chapter 2 of AISC Prequalifi ed Connections.

17. Check the column panel zone according to Section 9.3 

or 10.3 of the AISC Seismic Provisions, as appropriate. 

The required shear strength of the panel zone shall be 

determined from the summation of the moments at the 

column faces as determined by projecting moments 

equal to Ry  Fy   Zx at the plastic hinge points to the column 

faces. Add twice the thickness of the fl ange plate to the 

beam depth for determining the value of d.

18. Check the column-beam moment ratio according to Sec-

tion 9.6 or 10.6 of the AISC Seismic Provisions, as ap-

propriate.

APPENDIX II: DATA REDUCTION PROCEDURE

1. Panel Zone Component: Use Equation A-14 to compute 

the average panel zone shear strain, γ–, and Equation 

A-15 to compute the panel zone deformation contribu-

tion, δpz, to total beam tip displacement, δtotal.
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2 2
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 (A-14)

 δ γ
pz b

L=  (A-15)

2. Column Component: The column rotation, θc, can be 

computed from Equation A-16 and the column deforma-

tion contribution, δc to δtotal, from Equation A-17.
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3. Slip-Bearing Component: The slip-bearing rotation, θSB, 

and slip-bearing beam tip displacement component, δ SB, 

can be computed from Equations A-18 and A-19, respec-

tively.

 θ
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 (A-18)

 δ θSB SB L=  (A-19)

4. Beam Component: The beam component, δb of δtotal, can 

be computed from Equation A-20.
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NOTATION

Ab Nominal unthreaded body area of bolt

Cpr Factor to account for peak connection strength, in-

cluding strain hardening, local restraint, additional 

reinforcement, and other connection conditions

D Nominal dead load
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Zx Plastic section modulus of a member

a Panel zone width

b Panel zone depth

bf Width of beam fl ange

bfp Width of fl ange plate

d Beam depth

db Beam depth

db Nominal bolt diameter

dc Column depth

di Distance between displacement transducers δ5 and 

δ6

f1 Load factor determined by the applicable building 

code for live loads, but not less than 0.5

n Number of bolts

rn Nominal strength

s Bolt spacing between rows

tf Beam fl ange thickness

tp Flange plate thickness

α Overstrength factor accounting for cyclic strain 

hardening

δ1, δ2 Column displacement transducer (see Figure 4)

δ3, δ4 Panel zone displacement transducer (see Figure 4)

δ5, δ6 Slip-bearing displacement transducer (see Figure 4)

δb Beam component of δtotal

δc Column component of δtotal

δpz Panel zone component of δtotal

δSB Slip-bearing component of δtotal

δtotal Total beam tip displacement

θc Column rotation

θSB Slip-bearing rotation

φ d Resistance factor for ductile limit states

φ n Resistance factor for non-ductile limit states

γ–  Average panel zone shear strain

Fnv Nominal shear stress from AISC Specifi cation 

Table J3.2

Fpr Probable maximum fl ange plate force

Fu Specifi ed minimum tensile strength

Fy Specifi ed minimum yield stress

Fub Specifi ed minimum tensile strength of beam 

material

Fup Specifi ed minimum tensile strength of plate material

H Column height

L Nominal live load

L′ Distance between hinge locations

Lb Beam clear length

Lc Clear bay width

Lc Clear distance, in the direction of the force, between 

the edge of the hole and the edge of the adjacent hole 

or edge of the material

Mf Expected moment at the face of the column fl ange

Mpa Actual plastic moment of the beam

Mpn Nominal plastic moment of the beam

Mpr Probable maximum moment at plastic hinge

Mu Ultimate moment of the beam achieved at assumed 

plastic hinge location (outermost row of bolts)

Rn Nominal strength

Rt Ratio of the expected tensile strength to the specifi ed 

minimum tensile strength Fu

Ry Ratio of the expected yield stress to the specifi ed 

minimum yield stress Fy

S Snow load

S1 Distance from face of column to the fi rst row of 

bolts

Sh Distance from face of column to the plastic hinge 

location

Vgravity Beam shear force resulting from 1.2D + f 1L + 0.2S

Vh Larger of the two values of shear force at the beam 

hinge location at each end of the beam

Vu Required shear strength of beam and beam web to 

column connection
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Simplifi ed LRFD Design of Steel Members for Fire

TAI-KUANG LEE, AUSTIN D.E. PAN and KEN HWA

When a steel structure is exposed to fi re, the steel tem-

peratures increase and the strength and stiffness of the 

steel are reduced, leading to possible deformation and failure, 

depending on the applied loads and the support conditions. 

The increase in steel temperatures depends on the severity 

of the fi re, the area of steel exposed to the fi re, the amount 

of applied fi re protection, the orientation and geometry of 

members, compartments, and properties/types of steel.

The control of structural behavior under fi re conditions 

has historically been based on highly prescriptive building 

code requirements that specify hourly fi re resistance ratings. 

A popular misconception concerning fi re resistance ratings 

for walls, columns, fl oors and other building components is 

that the ratings imply the length of time that a building com-

ponent will remain in place when exposed to an actual fi re 

(FEMA, 2002). However, the traditional approach, based on 

standard testing methodologies such as ASTM E119 (ASTM, 

2000), is often overly conservative and may not be realistic, 

since a number of factors, such as continuity, member in-

teraction, restraint conditions and load intensity, are not ac-

counted for. Furthermore, the characteristics and location of 

the structural member, as well as the actual nature of the fi re 

scenario also infl uence the behavior and eventual failure of 

the structure and are often not accounted for, especially in 

the standard furnace test.

Modern structural steel design codes use an ultimate 

strength design format in which internal actions resulting 

from the maximum likely values of load are compared with 

the expected member strength using the short-term strength 

of the materials under ambient temperature. This design 

format is referred to as load and resistance factor design 

(LRFD) in North America (AISC, 2005a and 2005b), and 

limit states design in Europe (ECS, 1992).

Eurocode 3 provides design guidelines to follow when de-

signing structural members to fi re standards (ECS, 1995). 

These methods involve determining the fi re loads imposed 

on a structure and analyzing the strength of each member at 

elevated temperatures. The structural design for fi re in the 

Eurocode is conceptually similar to structural design for nor-

mal temperature conditions, but with reduction factors ac-

counting for the strength loss at elevated temperatures. The 

methodologies for the calculation of the temperature of un-

protected and protected steel members are given in lumped 

mass, time-step form, with the increase in temperature being 

based on energy transferred to the member.

Fire design has been recently stipulated in the AISC Spec-
ifi cation for Structural Steel Buildings, hereafter referred to 

as the AISC Specifi cation (2005). The new design stipula-

tions, and fi re design in general, remain relatively unfamiliar 

to most structural engineers. This paper proposes a simpli-

fi ed design methodology based on the AISC Specifi cation. 

Design examples are presented and results are compared 

with experimental data.

LITERATURE REVIEW

A comprehensive overview of the fi re resistance of building 

structures is described in Structural Design for Fire Safety 

(Buchanan, 2001). According to Buchanan, structural steel 

design for fi re is conceptually similar to normal design. The 

three main differences are (1) the applied live loads are gen-

erally lower, (2) internal forces may be induced by thermal 

expansion and (3) steel strengths are reduced by elevated 

temperatures. Bailey and Moore (2000a) have developed a 

design method for calculating the performance of steel-

framed structures subjected to fi re, with composite fl ooring 

systems. Their companion paper (Bailey and Moore, 2000b) 

shows how the proposed design method can be applied to 

practical buildings. Usmani, Rotter, Lamont, Sanad and 

Gillie (2001) present theoretical descriptions of the key 

phenomena that govern the behavior of composite framed 

structures in fi res. They discuss both thermal expansion and 

thermal bowing. Simplifi ed fi re design based on LRFD re-

main absent in the literature. 
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LRFD DESIGN FOR FIRE

For LRFD, the AISC Specifi cation requires that the design 
strength of each structural component, φRn  , equals or ex-
ceeds the required strength, Ru, determined on the basis of 
LRFD load combinations,

 φR Rn u≥  (1)

where

Ru  =  required strength 

Rn =  nominal strength 

φ  =  resistance factor corresponding to Rn 

φRn  =  design strength

The deterioration in strength and stiffness of structural mem-

bers, components and systems shall be taken into account 

in accordance with Appendix 4 of the AISC Specifi cation, 

Structural Design for Fire Conditions. For the purpose of 

design, the reduction factors kE, ky and ku are defi ned as the 

ratio of, respectively, the elastic modulus, yield strength and 

tensile strength of steel, at elevated temperature to normal 

temperature. Normal or ambient temperature is assumed to 

be 20 °C (68 °F). 

Tension Members

The design strength of tension members, φtPn, is the lower 

value obtained according to the limit states of yielding in 

the gross section and fracture in the net section (Chapter D 

of the AISC Specifi cation). The design strength of a tension 

member for fi re conditions (AISC Appendix 4.2.4.3b) as-

sumes a uniform temperature over the cross section using 

the temperature equal to the maximum steel temperature.

(a) For yielding in the gross section

 P k F An y y g= ,max  (2)

(b) For fracture in the net section

 P k F An u u e= ,max  (3)

where 

ky,max =  reduction factor for the yield strength of steel at 

the maximum steel temperature 

Fy  =  specifi ed minimum yield strength 

Ag  =  gross area of member

ku,max =  reduction factor for the tensile strength of steel 

at the maximum steel temperature 

Fu  =  specifi ed minimum tensile strength 

Ae  =  effective net area

Compression Members

The design strength of compression members whose elements 
have width-thickness ratios less than λy (compact and non-
compact sections) is φc    Pn (AISC Specifi cation Chapter E). 
The nominal design strength of a compression member for 
fi re conditions is
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where 

K  =  effective length factor 

Lub  =  laterally unbraced length of the member

r  =  governing radius of gyration about the axis of 

buckling

E  =  modulus of elasticity

kE,max =  reduction factor for the elastic modulus of steel 

at the maximum steel temperature

Fe  =  
π2

2

E

KL

r
ub⎛

⎝⎜
⎞
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= elastic buckling stress

Flexural Members

The fl exural design strength of doubly-symmetric compact 
I-shaped members bent about their major axis is φb    Mn 
(AISC Specifi cation Chapter F). Under fi re, the design 
strength of a fl exural member is determined assuming that 
the bottom fl ange temperature is constant over the depth of 
the member.
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for the strength and stiffness loss at elevated temperatures. 

This paper proposes a design methodology, suitable for 

preliminary design that correlates the design strength of the 

member at normal temperature. Reduction factors for design 

strengths under fi re for tension, compression and fl exural are 

presented in the following. The reduction factor is defi ned as 

the ratio of the design strength at elevated temperature to the 

design strength at normal temperature:

1.  Tension members: The reduction factors, ky,max or ku,max, 

in Equations 2 and 3, are plotted in Figure 1 against 

temperature. 

2.  Compression members: The reduction factors due to 

kE,max and ky,max in Equaitons 4 and 5 are plotted in 

Figure 2 with respect to

R
KL /r

E /F

ub

y

=

 R is a nondimensional stability factor. R = 4.71 is the 

transition point between elastic and inelastic buckling.

Fig. 1. Strength reduction curve of tension members.

Fig. 2. Strength reduction curves of compression members.
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where 

Lb  =  length between points which are either braced 

against lateral displacement of compression fl ange 

or braced against twist of the cross section 

Lp  = 1 76. r
E

F
y

y

 

Zx  =  plastic section modulus about the major axis 

Lr  = πr
E

F
ts

y0 7.

Cb  =  lateral-torsional buckling modifi cation factor 

for nonuniform moment diagrams when both 

ends of the unsupported segment are braced and 

is permitted to be conservatively taken as 1.0 for 

all cases 

Sx  =  elastic section modulus about the major axis 

rts  = 
I h

S

y o

x2

Iy  =  moment of inertia about the minor axis
ho =  distance between the fl ange centroids

PROPOSED SIMPLIFIED DESIGN METHOD 
FOR STEEL MEMBERS UNDER FIRE

As seen in the previous discussion, structural design for fi re is 

conceptually similar to structural design for normal temper-

ature conditions. Design of members is the same as normal 

temperature design but with degradation factors accounting 
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3. Flexural members: The reduction factors due to kE,max 

and ky,max, in Equations 6 through 8, are plotted in Figure 

3 with respect to RL = Lb   /Lp. It is assumed the area of 

the web is half the fl ange area, Aw = 0.5Af. RL is a non-

dimensional length factor. RL = 1 and RL = Ly   /Lp 

are transition points for the different design cases. 

The following additional simplifying and conservative 

assumptions are taken for determining the reduction 

factors and Lr   /Lp.
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where 

Aw = (ho – tf) tw = web area

tw = web thickness

Af = bf tf = fl ange area

bf  =  fl ange width

tf  = fl ange thickness

Load Combination

For checking the capacity of a structure or structural ele-

ment to withstand the effect of an extraordinary event such 

as fi re, the load combination from ASCE 7-02 (ASCE, 2002) 

is adopted:

 1.2D + Ak + 0.5L (9)

where 

D  = dead load 

L  = live load

Ak  = load or load effect resulting from an extraordi-

nary event

According to Section C2.5 of ASCE 7-02, extraordinary 

events arise from extraordinary service or environmental 

conditions that traditionally are not considered explicitly in 

design of ordinary buildings and structures. Such events are 

characterized by a low probability of occurrence and usually 

a short duration. Specifi c design provisions to control the 

effect of extraordinary loads and risk of progressive failure 

can be developed with a probabilistic basis. But often is the 

case that data available are limited to defi ne the frequency 

distribution of the load. Ak must be specifi ed by the authority 

having jurisdiction. Moreover, as discussed by Usmani et al. 

(2001), members may experience thermally induced axial 

force and moment due to thermal expansion and thermal 

bowing.

Derivation of the Required Design Strength Ratio 
under Fire

For fi re conditions, the structural design follows the basic 

requirement,

 φR Rnf uf≥  (10)

where 

Ruf  = required strength under fi re
Rnf  = nominal strength under fi re 
φRnf = design strength under fi re

Equation 10 may be rewritten as

 ≥ ×
φ
φ φ
R

R

R

R

R

R

nf

n

uf

n

u

u

 (11)

or

 ≥ ×
φ
φ φ
R

R

R

R

R

R

nf

n

uf

u

u

n

 (12)

The left side of Equation 12 can be referred to as the required 

design strength ratio. The required design strength ratio can 

be expressed as two independent factors,Fig. 3. Strength reduction curves of fl exural members (Aw = 0.5Af).
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 ≥ ×
φ
φ
R

R
F F

nf

n
R os  (13)

where

F
R

R
R

uf

u

=  = required strength factor; ratio of strength 

under fi re conditions over the strength 

under normal temperature conditions 

F
R

R
os

u

n

=
φ

 = overstrength factor of load demand over 
the provided capacity (less than 1.0)

Based on the preceding derivation, the required design 

strength ratio is defi ned as the product of FR and Fos. The de-

sign criterion for fi re is thus simplifi ed to one that correlates 

the required design strength ratio with the reduction factors 

for fi re conditions (see Figures 1, 2 and 3). The overstrength 

factor, Fo, is obtained from normal temperature design. The 

required strength factor, FR, is discussed further.

Required Strength Factor, FR

In most structural designs, the structure is analyzed elastical-

ly and the support and restraint conditions are assumed to re-

main unchanged. For the purpose of simplifi cation, uniform 

thermal expansion and unrestrained boundary conditions are 

assumed in this paper. Because member internal forces are 

proportional to the applied loading combination, the required 

strength factor can be simplifi ed as follows:

 F
D L

D L
R = +

+
1 2 0 5

1 2 1 6

. .

. .
 (14)

Equation 14 could be rewritten as

 

. .

F

L

D

L

D

R =
+

⎛
⎝⎜

⎞
⎠⎟

+
⎛
⎝⎜

⎞
⎠⎟

1 2 0 5

1 2 1 6. .

 (15)

CRITICAL TEMPERATURE

Fire design, based on member strength, can be carried out 

using Equation 13 and Figures 1 through 3. But sometimes, 

instead of strength, member design based on the critical 

temperature is a more convenient indicator of structural per-

formance under fi re. Regression formulas are derived for the 

critical temperatures for different types of members.

Tension Members

For the design strength ratio, φRnf /φRn, given in Figure 1, the 
regression equation is plotted in Figure 4 (for T ≥ 400 °C).

 
φ
φ
R

R
C T C T C T C

nf

n

≈ + + +3
3

2
2

1 0  (16)

where 

C

C

C

3
9

2
6

1

1 1497 10

5 0871 10

7 0096 10

= − ×

×=

= − ×

−

−

−

.

.

.
33

0 3 0862C = .

Combining Equations 13, 15 and 16, the critical temperature 

can be obtained by solving the following equation:

 C T C T C T C

L

D
cr cr cr3
3

2
2

1 0

1 2 0 5

1 2 1

+ + + =
+

⎛
⎝⎜

⎞
⎠⎟

+

. .

. ..6
L

D

Fos⎛
⎝⎜

⎞
⎠⎟

×  (17)

The critical temperatures under different live load and over-

strength conditions are shown in Figure 5. Equation 17 may 

Fig. 4. Strength reduction regression curves of tension members.

Fig. 5. Critical temperatures of tension members.
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be expressed in the following simpler form for the critical 

temperatures of tension members (°C):

 T A
L

D
Bcr = ×

⎛
⎝⎜

⎞
⎠⎟

+ln  (18)

where coeffi cients of A and B are listed in Table 1.

Alternatively, A and B may be approximated by these 

equations:

 A Fos= +29 32  (19)

 B Fos= −826 290   (20)

Compression Members

Referring to Figure 2, the design strength ratio, φRnf    /φRn, 
does not vary greatly with the stability ratio R. To obtain 
a simplifi ed formula, use R = 1.5 as the mean value, and 
a regression curve is obtained as shown in Figure 6 
(T ≥ 93 °C):

 
φ
φ
R

R
C T C T C T C T

nf

n

≈ + + +6
6

5
5

4
4

3
3  (21)

 
C T C T C+ + +2

2
1 0

where

C6
18

1 2137 10= − × −
.

C5
14

1 1832 10= − × −
.

C4
11

3 9768 10= × −
.

C3
8

4 0404 10= − × −
.

C2
5

1 6093 10= × −
.

C1
3

3 5752 10= − × −
.

Table 1. Regression Coefficients for Critical Temperature of Tension Members (°C)

Fos

T A
L
D

Bcr = ×= ×
⎛
⎝⎜

⎞
⎠⎟

+ln

A B

1.0 60.705 539.82

0.9 58.276 564.52

0.8 55.660 590.97

0.7 52.822 619.51

0.6 49.700 650.63

0.5 46.218 685.07

Fig. 6. Strength reduction regression curves 
of compression members.

C0 1 2256= .

Combining Equations 13, 15 and 21, the critical temperature 

can be obtained by solving the following equation:

 C T C T C T C T C Tcr cr cr cr cr6
6

5
5

4
4

3
3

2
2+ + + +  (22)

 

C T Ccr1 0+ + ==
+

⎛
⎝⎜

⎞
⎠⎟

+
⎛
⎝⎜

⎞
⎠⎟

×
1 2 0 5

1 2 1 6

. .

. .

L

D

L

D

Fos

The critical temperatures under different dead and live load 

ratios are shown in Figure 7. Equation 22 may be expressed 

in the following simpler form for the critical temperatures of 

compression members (°C):

 T C
L

D
Fcr = ×

⎛
⎝⎜

⎞
⎠⎟

+ln  (23)
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Fig. 7. Critical temperatures of compression members (R =1.5).

Table 2. Regression Coefficients for Critical Temperature of Compression Members (°C)

Fos

T C
L
D

Fcr = ×= ×
⎛
⎝⎜

⎞
⎠⎟

+ln

C F

1.0 109.94 436.79

0.9 87.342 475.14

0.8 72.330 510.27

0.7 61.308 543.98

0.6 52.604 577.47

0.5 45.371 611.82

Table 3. Regression Coefficients for Flexural Members Under Fire

RL = 0.5

C6 C5 C4 C3

8.5426 × 10−17 −3.5679 × 10−13 5.8637 × 10−10 −4.7694 × 10−7

C2 C1 C0

1.9915 × 10−4 −4.1899 × 10−2 4.7078

RL = 4

C6 C5 C4 C3

2.8344 × 10−18 −2.8605 × 10−14 6.7037 × 10−11 −6.2053 × 10−8

C2 C1 C0

2.4495 × 10−5 −4.9401 × 10−3 1.2953

where coeffi cients of C and F are listed in Table 2. 

Alternatively, C and F may be approximated by these 

equations:

 C F Fos os= − +182 148 75
2  (24)

 F Fos= −787 347  (25)

Flexural Members

Referring to Figure 8, the design strength ratios, φRnf    /φRn, 
are plotted together with regression equations for the two 
extreme cases of braced length condition, RL = 0.5 and 
RL = 4.

 
φ
φ
R

R
C T C T C T C T

nf

n

≈ + + +6
6

5
5

4
4

3
3  (26)

 C T C T C+ + +2
2

1 0

The coeffi cients of regression curves of fl exural members 

are listed in Table 3. Combining Equations 13, 15 and 26, the 

critical temperature can be obtained by solving the following 

equation:

 
C T C T C T C T C Tcr cr cr cr cr6

6
5

5
4

4
3

3
2

2+ + + +

 C T Ccr1 0+ + ==
+

⎛
⎝⎜

⎞
⎠⎟

+
⎛
⎝⎜

⎞
⎠⎟

×
1 2 0 5

1 2 1 6

. .

. .

L

D

L

D

Fos 

(27)
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The critical temperatures under different dead and live load 

ratios are shown in Figures 9 and 10. Equation 27 may be 

expressed in the following simpler form for the critical tem-

peratures of fl exural members (°C):

 T G
L

D
Hcr = ×

⎛
⎝⎜

⎞
⎠⎟

+ln  (°C) (28)

where coeffi cients of G and H are listed in Table 4. 

Alternatively, G and H may be approximated by these 

equations:

For RL = 0.5

  G F Fos os= − +35 10 32
2  (29)

  H Fos= −786 234  (30)

For RL = 4

  G F Fos os= − +206 184 86
2  (31)

  H Fos= −791 336  (32)

Fig. 8. Strength reduction regression curves 
of fl exural members (Aw = 0.5Af).

Table 4. Regression Coefficients for Critical Temperature of Flexural Members (°C)

Fos

T G
L
D

Hcr = ×= ×
⎛
⎝⎜

⎞
⎠⎟

+ln
 

(°C) (RL = 0.5) T G
L
D

Hcr = ×= ×
⎛
⎝⎜

⎞
⎠⎟

+ln
 

(°C) (RL = 4)

G H G H

1.0 56.954 553.74 109.03 451.55

0.9 51.019 575.52 84.463 489.23

0.8 46.157 597.59 69.618 523.15

0.7 42.042 620.46 59.048 555.65

0.6 38.490 644.71 50.807 587.99

0.5 35.406 671.20 44.005 621.28

Fig. 9. Critical temperatures of fl exural members (RL = 0.5).

Fig. 10. Critical temperatures of fl exural members (RL = 4).
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ILLUSTRATIVE EXAMPLE

The following example illustrates how the proposed method-

ology is applied for a simply supported steel beam with the 

given design data:

Dead load = 4 kN/m2; Design live load = 2 kN/m2

Span length (l) = 9000 mm; Width of the slab = 3000 mm

Adequate lateral restraint is assumed, i.e., Lb < Lp 

Design mean temperature = 500 °C

Ste el material is ASTM A36 (Fy = 250 MPa), modulus of 

elasticity (E) = 200000 MPa

Start out with a trial steel beam section W18×40

Normal temperature design

1. Check the local buckling of fl ange and web:

 Flange: 
b

t

f

f2

152 8

2 13 3
=

×
=.

.
5.74 < λp

 where

  λp = = ×0 38 0 38
200000

250
. .

E

Fy

 

   = 10.75   o.k.

 Web: 
h

tw

= =402 7

8

.
50.34 < λp

 where

  λp = 3 76 3 76
200000

250
. .

E

Fy

= ×  

   = 106.35   o.k.

 This beam section is a compact one and the proposed 

methodology is applicable (doubly-symmetric compact 

I-shaped members bent about their major axis).

2. Calculate the moment capacity of the steel beam:

 For W18 × 40, Zx = 1293 cm3

 M F Zn y x= = × =250 1293

1000
323.25 kN-m

3. Combine factored dead and live loads and moments:

 wu = 1.2wD + 1.6wL = 1.2 × 4 + 1.6 × 2 = 8 kN/m2

 M w lu u= = × × × ( ) =1

8

1

8
8 3 9

2 2

243 kN-m

4. Compare the moment capacity against demand:

 ϕb    Mn = 0.9 × 323.25 = 290.93 kN-m > Mu   o.k.

Simplifi ed LRFD fi re design based on 
critical temperature

Calculate the moment overstrength ratio,

Fos = =243

290 93.
0.835

Assume a braced length factor, RL = 0.5, since adequate lat-

eral restraint is provided. Then, using Equations 28, 29 and 

30, determine the critical temperature and compare with the 

design temperature of 500 °C.

Tcr = − + ×
⎛
⎝⎜

⎞
⎠⎟

[ ) ]35(0.835) 10 (0.835 32
2

4
2 ln

)]786 234 (0 835−+ .[

Tcr = 557 °C > 500 °C   o.k.

Simplifi ed LRFD fi re design procedures based on 
member strength

1. Calculate the moment capacity of the steel beam:

 Determine ky,max from linear interpolation. See Table 5. 

 k
y,max

. ( . . )
( )

( )
= + − −

−
=0 66 0 94 0 66

538 500

538 427

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

0.76

 The nominal moment capacity at 500 °C is

 Mnf = ky, max    FyZx = 0.76 × 323.25 = 246 kN-m

2. The combined dead and live load moment for fi re design:

 wuf = 1.2wD + 0.5wL = (1.2 × 4) + (0.5 × 2) = 5.8 kN/m2

 M w luf uf= = ( )( )( ) =1
8

1
8

5 8 3 9
2 2

. 176 kN-m

3. Compare with the moment capacity of the steel beam:

 ϕb    Mnf = 0.9(245.67) = 221 kN-m > Muf    o.k.

Cross-check critical temperature with the design 
strength 

1. Determine, by linear interpolation, ky, max for the critical 

temperature = 557 °C. See Table 5. 

 ky, max . . .= + − −
−

=0 35 0 66 0 35
649 557

649 538
( )

( )
( )

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

0.6

 Calculate the nominal moment strength,

 Mnf = ky, maxFyZx = 0.6 × 323.25 = 194 kN-m

2. Compare the moment capacity with the combined dead 

and live load moment:

 ϕbMn f = 0.9(194) = 175 kN-m

 Muf  =176 kN-m

 The two moment values are very close.
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The main advantage of the proposed LRFD design meth-

odology is that fi re design is greatly simplifi ed. The criti-

cal design temperature is obtained from one equation, e.g., 

Equation 28. At the preliminary design stage, structural 

designers can readily estimate the critical temperatures of 

steel members from two design parameters: the ratio of live 

to dead load and the overstrength factor, Fos.

EXPERIMENTAL VALIDATION

The simplifi ed LRFD fi re calculations are now compared 

with experimental results reported by Rubert and Schaumann 

(1986). Shown in Figure 11 are the simply supported 

I-section beams tested by Rubert and Schaumann. The 

beams were subjected to a constant load at mid-span and 

heated along the entire length. These beams were subject to 

various load ratios Fc /Fu ranging from 0.20 to 0.85, in which 

Fc and Fu are, respectively, the applied and ultimate concen-

trated loads. The experimental results are summarized in 

Table 6 and compared the simplifi ed fi re calculations. The 

self-weight of steel beams and applied concentrated load are 

dead loads; no live loads are included. Unrestrained bound-

ary conditions are assumed. The predicted temperatures are 

calculated by Equation 27, assuming RL = 0.5 (span length 

is 1140 mm) and FR = 1.0. It can be seen in Table 6 that 

the predicted critical temperatures, TP, by the simplifi ed fi re 

calculations are in reasonable agreement with the critical 

temperatures reported experimentally, TE. The predicted or 

calculated critical temperatures are lower than the experi-

mental failure temperatures, thus, they are conservative. 

CONCLUSIONS

This paper proposes a simplifi ed LRFD design methodology 

for steel members under fi re. By extending LRFD design 

under normal temperatures, the fi re design criterion is de-

rived that compares the required design strength ratio with 

the design strength reduction ratio. Design strength ratios 

are derived from the required strength factor and the over-

strength factor. Simplifi ed formulas for member strength at 

elevated temperatures, as well as their corresponding criti-

cal temperatures, are derived for steel members under ten-

sion, compression, and fl exure (doubly-symmetric compact 

I-shaped members bent about their major axis). Sections 

may be compact or noncompact, but boundary conditions 

Table 5. Reduction Factor of Steel at Elevated Temperatures [from AISC Specification (AISC, 2005)]

Steel Temperature kE = Em/E ky = Fym/Fy ku = Fum/Fu

20 °C * * *

93 °C 1.00 * *

204 °C 0.90 * *

316 °C 0.78 * *

399 °C 0.70 1.00 1.00

427 °C 0.67 0.94 0.94

538 °C 0.49 0.66 0.66

649 °C 0.22 0.35 0.35

760 °C 0.11 0.16 0.16

871 °C 0.07 0.07 0.07

982 °C 0.05 0.04 0.04

1093 °C 0.02 0.02 0.02

1204 °C 0.00 0.00 0.00

 *Use ambient properties

Fig. 11. Simply supported beam tested under fi re (Rubert and 
Schaumann, 1986).
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Ci =  regression coeffi cients, where i = 0, 1, 2, 3, 4, 
5, 6

D  =  dead load

E  =  modulus of elasticity, MPa

F  =  regression coeffi cient

Fc  =  applied concentrated load

Fcr  =  critical stress, MPa

Fe  =  elastic buckling stress, MPa

Fos  = 
R

R
u

nφ
= overstrength factor

FR  = 
R

R

uf

u

= required strength factor

Fu  =  specifi ed minimum tensile strength or ultimate 

concentrated load 

Fy  =  specifi ed minimum yield stress, MPa

G  =  regression coeffi cient

H  =  regression coeffi cient

h  =  clear distance between fl anges less the fi llet or 

corner radius at each fl ange, mm

ho =  distance between the fl ange centroids, mm

Iy  =  moment of inertia about the minor axis, mm4

K  =  effective length factor

are assumed to be unrestrained. Engineers and architects 

using the proposed methodology should be aware of the 

limitations of the member sections and boundary conditions. 

One set of experimental data was taken for comparison, and 

the calculated results predicted by the proposed simplifi ed 

formulas compare reasonably well. However, the proposed 

methodology is best suited for preliminary design purposes, 

individual users should verify their specifi c design situation 

and fi nal design should be carried out in conjunction with the 

AISC Specifi cation.

NOTATION

A  =  regression coeffi cient

Ae  =  effective net area, mm2

Af =  bf    tf = fl ange area, mm2

Ag  =  gross area of member, mm2

Ak  =  value of the load or load effect resulting from an 

extraordinary event

Aw =  (ho – tf) tw = web area, mm2

B  =  regression coeffi cient

bf  =  width of fl ange, mm

C  =  regression coeffi cient

Cb =  lateral-torsional buckling modifi cation factor for 

nonuniform moment diagrams when both ends of 

the unsupported segment are braced and is permit-

ted to be conservatively taken as 1.0 for all cases

Table 6. Comparison of Calculated Results with Experimental Data from Rubert and Schaumann (1986)

Specimen 1 2 3 4

Fy (N/mm2) 352 399 399 401

Fc/Fu 0.85 0.70 0.50 0.20

1.2 MD (kN-mm) 8338.63 7785.86 5564.61 2243.87

ϕMn (kN-mm) 7356.10 8338.30 8338.30 8380.10

Normal Temperature Design NG OK OK OK

FR – 1.0 1.0 1.0

Fos – 0.9337 0.6674 0.2678

Required
 

φ
φ
b nf

b n

M
M – 0.9337 0.6674 0.2678

Predicted TP (°C) – 431 533 688

Experimental TE (°C) 520 540 600 730

TP/TE – 0.80 0.89 0.94
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ry  =  radius of gyration about y-axis, mm

Sx  =  elastic section modulus about the major axis, 

mm3

Tcr  =  critical temperature, °C

TE  =  critical temperature reported experimentally, °C

TP  =  predicted critical temperature by the simplifi ed 

fi re calculations, °C

tf  =  thickness of fl ange, mm

tw =  thickness of web, mm

wD  =  design dead load, kN/m2

wL  =  design live load, kN/m2

wu  =  design required load, kN/m2

wuf  =  design required load for fi re design, kN/m2

x  =  subscript relating symbol to strong axis bending

y  =  subscript relating symbol to weak axis bending

Zx  =  plastic section modulus about the major axis

φ  =  resistance factor corresponding to Rn

φb  =  resistance factor for fl exure = 0.90

φc  =  resistance factor for compression = 0.90

φt  =  resistance factor for tension = 0.90 or 0.75

λp  =  limiting slenderness parameter for compact 

element

λy  =  limiting slenderness parameter for noncompact 

element
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kE  =  reduction factor for the elastic modulus of steel at 

the steel temperature

kE,max =  reduction factor for the elastic modulus of steel at 

the maximum steel temperature

ku  =  reduction factor for the tensile strength of steel at 

the steel temperature

ku,max  =  reduction factor for the tensile strength of steel at 

the maximum steel temperature

ky  =  reduction factor for the yield strength of steel at 

the steel temperature

ky,max  =  reduction factor for the yield strength of steel at 

the maximum steel temperature

L  =  live load

Lb  =  distance between points braced against lateral dis-

placement of the compression fl ange, or between 

points braced to prevent twist of the cross section

Lp = 1 76. r
E

F
y

yf

  for I-shaped members including hy-
brid sections and channels, mm

Lr = πr
E

F
ts

y0 7.
, mm 

Lub =  laterally unbraced length of the member 

l  =  span of a simply supported steel beam, mm

Mn  =  nominal fl exural strength

Mnf =  nominal fl exural strength for fi re design

Mu  =  required fl exural strength

Muf  =  required fl exural strength for fi re design

Pn =  nominal compressive or tension strength

R  = 
KL r

E F

ub

y/

/

RL  = 
L
L

b

p

Rn  =  nominal strength

Rnf  =  nominal strength under fi re

Ru  =  required strength

Ruf =  required strength under fi re

r  =  governing radius of gyration about the axis of 

buckling, mm

rts  =  
I h

S

y o

x2
, mm

233-246_Lee_Pan_Hwa_2008_4Q.indd   244233-246_Lee_Pan_Hwa_2008_4Q.indd   244 10/20/08   3:19:58 PM10/20/08   3:19:58 PM



ENGINEERING JOURNAL / FOURTH QUARTER / 2008 / 245

Buchanan, A.H. (2001), Structural Design for Fire Safety, 

John Wiley & Sons.

ECS (1992), Eurocode 3: Design of Steel Structures—Part 
1.1: General Rules and Rules for Buildings, European 

Committee for Standardization.

ECS (1995), Eurocode 3: Design of Steel Structures—Part 
1.2: General Rules—Structural Fire Design, European 

Committee for Standardization.

FEMA (2002), World Trade Center Building Performance 
Study: Data Collection, Preliminary Observations, and 
Recommendations, FEMA 403, Federal Emergency Man-

agement Agency.

Rubert, A. and Schaumann, P. (1986), “Structural Steel and 

Plane Frame Assemblies under Fire Action,” Fire Safety 
Journal, Vol. 10, pp. 173–184.

Usmani, A.S., Rotter, J.M., Lamont, S., Sanad, A.M. and 

Gillie, M. (2001), “Fundamental Principles of Structural 

Behaviour under Thermal Effects,” Fire Safety Journal, 
Vol. 36, pp. 721–744.

233-246_Lee_Pan_Hwa_2008_4Q.indd   245233-246_Lee_Pan_Hwa_2008_4Q.indd   245 10/20/08   3:19:58 PM10/20/08   3:19:58 PM



246 / ENGINEERING JOURNAL / FOURTH QUARTER / 2008

233-246_Lee_Pan_Hwa_2008_4Q.indd   246233-246_Lee_Pan_Hwa_2008_4Q.indd   246 10/20/08   3:19:58 PM10/20/08   3:19:58 PM



ENGINEERING JOURNAL / FOURTH QUARTER / 2008 / 247

Quantifying and Enhancing the Robustness in Steel 
Structures: Part 1—Moment-Resisting Frames
CHRISTOPHER M. FOLEY, CARL SCHNEEMAN and KRISTINE BARNES

Unusual or abnormal are the adjectives most often used to 

describe loading imparted to a structural system through 

events of such low probability of occurrence that they can be 

omitted in design of the structural system. When a structural 

system is subjected to an abnormal loading event, there is 

the probability that a component or components will be 

compromised and their load-carrying capacity reduced or 

rendered entirely ineffective. Progressive (disproportionate) 

collapse describes a scenario whereby localized damage to 

the structural system propagates into a failure that is much 

greater than the instigating event. Experience with natural 

disasters (e.g., earthquakes) and performance of structures 

in the World Trade Center complex (NIST, 2005) provides 

evidence that buildings can withstand signifi cant damage 

and localized component failure without total collapse in the 

absence of specialized structural engineering consideration 

for these severe damage states during the original design.

The need to prevent progressive collapse during the de-

sign phase and examples of structural systems suffering 

damage without progressive collapse presents a conundrum 

to the structural engineering profession. Does the profession 

stay the previous course under the assumption that nothing 

needs to be changed? Does it develop load and resistance 

factor design procedures that include target reliabilities 

against progressive collapse for all structural systems? Does 

it recommend that all buildings be designed using such pro-

cedures? It is interesting to note that this conundrum is noth-

ing new as the Institution of Structural Engineers faced it in 

the aftermath of the Ronan Point collapse (ISE, 1969, 1971, 

1972a, 1972b).

The two most commonly referenced United States de-

sign guidelines to evaluate progressive collapse resistance 

in structural systems are published by the General Services 

Administration (GSA, 2003) and the Department of Defense 

(DOD, 2005). These guidelines and criteria exercise indirect 

and direct design procedures (Leyendecker and Ellingwood, 

1977). An indirect design approach would be to require 

that all structural systems have vertical and horizontal ties 

of minimum specifi ed capacities to facilitate the activation 

of alternate load paths in the event of an abnormal loading 

scenario. A direct design approach would be to require the 

structural engineer to explicitly create alternative load paths 

in the structural system by considering element removal sce-

narios and designing members and connections to accom-

modate the secondary load paths that result. The Unifi ed 

Facilities Criteria (DOD, 2005) contains a process whereby 

the structural engineer can align his/her desired protection 

levels against progressive collapse with a suitable design and 

analysis procedure. The engineer will implement an indirect 

or direct design approach based upon the protection level 

sought. The GSA guidelines (GSA, 2003) essentially guide 

the structural engineer into a direct design process. 

By ensuring orthogonal tying mechanisms are present 

and/or carrying out element removal with subsequent struc-

tural analysis, the structural engineer can enhance a system’s 

ability to resist disproportionate collapse. However, tying a 

structural system together (e.g., external cabling) may es-

tablish conditions whereupon portions of a structural sys-

tem that is collapsing pull down adjacent portions of the 

structure (Magnusson, 2004; Loizeaux and Osborn, 2006). 

These issues add another layer to the conundrum facing the 

structural engineer. For example, is there a single tying force 

magnitude that can be used for typical structures? When and 

where should the ties in the system be broken to facilitate 

compartmentalization of damage?

ACI 318 (ACI, 2005) has had minimal general structural 

integrity provisions for decades. Furthermore, other North 

American specifi cations for steel design (CISC, 2004) ex-

plicitly state that “the requirements of this Standard general-

ly provide a satisfactory level of structural integrity for steel 

structures.” Although one could argue the effi cacy of general 

structural integrity provisions in providing defi nitive mitiga-

tion of disproportionate collapse, and debate the evidentiary 

support for broad-based statements regarding the levels of 

structural integrity provided by typical design specifi cations, 
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there is no denying that provisions and statements such as 

these give structural engineers and the general public con-

fi dence that if a design is undertaken using these codes and 

specifi cations, disproportionate collapse is unlikely. General 

structural integrity provisions and/or general statements re-

garding the effectiveness of designs carried out using speci-

fi cations in resisting disproportionate collapse are highly 

desirable.

The objective of this two-part article is to provide in-

formation that can lead to (1) better understanding of dis-

proportionate collapse in structural steel framing systems; 

(2) improved understanding of secondary load paths that 

form within structural steel framing systems in the event 

of a localized failure; (3) development of minimum general 

structural integrity provisions for structural steel framing 

systems analogous to those present in ACI 318; (4) recom-

mendations for minimum tie forces that can be used as the 

basis of indirect design methodologies for structural steel 

framing systems; (5) an understanding of the distribution 

of tensile forces within typical steel fl oor framing systems 

to facilitate compartmentalization damage or collapse; and 

(6) identifi cation of simple and economical means with 

which to enhance the robustness in the typical structural 

steel framing system.

LITERATURE REVIEW AND SYNTHESIS

Length constraints preclude a detailed literature review. 

However, there are three sources that the reader can review 

to gain a complete understanding of the body of literature 

related to progressive collapse. The fi rst is the annotated bib-

liography of Leyendecker, Breen, Somes and Swatta (1976). 

This document covers the body of knowledge accumulated 

during the time frame 1948 to 1976. Foley, Martin and Sch-

neeman (2007) provide a thorough literature review covering 

the years 1976 through 2005, and Mohamed (2006) provides 

a targeted review of state-of-the-art design provisions and 

several relatively recent research efforts.

The Ronan Point collapse in the United Kingdom was the 

structural engineering profession’s fi rst real-life example of 

progressive collapse after an abnormal loading event (Grif-

fi ths, Pugsley and Saunders, 1968). The report describing the 

cause of the collapse event and design recommendations to 

mitigate progressive collapse drew considerable discussion 

(ISE, 1969, 1971, 1972a, 1972b). The U.K. experience very 

quickly evolved into building regulations that have been up-

dated and modifi ed through the years (ODPM, 2005).

Following Ronan Point, considerable attention was paid 

to developing requirements for reinforcement continuity and 

tie arrangements within concrete structural systems (Popoff, 

1975; Speyer, 1976; Breen and Siess, 1979; Fintel and 

Schultz, 1979). Reinforcement continuity recommendations 

for slab systems were also developed to mitigate the tenden-

cy for disproportionate collapse in the event of a punching 

shear failure in a two-way slab system (Hawkins and Mitch-

ell, 1979; Mitchell and Cook, 1984). These research efforts 

serve as the basis for minimum general structural integrity 

provisions in the current concrete code (ACI, 2005).

Studies quantifying the incidence of abnormal loading 

events have been undertaken (Leyendecker and Burnett, 

1976) and serve as the foundation for probability models for 

failure (Ellingwood, Leyendecker and Yao, 1983). These ef-

forts eventually migrated into design strategies for mitigating 

progressive collapse after abnormal loading events (Leyen-

decker and Ellingwood, 1977; Ellingwood and Leyendecker, 

1978; Ellingwood, 2002, 2005; Ellingwood and Dusenberry, 

2005; Ellingwood, 2006).

Objective evaluation of codes and design guidelines for 

progressive collapse mitigative design have been completed 

(Marchand and Alfawakhiri, 2004; Liu, Davison and Tyas, 

2005; Abruzzo, Matta and Panariello, 2006; Ettouney, 

Smilowitz, Tang and Hapij, 2006; Majanishvili and Agnew, 

2006; Ruth, Marchand and Williamson, 2006). There have 

also been thorough reviews of the progressive collapse 

mechanism and abnormal loading events with subsequent 

practical recommendations for mitigating the tendency for 

disproportionate collapse (Iwankiw and Griffi s, 2004; Nair, 

2004; Shipe and Carter, 2004; Nair, 2006). Design strate-

gies that can be used to generate structural engineering solu-

tions with low architectural impact have also been proposed 

(Hamburger and Whittaker, 2004) and the suitability of seis-

mic detailing practice in mitigating progressive collapse in 

concrete structures has been evaluated (Corley, 2002).

A main focus area of past research efforts has been simu-

lating response of structural systems to abnormal loading 

events and simulating the progressive collapse mechanism. 

Girhammar (1980c) examined the role of catenary action 

in a two-span continuous beam system after loss of interi-

or support and the dynamic loading sensitivity of a small 

structural system has been evaluated (Christiansson, 1982). 

McNamara (2003) evaluated the response of a 39-story steel 

building using static pushdown analysis and an energy-based 

methodology for evaluating the tendency for progressive 

collapse following a compromising event has been proposed 

(Dusenberry and Hamburger, 2005, 2006). Recommenda-

tions regarding the use of energy-based procedures for non-

single-degree-of-freedom (SDOF) systems and case studies 

outlining sudden column removal in building systems have 

been made (Powell, 2005). Rahamian and Moazami (2003) 

considered a 35-story steel building and several compromis-

ing scenarios that involve column removal. Khandelwal and 

El-Tawil (2005) discuss the results of detailed fi nite element 

analysis of large-scale building systems and the tendency for 

collapsing portions of a structural system to generate large 
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MOMENT-RESISTING FRAMES CONSIDERED

Evaluating the robustness and structural integrity inher-

ent with the steel structural framing system is a relatively 

daunting task given the fact that there are limitless combi-

nations of shapes, connections and framing confi gurations. 

The SAC-FEMA suite of buildings (Gupta and Krawinkler, 

1999) were selected as base topologies for the research ef-

fort. Pre-Northridge confi gurations located in Boston were 

chosen. The framing confi gurations considered do not 

satisfy strong-column-weak-beam criteria at all beam-to-

column connection locations within the framework. Steel 

wide-fl ange shapes with 50-ksi lower-bound yield stress 

typical of ASTM A992 were used. Framing plans and col-

umn schedules for the frames considered are given in Fig-

ures 1 through 6. Interior beams and girders were assumed to 

be connected using fl exible connections (solid circles at the 

beam ends). Moment-resisting (fully restrained) connections 

at the ends of the beams are indicated with solid triangles. A 

penthouse was located at the roof level and its location is in-

dicated in the plans. Column splice locations are indicated in 

the column schedules, but these splices were not simulated 

in the analysis.

The bases of all columns were assumed to be pinned. This 

is a modifi cation to the three-story SAC-Boston frame. The 

10-story building contains one subterranean level and the 

20-story frame considers two subterranean levels. Nodes 

in the analytical model immediately adjacent to the verti-

cal ground edge were assumed to have horizontal movement 

restrained, but were free to move vertically. The pinned con-

nections at the ends of the infi ll beams and any girders were 

considered fully restrained with regard to bending about the 

member’s minor and longitudinal axes (torsion) to refl ect the 

presence of a concrete fl oor slab. The fl oor-to-fl oor heights 

shown in the column schedules are assumed to be taken 

from centerline of beam/girder to centerline of beam/girder. 

No rigid offsets or fl exible panel zones were considered. 

Centerline-to-centerline horizontal dimensions were consid-

ered throughout. It should be noted that the structural analy-

sis model included two elements per column member and 

four elements per beam member. In order to attain a better 

distribution of mass through the framing system (Powell, 

2005), all in-fi ll beams were divided into two elements. 

 A relatively simplistic loading scenario was used. The 

fl oors were assumed to support a superimposed dead load-

ing of 83 psf, which included concrete-steel composite slab, 

steel decking, ceilings/fl ooring/fi reproofi ng, mechanical/

electrical/plumbing systems, and partitions (20 psf). The live 

loading applied to the fl oors was assumed to be typical of-

fi ce occupancy with a magnitude of 50 psf. The region of the 

roof in the penthouse area was assumed to have a superim-

posed dead loading of 96 psf applied. The live loading in this 

area was taken to be 50 psf. The roof in regions outside of 

the penthouse area was assumed to support a superimposed 

out-of-plane forces on perimeter framing systems. Grierson, 

Safi , Xu and Liu (2005a) and Grierson, Xu and Liu (2005b) 

outline several methodologies intended to be used for pro-

gressive collapse analysis that include the capability to con-

sider debris loading. General evaluation of two-dimensional 

steel building systems with partially restrained connections 

subjected to compromising events has recently been under-

taken (Lim and Krauthammer, 2006). 

In comparison to analytical work, there have been rela-

tively few experimental efforts undertaken to understand the 

impact of abnormal loading scenarios on members and con-

nections within a structural steel system. Owens and Moore 

(1992) evaluated the ability of double angle web cleat and 

fl ush end plate connections (considered fl exible in the United 

States) to support tie forces found in British Standards (BSI, 

2003). Munoz-Garcia, Davison and Tyas (2005) conducted 

experimental testing and fi nite element analysis of these con-

nections to help support and extend this earlier effort through 

use of high-strain-rate loading protocols. Dynamic testing of 

a two-span continuous fl ush end plate connected steel beam 

with instantaneous loss of interior support was completed 

(Girhammar, 1980b). Similar testing with extended end 

plate connections have also occurred (Girhammar, 1980a). 

Relatively recent testing on simple beam connections (Gu-

ravich and Dawe, 2006) provide information on the likely 

capacities for simple framing connections when subjected to 

combined shear and tension loading.

A synthesis of the literature leads to the foundation for 

the present effort. First of all, there are very few studies 

that provide detailed evaluation of member and connection 

demands suitable for the development of general structural 

integrity provisions for steel structural systems. Further-

more, there has been limited study of the impact of fram-

ing system topology on the response of steel framing sys-

tems to abnormal loading events, and there have been very 

few efforts undertaken that consider the response of three-

dimensional (3D) systems to compromising scenarios. To 

achieve the objectives listed earlier and address gaps in the 

body of knowledge revealed through the literature review 

and synthesis, this two-part article outlines and imple-

ments a series of transient and static analyses to quantify 

demands placed on members, connections, and the fl oor 

diaphragm within structural steel moment-resisting fram-

ing systems with various topologies when a compromising 

event occurs. Secondary load paths likely to be activated in 

the event a structural member is compromised are identifi ed, 

and attempts to quantify their participation in resisting ap-

plied loading are included in a series of three-dimensional 

inelastic structural analyses. This fi rst paper focuses on 

moment-resisting frames within the overall building and 

a companion manuscript; the second paper (Foley, Barnes 

and Schneeman, 2008) focuses on the typical structural steel 

fl oor framing system. 
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Fig. 1.  Framing plan used for the 3-story building frame.

Fig. 2.  Column schedule for the 3-story building frame.
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Fig. 3.  Framing plan used for the 10-story building frame.

Fig. 4.  Column schedule for the 10-story building frame.
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Fig. 5.  Framing plan used for the 20-story building frame.

Fig. 6.  Column schedule for the 20-story building frame.
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dead loading of 63 psf and a live loading of 50 psf (one 

could argue for a 30-psf snow load). Exterior cladding was 

assumed around the perimeter of the building. This cladding 

was assumed to weigh 25 psf over the wall area, including a 

3.5-ft-high parapet at the roof level. The self-weight of the 

structural steel framing members was computed automati-

cally by the computer software. 

There are several recommended procedures that can be 

used to evaluate the tendency for disproportionate collapse 

(GSA, 2003; DOD, 2005). These procedures were reviewed 

and the transient analysis approach is used in the present ef-

fort. The loading combination applied to the frame at the 

time of the compromising events is

 1.0D + 0.25L (1)

The live loading used is intended to simulate the live load-

ing present at the time of the compromising event. The live 

load models used as the basis for U.S. structural engineer-

ing involve two components: (1) sustained loading and (2) 

extraordinary loading. The sustained portion is assumed to 

be continuously present (with varying magnitude), and it 

represents ordinary offi ce furniture, bookcases, desks, safes, 

their contents, and normal personnel (McGuire and Cornell, 

1974). Variation in the sustained loading magnitude would 

likely be generated by tenant occupancy changes. The ex-

traordinary portion of the live loading is intended to simulate 

those instances where people group during offi ce parties, or 

cases where offi ce furniture is temporarily stacked during 

remodeling (McGuire and Cornell, 1974).

The present study assumes that the live loading present 

when the structural system is compromised is the expected ar-

bitrary point-in-time sustained live loading (Ellingwood and 

Culver, 1977). Extraordinary live loading components are not 

considered. Surveys and analysis of offi ce live loading (Cul-

ver, 1976; Ellingwood and Culver, 1977) indicate that the 

expected arbitrary point-in-time sustained live loading is on 

the order of 11 psf. The present study assumes the live load-

ing present at the time of the compromising event is 12.5 psf. 

It should be noted that no live load reduction is utilized.

THREE-STORY BUILDING

A three-dimensional structural model was developed for 

the three-story building using SAP2000 (CSI, 2004). A 

systematic series of analyses with increasing complex-

ity was conducted. Further details of the modeling and 

analyses undertaken and results can be found elsewhere 

(Foley et al., 2007). An initial critical load analysis con-

ducted without diaphragm stiffness modeling resulted 

in very low elastic critical load factors arising from the 

lack of a “rigid” diaphragm in the system, and the buck-

ling modes were not consistent with reality. As a re-

sult, modeling diaphragm action in the framing system 

was included. The models implemented in the analysis 

assumed that the concrete fl oor slab does not act compos-

itely with the steel skeleton. The slab system deformation 

that is likely to arise subsequent to a column member within 

the framing system becoming ineffective is schematically 

shown in Figure 7. Massless X-bracing members were used 

to simulate the presence of a composite-steel concrete deck 

diaphragm at the fl oor and roof levels through the assump-

tion that the lines of principal tension and compression can 

be replaced with discrete members with an equivalent shear 

racking stiffness to that of the concrete portion of the deck 

system. This concept is very similar to that used by Mahen-

dran and Moor (1999) in the analysis of three-dimensional 

metal buildings. The present analysis assumed a W14×159 

diagonal member with zero material density and eigenvalue 

analysis of the 3D framework with diaphragm members in 

place indicated buckling mode shapes that were in line with 

engineering intuition.

An examination of the framing plan shown in Figure 1 in-

dicates the simply-supported interior framing likely leads to 

limited ability of the system to overcome an interior or cor-

ner column becoming ineffective without activating load re-

sisting mechanisms that are exceedingly diffi cult to include 

in the SAP2000 models utilized (e.g., two-way catenary/

membrane action in the fl oor slab). As a result, interior and 

corner columns becoming ineffective were not considered 

in this frame analysis. It should be noted that conclusions 

regarding interior and corner column removal should not 

be made until two-way catenary action in the fl oor system, 

Fig. 7.  Conceptualization of diaphragm behavior with a 
compromised building and diagonal bracing members 

used to model diaphragm shear deformations.

247-266_Foley_Schneeman_Barnes_2008_4Q.indd   253247-266_Foley_Schneeman_Barnes_2008_4Q.indd   253 10/20/08   3:20:35 PM10/20/08   3:20:35 PM



254 / ENGINEERING JOURNAL / FOURTH QUARTER / 2008

3D response, and connection characteristics are considered 

in the analysis. It was decided to examine a scenario whereby 

an exterior (perimeter) column at the fi rst fl oor level in the 

building was rendered entirely ineffective. The ineffective 

column is located immediately below the second fl oor level. 

It should also be noted that only one column at a time is con-

sidered to be ineffective. The moment-resisting frame layout 

in the building considered suggested several compromised 

column events (highlighted in Figure 1) could be handled 

with a single analysis. Although the manner in which the 

gravity load is delivered through the framing system to col-

umns D1, E1, D5 and E5, and A3, A4, G4 and G3 differ, the 

magnitude of the gravity loading that arrives at each of these 

columns is the same and a plastic mechanism analysis would 

illustrate that one group or the other can be considered in the 

analysis. Therefore, the present analysis considered columns 

D1, E1, D5 and E5 being compromised.

An elastic buckling analysis was conducted to gain an 

engineering feel for the system in the compromised state. 

The fi rst two critical elastic buckling modes were transla-

tional sway modes. Higher torsional buckling modes were 

also present. The magnitudes of the loads at elastic instabil-

ity were signifi cantly greater than the magnitudes implied in 

Equation 1 with applied load ratios at instability exceeding 

2.0. The elastic critical load analysis was used simply as an-

other check point along the way to detailed nonlinear (geom-

etry and material) transient analysis of the frame.

Elastic dynamic analysis was conducted to evaluate the 

effect of column loss rates and geometric nonlinearity on the 

response. The process by which a column in the framework 

becomes ineffective is modeled using time-history analysis. 

Both the gravity loading and a concentrated vertical force 

simulating the loading in the column are applied as time-

history functions (Figure 8). The entire analysis duration 

(4 seconds in this case) was determined via trial and error. 

The gravity loading and column force are applied over a 

1-second interval with an additional 1-second interval with 

constant magnitude that allows the frame to settle in place 

with the gravity loads applied. The column’s resisting axial 

load is then turned off over a time interval, Δtoff, and the frame 

is allowed to dynamically respond to this event. One can 

argue that damping levels during an event whereby beams 

and/or columns in the framing system become ineffective 

will be higher than levels during seismic events (i.e., sig-

nifi cant deformations, cracking, etc., will occur). However, 

the present structural analysis assumes damping at a level 

equal to 5% of critical. Default magnitudes of material-level 

damping in SAP2000 were also used (CSI, 2004).

The impact of turn-off rate and geometric nonlinearity on 

the response was examined. Figure 9 illustrates very little 

difference in peak displacement and the period of the re-

sponse exists with turn-off rates equal to Δtoff = 0.05 s. The 

response seen with inclusion of geometric nonlinearity is 

nearly identical to the linear geometric response. This is ex-

pected since the applied gravity loading is very small relative 

to the factored load levels used in design, the axial load in 

the columns is very small relative to the Euler critical load, 

and there is minimal translation of column ends relative to 

one another.

The SAC-FEMA study of moment-resisting connections 

(FEMA, 2000a, 2000c) pointed out the importance of strain 

rate. To this end, the elastic strain rates for axial loading, 

shear loading, and bending moment were computed (Fo-

ley et al., 2007). Linear geometric response, 5% damping, 

elastic material response, and a turn-off rate of 0.01 second 

were utilized. Local connection effects causing stress con-

centrations were not considered. The strain rates resulting 

from axial loading in the columns and beams range from a 

low of 1,875 με/s (0.0019 in./in./s) and a high of 6,250 με/s 

(0.0062 in./in./s). The strain rates resulting from transverse 

shear were signifi cantly higher in all members. Peak shear 

strain rates occur in the columns of the framework at the 

top of the third story columns. These rates were on the order 

of 28,000 με/s (0.028 in./in./s). Strain rates resulting from 

bending moment for most members in the frame were com-

parable to the axial and shear rates. An exception is element 

1,143, which is a third story column at column line C (see 

Figure 9). The bending moment normal strain rate for this 

member is relatively rapid with a peak equal to 50,000 με/s 

(0.05 in./in./s).

The fracture toughness of steel materials can be reduced 

as the loading rate increases from that used in determining 

the fracture toughness according to ASTM E399 (ASTM, 

1997; Barsom and Rolfe, 1999). Dynamic and intermediate 

Fig. 8.  Conceptualization of column loss scenario implemented 
in the time-history analysis of the compromised framework.
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loading rates are often taken to be on the order of 1.0 × 107 

με/s (10 ε/s) and 1,000 με/s (0.001 ε/s), respectively (Barsom 

and Rolfe, 1999). The time to maximum bending moment or 

maximum shear was on the order of 0.15 second. If it is as-

sumed that the event rendering the column ineffective occurs 

when the steel’s temperature is near room temperature, the 

loading rates found in the elastic time-history analysis give 

no indication that fracture toughness of the constituent ma-

terials will be signifi cantly diminished. It is understood that 

local strain concentrations resulting from connection details 

and fl aws that may be generated through welding have been 

ignored. These issues need further evaluation.

The SAP2000 program has the capability of defi ning a va-

riety of hinge types in addition to interaction surfaces. Shake-

down analysis on benchmark problems led to concerns that 

the version of SAP2000 (CSI, 2004) being implemented was 

unable to properly follow axial load moment interaction sur-

faces; therefore, hinges used in nonlinear material analysis 

for the present study were limited to moment only, with sub-

sequent checks validating this modeling assumption.

The interaction surface assumed in the present study uti-

lizes nominal moment capacities that include limit states of 

lateral-torsional buckling and yielding. In those cases where 

the nominal moment capacity is less than the plastic moment 

capacity of the cross-section, the moment hinge incorporates 

a yield moment that is less than the plastic moment capacity. 

Figure 10 illustrates the moment hinges defi ned for the in-

elastic analysis of the three-dimensional framework and 

their locations within the analytical model. As indicated 

in the fi gure, the moment capacities of the W14×74 and 

W14×99 cross-sections are limited by fl ange local buckling. 

The moment hinges were defi ned using the expected yield 

stress of the material. Points B, C and D are defi ned with a 

small amount of hardening to aid in convergence during the 

nonlinear solution.

Inelastic time-history analysis was carried out by starting 

with a model that was a modifi cation of the elastic analy-

sis model. Major-axis plastic-moment hinge behavior was 

modeled at the locations indicated in Figure 10, and the 

time-step increments used during the Newmark solution al-

gorithm were reduced to 0.001 second. The analytical hinges 

indicated in the fi gure were friction-free pins inserted in the 

model to conservatively simulate fl exible connection behav-

ior at the indicated locations. The convergence tolerance was 

relaxed slightly from the default values, and the event toler-

ance parameter was set to 0.01. The same time-history func-

tions and column upward axial load magnitudes were used 

in the inelastic analysis. Because the elastic time-history 

analysis demonstrated that nonlinear geometric effects were 

negligible, a fi rst-order materially nonlinear analysis was ex-

ecuted here. The system deformations seen in the inelastic 

analysis support this assumption.

Fig. 9.  Impact of column turn-off rates (Δt) on elastic linear and nonlinear geometric response of the 3-story framework.
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Figure 11 illustrates the peak inelastic displacement is 

50% greater than the elastic displacement. This 12.5-in. peak 

displacement is essentially 1.7% of the 60-ft span length in 

the compromised system. A fl exural hinge collapse mecha-

nism did not form in the framework at this imposed demand, 

and the use of geometrically linear analysis is justifi ed (a 

later fi gure illustrates the hinge mechanism). Furthermore, 

assumptions regarding catenary action as a primary load 

transfer mechanism preventing progressive collapse should 

be carefully evaluated. This confi rms earlier recommenda-

tions (Powell, 2005). Catenary forces can become substan-

tial if elastic fl exural behavior is demanded. The structural 

engineer should seek balance between primary fl exural re-

sistance and secondary catenary action. The frame’s con-

fi guration after the event resulted in 11 in. of permanent 

deformation. Plastic hinging is present in this confi guration, 

but a fl exural collapse mechanism has not formed. Loading 

combinations used for static analysis recommended often 

include a 2.0 multiplier to simulate dynamic loading effects 

(GSA, 2003). The results for the elastic and inelastic analy-

sis in Figure 11 appear to indicate that this is conservative as 

suggested by others (Marchand and Alfawakhiri, 2004). 

The X-bracing diaphragm simulation used in the analy-

sis affords an opportunity to examine the activation of the 

fl oor slab system as a column is compromised. Figure 12 

shows the three fl oors in the framing system and the axial 

forces present at the instant the peak vertical displacement is 

reached in the time-history analysis. The diaphragm system 

is activated from front to back of the structural system, and 

the fl oor slab should not be ignored when assessing general 

structural integrity. Bending stiffness in the fl oor slab system 

is ignored in the present analysis, and it is likely that this is 

important at the vertical deformation magnitudes seen in the 

analysis. It is also important to note that the axial forces in 

the girders on either side of column line D are preserved. 

Rigid diaphragm modeling would result in these axial forces 

being zero. The axial tension magnitudes present in the di-

agonal members at the second and third fl oors indicates that 

the system may be amendable to damage compartmentaliza-

tion within the infl uence area of the column line containing 

the ineffective column at these levels. The roof level contains 

signifi cant compression forces.

The bending moment response history for three mem-

bers coming together at the second fl oor at column line C 

is shown in Figure 13. At shortly after 2 seconds, a plas-

tic hinge forms in beam 268 (refer to Figure 9 for element 

indexing). This hinge serves to cap the bending moment at 

the corresponding beam-to-column joint. As a result, the 

Fig. 10.  Moment hinge locations and modeling parameters used.
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Fig. 11.  Response comparison at joint 126 for three-story frame 
with ineffective column at fi rst fl oor and location D-5.

Fig. 12.  Axial forces present in fl oor framing system 
with bracing elements simulating diaphragm.

Fig. 13.  Bending moment time-history response 
for members framing together at the second fl oor 

beam-to-column connection at column line C.

Fig. 14.  Bending moment time-history response 
for members framing together at the roof 

beam-to-column connection at column line C.

bending moments in adjacent columns are capped as well. 

Thus, the hinging in beam 268 serves to protect the columns 

framing into the common joint. Bending moment response 

histories for members 270 and 1,143 are shown in Figure 14. 

In this case, the column forms the plastic hinge fi rst, and the 

demand in the adjacent beam is immediately capped at that 

moment magnitude. It is interesting to note that the elastic 

and inelastic response dampen out to the same static bending 

moment capacity as required by equilibrium and yielding is 

temporary. The bending moment response histories at each 

end of element 268 given in Figure 15 illustrate complete 

reversal of bending moment as the column is rendered inef-

fective. The hinge formations that occurred during the struc-

tural analysis are graphically depicted in Figure 16.
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In general, the peak transient bending moments seen in 

the members are much lower when inelastic behavior is in-

cluded (refer to Figures 13 through 15). The response seen 

also stresses the importance of designing moment-resisting 

connections for full reversal of moment and robustness in 

the structural steel framing system can be enhanced by de-

signing moment-resisting connections for equal moment 

magnitudes in positive and negative bending.

Because the moment hinges utilized in the structural anal-

ysis did not consider axial-load bending-moment interaction, 

a demand-to-capacity ratio was utilized to help quantify the 

extent to which the cross-section yield surface may or may 

not be violated. The demand-to-capacity ratio (DCR) is de-

fi ned as follows,

 DCR = + +
⎛

⎝⎜
⎞

⎠⎟
P

P

M

M

V

Vn n n

2

 (2)

It should be noted that the DCR defi ned in this manner is 

different than that used in seismic specifi cations (FEMA, 

2000b) and progressive collapse mitigative design guide-

lines (GSA, 2003).

The demand-to-capacity ratio expressed in Equation 2 is 

conservative with regard to the interaction of bending mo-

ment and axial loading. Traditional interaction equations for 

wide-fl ange shapes (AISC, 2005) do not involve the quadrat-

ic term accounting for the infl uence of shear. However, the 

interaction equations for HSS do involve a quadratic shear 

contribution (AISC, 2005). Quadratic (circular) models for 

the interaction of transverse shear and bending moment have 

a long history (Hodge, 1959). Rectangular yield surfaces (no 

infl uence of transverse shear on the plastic moment capac-

ity) for modeling the interaction of shear and bending have 

also been utilized in eccentrically braced frame (EBF) re-

search (Ricles and Popov, 1994).

The AISC Specifi cation for Structural Steel Buildings 

(AISC, 2005), hereafter referred to as the AISC Specifi cation, 

is utilized to determine the nominal axial capacities, shear 

capacities, and bending moment capacities for the members. 

The nominal axial capacities of the vertical elements in the 

framework are defi ned using an effective length factor for 

both axes of fl exural buckling equal to 1.0 and a Cm factor 

of 1.0. Moment amplifi cation for P-δ and P-Δ effects were 

ignored because the axial loading in the members is much 

less than the Euler critical load and translation of the column 

ends relative to one another was negligible. The unbraced 

length of the member was taken to be the story height (13 ft). 

Horizontal element (i.e., beams) axial strengths were taken 

to be full yield strengths using expected yield stress with the 

assumption that connections are adequate. In compression, 

the concrete slab is likely to take a signifi cant amount of 

compression force, thus limiting axial compression carried 

by the beam. The bending moment capacity for the vertical 

elements in the system are defi ned using pure-bending modi-

fi ers of Cb = 1.0, which is conservative. Horizontal element 

bending capacity is determined assuming the fully braced 

condition. Local buckling was considered in the defi nition 

of bending capacity for all elements in the system. The shear 

strength of the member is defi ned using the height of the 

web in the cross-section (depth minus two fl ange thickness-

es) and the web thickness. The shear capacity of the web is 

taken from the AISC Specifi cation (AISC, 2005).

Time-histories of nondimensional axial load, shear, and 

bending moment demands along with DCRs for member 

1,143 are given in Figure 17. The majority of the DCR is 

contributed by the bending moment demand and the axial 

load demand throughout the time-history is low (e.g., less 

than 10% of nominal capacity). The DCR for member 1,143 

nears 1.25, which exceeds 1.00 by a signifi cant margin. If 

the load and resistance factor design method were utilized 

to evaluate the capacity of this member, the nondimensional 

Fig. 15.  Bending moment time-history response for 
second fl oor beam (element 268) spanning from column line C 
to D (nonlinear indicates material nonlinearity considered).

Fig. 16.  Moment hinge formation computed during response of 
frame to ineffective column at the fi rst fl oor at location D-5.
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axial demand component would be reduced by a factor of 

2, and as a result, the DCR would migrate toward 1.00. 

Furthermore, the analytical model assumed that a friction-

free pin connection exists at the left side of column 1,143 

(see Figure 9). In all likelihood, this connection will not be 

a friction-free pin, but would have a moment capacity on 

the order of 10% of the plastic moment capacity of the con-

nected beam. This would further reduce the demand on the 

column and the DCR would therefore reduce further.

The peak nondimensional demands and DCRs seen in the 

simulation conducted are given in Table 1. The peak axial 

load demands for the beam members are all low (e.g., less 

than 4% of the axial tension or compression capacity of the 

member’s cross-section). The peak axial force demand for 

member 1,143 is seen to be 11%, and the bending moment 

demand is slightly greater than 1.00. The peak tension forces 

occur in the fl oor beams immediately above those adjacent 

to the compromised fl oor level. The maximum tension force 

is 17.5 kips, or approximately 2% of the tension capacity 

of the girder (Foley et al., 2007). It should be noted that 

Fig. 17.  Nondimensional force demands 
and demand-to-capacity ratio time-histories 

for element 1143 at the top (roof level).

Table 1. Peak Nondimensional Member Demands and Demand-to-Capacity Ratios
 for Inelastic Response to Ineffective Column at Location D-5

Member
(1)

P
Pn
(2)

V
Vn

M
Mn

= += +DCR
P
P

V
V

M
Mn n n

⎛

⎝⎜
⎞

⎠⎟
+

⎡

⎣
⎢
⎢

⎤

⎦
⎥
⎥

2

Left/Bot.
(3)

Right/Top
(4)

Left/Bot.
(5)

Right/Top
(6)

Left/Bot.
(7)

Right/Top
(8)

B
E

A
M

S

268 0.018 0.255 0.126 1.014 0.950 1.095 0.967

271 0.016 0.121 0.256 0.959 1.015 0.976 1.097

269 0.019 0.244 0.082 0.997 0.990 1.071 1.012

272 0.017 0.077 0.245 0.990 0.998 1.011 1.071

270 0.037 0.231 0.080 0.796 0.994 0.882 1.037

273 0.034 0.103 0.251 0.997 1.000 1.039 1.092

C
O

LU
M

N
S

1139 0.336 — 0.046 — 0.223 — 0.558

1140 0.240 0.182 — 0.403 — 0.665 —

1141 0.240 — 0.181 — 0.470 — 0.605

1142 0.113 0.361 — 0.701 — 0.942 —

1143 0.113 — 0.361 — 1.038 — 1.278

1168 0.133 — — — — 0.133 —

1170 0.038 — — — — 0.038 —

1199 0.227 — 0.020 — 0.067 — 0.285

1200 0.166 0.102 — 0.158 — 0.328 —

1201 0.166 — 0.101 — 0.196 — 0.358

1202 0.083 0.253 — 0.347 — 0.491 —

1203 0.083 — 0.253 — 0.503 — 0.647
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Compromised interior and corner columns were not con-

sidered for the same reasons cited earlier with the 3-story 

frame. The three-story frame loading and combination given 

by Equation 1 was used. The framing plan suggested evalu-

ation of the compromised column events shown in Figure 3. 

Slab membrane effects and the response characteristics for 

the connections at the ends of the orthogonal in-fi ll beams 

and the girders are likely to be very important but were not 

considered in the analysis. Zero-density X-bracing members 

were utilized to simulate the presence of a concrete and steel 

deck diaphragm system. The time-history function used to 

simulate column loss utilized a column turn off rate equal 

to 0.01 second.

The impact of geometric nonlinearity (P-δ or P-Δ effects) 

on the response was evaluated using a column turn off rate of 

0.01 second. The peak vertical displacements in the fl oor im-

mediately above the ineffective column were on the order of 

2.5 in., indicating geometric stiffening (i.e., catenary action) 

is not present. Column ends did not tend to translate with re-

spect to one another, and the axial loads in the columns were 

well below the Euler critical load; therefore, loss of stiffness 

due to geometric effects is negligible.

The peak strain rate caused by axial loading in the columns 

and beams was 5,650 με/s (0.0057 in./in./s). The largest strain 

rates caused by transverse shear occurred in the columns, and 

these rates were on the order of 105 με/s (0.00011 in./in./s). 

Bending strain rates in the columns were comparable to 

the strain rates caused by axial loading with a maximum of 

2,000 με/s (0.002 in./in./s). As seen in the three-story build-

ing analysis, the strain rates seen in this structure are only 

slightly more than the intermediate loading rate and orders 

of magnitude lower than the dynamic loading rate (Barsom 

and Rolfe, 1999). The loading rates found in the elastic time-

history analysis give no indication that fracture toughness of 

the constituent materials will be insuffi cient or that the ele-

vated yield strength resulting from increased load rate should 

be considered. It should be emphasized again that stress rais-

ers caused by connection geometry have been ignored.

The need to determine if inelastic time-history analysis 

was warranted was performed by evaluating demand-to-

capacity ratios (DCRs) for the members in the framework 

as defi ned previously in Equation 2. The elastic time-history 

analysis indicated that the largest DCRs are found in the 

beams, which had a peak value of 0.68, and the columns on 

either side of the column rendered ineffective had DCRs less 

than 0.63 (Foley et al., 2007). Overall, the peak DCRs for 

the critical members in the vicinity of the ineffective column 

indicated that inelastic response is unlikely and no plastic 

hinges formed in the framing members in this framework. 

Peak elastic tie force demands in this system were deter-

mined to be 0.02Pn, which is very similar to the demand seen 

in the three-story frame where the response was inelastic. 

compression force will likely be carried by the fl oor slab and 

beam in a symbiotic manner.

One additional item of importance in the assessment of 

the frame’s ability to compensate for an ineffective column 

and prevent disproportionate collapse is the plastic rotation 

demands that are placed on the connections at the ends of 

the beams. Plastic rotation was computed using the displace-

ment results taken from the inelastic time-history analysis. 

The displacement and moment demand data indicated plas-

tic rotation demands that were fairly consistent across all 

members. The plastic rotation demands were on the order of 

0.022 rad in the girders. If the plastic rotation at the top of 

member 1,143 is assumed to provide all rotation at the joint 

facilitating vertical movement at column line D, then the 

plastic rotation in this member is on the order of 0.016 rad.

The plastic rotation demands encountered during the 

compromising event are signifi cant. A recent compendium 

of connection testing information (FEMA, 2000c), indicated 

a wide variety of plastic rotation capacities for typical fully

restrained moment-resisting connections with many ex-

ceeding the 0.022 rad demand predicted. Connections that 

give rise to concerns are welded-fl ange-bolted-web connec-

tions that utilize E70T-4 electrodes without minimum notch 

toughness and higher yield-to-tensile stress ratios and weld-

ed-fl ange-bolted-web connections utilizing E70T-4 elec-

trodes with the backing bar removed. Welded-fl ange-bolted-

web connections with improved access holes, free-fl ange 

connections, cover-plated connections, RBS connections, 

and welded fl ange plate connections all were shown to have 

expected (mean) plastic rotation capacities that exceed the 

peak demand computed. It is expected that a plastic hinge 

forming in the W14×74 member can sustain 0.016 rad of 

plastic rotation prior to signifi cant moment capacity degra-

dation. In many cases, the time-history analysis indicated 

that the plastic capacity of the cross-section was temporarily 

reached (refer to Figure 15) and inelastic reloading did not 

occur.

10-STORY BUILDING

A 10-story frame was also chosen for detailed structural 

analysis for compromising events. This frame was described 

earlier in Figure 3 and a column schedule describing the 

members was given in Figure 4. It is expected that the ten-

sion and compression demands on the connections in this 

framework will vary with the ability for deep-beam action to 

form within the structural system. Thus, the 10-story frame 

is considered to examine the variation in demand placed 

on the members and connections when additional framing 

is present above the compromised area. An overview of the 

analysis conducted on this frame is given in this paper, and 

details are given elsewhere (Foley et al., 2007).
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In the case of the W36×135 girders used in the present frame-

work, this works out to be 0.02(50 ksi)(39.7 in.2) = 40 kips. 

As the number of stories above the compromised column 

increases, a deep-beam mechanism exhibited by beam ten-

sion and compression forces is activated. The axial load dis-

tribution seen in the beams above the compromised column 

is analogous to the normal stress (strain) distribution seen in 

beams with very deep cross-sections. The axial loads seen 

in the beam members include many levels of compression 

being equilibrated with a single relatively large tension force 

in the beams immediately above the compromised column. 

As a result, the axial tension loading is much greater in the 

beams/girders of this frame when compared to the three-

story building (17.5 kips versus 40 kips). Furthermore, the 

peak tension forces in the three-story frame occurred simul-

taneously with the primary fl exural hinging mechanism. Be-

cause the 10-story frame responds in an elastic manner, this 

fl exural hinging is not present. 

20-STORY FRAME

A 20-story structure based upon the SAC-FEMA project 

documents (Gupta and Krawinkler, 1999) was also analyzed. 

The pre-Northridge Boston design was used as the base to-

pology, and the framing plan for this building and its column 

schedule were given in Figures 5 and 6. Load magnitudes 

were the same as those used for the three- and 10-story build-

ings. A slightly modifi ed version of the X-bracing diaphragm 

modeling was used for this framework. Elastic critical load 

analysis of the framework demonstrated that the massless 

X-bracing members were suffi cient to model diaphragm ac-

tion (Foley, Barnes and Schneeman, 2008). Several minor 

changes were made to the frame found in the SAC docu-

ment (Gupta and Krawinkler, 1999). These changes were 

focused on the sizes of the infi ll beams and several column 

members in the interior of the framework. The nodes in the 

analytical model for the building are restrained from lateral 

movement at the lowest two subterranean fl oor plates, but 

vertical movement and rotation was allowed. Translational 

restraints were provided at the bottom of each column. De-

tails of the modeling and analysis completed for framework 

can be found elsewhere (Foley et al., 2008).

Elastic time-history analysis conducted for the 20-story 

frame considered a variety of column removal scenarios at 

the ground-fl oor level. Because the perimeter framing con-

tained moment resisting frames where all girders and beams 

were rigidly connected to the columns (with the exception of 

the corner columns in the east and west frame elevations), six 

column-removal scenarios were identifi ed for analysis (Fig-

ure 5). Each involved rendering one column at the ground 

fl oor level ineffective. The columns were chosen based on 

symmetry of the fl oor plan and their ability to represent gen-

eralized response. 

Preliminary time-history analysis indicated that linear 

geometric analysis was suffi cient to assess response of the 

frames if elastic material response occurred. The initial 

analyses conducted assumed linear material response and 

the validity of this assumption was subsequently evaluated 

through use of demand-to-capacity ratios for members. The 

removal of columns A3 and C1 were found to produce the 

most signifi cant results and these scenarios were selected 

for detailed analysis. The framing plan used in this struc-

tural system results in very low levels of axial loading in the 

corner columns and therefore, loss of column A1 was not 

critical. Maximum vertical displacements at the fl oor level 

immediately above the ineffective column occurred between 

0.0 and 0.25 second after the column was rendered ineffec-

tive. The peak vertical displacement for these two scenarios 

was 0.89 in. and 0.81 in. for removal of A3 and C1, respec-

tively. As in the case of the previous frames, catenary action 

is not occurring in these scenarios.

Maximum overall strain rates when column A3 is com-

promised were also evaluated. The peak strain rate resulting 

from axial load was on the order of 190 με/s for the girders 

and 3,400 με/s for the columns. Peak strain rates resulting 

from transverse shear were 1,200 με/s and 2,400 με/s for the 

columns and beams, respectively. Peak strain rates that re-

sulted from bending moments were on the order of 5,500 με/s 

for the beam members and 1,700 με/s for the columns. The 

strain rates seen in this structure are only slightly more than 

the intermediate loading rate and orders of magnitude lower 

than the dynamic loading rate (Barsom and Rolfe, 1999). 

The loading rates found in the elastic time-history analysis 

give no indication that fracture toughness of the constitu-

ent materials will be insuffi cient or that the elevated yield 

strength resulting from increased load rate should be consid-

ered. It should be emphasized again that stress raisers caused 

by connection geometry have been ignored. 

One interesting item of note is that because the ground 

fl oor columns are rendered ineffective, there is an upward re-

bound of the fl oor immediately below the compromised col-

umn as its stored strain energy is released. This rebounding 

effect suggests that moment resisting connections at the ends 

of beams (be they infi ll or otherwise) should be designed for 

full reversal of moments.

The demand-to-capacity ratio (DCR) defi ned in Equa-

tion 2 was used to evaluate members in the 20-story frame. 

Peak DCR magnitude for columns was 0.82 and peak DCR 

magnitude for beams was 0.36, indicating elastic behavior. 

The peak tension forces in the girders immediately adjacent 

to the compromised column were approximately 40 kips, 

which is approximately 1.6% of the nominal tension capac-

ity of the beam/girder member. It appears that expressing the 

tie force as a function of the nominal axial tension capacity 

of the beam/girder member is relatively consistent across all 

three frames: 1.9% for the three-story frame; 2.0% for the 
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10-story frame; and 1.6% for the 20-story frame. It should 

be emphasized that the three-story frame responded in an 

inelastic manner to the compromising event whereas the 10- 

and 20-story frames responded in an elastic manner. 

CONCLUDING REMARKS 
AND RECOMMENDATIONS

Three structural steel frames were chosen for detailed evalu-

ation of system response during compromising events. The 

event selected was interior column removal at the perimeter 

of the fi rst fl oor level. Three-dimensional structural analysis 

models were developed and the presence of the concrete-

steel composite deck fl oor system was simulated using mass-

less X-bracing members within the plane of the fl oor plate. 

Column removal scenarios were modeled using time-history 

functions. Inelastic and elastic time-history analysis of the 

3D systems was used as required by a series of analyses with 

systematically increasing complexity.

The inelastic analysis results for the three-story frame in-

dicated that the fl oor system becomes an active participant in 

load transfer in the response of the system to a compromis-

ing event. The diagonal X-bracing members simulating shear 

racking stiffness of the fl oor plate were able to preserve the 

dominate aspects of frame response while preventing unde-

sired removal of axial forces in the main tie members that 

would result with rigid diaphragm modeling. It also suggests 

that further study regarding the participation of the concrete-

steel composite fl oor system typically present in the building 

is warranted and that compartmentalization of damage is 

likely most effective accomplished within the infl uence area 

of the compromised column. Damage compartmentalization 

may involve one or more fl oors. As the number of stories de-

creases, the number of sacrifi ced fl oors may need to increase.

It is recommended that all moment-resisting connections 

be designed for equal moment magnitudes in positive and 

negative bending. The structural analysis also suggested that 

full moment reversal at plastic moment capacity magnitudes 

is likely in the beam and girders in a framework in the event 

a column is compromised. Therefore, it is recommended that 

all moment-resisting connections be designed for fully plas-

tic moment capacity in both loading directions.

Strain rates seen in the frames studied were of intermediate 

magnitude. Therefore, it is expected that elevated levels of 

yield stress and reduced fracture toughness may not need to be 

considered in the analysis. However, it should be emphasized 

that geometric effects that will be present in the connections 

of the system were not considered. It is recommended that the 

demand-to-capacity ratios computed in the present study be 

used to further examine detailed connection response.

If the members in the framework respond in a predom-

inantly elastic manner, it is likely a result of a signifi cant 

number of fl oor levels above the compromised area acting as 

a deep beam. This will be exhibited by beams at several lev-

els above the compromised column being subjected to com-

pression forces and the girders immediately adjacent to the 

compromised column being subjected to a relatively large 

tension force. When few fl oors are present above the com-

promised column (e.g., the three-story building) an inelastic 

fl exural mechanism is likely to form. The axial tension forc-

es in the girders appear to be independent of the presence of 

inelastic behavior. The inelastic response of the three-story 

frame indicated that the girder tension forces were approxi-

mately 1.9% of the nominal tension capacity of the girder. 

The elastic response of the 10-story and 20-story frame sug-

gested a tension tie force of 2.0% and 1.6%, respectively. 

Therefore, if one tie force magnitude were to be specifi ed as 

a minimum general structural integrity criterion, it is best to 

have this as a percentage of the tension capacity of the beams 

or girders. Two percent of the axial tension capacity (yield) 

appears reasonable.

The axial, transverse shear, and bending moment demands 

and application rates for these forces taken from the time-

history response traces can be used as the formulation bases 

for analytical and experimental testing efforts to evaluate 

detailed connection response. The rotational demands seen 

in the inelastic analysis of the three-story frame can also be 

used as initial demand targets for this experimental and ana-

lytical work. For example, if one were to consider the DCRs 

in Table 1, a testing protocol for fully restrained moment 

connections could be developed as follows: Apply 2% of the 

tension (yield) capacity of the beam member simultaneously 

with the fully plastic moment capacity of the connection, 

and impart rotational demand of 0.022 rad in both positive 

and negative directions. The present analysis effort can serve 

as the basis for establishing experimental demand expecta-

tions and experimental protocols to be used to study a wide 

variety of connections in the structural steel framing system 

and conduct detailed evaluation of the connection response.

Finally, 3D response simulation should be carried out in 

order to evaluate the inherent structural integrity or robust-

ness present in the structural steel framing system. This 3D 

response should consider connection characteristics and 

modeling of the concrete-steel fl oor slab system. It is very 

important that studies be undertaken to evaluate other col-

umn loss scenarios within this 3D environment to fully as-

sess the tendency for initiation of progressive collapse and 

the formulation of general structural integrity provisions. 

Furthermore, situations where there are no fl oors above the 

compromised column should be studied as these may be one 

of the more critical compromising scenarios. This aspect is 

one focus of the companion paper (Foley et al., 2008).

It should be emphasized that this paper considered a 

single damage scenario (loss of exterior column). This sce-

nario is but one of many that should be used to assess the 

inherent structural integrity in the steel framing system. 
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Part 2 of the two-part article considers additional damage 

scenarios occurring within the fl oor framing system. Taken 

together, these constitute a systematic effort to assess the in-

herent structural integrity in steel framing systems. It should 

be noted, however, that additional damage scenarios (e.g., 
loss of corner column) and the residual capacity of members 

likely to be present after localized damage occurs should be 

considered before the book is closed. The current article pro-

vides a fi rst-draft roadmap for this activity.
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Quantifying and Enhancing Robustness in Steel 
Structures: Part 2—Floor Framing Systems
CHRISTOPHER M. FOLEY, KRISTINE BARNES and CARL SCHNEEMAN 

Typical structural steel framing systems contain many 

attributes desired when seeking inherent structural in-

tegrity and robustness. The framing systems are most often 

orthogonal, alleviating the need to layout tying systems and 

contain many potential secondary load paths (e.g., mem-

brane/catenary action in the steel-concrete composite slab 

and infi ll beams). If a better understanding of the demands 

placed on primary and secondary load paths in the structural 

steel framing system during abnormal loading events and 

their likely capacities existed, general structural integrity 

provisions for structural steel systems could be generated 

and the tendency for disproportionate collapse in these sys-

tems would be better understood. 

A companion paper (Foley, Schneeman and Barnes, 2008) 

provides a detailed review and synthesis of the literature re-

lated to design and analysis for progressive collapse resis-

tance and outlines the motivation for the present effort. It 

discusses the results of a three-dimensional (3D) simulation 

of 3-, 10- and 20-story buildings exposed to compromised 

column scenarios and provides insights into the inherent ro-

bustness and structural integrity of moment-resisting frames. 

However, the analyses carried out in this former effort did 

not consider what may happen at locations within the steel 

skeleton outside the perimeter at the ground fl oor level, and 

it did not attempt to quantify inherent structural integrity 

contributed by components other than the steel skeleton. 

Furthermore, the analytical models did not support response 

simulation considering ineffective interior columns, interior 

girders, exterior girders, or in-fi ll beams. If robustness in the 

structural steel framing system is to be quantifi ed and mech-

anisms for enhancement identifi ed, analysis must go beyond 

the simple removal of columns around the perimeter of the 

framework.

The objectives of the present manuscript are (1) provide a 

targeted review of literature pertaining to catenary and mem-

brane action in the fl oor slab within the structural steel build-

ing system; (2) provide an overview of the methodologies 

that have been proposed and validated via experimental test-

ing for quantifying the catenary and membrane mechanisms 

in concrete fl oor systems; and (3) outline a methodology for 

quantifying the membrane and catenary capacity in struc-

tural steel fl oor framing systems, and identify high-level 

provisions for ensuring structural integrity by enhancing the 

potential for successful activation of catenary and membrane 

action in the framing system. Through detailed evaluation 

of the response of the fl oor framing systems to compromis-

ing event scenarios, it is hoped that the present effort can 

further contribute to the understanding of the load transfer 

mechanisms inherent in the structural steel building, provide 

insights into developing analysis and design methodologies 

and systems to enhance this inherent structural integrity, and 

provide guidance for developing simple and effective gen-

eral structural integrity provisions for specifi cations.

MEMBRANE AND CATENARY ACTION 
IN SLAB SYSTEMS

Researchers in the fi eld of reinforced concrete design have 

had a long history of attempting to understand the tensile 

behavior of structural concrete fl oor systems and propos-

ing methodologies for quantifying the benefi cial effects of 

catenary and membrane action. Much of the research con-

ducted in this regard (Hawkins and Mitchell, 1979; Mitch-

ell and Cook, 1984) has made its way into ACI 318 (ACI, 

2005) provisions for general structural integrity. Investiga-

tors studying the response of structural steel systems to fi re 

have also begun to understand and capitalize on the inherent 

robustness present in steel framing systems contributed by 

the reinforcement in the concrete fl oor slab (Allam, Burgess 

and Plank, 2000; Bailey, White and Moore, 2000; Huang, 

Burgess and Plank, 2003a, 2003b).

It has long been recognized that fl at plate concrete fl oor 

systems have the potential to suffer from disproportionate 

collapse after a rather simplistic event—punching shear fail-

ure at interior and exterior columns (Hawkins and Mitch-

ell, 1979; Mitchell and Cook, 1984). Hawkins and Mitchell 

(1979) provide a very nice description of the development of 

Christopher M. Foley is associate professor, department 
of civil and environmental engineering, Marquette Univer-
sity, Milwaukee, WI.

Kristine Barnes is a structural engineer, AREVA NP, Inc., 
Naperville, IL.

Carl Schneeman is a structural engineer, Walker Parking 
Consultants, Minneapolis, MN. 

267-286_Foley_Schneeman_Barnes_2008_4Q.indd   267267-286_Foley_Schneeman_Barnes_2008_4Q.indd   267 10/20/08   3:37:20 PM10/20/08   3:37:20 PM



268 / ENGINEERING JOURNAL / FOURTH QUARTER / 2008

membrane action in a concrete fl at-plate fl oor system. When 

a concrete fl oor is loaded to the point of inelastic behavior, 

there is a tendency for the bottom fi bers (assuming loading 

is from the top) to lengthen, and this fi ber lengthening is 

restrained by the concrete slab at the perimeter of the panel 

being loaded. In a theoretical sense, the concrete slab will 

have a load versus vertical defl ection response that exhibits 

snap-through prior to the formation of membrane tension in 

the system. The hanging net effect cannot take place without 

signifi cant vertical deformation, and all sections through the 

fl oor plate can be subjected to large tensile strains.

The Hawkins and Mitchell (1979) expressions for com-

puting the membrane capacity of concrete fl oor panels are 

simple and include a signifi cant amount of engineering feel. 

More complicated methods for computing membrane capac-

ity of slab systems are available (Park, 1964; Regan, 1975; 

Park and Gamble, 1980). The fundamental assumption of 

the proposed methodology is that the deformed membrane 

between supports follows a circular shape. This makes the 

mathematics tractable, and errors are relatively small when 

compared to the more correct catenary parabola. The basic 

slab system and membrane forces considered are schemati-

cally shown in Figure 1. Two slab span directions are as-

sumed: a short direction, l1, and a long direction, l2. The 

reinforcement area on a per unit length basis in the short 

and long directions are As1 and As2, respectively. The nor-

mal strains in the fi bers of the membrane are assumed to be 

uniform over the membrane thickness and are functions of 

the curvature. Uniformly distributed loading over the surface 

of the membrane is assumed, and positive loading is taken 

to be downward. Membrane tension forces (edge tensions) 

per unit length parallel to the short and long directions and 

tangent to the deformed membrane’s mid-surface are T1 and 

T2, respectively.

The free-body diagram for catenary behavior is shown 

in Figure 2. The tension force in the membrane follows a 

tangent to the deformed shape at any point along the cat-

enary. There is a tension force resultant at the edge, Tmax, and 

the centerline, T, when the uniformly distributed loading, 

wo, is applied. A major structural engineering-related issue 

that needs to be considered when examining catenary and 

membrane behavior in fl oor systems is the trade-off between 

allowing signifi cant catenary defl ection, h, and the peak ten-

sion force. The catenary forces will signifi cantly increase if 

the shape of the catenary is held close to the horizontal plane 

(e.g., a tight-rope). If one does not allow signifi cant defl ec-

tion in the catenary to occur, tension forces can become very 

large, thus rendering catenary action infeasible. If one allows 

signifi cant defl ection in the catenary and the strains in any 

defl ected shape assumed will not exceed those correspond-

ing to rupture, these tensile forces can be reduced.

Attention can now be turned to membrane action in the 

concrete slab portion of the system illustrated in Figure 1. A 

typical structural mechanics solution procedure (e.g., impo-

sition of vertical equilibrium, ensuring compatibility of de-

formations, and adherence to constitutive laws for the mate-

rial) is employed to develop a relationship for the capacity of 

the tensile membrane that is a function of the edge tension, 

strain in the membrane (and therefore, vertical defl ection), 

and the panel dimensions. When the panel dimensions differ 

(e.g., rectangular panel) the membrane capacity of the panel 

based upon the tensile reinforcement capacity at the edges 

can be written as (Hawkins and Mitchell, 1979),

 w
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Fig. 1. Two-way membrane action in reinforced concrete slab. Fig. 2. Fundamental representation of catenary action.
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discussion. The uniformly distributed loading capacity of 

the catenary can be computed using (Hibbeler, 2006),

 = =w w
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The catenary sag is denoted as h, one-half the catenary span 

is defi ned as L, and the tension force in the membrane is T 

at mid-span and Tmax at the edge. The reinforcement at the 

central portion and edge of the catenary is assumed to be the 

same. As the sag increases, the length of the catenary relative 

to original horizontal span increases, and this can lead to 

signifi cant strains.

The fundamental theory of the parabolic catenary can be 

used to develop a relationship for the length along the cat-

enary parabola given by,

 ′ = +
⎡
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Equation 5 can be used to compute the length of the compo-

nents in the catenary in its deformed position, and this length 

can be used along with the initial length to estimate ductility 

demand in the catenary system.

MEMBRANE ACTION IN COMPOSITE DECK 
FLOOR SYSTEMS

Although structural steel fl oor framing systems are signifi -

cantly different in many ways from that of a two-way fl at 

plate or fl at slab cast-in-place concrete system, there are 

enough similarities to justify using the existing theory and 

expressions (Hawkins and Mitchell, 1979; Mitchell and 

Cook, 1984) to assess the inherent integrity and robustness 

of structural steel fl oor framing systems.

It is felt that membrane and catenary action are indeed 

possible within the structural steel framing systems com-

monly found in buildings, and fi re researchers have long 

recognized the importance of this load transfer mechanism 

(Wang and Kodur, 2000). Tension reinforcement present in 

these systems will need to be quantifi ed and their anchorage 

discussed prior to detailed examination of ineffective sup-

porting member scenarios. In composite steel-concrete fl oor 

systems, there is typically welded-wire mesh and light gage 

steel deck that can be utilized as tension reinforcement with-

in the slab system should membrane and/or catenary action 

be needed. However, one must understand the usefulness of 

these components as reinforcing mechanisms in the slab sys-

tem before it can be relied upon as sources of membrane and 

catenary reinforcement.

The light gage steel deck is essentially a unidirectional 

spanning entity. In the direction parallel to the fl utes in the 

where

ε1 = tensile strain in the membrane fi bers parallel to 

the short (dominant) direction

As l2 /l1 increases, the slab panel begins to behave as a single 

direction membrane. In the present case, welded wire mesh 

and steel deck are the primary reinforcement components.

The strains in the direction parallel to the short and long 

dimensions are related to one another as a result of the as-

sumed circular shape of the membrane. The strain in the 

direction parallel to the short dimension is computed using 

(Hawkins and Mitchell, 1979),

 ε ε1 2=
⎛

⎝⎜
⎞

⎠⎟
l

l
2

1

2

 (2)

Therefore, once the strains in the two directions are comput-

ed (long direction assumed, then short direction computed), 

the constitutive laws for the reinforcement can be used to 

determine the state of stress and then the tensile membrane 

forces. The maximum defl ection within the panel can be es-

timated using (Mitchell and Cook, 1984),

 

δ
ε

ε
= ( )

3

2 6

1l 1

1sin
 (3)

The vertical defl ection is important when assessing the ca-

pacity of the membrane. Assuming end anchorage is pres-

ent, the membrane is capable of carrying more loading in 

a highly defl ected confi guration for a fi xed tensile force 

capacity. Therefore, if a large amount of loading is present 

and there is a fi xed tensile capacity for the reinforcement in 

the membrane (assuming no rupturing of the reinforcement), 

then there is a tendency for the membrane to continue to 

defl ect vertically to generate greater vertical components in 

the catenary forces.

The response of a slab structure as a membrane depends 

upon the steel reinforcement, the vertical support condi-

tions, and the horizontal restraint conditions at the panel 

edges (Mitchell and Cook, 1984). When the slab panel has 

vertical support at its edges, the slab is capable of providing 

its own in-plane compression ring restraint conditions at the 

perimeter. This compression ring helps to resist the horizon-

tal component of the maximum tensile forces (Figure 1). 

Edge or corner panels can develop the necessary compres-

sion ring behavior if the edges are supported by beams that 

have signifi cant fl exural stiffness when compared to the slab 

itself. Anchorage of the tension reinforcement at the panel 

edges is also very important to facilitate compression ring 

formation.

One-way catenary action may also arise in a fl oor system. 

A catenary subjected to uniformly distributed loading, wo, 

shown in Figure 2, will be utilized as a basis for the following 

267-286_Foley_Schneeman_Barnes_2008_4Q.indd   269267-286_Foley_Schneeman_Barnes_2008_4Q.indd   269 10/20/08   3:37:21 PM10/20/08   3:37:21 PM



270 / ENGINEERING JOURNAL / FOURTH QUARTER / 2008

deck, it is likely to be a very useful form of tension rein-

forcement for facilitating catenary action. However, in the 

direction orthogonal to the fl utes, the steel deck likely has 

puddle welds or TEK screws that are unlikely to preserve 

tensile forces within the deck in this direction. Furthermore, 

the fl uted nature of the deck results in a tension force that 

has two distinct elevations at the fl oor deck soffi t, making it 

questionable to rely on the steel deck providing tensile mem-

brane or catenary reinforcement in two directions. The pres-

ent analysis assumes that the steel deck provides one-way 

reinforcement within the fl oor framing system. It should be 

noted that if the steel deck panels are not continuous over the 

supporting beam, a supplemental force-transfer mechanism 

must exist.

The welded-wire fabric present in the fl oor system is also 

a source of potential membrane and catenary tension rein-

forcement. This steel fabric generally has a slightly elevated 

yield stress when compared to the usual mild-steel reinforce-

ment. Furthermore, the spacing of the wires in the mesh can 

change with direction. This reinforcement is considered 

continuous through the panel perimeter with suffi cient lap 

splicing throughout. A typical lap splice requirement for 

6×6-W1.4×1.4 plain welded wire fabric in tension is 10 in. 

for concrete with 4,000 psi, 28-day unconfi ned compression 

strength (ACI, 2005).

In the steel building system considered in this study, a 

panel is defi ned as having infi ll beams and/or girders bound-

ing a panel of concrete slab. In most cases, the perimeter of 

the slab panel will have puddle welds or even steel studs con-

necting the steel deck to the perimeter beams/girders. Fur-

thermore, these perimeter members will have signifi cantly 

greater fl exural stiffness when compared to that of the slab. 

The present analysis assumes the slab system can develop 

compression ring anchorage.

The basic process used to assess and quantify the mem-

brane and catenary action present in the structural steel fl oor 

framing system is to use Equations 1 through 3 to describe 

two-way membrane behavior in the fl oor framing system 

and Equations 4 and 5 to describe one-way catenary behav-

ior. The strain demands must be compared to rupture strains. 

This is done using Equation 2 in the case of two-way behav-

ior and Equation 5 in conjunction with the initial horizontal 

length for one-way behavior. The following sections pro-

ceed with evaluating several ineffective element scenarios 

and make recommendations regarding the levels of inherent 

robustness in the fl oor system, or make recommendations re-

garding simple measures that can be taken to enhance struc-

tural integrity in these systems.

INEFFECTIVE ELEMENT SCENARIOS

The present study considered the following main structural 

components being rendered ineffective: an interior column, 

an interior infi ll beam, a spandrel beam, two adjacent infi ll 

beams, and spandrel girder. The 30-ft framing bays of the 

3-story and 10-story frameworks considered in the compan-

ion effort (Foley, Schneeman and Barnes, 2008) are used as 

base topologies for this study. Exhaustive detail of the com-

putations outlined in this manuscript can be found in Foley, 
Martin and Schneeman (2007).

Ineffective Infi ll Beam(s)

The fi rst scenario considered is shown in Figure 3, and it 

results in two-way membrane action with panel dimensions 

equal to 20 ft by 30 ft. A 2VLI22 steel deck provides form-

work and tension reinforcement for the concrete slab (5 in. 

total height composite slab) and 6×6-W1.4×W1.4 shrinkage 

and temperature reinforcement is present. The steel deck 

is assumed to provide membrane tension reinforcement 

parallel to the short direction, and the welded wire fabric 

is assumed to provide reinforcement in both directions. The 

reinforcement is assumed to have elastic-perfectly-plastic 

stress-strain behavior. The yield stress of the welded wire 

mesh is taken as 65 ksi, and the tension area provided on a 

unit length basis is 0.00233 in.2/in. (ACI, 1997). The steel 

deck is assumed to have yield stress equal to 40 ksi, and the 

cross-sectional area on a unit length basis is 0.03542 in.2/in. 

(Vulcraft, 2005).

If the full cross-sectional area of the steel deck is at yield, 

the tension force that can be developed is 1.42 kips/in. If the 

steel deck panel terminates at a beam or girder, the horizon-

tal component of this potential membrane/catenary force will 

require anchorage. If anchorage mechanisms (e.g., puddle 

welds, shear studs) are located at 6 in. on center, an estimate 

Fig. 3. Schematic of two-way membrane action 
in composite steel-concrete fl oor system 

when one in-fi ll beam is rendered ineffective.
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for the anchorage force is 8,500 lb. The nominal strength of 

a s-in. arc spot weld to structural steel substrate through 

2VLI22 steel deck is 1.64 kips (AISI, 2001). Therefore, s-in. 

puddle welds at 3 in. on center would yield 550 lb/in. capac-

ity. Therefore, 40% of the steel deck cross-sectional area was 

assumed to be effective in the analysis. The membrane force 

in the short direction is composed of a percentage of the total 

steel deck cross-sectional area at yield and the welded wire 

mesh (WWM) cross-sectional area at yield. In the long di-

rection, the membrane force is exclusively provided by the 

cross-sectional area of the WWM at yield.

An analysis of the two-way membrane capacity of the 

fl oor slab indicated that the force at the perimeter of the 

panel in the steel deck was 566 lb/in. and that the force 

parallel to the long direction was 152 lb/in. The uniformly 

distributed load-carrying capacity of the panel was estimated 

to be 110 psf with nearly 7 in. of vertical defl ection (Foley 
et al., 2007). The strain in the reinforcement spanning in the 

short direction is 0.00225 in./in., which is approximately 

two times the yield strain for the deck and much less than 

the yield strain for the WWM. Keeping the yield strain in 

the steel deck equal to or less than 2εy was considered to be 

suffi cient to prevent rupture.

The total loading present on the panel at the instant the 

infi ll beam is rendered ineffective is 93 psf (50 psf, concrete 

steel composite deck; 3 psf, ceiling/fl oor/fi reproofi ng; 7 psf, 

m.e.p; 20 psf, partitions; 12.5 psf, live loading). If current 

progressive collapse mitigation guidelines are employed 

(GSA, 2003; DOD, 2005), this would require that the two-

way membrane be capable of supporting,

β
dynam

D L1 0 0 25 2 93 186 110. .+( ) = ( ) = >psf psf

The membrane is not capable of carrying this loading 

magnitude; therefore, the system would require additional 

structural engineering to prevent slab system collapse. If the 

2VLI22 gauge deck remains, but mild-steel reinforcement of 

#3 at 12-in. spacing (60-ksi yield strength) is used, the two-

way membrane capacity increases to 189 psf, and a dynamic 

load factor of 2.0 may be accommodated (Foley et al., 2007). 

All previous scenarios resulted in membrane defl ections of 

approximately 7 in. and strains in the deck and reinforce-

ment equal to or less than 2εy.

A second scenario involving two ineffective infi ll beams 

is shown in Figure 4. This scenario is interesting because the 

membrane is square, but the tensile reinforcement is ortho-

tropic. The loading capacity of the 30-ft by 30-ft membrane 

utilizing 6×6-W1.4×W1.4 welded wire mesh with 2VLI22 

steel deck is lower than the previous scenario. The two-way 

membrane capacity is approximately 93 psf with 12 in. of 

membrane defl ection (Foley et al., 2007). The strain pres-

ent in the steel deck is approximately 2.2εy. The benefi t of 

two-way action should be apparent as the capacity of the 

membrane was reduced 15% from the previous scenario. 

The typical panel found in structural steel fl oor systems ap-

pears incapable of supporting the required 2.0 multiplier for 

dynamic effects required by current guidelines (GSA, 2003; 

DOD, 2005), but is capable of supporting its self-weight and 

expected point-in-time sustained live loading. 

Alternate reinforcement schemes using mild-steel re-

inforcing bars were also studied (Foley et al., 2007). The 

yield stress for the mild-steel bars was assumed to be 60 ksi 

without strain hardening. This study yielded the following 

reinforcement alternatives:

#3 at 24 in. on center; 0.00458 in.2/in.  . . . 

119 psf at 12-in. defl ection ( )β ≃
dynam

1 3.

#3 at 18 in. on center; 0.00611 in.2/in.  . . . 

140 psf at 12-in. defl ection ( )β ≃
dynam

1 5.

#3 at 12 in. on center; 0.0092 in.2/in.  . . . . 

178 psf at 12-in. defl ection ( )β ≃
dynam

1 9.

Ineffective Spandrel Beam

A scenario involving a spandrel beam being rendered inef-

fective was also studied (Figure 5). The steel deck fl utes run 

perpendicular to the direction of assumed catenary action. 

Exterior cladding being supported by the spandrel element 

is assumed to fall off with the spandrel beam. Welded wire 

fabric/mesh was found to be incapable of facilitating cat-

enary action in the fl oor slab (Foley et al., 2007). There are 

two possibilities for creating structural integrity and robust-

ness in this scenario. The fi rst involves lumping catenary 

Fig. 4. Schematic of two-way membrane action 
in composite steel-concrete fl oor system 

when two in-fi ll beams are rendered ineffective.
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tensile reinforcement at the perimeter of the slab system 

(i.e., immediately above the ineffective spandrel in-board of 

the columns); and the second involves distributing catenary 

tensile reinforcement. Equations 1 and 4 are used to evaluate 

the load carrying capacity of the catenary if the yield stress 

in the reinforcement is attained.

The fi rst scenario considered is lumped mild-steel catena-

ry reinforcement—four #4 Gr. 60 reinforcing bars continu-

ous at the perimeter. The catenary span is 360 in. (30 ft), and 

the tributary width of deck perpendicular to the catenary is 

5 ft. The loading capacity for this scenario was found to 

be 100 psf (Foley et al., 2007). The strains present in the 

reinforcement with the assumed catenary sag of 14 in. is ap-

proximately 2εy. One could argue that the 5-ft tributary width 

is conservative because it is likely that the steel deck could 

be a very effective cantilever. If the tributary width of slab 

carried by the catenary drops to 3 ft (assuming that the steel 

deck and WWM acting together transmit more loading to the 

fi rst interior in-fi ll beam), four #4 bars are capable of sup-

porting 168-psf loading, allowing for a dynamic multiplier 

of 1.8.

A second mild-steel reinforcement scenario considered 

reinforcement distributed throughout the slab, thus creating 

one-way membrane action wherever needed. This creates 

a tributary width to the catenary of 1 ft. A variety of rein-

forcement scenarios were considered, and they are shown in 

Table 1 (Foley et al., 2007). The magnitude of point-in-time 

static loading present at the time the system is compromised 

is 93 psf. The reinforcement scenarios and load-carrying ca-

pacities indicate that the typical WWM in a steel-concrete 

composite fl oor system is not capable of carrying the ex-

pected 93-psf loading. It should be noted that more capacity 

is gained as the catenary is allowed to sag, but one should 

recognize that with sag comes strain, and the rupture strain 

may be exceeded.

A second ineffective spandrel beam scenario considered 

assumes the spandrel beam is lost as well as the fi rst interior 

infi ll beam (Figure 6). Two-way action is not considered. 

Catenary action at the edge of the panel considered in the 

previous scenario has been deemed ineffective without ad-

ditional slab reinforcement. The results in Table 1 indicate 

that if #4 bars are provided at 9 in. on center throughout this 

bay, a signifi cant level of general structural integrity and en-

hanced robustness can be gained if the spacing is 18 in. The 

fl oor slab with this reinforcement will likely be capable of 

supporting the expected loading.Fig. 5. Schematic illustrating ineffective spandrel beam scenario.

Table 1. One-Way Catenary Reinforcement Capacities with Variation 
in Distributed Slab Reinforcement

Reinforcement 
Scenario

(1)

h, in.
(5)

As, in.2/ft
(2)

qu, lb/ft 2

(3)
βdynam

(4)
μ ε

ε
= s

y

(6)

6×6-W1.4×W1.4 16.2 0.028 21.5 0.23 2.4

#3 at 24-in. o.c. 16.2 0.055 39 0.42 2.6

#4 at 18-in. o.c. 16.2  0.133 94 1.01 2.6

#4 at 14-in. o.c. 16.2 0.1714 122 1.31 2.6

#4 at 9-in. o.c. 16.2 0.2667 189 2.03 2.6

#4 at 14-in. o.c. 18.0 0.1714 135 1.45 3.2

#4 at 12-in. o.c. 18.0 0.20 157 1.68 3.2
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Ineffective Spandrel Girder

The fi nal fl oor member scenario considered is shown in Fig-

ure 7. It is assumed that when the spandrel girder is rendered 

ineffective, exterior cladding attached to this member falls 

off the structure. This situation benefi ts from the presence of 

composite steel deck in the direction of the one-way mem-

brane action. Therefore, this reinforcement is considered in 

the membrane analysis. It should be noted that because the 

vertical supporting element at the edge of the panel is lost, 

two-way action is not considered. It should be emphasized 

that there is an assumption that the connections at the ends 

of the beams framing into the exterior columns are capable 

of supporting the additional loading. The 75% reduction in 

applied live loading from that used for the original design of 

the connections makes this assumption palatable.

If one assumes that 50% of the steel deck is considered 

anchored at the end of the catenary and that 2VLI22 com-

posite steel deck is used along with the typical shrinkage 

and temperature reinforcement (6×6-W1.4×W1.4); the one-

way membrane capacity of the system is approximately 

102 psf with 13.5 in. of sag and strains in the WWM and 

steel deck are equal to or less than 2.7εy (Foley et al., 2007). 

Assuming one or both of the panel edges are exterior, the 

connections at the ends of the catenary must support a ten-

sile force equal to

Tend = Adeck fdy  = [0.50(0.03542 in.2/in.)(12 in./ft)](40 ksi)

= 8.5 kip/ft

Steel studs at 1-ft spacing may be able to develop this force, 

but it is unknown if the deck is capable of channeling this 

force to discrete connection points. In the case of continuous 

panel edges and continuous deck panels over the support, 

this connection is of moderate concern. The capability of 

the steel deck and its attachment to the structural steel beam 

substrate in meeting this demand is worthy of further study.

Ineffective Interior Column

The 3-, 10-, and 20-story building analyses considered in 

the companion paper (Foley et al., 2008) indicated that as 

one rises through a steel building framework and loses the 

benefi cial effects of deep beam action in the stories above 

an ineffective column and the fl exural mechanisms provided 

by several girder lines above the compromised column, the 

fl oor system may be required to develop catenary and/or 

membrane action in addition to fl exural capacity in order to 

resist disproportionate collapse.

The robustness inherent in structural steel simply con-

nected framing systems was evaluated through consideration 

of the typical interior framing bays present in the 3-story 

and 10-story buildings previously considered (Foley et al., 

2008) and the assumption that an interior column would 

become ineffective. In this situation, the ineffective column 

facilitates activation of two-way membrane action in the 

concrete fl oor framing system and two-way fl exure/catenary 

action in the structural steel framing. A critical assump-

tion is that each fl oor carries its own expected point-in-time 

superimposed loading and self weight. As a result, each fl oor 

can be treated as an independent entity within the multistory 

system. A second important assumption is that the columns 

at the corners of the panel are not overloaded as the interior 

column loses its axial capacity. As discussed earlier, the 75% 

Fig. 6. Schematic illustrating ineffective spandrel and immediately 
adjacent beam scenario.

Fig. 7. Schematic illustrating ineffective spandrel girder scenario.
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reduction in live loading from that used in design makes this 

reasonable.

There is a synergy between the slab and steel grillage that 

has recently been studied in relation to fi re (Allam et al., 

2000; Bailey, et al, 2000; Huang, Burgess and Plank, 2000a, 

2000b; Burgess, Huang and Plank, 2001; Cai, Burgess and 

Plank, 2002; Huang, Burgess and Plank, 2003a, 2003b). In 

the present analysis, a deformation compatibility approach 

is used in conjunction with two separate static analyses: the 

fi rst considers two-way membrane action in the slab, and the 

second considers two-way-grillage catenary/fl exure action 

in the steel framing. These two analysis components are il-

lustrated in Figures 8 and 9. As the interior column is ren-

dered ineffective, the slab and grillage of steel members is 

forced to deform in a compatible manner, and they both re-

sist vertical deformation to the extent that their strength and 

stiffness allow. The two-way membrane behavior in the slab 

is assumed to follow the theory described and used previous-

ly. Two way grillage (catenary/fl exure) behavior in the steel 

framing can be computed using nonlinear structural analysis 

theory. These can be used together to evaluate the robustness 

present in the typical 30-ft by 30-ft simple structural steel 

framing system. 

The analysis undertaken implies superposition, which 

may appear to be an incorrect assumption. However, closer 

examination of system behavior coupled with the assump-

tion that the fl oor slab is not composite with the steel fram-

ing at the strength limit state makes this assumption appro-

priate for the modeling conducted. As an example, consider 

two steel plates lying on top of one another. The top plate 

has a thickness of 2 in. and the bottom plate has a thickness 

of 1 in. The widths of the plates are identical, their materials 

have identical stress-strain behavior, and the plates are sim-

ply supported with concentrated loading applied at midspan. 

As the concentrated loading is applied, the plates will attract 

force according to their fl exural stiffness. As expected, the 

thicker plate will carry a larger percentage of the loading 

prior to yield. As loading increases, the thicker plate will be-

gin to yield, and its fl exural strength will begin to reach a 

limit. The stiffness of this thicker plate also now reduces as 

a result of yielding. As yielding in the thicker plate occurs 

with the corresponding stiffness change, the thinner plate 

begins to pick up loading and tries its best to compensate 

for the limited capacity of the thicker plate. In the end, both 

plates will experience fl exural mechanism, and the capac-

ity of the two-plate system is the capacity of the two inde-

pendent plates added together. Compatibility of deformation 

must be ensured.

The framing connection considered is a double-angle web 

connection (i.e., web cleats), and the moment, tension and 

shear capacities of this connection need to be determined. 

This process can be started by decomposing the web cleat 

connection into bolt elements (Figure 10). Researchers have 

been studying methodologies for determining moment and 

tension capacities of bolted angle connections for some time 

(Wales and Rossow, 1983; Astaneh-Asl, Call and McMullin, 

1989a; Astaneh-Asl, Nader and Malik, 1989b; DeStefano 

and Astaneh-Asl, 1991; DeStefano, Astaneh-Asl, DeLuca 

and Ho, 1991; DeStefano, DeLuca and Astaneh-Asl, 1994; 

Shen and Astaneh-Asl, 1999; Liu and Astaneh-Asl, 2000a, 

Fig. 8. Two-way membrane action resulting from ineffective interior 
column.

Fig. 9. Two-way catenary/fl exure action resulting from ineffective 
interior column.
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2000b; Shen and Astaneh-Asl, 2000; Astaneh-Asl, Liu and 

McMullin, 2002). The present study uses the approach of 

Shen and Astaneh-Asl (2000) and Liu and Astaneh-Asl 

(2000b) to develop nonlinear tension and compression be-

havior for bolt elements. These bolt elements can then be as-

sembled to form web cleats whereupon moment-rotation be-

havior of the connections or tension/compression response 

of the connection can be approximated.

The process begins with developing tension-defl ection and 

compression-defl ection response of the double-angle bolt el-

ements (Foley et al., 2007). A tri-linear tension-deformation 

response for the bolt element is derived using established 

procedures (Shen and Astaneh-Asl, 1999; Liu and Astaneh-

Asl, 2000a, 2000b; Shen and Astaneh-Asl, 2000) with slight 

modifi cation. The tri-linear bolt element response assumed 

is shown in Figure 11. Three characteristic points on the re-

sponse are generated. Point (δT1, PT1) is defi ned using the 

yield moment in the legs of the angle. The initial stiffness, 

KT1, is the linear elastic stiffness of the bolt element con-

sidering bending of the legs perpendicular to the beam web 

and the axial extension of the leg parallel to the beam web. 

Point (δT1, PT1) corresponds to the plastic mechanism capac-

ity of the angle legs perpendicular to the beam web. The 

post-yield mechanism stiffness is defi ned as KT2. The fi nal 

point on the tension-deformation response is (δTU, PTU), and 

it corresponds to the ultimate loading for the bolt element 

exclusive of bolt tension rupture or bolt shear rupture. It is 

defi ned through consideration of the angle legs perpendicu-

lar to the beam web forming catenary tension between the 

bolts and the legs parallel to the beam web. The tension in 

the angle-leg catenary at this ultimate loading is taken to be 

the loading corresponding to fracture on the net area through 

the angle leg perpendicular to the beam web. The fi nal stiff-

ness in the response is defi ned as KT3.

The catenary tension force may or may not be able to 

form. For example, the bolts may fracture in tension prior to 

attaining the catenary tension limit state. Therefore, a third 

point (δT3, PT3) is used, where PT3 is defi ned through consid-

eration of the following bolt-element limit states (Foley et 

al., 2007):

• catenary tension fracture in the angle legs perpendicu-

lar to the beam web

• tear-out bearing failure of the bolts in the beam web

• tear-out bearing failure of the bolts in the angles

• tension fracture of the bolts including prying action 

(Thornton, 1985)

• tension fracture of the bolts excluding prying 

(superfl uous)

• shear fracture of the bolts

The third and fi nal point is located along the response de-

fi ned using KT3. This stiffness, along with PT3 defi nes the 

deformation capacity of the bolt element, δT3.

The bolt element compression-deformation response is 

assumed to be bilinear as indicated in Figure 12. The yield 

point (δC1 , PC1) is defi ned by considering three strength limit 

states (Foley et al., 2007):

• yield in the angle legs parallel to the beam web

• yielding in the beam web

• shear fracture of the bolts

Fig. 10. Web-cleat to bolt element transformation. Fig. 11. Double-angle bolt element tension-deformation response.
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The ultimate loading capacity of the bolt element in com-

pression is defi ned through consideration of the following 

strength limit states (Foley et al., 2007):

• crushing in the angle legs denoted by the ultimate 

stress being reached in the angle legs parallel to the 

beam web (conservative)

• crushing in the beam web denoted by the ultimate 

stress in the beam web being reached (conservative)

• 20% increase above the ultimate bolt shear stress 

magnitude

The initial stiffness, KC1, is defi ned using the smaller of 

two stiffness magnitudes. If beam web yielding controls, the 

stiffness is defi ned as,

 K
A E

LC
web

c
1 =  (6)

and if angle leg yielding controls, the stiffness is defi ned by,

 K
A E

LC
angles

c
1 =  (7)

The areas are defi ned on the basis of the bolt element di-

mension, Lbe. The compression length in the angle (or length 

over which strain accumulates in the beam web) is defi ned 

as,

 L g
d

c
h= −2

2
 (8)

The post-yield stiffness is defi ned rather arbitrarily using 

a 0.5% multiplier to account for moderate strain hardening 

in the material on the way to crushing. It should be noted that 

the behavior of the supporting element (e.g., a column fl ange, 

a column web, and girder web) is omitted. This is likely very 

important, but the complexity incurred through consider-

ation of this behavior would render the analysis proposed 

intractable. Obviously, this requires further evaluation.

Nonlinear tension and compression response for a bolt 

element consisting of A325-N bolts in 2L4×3.5 were com-

puted (Foley et al., 2007). Expected yield and ultimate ten-

sile stresses for the materials were used. The tension- and 

compression-deformation response parameters for bolt ele-

ments consisting of various angle leg thicknesses are given 

in Table 2. These parameters depend upon the limits states 

discussed previously; therefore, the beam web thickness will 

affect the parameter magnitudes. The W-shapes assumed are 

consistent with those in the buildings analyzed previously. 

The tension and compression response for the bolt elements 

are shown in Figures 13 and 14. The tension-deformation re-

sponse varies considerably with beam shape and angle thick-

ness. When thin angles are considered, the catenary tension 

action is allowed to form and rupture of the angle legs is the 

controlling limit state. However, as the angles get thicker, 

other limit states control the behavior. This is indicated by 

the “capping” of the tension forces in the c-, a- and 2-in. 

angle thickness in the W18×35 beam shape and the a- and 

2-in. angle thickness with the W21×68 girder shape. The 

compression-deformation response indicates that the limit 

states controlling the strength are consistent.

The bolt element ultimate strengths can be used to con-

tribute to the determination of the tension capacity of the 

double-angle connections through simple summation of 

Fig. 12. Double-angle bolt element 
compression-deformation response.

Fig. 13. Bolt element tension and compression response for 
L4×3.5 double angles and W18×35.
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the bolt element tension strengths. However, two addition-

al strength limits states must be considered beyond those 

considered in the bolt element strength determination. 

Therefore, the tensile capacity of the double-angle connec-

tion is determined through consideration of the following 

limit states (Foley et al., 2007):

• shear rupture of the bolts

• tension fracture of the bolts, including prying

• block shear rupture in the angle legs parallel to the 

beam web

• block shear rupture in the beam web

• bearing tear out failure in the angle legs parallel to the 

beam web

• bearing tear out failure in the beam web

• catenary tension-rupture in the angle legs perpendicu-

lar to the beam web

Table 2. Bolt-Element Tension and Compression Response Parameters for Varying Angle Thickness

Response 
Direction

(1)

Parameter
(2)

W18×35 W21×68

L4×32 Angles L4×32 Angles

4
(3)

c
(4)

a
(5)

2
(6)

4
(7)

c
(8)

a
(9)

2
(10)

Tension

δT1, in. 0.019 0.015 0.013 0.0095 0.019 0.015 0.013 0.0095

δT2, in. 0.105 0.088 0.077 0.064 0.105 0.088 0.077 0.064

δT3, in. 0.632 0.640 0.457 0.124 0.632 0.697 0.752 0.386

PT1, kips 2.205 3.445 4.961 8.820 2.205 3.445 4.961 8.820

PT2, kips 5.232 8.462 12.629 24.212 5.232 8.462 12.629 24.212

PT3, kips 20.491 26.873 26.873 26.873 20.491 28.745 37.93 38.519

KT1, kips/in. 116.00 226.56 391.50 928.00 116.00 226.56 391.50 928.00

KT2, kips/in. 35.344 69.031 119.28 282.75 35.344 69.031 119.28 282.75

KT3, kips/in. 28.947 33.326 37.480 44.489 28.947 33.326 37.480 44.489

Compression

δC1, in. 0.0030 0.0030 0.0030 0.0030 0.0022 0.0022 0.0022 0.0022

δC2, in. 0.1490 0.149 0.149 0.149 0.092 0.092 0.092 0.092

PC1, kips 49.500 49.500 49.500 49.500 52.590 52.590 52.590 52.590

PC2, kips 61.425 61.425 61.425 61.425 63.108 63.108 63.108 63.108

KC1, kips/in. 16380 16380 16380 16380 23470 23470 23470 23470

KC2, kips/in. 81.882 81.882 81.882 81.882 117.36 117.36 117.36 117.36

Fig. 14. Bolt element tension and compression response for 
L4×3.5 double angles and W21×68.
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were considered. Table 3 illustrates the pure tension, pure 

shear, and pure moment capacities of the double angle con-

nections considered (Foley et al., 2007). All shear strengths 

are controlled by the strength of the beam or girder web 

(with yield stress of 50 ksi). A † symbol denotes exceptions 

where the shear strength is limited by the connection angle 

and/or bolt strength. 

Table 3 indicates that the double-angle connection alone 

has a tensile capacity that ranges from 0.08 to 0.26 of the 

yield load of the beam cross-section. These are fairly signifi -

cant tensile capacities (if taken as cumulative over all beam 

and girder members within the 3D system). The loading 

capacities are consistent with those found through testing 

(Owens and Moore, 1992). The moment capacities are very 

low, however. The bending moment capacities range from 

0.05 to 0.18 of the plastic moment capacity of the beam 

cross-section. This is consistent with the strength portion of 

the defi nition of fl exible connections (AISC, 2005).

Bilinear moment-rotation response and axial load-

extension response curves can be generated for the double-

angle connections using the bolt element models. The 

connections in the grillage are not expected to go into com-

pression in the ineffective column scenario considered. The 

tension secant stiffness for the bolt element can be defi ned as 

shown in Figure 11 (Foley et al., 2007);

 = =k K
P

BE s
T 2

δT2

 (9)

The tensile capacity of each bolt element in the double-angle 

connection contributes to the tensile and moment capacity of 

the connection. The bilinear tension-deformation response 

of each bolt element is characterized by the secant stiffness, 

kBE, and the bolt element tensile capacity, PT3.

The rotational and axial stiffness of the web-cleat connec-

tions are estimated using the magnitudes of the bolt element 

secant stiffness. The axial stiffness of the double angle con-

nection is the sum of the stiffness of each bolt element in the 

web cleat,

 K k
BE i

i

nb

δ =
=
∑ ,

1

 (10)

The rotational stiffness of the web-cleat connection varies 

with the number of bolts and a schematic illustration of its 

computation is shown in Figure 15. If the bolt element stiff-

ness, kBE, is known and there is nb bolt elements in the web 

cleat connection, the rotational stiffness can be computed as 

(Foley et al., 2007),

 K i k s
BE

i

nb

θ = ( )
=

−

∑ 2 2

1

1

 (11)

The pure moment capacity of the double-angle web con-

nection is determined using the bolt element tension- and 

compression-deformation response parameters described 

previously (Table 2). The pure moment condition is defi ned 

by the deformation and force states shown in Figure 15. The 

process for determining the pure moment capacity of the 

connection begins with defi ning the tension and compres-

sion response for each bolt element in the connection (Foley 
et al., 2007). A controlling state of deformation in the ex-

treme tension angle, δ4, or extreme compression angle, δ1, 

is assumed. These deformations are taken from the curves 

corresponding to the angles in the bolt element. The connec-

tion rotation angle, θ, is then varied until the summation of 

all forces determined using the bolt element response curves 

is zero. This corresponds to the pure moment capacity of the 

double-angle connection. It should be noted that this process 

is iterative and the compression or tension deformation limit 

states control the behavior.

The shear strength of the double-angle connection given 

the beam shape chosen can be determined using the AISC 

Load and Resistance Factor Design Manual of Steel Con-
struction (AISC, 2001), hereafter referred to as the AISC 

Manual. It should be noted that allowable stress design 

load combinations were utilized and therefore, all manual-

obtained strengths were divided by 0.75. The shear strengths 

for the double angles and beam shapes considered assume 

Lev = 1.5 in., Leh = 1.5 in., φ = 1.0, and ¾-in. A325-N bolts in 

standard holes.

The beams in the grillage are assumed to be W18×35, and 

the girders are W21×68. The W18 sections can support three 

to fi ve bolt rows, while the W21 sections can support four 

to six bolt rows with traditional spacing and end distances 

(AISC, 2001). Therefore, only these numbers of bolt rows 

Fig. 15. Schematic illustrating procedure used to compute web-
cleat connection fl exural strength and stiffness.
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where

s = pitch of the bolt elements (taken as a constant 

value of 3 in.)

The axial stiffness and fl exural stiffness of the web cleat con-

nections can be defi ned as a function of the axial rigidity and 

fl exural rigidity of the connected member,

 K
AE

Lδ δα=  (12)

 K
EI

Lθ θα=
⎛
⎝⎜

⎞
⎠⎟
 (13)

Table 3. Pure Tensile, Pure Shear and Pure Moment Capacities for Double Angle Connections

L4 × 32
Thickness

(1)

Bolt
Rows

(2)

W18×35 W21×68

Axial

P
Py

⎛

⎝
⎜

⎞

⎠
⎟

kips
(3)

Shear

V
Vy

⎛

⎝
⎜

⎞

⎠
⎟

kips
(4)

Moment

M
Mp

⎛

⎝
⎜

⎞

⎠
⎟

kip-ft
(5)

Axial

P
Py

⎛

⎝
⎜

⎞

⎠
⎟

kips
(6)

Shear

V
Vy

⎛

⎝
⎜

⎞

⎠
⎟

kips
(7)

Moment

M
Mp

⎛

⎝
⎜

⎞

⎠
⎟

kip-ft
(8)

4 in.

3
61.5

(0.12)

78.0

(0.31)

13.07

(0.05)
— — —

4
82.0

(0.16)

102.8

(0.41)

24.61

(0.09)

82.0

(0.08)

138.7 †

(0.33)

24.61

(0.04)

5
102.5

(0.20)

127.6

(0.50)

39.03

(0.14)

102.5

(0.10)

176.0 †

(0.41)

39.54

(0.06)

6 — — —
123.0

(0.12)

213.3 †

(0.50)

56.28

(0.08)

c in.

3
80.6

(0.16)

78.0

(0.31)

17.47

(0.06)
— — —

4
107.5

(0.21)

102.8

(0.41)

32.21

(0.12)

115.0

(0.12)

147.3

(0.35)

34.60

(0.05)

5
134.4

(0.26)

127.6

(0.50)

46.06

(0.17)

143.7

(0.14)

182.9

(0.43)

46.17

(0.07)

6 — — —
172.5

(0.17)

218.4

(0.51)

57.98

(0.09)

a in.

3
80.6

(0.16)

78.0

(0.31)

18.00

(0.06)
— — —

4
107.5

(0.21)

102.8

(0.41)

33.07

(0.12)

151.7

(0.15)

147.3

(0.35)

35.28

(0.05)

5
134.4

(0.26)

127.6

(0.50)

49.95

(0.18)

189.6

(0.19)

182.9

(0.43)

46.38

(0.07)

6 — — —
227.6

(0.23)

218.4

(0.51)

65.00

(0.10)

2 in.

3
80.6

(0.16)

78.0

(0.31)

19.15

(0.07)
— — —

4
107.5

(0.21)

102.8

(0.41)

32.95

(0.12)

154.1

(0.15)

147.3

(0.35)

37.68

(0.06)

5
134.4

(0.26)

127.6

(0.50)

50.26

(0.18)

192.6

(0.19)

182.9

(0.43)

61.81

(0.09)

6 — — —
231.1

(0.23)

218.4

(0.51)

93.34

(0.14)
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The stiffness characteristics of the steel grillage connec-

tions are summarized in Table 4. The rotational stiffness of 

the web-cleat connections are well below the stiffness limit 

corresponding to fl exible connections (AISC, 2005) given 

by αθ = 2. The majority of the rotational stiffness multipliers 

lie in the range 0.05 ≤ αθ ≤ 1.50. One exception is the fi ve-

bolt arrangement in the W18×35 beam member. The axial 

stiffness multiplier for the majority of the connection ar-

rangements lies in the range 0.10 ≤ αθ ≤ 1.8 with an excep-

tion being the fi ve-bolt connection in the W18×35 member 

with αδ = 2.3.

The system analysis begins by computing the capacity of 

the concrete-steel composite slab system acting as a two-

way membrane. The membrane capacity of the concrete 

slab-steel deck system is approximately 50 psf at 26.2 in. 

of vertical defl ection at the center of the panel (Foley et al., 

2007). This magnitude of vertical defl ection corresponds to 

an approximate rotational demand of,

 θ = =−
tan

.

( )
.

1 26 1

30 12
0 073

in.

ft
rad

which is below a recommended limit of 0.21 rad (GSA, 

2003). It should also be noted that the rotation computed 

here is total rotation (elastic plus plastic components). The 

tension force in the steel deck running perpendicular to the 

in-fi ll beams is approximately 566 lb/in. (Foley et al., 2007), 

which is consistent with all previous computations.

A structural analysis model for the steel fl oor framing sys-

tem (shown in Figure 16) was developed for use in MAS-

TAN2 (Ziemian and McGuire, 2000). The model contains 

structural steel beam-column elements, bilinear partially 

restrained connections, and also axial-load-moment interac-

tion diagrams that are used to defi ne yielding at the ends 

of the beam-column elements. The basis for the analytical 

model is a structural steel grillage with fi xed supports at all 

beams and columns located at the perimeter of the 60-ft by 

60-ft panel. All members are modeled using multiple ele-

ments: ten for infi ll beams and nine for girders. The infi ll 

beams were modeled using four analytical segments. Two 

segments (half of the beam length) were centered on the 

beam midspan. The end one-quarter lengths of the beam 

were subdivided into four additional segments to facilitate 

connection modeling. Therefore, all infi ll beams contain end 

segments that are z of their span. The end segments in the 

girders (at column supports and interior column locations) 

were broken down into four segments resulting in end con-

nection segments 11/111112 of the girder span in length.

The connection characteristics typical of web-angle 

connections provided in Tables 3 and 4 were established 

in MASTAN2 in an indirect manner (Foley et al., 2007). 

Figure 16 illustrates the bilinear moment-rotation and load-

extension behavior assumed in the connections. The axial 

tension and moment capacities chosen were consistent with 

those indicated in Table 3. Stiffness of the connections as-

sumed were consistent with those found in Table 4. The 

bilinear connection characteristics are generated in MAS-

TAN2 by using the built-in partial connection restraint 

capability for moment and then adjusting member cross-

section properties to achieve moment capacities, axial stiff-

ness characteristics, and axial capacity.

The end connections were modeled in the analytical seg-

ments of the beams and girders located immediately adja-

cent to the fi xed supports, the supporting girders, and the in-

terior column. The connection rotational stiffness was input 

using the built-in capabilities with the magnitude indicated 

in Figure 16 (for the fi rst system considered—System 1). 

The connection moment capacity was input into the analysis 

by adjusting the beam or girder’s plastic section modulus to 

0.1Zx. This resulted in a plastic moment capacity in the end 

regions of the infi ll beams at the levels indicated in Figure 16. 

The axial loading characteristics were included in a slightly 

different manner (MASTAN2 does not allow axial hinges). 

The cross-sectional areas of the beam or girder in the end 

connection segments were defi ned to be 20% of the cross-

sectional area of the members outside this hinge region. This 

reduction in cross-sectional area also created implied linear 

spring stiffness in this isolated region of the beam equal to 

20% of the member’s axial rigidity.

The method of modeling connections creates a “stub 

member” that has an axial capacity that is the same as the in-

tended connection and a moment capacity that is the same as 

the connection intended. MASTAN2 then uses these pieces 

of information to create an interaction (yield) surface of 

Fig. 16. Steel grillage model schematic (System 1) 
illustrating axial and moment connection modeling 

for MASTAN2 nonlinear analysis.
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the form shown in Figure 17. It should be noted that minor-

axis bending is assumed to have a connection capacity that is 

equal to the minor-axis plastic moment capacity of the mem-

bers, and the connection stiffness in the minor-axis direction 

is assumed to be fully restrained. The validity of this inter-

action diagram for the end connections should be validated 

with experimental testing.

The beam members in the system were assumed to be 

composed of 50-ksi steel, and the expected yield stress of 

the material (55 ksi) was used. The strength ratios given in 

Table 3 are based upon 50 ksi. Uniformly distributed loading 

was applied to the in-fi ll beams in the system. The expected 

loading used previously was 93 psf. The fl oor slab system is 

capable of providing 50 psf toward this total with approxi-

mately 26 in. of deformation as discussed earlier. The steel 

grillage will then be required to carry the following super-

imposed loading (with a deformation that is assumed to be 

compatible),

 
q D Lgrillage dynam

dynam

= +( ) −

=

β

β

1 0 0 25 50

93

. .

psf(( ) − 50 psf

Table 4. Stiffness and Characteristics of Web Cleat Connections

L4×32 Thickness
and Secant 

Stiffness 
Parameters

(1)

kBE

(kip/in.)
(2)

Bolt
Rows

(3)

Kδ

(kip/in.)
(4)

Kθ

(kip-in./rad)
(5)

W18×35
AE/L = 829.7
EI/L = 41,083

W21×68
AE/L = 1,611

EI/L = 119,222

αδ

(6)
αθ

(7)
αδ

(8)
αθ

(9)

4 in.

δT2 = 0.105 in. 

PT2 = 5.23 kips

49.81

3 149.43 2,241.5 0.18 0.05 — —

4 199.24 6,276.1 0.24 0.15 0.12 0.05

5 249.05 13,448.7 0.30 0.33 0.15 0.11

6 298.86 24,656.0 — — 0.19 0.21

c in.

δT2 = 0.088 in. 

PT2 = 8.46 kips

96.14

3 288.42 4,326.3 0.35 0.11 — —

4 384.56 12,113.6 0.46 0.29 0.24 0.10

5 480.70 25,957.8 0.58 0.63 0.30 0.22

6 576.84 47,589.3 — — 0.36 0.40

a in.

δT2 = 0.077 in. 

PT2 = 12.63 kips

164.03

3 492.09 7,381.4 0.59 0.18 — —

4 656.12 20,667.8 0.79 0.50 0.41 0.17

5 820.15 44,288.1 0.99 1.08 0.51 0.37

6 984.18 81,194.9 — — 0.61 0.68

2 in.

δT2 = 0.064 in. 

PT2 = 24.21 kips

378.28

3 1,134.8 17,022.6 1.37 0.41 — —

4 1,513.1 47,663.3 1.82 1.16 0.94 0.40

5 1,891.4 102,136 2.28 2.49 1.17 0.86

6 2,269.7 187,249 — — 1.41 1.57

Fig. 17. Member and connection interaction surfaces for 
connected member and three grillage systems.
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At pseudo-dynamic loading levels (βdynam = 2.0) prescribed 

in the GSA Guidelines (GSA, 2003), the grillage will need to 

support a uniformly distributed loading of 136 psf. Former 

studies (Marchand and Alfawakhiri, 2004; Liu, Davison and 

Tyas, 2005; Powell, 2005) and the companion effort (Foley 
et al., 2008) have shown that the multiplier commonly used 

to simulate dynamic loading can vary considerably. If the 

supporting column is simply compromised (i.e., it still has 

a fraction of its initial load capacity), then one might argue 

that the self-weight and mean point-in-time sustained live 

loading needs to be carried without dynamic amplifi cation. 

In this case, the grillage must support 43-psf superimposed 

loading. A reference loading of 108 psf was assumed and 

this corresponds to βdynam = 1.7.

Three systems were considered. Each had varying con-

nection characteristics for the beam-to-girder and girder-to-

column connections. System 1 contains the connection 

strength and stiffness characteristics shown in Figure 16. 

The load-deformation response is shown in Figure 18, and 

it indicates that there is a very early transition from fl exural 

behavior to catenary behavior. The connection strengths and 

stiffness shown in Figure 16 reveal that the cross-sections at 

the ends of the members reach the yield surfaces very early 

in the response and the large displacements result in catenary 

tension in the grillage forming. The applied load ratio that 

results in deformations compatible with the membrane dis-

placement computed earlier (26 in.) is 0.46, indicating that 

the capacity of the system (both slab and grillage) is,

 qcap = 0.46(108) + 50 

 ≈ 100 psf 

Therefore, the system appears to be capable of supporting 

its self-weight and the expected point in time sustained 

live loading with minor reserve for dynamic amplifi cation, 

βdynam = 100/93 = 1.08.

At 26 in. of vertical displacement, the total rotation over 

the beam and girder span of 30 ft was approximately 0.07 

rad. This is very close to the plastic rotational limit of 0.06 

rad recommended for web-angle connections (FEMA, 

2000). However, the present rotational demand is “total,” 

and the plastic demand will likely align itself closer to this 

limit. Therefore, the rotational demands at the level of load-

ing considered are not likely to cause rupture of the connec-

tions, but should be further evaluated.

It should be noted that the response estimates were for 

a system without special modifi cation or design consider-

ations. Inspection of Tables 3 and 4 indicate the following 

connection confi gurations yield strength and stiffness char-

acteristics consistent with the analytical assumptions,

W18×35  L4×32×c, a, 2 with 4 or 5 bolt rows

W21×68  L4×32×a, 2 with 5 or 6 bolt rows

These angles will yield axial stiffness magnitudes that are a 

little bit stiffer than the analytical model and bending stiff-

ness magnitudes that are slightly larger as well. The analysis 

results indicate that in order to enhance structural integrity in 

the steel system, one is better off choosing connection angles 

on the upper-end of those provided in the AISC Manual 
(AISC, 2001) and using the maximum number of bolt rows 

that the beam or girder web can support.

There are other connection types available for use in 

beam-to-girder and girder-to-column connections. For ex-

ample, partially restrained beam-to-girder connections have 

been proposed (Rex and Easterling, 2002), and there is long-

standing use of partially restrained girder-to-column con-

nections. A second model was analyzed, and the connections 

chosen in this case were stronger and stiffer with respect to 

bending, but had slightly more strength and stiffness with 

respect to axial deformations. This simulates the concrete 

slab contributing to increased fl exural stiffness and strength. 

This system (System 2) has the following connection char-

acteristics, 

P ≈ 0.3Py and K
AE

Lδ ≈ 0 3.    M ≈ 0.3Mp and K
EI

Lθ ≈ 5

The connection rotational stiffness and strength are close 

to those previously reported for partially restrained beam-

to-girder connections (Rex and Easterling, 2002). The axial 

strength and stiffness were increased slightly from that of 

System 1 to simulate the addition of a seat angle.

The same reference loading of 108 psf was applied to 

the steel grillage with the understanding that membrane 
Fig. 18. Load deformation response of three grillage 

systems considered.
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action in the slab would support 50 psf. The load deforma-

tion response of System 2 is shown in Figure 18. The verti-

cal deformation corresponding to the steel grillage strength 

is insuffi cient to activate catenary action, and a conversion 

to catenary action will be needed once the fl exural plastic 

hinge mechanism forms (e.g., snap-through type behavior). 

However, the structural analysis is not able to consider this 

transformation because the tangent stiffness matrix is sin-

gular at the instant these beam mechanisms form. There ap-

pears to be a better synergy in response between the slab 

system and the structural steel grillage in System 1. The 

benefi ts of this type of response remain to be fully quanti-

fi ed and understood. 

The experimental rotations attained by Rex and Easter-

ling (2002) for the partially restrained beam-to-girder con-

nections were on the order of 0.05 rad. If one were to rely 

on catenary action after the fl exural mechanisms occur, the 

vertical deformations in the system would likely rapidly in-

crease to those found in the fi rst system (approximately 26 

in.). As a result, the rotational demands on these connections 

are likely to be on the order of 0.07 rad. It is unclear if the 

partially-restrained beam-to-girder connection can support 

this level of rotational demand without fracture, and addi-

tional study is recommended.

A third system evaluated had a better balance between 

axial capacity and moment capacity than System 2 and had 

the following connection characteristics; 

P ≈ 0.3Py and K
AE

Lδ ≈ 0 3.    M ≈ 0.3Mp and K
EI

Lθ ≈ 2

The load deformation response of this system is given in 

Figure 18, and it exhibits a smooth transition between fl ex-

ural mechanism formation and catenary action. As in System 

1, there is a signifi cant range of loading over which the inter-

action surface at the member ends is reached. The increased 

fl exural stiffness in the connections when compared to 

System 1 is the reason for the lessened vertical deformation 

prior to the formation of catenary tension behavior in the 

grillage.

The analysis outlined indicates that when connection mo-

ment capacity is low, there is a smooth transition between 

the initial formation of the fl exural mechanism and the sec-

ondary catenary tension load transfer mechanism. If the mo-

ment capacity is too large, a signifi cant magnitude of verti-

cal displacement may rapidly take place prior to catenary 

formation. This appears undesirable, and further study is 

warranted. It is interesting to note that the desired behavior 

can likely be achieved in the structural steel framing systems 

considered; therefore, this study suggests the potential for 

limited special consideration of interior column ineffective-

ness if the web angle bolt row recommendations previously 

described are followed.

CONCLUDING REMARKS

A variety of compromising scenarios in a typical steel fl oor 

framing system were considered in which interior infi ll 

beams, spandrel beams, and interior columns were rendered 

ineffective. The base system included 2VLI22 steel deck 

(5 in. total height composite slab) and 6×6-W1.4×W1.4 

welded wire mesh reinforcement. Conclusions regarding be-

havior and strength of the typical slab system under a variety 

of compromising events follow.

The slab system typically present in a structural steel 

building appears capable of carrying point-in-time loading 

in the event infi ll beams are rendered ineffective. This state-

ment quantifi es one measure of the inherent structural integ-

rity or robustness in the system. The membrane action in the 

slab system is most effectively enhanced by adding the mild 

steel reinforcement. The most effective method to enhance 

robustness and meet GSA-level dynamic multipliers in the 

event a spandrel beam is lost was determined to be provid-

ing a band of mild-steel reinforcement at the perimeter of the 

slab system. Distribution of mild-steel slab reinforcement 

throughout the exterior bays in the steel system appears to 

be an economical way to enhance inherent structural integ-

rity in the case of spandrel beam loss coupled with the loss 

of adjacent infi ll beams. Another situation considered was 

the loss of a spandrel girder. The typical slab arrangement 

considered was shown to be capable of carrying point-in-

time loading after such an event, thereby demonstrating the 

system has inherent robustness. Enhancing this is most eco-

nomically attained through additional slab reinforcement.

A scenario whereby an interior column is rendered inef-

fective was also considered. A static nonlinear analysis of 

the typical 30-ft by 30-ft framing system that included non-

linear connection behavior consistent with that of web-cleat 

connections was conducted. The analysis indicated that the 

compromised system will likely be able to support the self-

weight, partitions, and expected point-in-time sustained live 

loading of the fl oor system. It should be noted that dynamic 

response of the system needs to be evaluated in order to fully 

appreciate the demands that will be placed on puddle welds, 

shear studs, and internal slab reinforcement. The analysis re-

sults indicate that in order to improve the inherent structural 

integrity in the steel system, one should select connection 

angle thicknesses on the upper-end of those provided in the 

AISC Manual (AISC, 2001). It is also recommended to use 

the maximum number of bolt rows that the beam or girder 

web can support. Both of these rather simplistic measures 

will enhance the inherent robustness in the system.

The analysis conducted also indicated that it is likely more 

benefi cial to have smaller moment capacity and fl exural stiff-

ness for connections distributed throughout the fl oor framing 

system (typically present in typical structural steel framing). 

When the moment capacity is low, there is the opportunity 

for smooth transition between the formation of the fl exural 
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mechanism and the catenary tension behavior after the ini-

tial fl exural mechanism forms. If the moment capacity is too 

large, there may be snap-through-type behavior, whereupon 

a signifi cant magnitude of vertical displacement will rapidly 

take place prior to catenary mechanism formation. This ap-

pears undesirable, and further study is warranted.

In general, the analysis conducted indicates that balance 

between membrane action in the slab and catenary action in 

the steel grillage can be attained when the following axial 

and moment characteristics are met in regard to the connec-

tions at the ends of the beams and girders in the structural 

steel system:

M M
conn pb

≤ 0 30.  and K
EI

Lθ ≤ 2  

P Pconn y≤ 0 3.  and K
AE

Lδ ≤ 0 3.

Therefore, this study suggests that there is opportunity to 

avoid special structural engineering consideration of interior 

column ineffectiveness scenarios if the web angle bolt row 

recommendations previously described are followed and 

larger connection angle thicknesses are implemented.

It is recommended that the response of the entire 3D steel 

building with the connection characteristics outlined in this 

section be conducted. This will likely lead to some very in-

teresting results with regard to the true robustness inherent in 

steel building systems. This paper and the companion paper 

(Foley et al., 2008) simply summarize the observations made 

during the analyses conducted. One major item of note, how-

ever, is that better information regarding the catenary anchor-

ing demands and capacities is needed. This information can 

serve as the basis for slab membrane strength computations 

and better estimates for the contribution of the composite 

steel-concrete fl oor deck system to the integrity of the build-

ing framing system. Finally, the capacity of steel studs as an 

anchoring mechanism should be assessed further.
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Current Steel Structures Research 

REIDAR BJORHOVDE

Behavior, strength and design of all types of connections 

were addressed at the Sixth International Workshop on 

Connections in Steel Structures, which was held in Chicago, 

June 23–25, 2008. More than 60 international experts pro-

vided three days of paper presentations and extensive tech-

nical discussions of a variety of subjects. These workshops 

are a continuing and cooperative effort primarily between 

North America and Europe, with AISC and ECCS, the Eu-

ropean Convention for Constructional Steelwork, serving as 

the hosts for the event. Some of the research efforts that are 

presented in this paper refl ect studies of the workshop par-

ticipants, and all of the papers are presented in a book that 

will be published by AISC later this year or early in 2009.

The research efforts discussed in this paper examine the 

behavior and strength of various forms of braced frames un-

der seismic conditions, focusing on connection details for 

improved energy absorption as well as frame behavior. A 

novel connector in cast steel offers signifi cant potential for 

braced frames using tubular members, and the development 

of a unique structural fuse system for bracing members is ex-

amined through an actual construction project. Further, block 

shear continues to be the subject of ongoing projects, and the 

most recent effort focuses on the limit states that govern con-

nections with unusual failure paths. Punching shear failures 

in connections with high-strength bolts in tension is exam-

ined in a recent Hungarian study, and researchers in Chile 

are looking at improved response characteristics of certain 

types of shear lugs for column bases. Analytical models are 

critical for evaluation of frames with partially-restrained 

(PR) connections, and an American researcher has focused 

on a novel type of hybrid element. An unusual study of the 

performance of crane girders in actual structures offers novel 

and interesting fi ndings regarding typical response accelera-

tions of such girders. Finally, stainless steel continues to at-

tract attention for several applications, and work in Hong 

Kong examines web crippling phenomena for thin-walled 

hollow structural sections

References are provided throughout the paper, whenever 

such are available in the public domain. However, much of 

the work is still in progress, and reports or publications have 

not yet been prepared for public dissemination.

STRUCTURAL BEHAVIOR AND STRENGTH 
UNDER SEISMIC LOADS

Behavior and Strength of Link-to-Column Connections 
in Eccentrically Braced Frames: This project has been 

conducted at the University of Texas in Austin, with Profes-

sor Michael D. Engelhardt as the director. Funded by the Na-

tional Science Foundation and AISC, the study formed the 

basis for the doctoral dissertation of Taichiro Okazaki, who 

is now a professor at the University of Minnesota (Okazaki 

and Engelhardt, 2007; Okazaki, Engelhardt, Drolias, Schell, 

Hone and Uang, 2008).

Eccentrically braced frames have been used extensively 

as an effi cient and stable seismic load-resisting structural 

system. The original usage focused on the shear links being 

used within the beams of a chevron-type frame, for example. 

However, the links certainly would appear to serve very well 

at the beam ends, connecting directly to the columns, and 

the performance of such elements was the focus of the Uni-

versity of Texas project. The work was in part prompted by 

the fact that the AISC seismic design specifi cation (AISC, 

2005b) contains detailed test performance criteria for link-

to-column connections, and such test data were very scarce 

at the time the project was undertaken.

Using ASTM A992 steel and a range of different sizes 

of members and connection details, 24 full-scale tests were 

performed. It was initially found that the link-to-column 

connections tended to fail prematurely in the weld between 

the link and the column fl ange, unable to provide adequate 

inelastic rotation capacity. Figure 1 shows one such exam-

ple. Modifying the welding details to have an all-around 

fi llet weld between the link and the column fl ange proved 

successful, providing adequate inelastic rotation capacity. 

Another test used stiffeners parallel to the link web in the 

section of the link that was closest to the column; this was 

also found to supply adequate rotation capacity. Figure 2 

shows this test specimen near the end of the loading regime. 

Additional work is now being done, focusing on the need for 

improved design criteria.

Reidar Bjorhovde is the Research Editor of the AISC 
Engineering Journal. 
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practical bracing member sizes that did not impose such 

large axial forces on the connection region. Figure 4 shows 

the range of connectors that were developed by the Cast 

ConneX Corporation.

Each of the connectors shown in Figure 4 were used to-

gether with the heaviest tubular shapes that fi t the connector 

dimensions, and the connection assemblies were then tested 

cyclically in accordance with the criteria of the AISC Seismic 
Provisions for Structural Steel Buildings (AISC, 2005b). All 

of the tests satisfi ed the AISC criteria, and the failures of the 

Use of Cast Steel Connectors for Bracing Connections 
in Special Concentrically Braced Frames: This project 

has been conducted at the University of Toronto, Ontario, 

Canada, with Professors Jeffrey Packer and Constantin 

Christopoulos as the directors. The study was undertaken 

specifi cally to examine the potential use of a cast element 

connecting the gusset plate and a circular hollow section 

(CHS) as the bracing member, to take advantage of the fa-

vorable buckling characteristics of the CHS. In addition to 

improved gusset plate geometries and overall connection 

performance criteria, it was felt that the fabrication of such 

framing systems would exhibit signifi cant advantages. Fig-

ure 3 shows the details of a typical connection.

The initial part of the study used a single type of con-

nector that was bolted to the gusset plate and shop welded 

to the ASTM A500 steel tubular member, using complete 

joint penetration welds (de Oliveira, Packer and Christopou-

los, 2008). Subsequent developments provided additional 

sizes of connectors and tubular members, to arrive at more 

Fig. 1. Fracture of link-to-column fl ange connection 
(courtesy of Professor T. Okazaki).

Fig. 2. Satisfactory performance of connection with stiffened link 
next to column (courtesy of Professor T. Okazaki).

Fig. 3. Bracing connection with cast steel connecting element 
between gusset plate and tubular bracing member 

(courtesy of Professor J.A. Packer).

Fig. 4. Range of sizes of cast steel connecting elements 
(courtesy of Cast ConneX Corporation).
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brace assembly occurred as fl exural buckling of the tubular 

member with a plastic hinge forming at mid-length. Figure 5 

shows one of the specimens after buckling. These tests were 

conducted at École Polytechnique in Montreal with Profes-

sor Robert Tremblay as the director, and further work will be 

done jointly by the two universities.

Full-scale tests of a complete connection region, as shown 

in Figure 3, with realistic member sizes, will subsequently 

be tested for inelastic cyclic performance assessment.

Minimizing the Strength of Bracing Connections: This 

is a study that was conducted by Canam Corporation in 

connection with the fabrication of structures for four major 

stadium projects in the New York City area. Richard Vincent, 

Vice President for Research and Development, was in charge 

of the study.

Recognizing that bracing member connections are de-

signed to allow the member to yield in tension, and also that 

the size of such members may be governed by the compres-

sive member capacity, the result is usually that the member 

size and its connections become large, complex and costly. 

This approach may also prompt increases in the column 

sizes for the structure, further increasing the project costs 

(Vincent, 2008).

The aim of this study was to arrive at members with small-

er net areas for the tensile load demands, allowing the requi-

site yielding in tension and at the same time preventing local 

and overall buckling during the compressive load cycle. The 

size of the connection could therefore be reduced, while sat-

isfying all performance requirements. The reduction of the 

net area of the member would effectively provide a structural 

fuse detail, with adequate inelastic deformation capacity in 

tension and satisfactory compression response. An example 

of a suitable fuse detail with a wide-fl ange bracing member 

is shown in Figure 6.

Additional evaluations will eventually be performed, in-

cluding testing of the bracing members with the fuse detail, 

to establish ranges of member sizes and fuse details for vari-

ous performance criteria.

OTHER CONNECTION PERFORMANCE ISSUES

Block Shear Evaluation for Members with Uncommon 
Failure Paths: This project has been conducted at the Uni-

versity of Alberta in Edmonton, Alberta, Canada, with Pro-

fessor Robert Driver as the director. The work was supported 

by the Natural Sciences and Engineering Research Council 

(NSERC) of Canada, as well as the Steel Structures Educa-

tion Foundation of Canada.

A number of research projects have addressed the many 

issues associated with block shear since the phenomenon 

was fi rst identifi ed (Birkemoe and Gilmor, 1978). Design 

standards in North America and elsewhere have undergone 

numerous revisions as additional fi ndings were reported, 

although the subject now appears to have reached its fi nal 

form and practical solution procedures (Driver, Grondin and 

Kulak, 2006; Cai and Driver, 2008).

In addition to analyzing all relevant tests that have been 

reported in research literature, an additional 12 tests were 

performed to assess limit states and failure paths of atypical 

connection geometries. Using wide-fl ange shape elements 

with ¾-in.-diameter ASTM A490 bolts, various gage sizes, 

Fig. 5. Testing of tubular brace with cast steel connectors 
(courtesy of Professor J.A. Packer).

Fig. 6. Wide-fl ange bracing member with material removed to 
create structural fuse (courtesy of Richard Vincent).
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and end distances, as well as the number of rows of bolts, the 

connections were made to the web of the shapes. The tests 

demonstrated failures through bolt tear-out along the shear 

planes on both sides of the bolt, as shown in Figure 7a. A 

splitting crack as shown in Figure 7b developed after the bolt 

tear-out limit state had reached is maximum load. Figure 7c 

shows the failure that developed in some cases, where frac-

ture did not occur and the ductility of the steel allowed large 

hole deformations to take place. This is a phenomenon that 

also has been observed in other block shear tests.

Analyzing all of the previous and current test results, the 

researchers report excellent and consistent agreement with 

the so-called unifi ed block shear equation. The require-

ments of the current AISC Specifi cation for Structural Steel 
Buildings are found to be very conservative (AISC, 2005a). 

The authors note that the new equation has been adopted 

for the draft of the 2009 Canadian steel design standard, 

CSA-S16.

Testing of Shear Lugs for Column Bases: This is a recently 

started research project at the Technical University Federico 

Santa Maria in Valparaíso, Chile. Professor Carlos Aguirre is 

the director of the study.

Chile sometimes experiences very severe earthquakes, 

and for column base plates, shear lugs are therefore often 

used in combination with anchor rods. The study aims at 

determining the strength and deformation characteristics of 

different types of shear lugs, two examples of which are 

shown in Figure 8. The initial results show that the anchor 

rods yield prior to reaching the shear lug capacity, and the 

deformation capacity is substantial. Following a drop in 

load-carrying capacity, the anchor rods eventually fracture 

and the shear lug buckles locally along with weld fractures. 

The study will continue with additional tests; eventually the 

AISC-based design procedure will be reassessed and re-

vised as necessary.

Punching Shear Resistance of Tension Bolts: This project 

is a joint effort between the University of Thessaloniki in 

Greece (Professor P. Baniotopoulos) and the University of 

Pécs in Hungary (Professor P. Ivanyi). The testing is done 

at the Budapest University of Technology and Economics 

in Hungary.

Individual bolts are loaded in tension perpendicularly to 

plates of thicknesses from 1 to 6 mm (0.04 to 0.25 in.); the 

bolts are used with and without washers. As an example 

of the results from this ongoing study, Figure 9 shows the 

punching shear failures with bolt pull-through of a 1-mm 

plate and a 5-mm-plate. In the case of the thinner plate (Fig-

ure 9a) the bolt and the nut simply pull directly through the 

plate, with fractures radiating from the corners of the nut. 

For the thicker plate (Figure 9b), the nut shears off a portion 

of the plate that refl ects the shape of the nut. These and other 

punching shear failures will be modeled by fi nite element 

analyses, and additional static and dynamic tests will also 

be conducted.

METHODS OF FRAME ANALYSIS

Three-Dimensional Web-Based Semi-Rigid Steel Frame 
Analysis with Graphical Interface: This is an NSF-funded 

research project at the University of Texas at Arlington, with 

Professor Ali Abolmaali as the director.

A novel type of hybrid element has been developed for the 

analysis, utilizing pseudo spring elements to represent the 

full inelastic behavior of the connections. Thus, the chang-

ing stiffness of the connections as well as the local yield-

ing within the beam ends are refl ected in the representative 

terms in the structural stiffness matrix. One of the advantag-

es of the approach is that the number of degrees of freedom 

can be reduced, because individual connection elements do 

not need to be modeled. The hybrid element is illustrated in 

Figure 10.

  (a)  (b) (c)

Fig. 7. Various failure modes in block shear tests (courtesy of Professor R.G. Driver).
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INDUSTRIAL STRUCTURES

Monitoring of Crane Girders in Actual Structures: This 

is an ongoing project at the University of the Witwatersrand 

in Johannesburg, South Africa, with Professor A. Elvin as 

the director. The study is sponsored by the Southern African 

Institute of Steel Construction (SAISC).

Although cranes and crane girders have been examined 

for individual response characteristics, in situ data on their 

behavior as well as the structures they serve are very limited. 

The project aims at establishing defl ections and accelerations 

for 30 to 50 cranes of a variety of classes and load capacities. 

Wireless sensors with a three-dimensional accelerometer are 

installed on the crane girders as shown in Figure 11, and data 

logging monitors the performance of the girders.

Because the project is currently under way, the fi nal re-

sults are not yet available. However, the researchers note that 

“surprising results” have been found. Specifi cally, vertical as 

well as longitudinal and transverse accelerations larger than 

1.0 g have been measured. This may entail additional design 

considerations for certain types and uses of crane girders.

STAINLESS STEEL APPLICATIONS

Cold-Formed Stainless Steel Hollow Structural Sections: 
This study has been conducted at the University of Hong 

Kong in China, with Professor Ben Young as the director.

Fig. 8. Test specimens for column base plates with cruciform 
shear lugs (courtesy of Professor Carlos Aguirre).

 (a)

 (b)

Fig. 9. Punching shear failures with bolts in 1-mm and 5-mm 
plates (courtesy of Professor Miklos Ivanyi).

Fig. 10. Hybrid element for incorporation of connection and beam 
response characteristics (courtesy of Professor Ali Abolmaali).

Fig. 11. Monitoring the dynamic response characteristics of crane 
girders (courtesy of Professor A. Elvin).
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A very large program of physical testing was established 

for the project, using 155 pure web crippling tests, 15 pure 

bending tests, and 21 combined web crippling and bend-

ing tests. Figure 12 shows the test setup for a square hollow 

structural section (HSS) member. Finite element analyses 

were also performed, to assess current international design 

criteria, looking at American, Australian and European codes 

for stainless steel structures. 

The results have shown that all current criteria for high 

strength stainless steel are either unconservative or very 

conservative. The researchers attribute this to the fact that 

the web crippling rules are generally based on tests alone 

and therefore empirical, and even more importantly that the 

tests have utilized cold-formed carbon steel instead of stain-

less steel. The project data have now been used to develop a 

unifi ed web crippling equation for various types of stainless 

steel (Zhou and Young, 2007).
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From Volume 64, Number 1, 2008 of the Journal of Con-
structional Steel Research (JCSR) published by Elsevier, 

Ltd.:

Sources of Elastic Deformation in Steel Frame and 
Framed Tube Structures
Part 1: Simplifi ed Subassemblage Models
Part 2: Detailed Subassemblage Models
Finley A. Charney and Rakesh Pathak

The authors evaluate three analytical models that aim to 

determine the effects of the deformation of the beam-to-

column joint. The models are referred to as the Fictitious 

Joint Model, the Krawinkler Joint Model, and the Scissors 

Joint Model. The models give the same expressions for the 

defl ections that are caused by the shear displacement within 

the connection panel zone. The Fictitious Joint Model ac-

counts for the fl exural deformations within the connection; 

the other two models do not. The authors observe that al-

though the fl exural deformations are not the dominant com-

ponent, they should not be ignored.

 The displacements given by the three simplifi ed models 

correlate closely with those obtained from a three-dimen-

sional fi nite element analysis of the same subassemblage. 

However, the fi nite element analysis by itself cannot provide 

the breakdown of the individual components of the deforma-

tions in the joint. The second of the two papers provides a 

practicable approach to this problem.

From Volume 64, Number 2, 2008 of the Journal of Con-
structional Steel Research (JCSR) published by Elsevier, 

Ltd.:

A Practical Design Method for Semi-Rigid Composite 
Frames Under Vertical Loads
Jing-Feng Wang and Guo-Qiang Li

The analytical and design approach that is presented gives 

the solution for composite beams, columns and connec-

tions at the serviceability and ultimate limit states. Using 

a traditional approach to beam and column analysis, the 

technique determines the actual connection stiffness along 

with the column effective lengths. The theoretical solution 

is amplifi ed by the results of two full-scale composite frame 

tests. The application of the approach is demonstrated by a 

design example, where it is shown that the actual behavior 

of connections and members can be taken into account by a 

practicable method.

From Volume 64, Number 3, 2008 of the Journal of Con-
structional Steel Research (JCSR) published by Elsevier, 

Ltd.:

Experiment on Restrained Steel Beam Subjected to 
Heating and Cooling
Guo-Qiang Li and Shi-Xiong Guo

Full-scale fi re tests of restrained and unrestrained steel beams 

demonstrate the superior response of the restrained member. 

This well-known response characteristic of restrained beams 

is examined further, to the effect that the initial compressive 

force in the restrained beam is eventually reduced to zero. 

Subsequently, the catenary action of the beam develops the 

tensile force, which demonstrates the higher strength of the 

restrained member. The stiffness of the axial restraint is a 

major contributor to the higher strength of the restrained 

beam.

Suggested Reading from Other Publishers

The following abstracts summarize papers published by others on the subject of steel design and construction that may be of 

interest to Engineering Journal readers.

Reidar Bjorhovde, Research Editor of the AISC Engineering Journal, prepared the following abstracts from the Journal of 
Constructional Steel Research.
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Location of Plastic Hinges in Axially Loaded Steel 
Members
Brian H.H. Peng, Gregory A. MacRae, Warren R. Walpole, 

Peter Moss, Rajesh P. Dhakal, Charles Clifton and Clark 

Hyland

Design codes usually prescribe that plastic hinges in axially 

loaded members should preferably develop at member ends 

as opposed to at locations within the length. This is achieved 

by limiting the axial force that can be applied to a yielding 

column, as a function of column slenderness and the end 

moment ratio. The study provides a procedure for determin-

ing the magnitude of the axial load as a function of plastic 

hinges forming at locations within the member length. The 

authors note that current code equations are conservative in 

the approach that is used to ensure that yielding will occur at 

member ends, and this will occur when the axial load ratio is 

larger than 0.15. The equations are unconservative for lower 

axial load ratios. Empirical equations are provided which 

will ensure that yielding will not occur away from member 

ends.

From Volume 64, Number 6, 2008 of the Journal of Con-
structional Steel Research (JCSR) published by Elsevier 

Ltd.:

Infl uence of Connection Design Parameters on the 
Seismic Performance of Braced Frames
Jung-Han Yoo, Dawn H. Lehman and Charles W. Roeder

As part of a major investigation of the response characteris-

tics of special concentrically braced frames, full-scale tests 

and analyses have been conducted to determine the inelastic 

deformation capacity of such frames. The ability of gusset 

plates and other elements to provide the deformation sources 

for the frames without premature or otherwise undesirable 

responses is particularly important. A parametric study has 

been performed to assess the infl uence of the gusset plate 

and the frame members on the seismic response of the 

braced frame. The evaluations have considered all of the key 

details of the connections, including the gusset plates, the 

beam-to-column connections, the bracing members, and the 

overall inelastic deformation demands within the frame. The 

authors observe that proper detailing of the connections will 

produce signifi cant improvement in the seismic response of 

such framing systems.
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