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INTRODUCTION 

Connections are an extremely important part of the final 
configuration of a steel structure. Many, if not most, collapses 
are caused by inadequate connections. The constructed cost 
of a steel frame is heavily dependent on the connections used, 
both the type of connection and how they are configured. Yet, 
connections are often an afterthought. Commercially avail
able software will pretty much automatically design the mem
bers of the frame, but there is no commercially available 
software that will do the same for the connections. In fact, the 
frame design software chooses "optimal" members, usually 
least weight, with no regard whatsoever as to how these 
members will impact on the connections. 

The emphasis in engineering schools is similar to that of 
commercially available design software, i.e., it is on the 
design of members. Very little work is done on connections 
at the undergraduate level and probably also at the graduate 
level. Connections are considered by many professors as 
essentially trivial in a mathematical sense. Very sophisticated 
and mathematically elegant solutions can be prescribed for 
member and frame design; e.g., lateral torsional buckling of 
members, and the direct stiffness method for frames. Connec
tions, on the other hand, are thought to be designed by no more 
sophisticated analysis than counting bolts and determining 
weld lengths. This is not true except for the simplest connec
tions. While there are essentially only three types of members 
in a structural frame (beams, columns, and beam-columns), 
there is an almost infinite variety of connections depending 
on frame geometry. For this reason, connection design is 
actually more interesting than member design, because this 
great variety often requires the designer to rely on intuition 
and art as well as science. 

As mentioned above, connections are often an after
thought. In many engineering offices, once the frame is 
designed and "on paper," the drawings are ready to be "re
leased for construction." Connections are handled by a series 
of typical details and general notes which refer to AISC 
manuals. Typical notes for shear connections might make 
reference to full depth connections or the Uniform Design 
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Load (UDL): For moment connections, the notes might say 
use stiffeners and doublers as required, and design for the 
strength of the beams. For bracing connections, a typical 
detail might be shown with a statement to design for all 
eccentricities. It is the primary purpose of this paper to show 
by anecdotal examples, i.e., "war stories," that this approach 
to connections can be both uneconomical and unsafe. A 
secondary purpose is to give the motivation behind a new 
method of bracing design called the Uniform Force Method. 
Examples will be given of shear connections, bracing connec
tions, and moment connections. 

SHEAR CONNECTIONS 

Shear connections are a subject where information is the primary 
quantity lacking on most jobs. These connections have been 
heavily studied over the years, and other than questions regard
ing ductility and robustness, are well understood. 

Shear connections are the most common connection on all 
jobs. Ideally, the engineer should give the shear for every 
beam end. While this may appear to be a lot of extra work, it 
is not as difficult as it first seems since the loads are known 
from sizing the beams. Why not put them on the drawing? (In 
addition to helping the fabricator, having the loads used in the 
original design right on the drawing is very handy for future 
renovations.) If the loads are shown for every beam end, there 
is very little room for error, and the connections will be as 
economical as possible. 

However, instead of actual loads, most jobs these days have 
one or more of the statements regarding shear connections: 

• Item 1. All shear connections shall contain the maximum 
possible number of rows of bolts; 

• Item 2. Design all shear connections for one-half UDL; 
• Item 3. Design all shear connections for the shear capac

ity of the beam; 
• Item 4. Minimum design loads for standard rolled shapes, 

unless noted otherwise: 

W8 C8 . . 
W10C10 
W12C12 
W14C15 
W16 . . . 
W18 . . . 

10 kips W21 65 kips 
15 kips W24 75 kips 
25 kips W27 90 kips 
35 kips W30 125 kips 
45 kips W33 140 kips 
55 kips W36 175 kips 
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Let's consider each of these. 

Iteml 
Item 1 requires "full depth" connections. 

The fabricator assumes the engineer has reviewed his 
design and the capacity of these connections will exceed the 
actual loads in all cases. But in many cases, these will be 
uneconomical, as with long span beams. In other cases, they 
may be unsafe. 

Suppose a beam has a large cope, as when connecting a 
small beam to a large one (see Figure 1). This may greatly 
reduce the capacity of the full depth connection because of 
the reduced beam section. Has the engineer considered this, 
or has he reviewed his drawings by checking the actual load 
against the capacity of a full depth connection on an uncoped 
beam? It is very likely that he has done the latter. As a second 
example, consider steel at different elevations. 

Figure 2 shows a "full depth" connection for the upset 
W 18x35. The capacity of this "full depth" connection is 20k 
whereas a true full depth connection for the W 18x35 (Figure 
3) is 49k. Will the engineer realize this if he specifies "use the 
maximum possible number of rows"? 

Item 2 
If in-fill beams frame near the ends of a main beam, the UDL 
method can be unsafe. If beams are short, it will be uneco
nomic. Figure 4 shows a floor framing plan. All beam shear 
connections are contractually required to be designed for 
one-half UDL. The three W10x22s framing between the 
W36xl70 and the W36x230 are 3-ft. long. The one-half UDL 
reaction is 61.8k! Of course, this is ridiculous—but the fab
ricator is contractually obliged to supply it if the engineer 
insists, and we have done jobs where the engineer did just 
that. Figure 5 shows the resulting connection. Note that the 
shear capacity of a W10x22 is only 35.4 kips, so designing 
for 61.8 kips is doubly ridiculous and leads to a discussion of 
Item 3. 

Item 3 
Item 3 requires the connection to develop the shear capacity 
of the beam, but this is impossible with the usual shear 
connections (single clips, double clips, shear end plate, shear 
tab) unless the beam is haunched or web doublers are used. 

Also, since most beams are coped, just what is the "shear 
capacity" of the beam? Is it the uncoped capacity (35.4 kips 
for the W 10x22 shown previously) or should the capacity of 
what is left be used? 

It's clear that Item 3 is ambiguous, which can lead to errors 
affecting safety as well as result in ridiculous designs. In 
Figure 6, the W 10x22 of Figure 4 has end connections good 
for 35.4 kips, which means the W10x22 is capable of support
ing 35.4 tons! Obviously, these W10x22s are just intended to 
reduce the unbraced length or provide decking support. If a 
real load of 35.4 tons must be carried, a short W 18x35 with 
five rows of bolts would be cheaper and safer. 

Item 4 
While at first glance, Item 4 appears to be innocuous, try to 
develop 15k in the W 10x22 shown previously. Figure 7 
results. 

Single Angles and UDL 
The uniform design load UDL is a great crutch of the engineer 
because it allows him to issue design drawings without put
ting the beam reactions on the drawings. Instead, often the 
fabricator is told to design the beam end connections for 
one-half UDL, or some other percentage to account for com
posite design, unless greater reactions are shown. Unless 
concentrated loads are located very near the beam ends, UDL 
reactions are generally very conservative. Because the reac
tions are too large, extremely strong connections, such as 
double framing angles, will often be required. 

Single angles, because the bolts are in single shear, will 
have about half the strength of double clips for the same 
number of rows of bolts. But if actual reactions are given, it 
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W18 x 35 
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BOLTS A325N >U 0 

W30 x 173 

Fig. 1. Usual beam to beam connection top of 
steel at common elevation. Fig. 2. "Full depth " connection for upset beam. 
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will almost always be found that a single angle connection 
will work, perhaps with a couple of extra rows of bolts. 

Figure 8 is part of an industrial building with dead load of 
140 psf and live load of 250 psf. Beam 1, of Figure 8 is shown 
in Figure 9. The total load on Beam 1 is 82 kips and the actual 
reactions are thus 41 kips. The one-half UDL reaction is 45 
kips, which is pretty close. Now look at the connections. The 
minimum double clip connection on this coped beam has four 
rows and is good for 81 kips, almost twice the actual reaction. 
Many designers routinely require "full depth" connections, 
i.e. six rows. The six row double dip connection is good for 
166 kips, almost three times the actual reaction. However, a 
five row single angle is good for 52 kips, which is okay for 
the actual and the one-half UDL reactions. 

As this example illustrates, single angles will work even in 
heavy industrial applications, and they are much less expen
sive than double clips, especially for erection. In Figure 10, 
the connections for this W24x55 beam have the same strength 
and have a differential cost of $ 10 for fabrication. But, includ
ing erection, the single angle beam costs approximately $25 
less than the double clip beam. For a 30-story building, 200 

ft.x200 ft. with 25-ft. bays and 200 beams per floor with single 
angles, there is a savings of 200 x 30 x 25 = $150,000. 

Returning to Figure 8, suppose Beam 1 is subjected to the 
same load of 82 kips total, but 32 of the 82 is a concentrated 
load located at mid-span, such as from a vessel. Figure 11 
shows the actual reaction of the beam, now a W24x76, is still 
41 kips, while the one-half UDL reaction is 56 kips—which 
is 37 percent greater than the actual reaction. This means 
while a five row single angle connection is okay for the actual 
reaction, a six row connection with a capacity of 66 kips 
would be required for the one-half UDL reaction. Figure 12 
shows the disparity between actual and one-half UDL reac
tions for Beam 2. Again, single angles are sufficient. 

BRACING CONNECTIONS 

Bracing connections are subject where the art and science of 
connection design can be used to achieve a safe and efficient 
design. They are also an area where missing or misleading 
information can lead to drastically unsafe connections or 
connections which are grossly over-designed. 

COPE l3'« X 73'4 r W18 x 35 

CAPACITY 

= 49 KIPS 

/ 

W30 x 173 BOLTS A325N3'4 0 

COPE 2 x 6lU COPE 2\ x 8''i 

Fig. 3. Normal full depth connection. 

Fig. 5. Section AA of Figure 4 W 10x22 to carry 
V2 UDL = 61.8 kips reaction each end. 
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FOR AXIAL FORCES SHOWN ON PLANS 
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Fig. 4. Ambiguous forces for connection design. 
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Fig. 6. Section AA of Figure 4 W10x22 to carry maximum 
uncoped shear capacity of 35.4 kips as reactions at each end. 
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Art and Science 

Figure 13 shows a bracing connection design method which 
satisfies all of the requirements for equilibrium for the gusset, 
the beam, and the column. It includes consideration of all 
eccentricities and it is simple to use because all forces acting 
between the gusset and the beam and column are known 
before the size of the gusset is known. It has been referred to 
as the KISS method by a detailer who was impressing upon 
his people the necessity of getting the shop drawings "out the 
door." Thus, the sarcastic comment to "Keep It Simple, Stu
pid!," or use the KISS method. Unfortunately, while this 
method is a boon to the detailer, it is a bane to the fabricator 
and owner. It results in large and expensive connections. Also, 
the engineer and owner do not like it when, if there are four 
gussets in a building panel, they almost meet at the center. 
Also, the load paths through this gusset, beam, and column 
are very unnatural and inefficient as will be shown. 

Beginning about 15 years ago, AISC began to address this 
problem with a research program at the University of Arizona. 
This program resulted in published work by Richard (1986) 
which contained figures similar to Figure 14. In this Figure, 

the resultant forces on the gusset edges for a wide variety of 
gusset edge support conditions are seen to fall within the 
envelopes shown. The edge resultants appear to intersect with 
the line of action of the brace at a point on this line on the 
other side of the working point (WP) from the gusset. Note 
that no couples were required in Figure 14. This data from 
Richard is the genesis of the author's development of what 
has come to be called the Uniform Force Method (Thornton 
1991, 1992 and AISC 1992, 1994). The method is shown in 
Figure 15A. Figure 15B shows a force distribution which 
captures the essence of the distributions given "fuzzily" in 
Figure 14. In other words, a force structure is imposed on 
Richard's data. In order to test the efficacy of this structure, 
the data of six full scale tests were filtered through it. The tests 
were performed by Chakrabarti and Bjorhovde, (1983,1985) 
and Gross and Cheok (1988, 1990). Typical test specimens 
are shown in Figures 16 and 17. The limit states considered 
in the filtering process are given in Tables 1 and 2. Table 3 
shows the results. For the Chakrabarti/Bjorhovde tests, excel
lent agreement is achieved. The ratio of test capacity to 
predicted capacity is close to but slightly larger than unity as 
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Table 1. 
Limit State Identification for Bracing Connections 

Limit State Type 

Bolt Shear Fracture 
Bolt Shear/Tension Fracture 

Whitmore Yield 
Whitmore Buckling 
Tearout Fracture 

Bearing 
Gross Section Yield 
Net Section Fracture 
Fillet Weld Fracture 

Beam Web Yield (beyond k distance) 
Bending (including Prying Action) Yield 

Bending (including Prying Action) Fracture 

Limit State Number 

1 
2 
3 
4 
5 
6 
7 
8 
9 
10 
11 
12 

is desired. The agreement for the Gross/Cheok tests is not as 
good, but the method is clearly conservative. The reason for 
the poorer agreement in this second series of tests is due to 
frame action. The tests include it but the Uniform Force 
Method does not. Perhaps frame action can be included in 
some future design method, but for the present, the data 
available indicate that its neglect is conservative. 

An Example: The Kiss Method vs. the Uniform Force 
Method 

Figure 18 shows the design example. The column is a 
W14x605, the beam a W18xl06, and the brace a W12x65 
with 450 kips. Figure 19 gives the completed designs for the 
KISS Method and the Uniform Force Method. A cost com
parison indicates that the KISS design costs $840 while that 
of the Uniform Force Method costs $658. Thus, the KISS 
Method costs about 28 percent more in addition to being a 
much more intrusive (to ductwork, piping, etc.) connection. 

To see the effect on a project of using the KISS Method 
rather than the Uniform Force Method, consider a 40 story 
building with eight bracing connections per story. If all these 
connections were similar to those shown in Figure 18, the cost 

Table 2. 
Limit States Considered for Each Interface 

of Bracing Connections 

Connection 
Interface 

Brace to Gusset 
(A) 

Gusset to Beam 
(B) 

Gusset to Column 
(C) 

Beam to Column 
(D) 

Connection 
Element 

Bolts to Gusset 
Gusset 

Bolts to Brace 
Brace 

Splice plates or WTs 

Gusset 
Fillet Weld 
Beam Web 

Bolts to Gusset 
Fillet Weld to Gusset 

Gusset 
Bolts to Column 

Clip Angles 
Column 

Bolts to Beam Web 
Fillet Weld to Beam Web 

Beam Web 
Bolts to Column 

Clip Angles 
Column 

Limit 
States 

1 
3,4,5,6 

1 
5,6,7,8 
5,6,7,8 

7 
9 
10 

1 
9 

6,7,8 
2 

6,7,8,11,12 
6,11,12 

1 
9 

6,7,8 
2 

6,7,8,11,12 
6,11,12 

1See Figure 16 for Interface Identification 

of using the KISS Method rather than the Uniform Force 
Method would be (840 - 658) x 8 x 40 = $58,240. This is 
assuming one bay of single diagonal bracing on each of the 
four faces. If two bays per face were used, the extra cost of 
the KISS Method would be about $116,000. 

The differences in size and cost between the KISS Method 
and the Uniform Force Method are apparent in Figure 19. 
From a scientific point of view, the reason the KISS Method 
gives a larger connection is due to inefficiency in force 
transmission. The beam to column connection (interface D) 
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Table 3. 
Comparison of Uniform Force Method Predicted with Test Results 

Test 
Specimen 

Chakrabarti / 
Bjorhovde 

30° 

Bjorhovde 
45° 

Chakrabarti / 
Bjorhovde 

60° 

Gross / 
Cheok 
No. 1 

Gross / 
Cheok 
No. 2 

Gross / 
Cheok 
No. 3 

Predicted Results 

Brace to 
Gusset 

A 
(kips) 

142 
(3,5)1 

142 
(3,5) 

142 
(3,5) 

73 
(4) 

78 
(4) 

84 
(4) 

Gusset to 
Beam 

B 
(kips) 

184 
(7) 

182 
(7) 

169 
(7) 

212 
(7) 

77 
(7) 

94 
(7) 

Gusset to 
Column 

C 
(kips) 

216 
(5) 

164 
(5) 

155 
(5) 

67 
(12) 

143 
(7) 

171 
(7) 

Beam to 
Column 

D 
(kips) 

152 
(12) 

210 
(12) 

342 
(12) 

149 

(9) 

NL2 

NL2 

Predicted 
Capacity 

(kips) 

142 
(3,5) 

142 
(3,5) 

142 
(3,5) 

67 
(12) 

77 
(7) 

84 
(4) 

Predicted 
Failure 

Interface 

A 
(3,5) 

A 
(3,5) 

A 
(3,5) 

C 
(12) 

B 
(7) 

A 
(4) 

Test Results 

Test 
Capacity 

(kips) 

143 

148 

158 

116 

138 

125 

Test 
Failure 

Interface 

A 
(5) 

A 
(5) 

C 
(5) 

A 
(4) 

A 
(4) 

A 
(5) 

Test 
Capacity 

Predicted 
Capacity 

1.01 

1.04 

1.11 

1.73 

1.79 

1.49 

1 Limit state number from Table 1, typical 
2NL = No Limit; this part of connection does not carry any of brace load P 

is not used to carry any of the brace force. This is why the 
KISS Method gives such a small beam to column connection 
in Figure 19. To carry the load around this area, the large 
couples are required on the gusset edges. A simple way to 
judge efficiency of force transmission was given by Thornton 
(1992). It is a rough way to judge the "smoothness" of the 
load paths through the connection. The lower the efficiency 
number, the better the connection. For the Uniform Force 
Method, the efficiency of the connection of Figure 19 is 1.39 
while that of the KISS Method is 1.97. These results are 
similar to the differences in cost. Thus, the technically better 
method for design also yields a cheaper design. 

INFORMATION 

The Uniform Force Method is probably the most efficient 
way to design bracing connections, but it must be supple
mented by information about what are referred to as transfer 
forces or connection interface forces. These are sometimes 
obvious by application of the "art" of load paths, but not 
always. Also, the information given by the engineer can be 
wrong regarding transfer forces even if it is right regarding 
member forces. 

Figure 20 shows a typical ambiguous situation. How much 
of the bracing forces to the left of the column are transferred 

ENGINEERING JOURNAL/FOURTH QUARTER/1995 137 

to the right of the column at Point A? This unspecified force 
is the "transfer force." 

Faced with this situation, the fabricator can perform analy
ses as shown in Figures 21 and 22 for assumed simultaneous 
and non-simultaneous loads. This results in possible transfer 
forces varying from 223k to 23k. Without further information 
from the engineer, the fabricator has no choice but to design 
for 223k, which will be safe but very expensive. The connec
tion design strategy, based on ignorance, is shown in Fig
ure 23! 

This problem occurred on an actual job, and when the 
engineer realized our problem, told us the transfer force at 
Point A was 30k (Figure 24) and proceeded to provide the TF 
force at all ambiguous points on his drawings. Obviously, 
designing for 30 kips rather than 223 kips is much more 
economical as well as being safe. It is a design based on 
knowledge rather than ignorance. 

For another example of an ambiguous situation, again 
consider Figure 4. This shows axial forces on the beams along 
with the engineer's note: 

"Design beam end connections for axial loads 
shown on plans." 

The framing plan shown is from an actual job and is not a 



partial plan, that is, no other beams frame to it other than those 
shown. So there are certain points, such as point A, where 
designing for the axial force makes no sense because there is 
no place for the 90k load to go. 

When the engineer was queried about this, he was annoyed 
and sent us a fax stating: "Design beam end connections for 
axial loads shown on plans." He repeated the note on his 
drawing and was basically saying, "Do what you are told, 
dumb fabricator!" We said, "OK, that means at Point B we 
design the beam to column connection for 20 kips, right?" He 
repeated his earlier fax. Now, at Point B, there happens to be 
a brace with 85 kips in it and the engineer provided the usual 
detail of a wrap-around gusset as shown in Figure 25. So we 
sent a copy of Figure 25 showing how his note would be 
interpreted in this case. When he saw this, he finally paid 
attention and said, no, he wanted 85 kips between the beam 
and column as shown in Figure 26. We agreed that was right, 
but that 90 kips at Point A was wrong. He agreed and changed 
his drawing to Figure 27, where the transfer forces are clear. 

These two examples show that unclear transfer forces are 
sometimes uneconomical, as in the first example, but also can 

be unsafe, as in the second example. To reinforce the point 
that the omission of transfer force data can lead to very serious 
design inadequacies is demonstrated in the next example. 
Figure 28 shows a partial elevation from an engineer's draw
ing. The notes on the drawings included one which is shown 
in Figure 28, i.e. "Design beam end connections for the axial 
loads shown." Now, the axial loads shown are obviously from 
the engineer's computerized frame analysis, design, and 
drawing production program. As such, they are member 
forces not connection interface or transfer forces. Consider 
point A. Here we are told to design the beam end connection 
(interface D of Figure 16) for the beam on the left for 160 
kips, yet the opposing beam has only 20 kips as shown. What 
is happening at this point is that the brace force coming down 
the column is transferred directly to the beam through the 
gusset to beam connection (interface B of Figure 16) and 
never reaches the column. The beam to column connection 
should be designed for shear and 20 kips tension. Designing 
for 160 kips tension is expensive and wrong. Now consider 
Point B. Here the brace passes from the upper left to the lower 
right. There are no axial member forces shown on either 
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Fig. 13. The "KISS" method. Fig. 15A. The uniform force method. 
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beam, because the computer indicated no axial forces for 
these beams. Therefore, the beam to column connections are 
designed for shear only. This is exactly what the detailer did 
in accordance with the above mentioned note, as seen in 
Figure 29 (shown opposite hand). But it is wrong. What is 
happening here is that the brace force must be transferred 
across the column from the left to right. The beam to column 
connections (interface D) of both beams must be matched and 
must carry the horizontal components of the brace forces. 
These are interface forces and not member forces. As such, 
they are calculated by no presently available computer soft
ware. The engineer was wrong to specify that beam end 
connections be designed for the member forces shown on the 
drawings. At point A this error causes the structure to be too 
expensive. At point B this error causes the structure to be 
grossly unsafe. The only way to avoid this problem is for the 
engineer to work out the transfer forces and present them on 
the drawings. This has been done for the frame of Figure 28 
in Figure 30. The resulting correct detail for point B is shown 
in Figure 31 (opposite hand again). 

Moment Connections 

Like shear connections, moment connections are well under
stood. Here the problem is lack of information in the "released 
for construction" drawings which generally leads to expen
sive (but safe) connections, but the main problem is that 
member design should also have taken into consideration the 
design of the connections. If this is not done light weight 
columns will be chosen by the frame design software, but the 
constructed cost of the structure will be high because of the 
connections. 

Columns, when part of an unbraced frame, are designed for 
bending moment as well as axial force. The designer uses a 
rigid frame analysis computer program, which also possibly 
does a code check using the beam column interaction equa
tions or he performs the latter operation manually. What the 
designer generally does not consider in his column design is 
the "panel zone" between the column and the transverse 
framing beams and this can be a costly oversight. 

Figure 32 shows a Wl4x90 column 34-ft. long with fillet 
welded stiffeners and a same cost W 14x120 with no stiffen-
ers. However, if a W 14x99 column will work, a less expen-

352K 

t WI4*605 

Fig. 16. Chakrabarti/Bjorhovde test specimen. Fig. 18. Design example (see AISC1992 andAISC 1994). 
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Fig. 17. Gross/Cheok test specimen no. 1. Fig. 19. Comparison of designs. 
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sive job will result. The W 14x120 also may be less expensive 
if extra erection costs associated with beams framing to the 
weak axis of the W14x90 due to the stiffeners are considered. 
Figure 33 shows the same W 14x90 column as Figure 32, but 
here the designer has specified full penetration groove welds 
of the stiffeners to the column. This almost triples the cost of 
the stiffeners and means that an unstiffened W 14x176 will 

cost about the same as the stiffened W 14x90. Now, looking 
at the sections between W14x90 and W14xl76, we see that 
we have available a W14x99, a W14xl09, a W14xl20, 
W14xl32, W14xl45, and a W14xl59, all of which will yield 
a less expensive design if they satisfy the beam column design 
equations. 

Figure 34 shows the "fabricator's nightmare" of stiffeners 
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ASSUME THE WORST - HOPE FOR THE BEST! 

WHEN IN DOUBT - MAKE IT STOUT! 

USE "BELT AND SUSPENDERS" 

Fig. 23. Connection design strategies based on ignorance. 

Fig. 21. Simultaneous loads—same load 
condition possible transfer forces. 

Fig. 24. Partial elevation transfer force is 30 kips per engineer. 
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Fig. 22. Non-simultaneous loads—different load 
conditions possible transfer forces. 

ENGINKER'S NOTE: DESIGN BEAM END CONNECTIONS 
FOR AXIAL LOADS SHOWN ON PLANS 
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Fig. 25. Connection design forces based on engineers note. 
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and doublers. A clean W14xl76 costs no more than the 
stiffened and doubled Wl4x90, and all of the W14 sections 
in between will give less expensive designs if they satisfy the 
beam-column equations. 

For the convenience of designers, Figure 35 gives the cost 
in lbs. of steel for stiffeners and doublers, as well as the cost 
of column splices. Column weights can be increased by 
approximately the amounts shown here without increasing 
costs because, as previously mentioned, the stiffeners and the 
doublers will tend to increase erection costs. (Note that erec
tion costs are not included in Figures 33 through 35.) 

Figure 36 shows a design aid derived from the foregoing 
information. Here the connection with the stiffeners and 
doublers is given per tributary length of column. As an 
example of its use, Figure 37 presents a W24x55 framing to 
a column flange. The design moment is M = 212 k-ft, which 
is just slightly less than the full strength moment of the 
W24x55 (A36), which is 226 k-ft. The W14x90 column, 
which is determined to be adequate for M = 212 k-ft. and the 
design axial load, requires stiffeners and doublers. The 
W 14x120, which is also adequate for the design moment and 

+84K 

±85K 

axial force, requires no stiffeners or doublers. Since 120-90 
= 30 lbs, which is less than the 117 lbs from Figure 36, the 
W14xl20 is the more economical choice. As Figure 37 
shows, $204 is saved per connection. If there were 1,000 
similar connections on the job, savings would be approxi
mately $204,000. 

The stiffeners and doublers of the column cost studies 
previously discussed are the result of requirements for beam-
to-column moment connections, especially when full-
strength moment connections are specified, as in Figure 38 
for doublers. Since stiffeners and doublers can add significant 
costs to a job, design engineers should not specify full-

Engineer's Note: 
Design Beam End Connections for Axial Forces Shown 

Fig. 28. Partial elevation member forces. 

TF « 85K. NOT 20K 

Fig. 26. Connection design forces are clear 
because transfer forces are given. 
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Fig. 27. Connection design forces are clear. Fig. 29. Original detail—3/s-in. clip angles. 
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strength moment connections unless they are required by 
loads or codes, e.g. ductile moment resisting frames for high 
seismic loads. 

For wind loads and for conventional moment frames where 
beams and columns are sized for stiffness (drift control) as 
much as for strength, full strength moment connections are 
not required Even so, many design engineers will specify full 
strength moment connections, adding to the cost of a struc
ture. 

Designing for actual loads has the potential, without any 

increase in column weight, to drastically reduce the stiffener 
and doubler requirements. On one recent 30-story building, a 
change from full moment connections to a design for actual 
loads combined with using Figure 39 for doublers reduced the 
number of locations where stiffeners and doublers were re
quired to several dozen from 4,500 locations with an esti
mated cost savings of approximately $500,000. 

CONCLUSION 

Many of the suggestions made in this paper can be considered 
just good or "common" sense suggestions. In reality, common 
sense is not so common when time, money, and reputation are 
involved. In order for these suggestions to be effective, they 
must be implemented as early as possible in order that the 
owner reaps the benefits. 

Construction in steel and alternate materials is very com
petitive. The ideas suggested in this paper can help reduce the 
cost of steel construction, perhaps enough to cause more jobs 
to be built in steel. 
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