Introduction to the Proposed AISC
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Design Specification

JOHN A. EDINGER

INTRODUCTION

The proposed AISC Load and Resistance Factor Design
Specification' is now undergoing a one year period of
public review and comment. This culminates efforts over
the past years by many individuals who have contributed
significantly to the draft specification.

The intent of this paper is to provide a brief introduc-
tion to the proposed LRFD Specification by briefly dis-
cussing the basic load and resistance formulation, load
and resistance factors, and providing a comparison with
the present Allowable Stress Design Specification.?

LRFD FORMULATION

The limit state philosophy in design is to ensure that the
combined effect of the loads does not exceed the structural
resistance to particular failure modes. For example, two
such limit states for a tension member are those of yielding
and fracture. A limit state can also be a service limit state,
such as deflection or vibration. By considering the require-
ments of a structure in this manner there is potential for
designing safer, more efficient, and less costly structures.

The basic formulation to ensure a load effect less than
the resistance is given by Eq. 1.

2vQ; = ¢R, (1

In this formulation, ¢ is the resistance factor prescribed
in the Specification. It reflects uncertainty in the provided
resistance and is always less than or equal to unity. R, is
the nominal strength of the structure and is determined in
accordance with standard engineering principles. The load
side of the formula consists of the load factors, vy;, to ac-
count for potential overloads and uncertainty, and Q;, the
mean loads. The summation accounts for loads from dif-
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ferent sources and allows for a different load factor to be
assigned to each load.

The procedure involved can be demonstrated in a design
example of a tension member as shown in Fig. 1.

= A=

Figure 1

To determine the required area for this member subject
to a dead load of two kips and a live load of five kips, we
must provide a strength that exceeds the applied force. This
can be represented in terms of Eq. 1 as:

2v;P; = ¢R, ()

For the limit state of yielding on the gross section Eq. 2
can be written as:

1.2P, + 1.6P_ = .90A,Fy

With a live load of five kips and a dead load of two kips
and using A36 steel the result is:

1.2 (2) + 1.6 (5) = .90A,(36)
10.4% = 32.4 A,

Or a gross area requirement of:

A, = 0.321 in2

For the limit state of fracture on the effective net area
Eq. 2 can be written as:

10.4k < .75 AF,

10.4% = 75 A, (58)
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Resulting in an effective net area requirement of:
A, = 0.239 in.2

A member can then be sized to meet these requirements.

LOAD FACTORS

In the design of the structure and its elements, the appro-
priate combinations of loads must be considered. While this
is often a matter of judgement, the proposed AISC LRFD
Specification lists load combinations based upon ANSI
Specification A58.1-19823 which represents those load
combinations that are commonly encountered.

For normal loads the combinations are:

1.4 D, 3)
12D, + 1.6 L, + 0.5(L, or S,) @)

where D, is the dead load, L, is the live load, L, is the roof
live load and S, is the snow load. Impact loading would be
included only in Eq. 4. With wind or earthquake the load
combinations are:

12D, + 1.6(L,orS,) + (0.5L,or 0.8 W,) (5)
12D, + 1.3W, + 0.5[L, + (L,orS.)]  (6)
12D, + 1.5E, + (0.5L, or 0.2 S,) (7

where W, is wind load and E,, is earthquake load. In this
instance impact loading would be included only in Eq. 5.

To account for uplift and ponding the load combinations
are:

0.9D, — (1.3 W, or 1.5E,) 8)
12D, + 1.21, ©)

where I, is the nominal load due to initial rainwater or ice
exclusive of the ponding contribution.

RESISTANCE FACTORS

The resistance factors ¢ in the proposed LRFD Specifica-
tion range from 0.60 for bearing on A307 bolts to 1.00 for
bearing on pin connected members, slip resistant bolt shear
values, and web yielding under concentrated loads. Table
1 lists the resistance factors and their uses.

COMPARISON WITH PRESENT SPECIFICATION

In ASD? the factor of safety for live load and dead load is
identical. In the proposed LRFD Specification' the load
factors will be different for live load and dead load (and
other loads). Consequently, any comparison between the
specifications will depend upon the live-load to dead-load
ratio used to correlate them.

In building construction, the live-load to dead-load ratio
varies between 0.25 and 4 (for some light structures it may
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Table 1

¢ Application
1.00 Bearing on pin connected members

Slip-resistant bolt shear values
Web yielding under concentrated loads

0.90 Tension yielding
Beams in bending and shear
Groove welds - base metal
Fillet welds - stress parallel to weld
axis
Local flange bending
0.85 Column
Edge distance and bearing capacity
at holes
Web crippling and sidesway web buckling
0.80 Groove weld electrodes-tension normal
to effective area

0.75 Tension fracture
Pin-connected members in tension
or shear
Bolts in tension
Partial penetration groove welds
in shear
Fillet weld stress on effective area
Plug or slot welds
0.65 Bearing on bolts (except A307)

0.60 Bearing on A307 bolts

be as high as 5). We know that the past performance of
structures within these ranges has been satisfactory; and
therefore, it is reasonable to conclude the factor of safety
has been adequate. It is obvious the current factor of safety
varies and, in fact, increases with a decreasing L/D ratio.

Low-rise structures, such as conventional commercial
buildings and pre-engineered buildings, constitute a class
of structures made up of a great number of steel buildings
with satisfactory service records. The structures fall in the
upper half of the range of L/D ratios. In view of this record
of satisfactory performance, the selection of a L/D ratio of
3 is the basis for establishment of criteria at which ASD
and LRFD would result in the same structure (called ‘‘cal-
ibration’’).

In ASD the overall factor of safety is related to:

D+ L
F,

(10)

while for the proposed LRFD Specification! the overall fac-
tor of safety is related to

1.2D + 1.6L
¢FCI'

Setting the relationship given by (10) equal to that given
by (11) we obtain:

D+L 12D+ 1.6L
Fa d)Fcr

mn

(12)
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or

¢F, 1.2 + 1.6 (D)

F, 1+ L/D (13)
Substituting into Eq. 13 a L/D ratio equal to 3 results in;
oS ys
or
oF, = 1.5 F, (14)

That is, the LRFD design strength equals 1.5 times the
present allowable strength.

For tension members, the weight is directly proportional
to required strength. It follows then that the weight of the
LRFD member relative to the weight of the ASD member
is given by combining Eq. 12 with Eq. 14.

1.2 + 1.6(L/D)

Wireo/Wasp = 7577 )

This relationship is shown in Fig. 2
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In Fig. 2, the relative weight is given as a function of
the live- to dead-load ratio. LRFD shows weight savings
when this ratio is less than three. When the live- to dead-
load ratio is less than 1/8, the relationship is no longer valid
because the member designed by LRFD is then governed
by the dead-load only load combination of 1.4D (Eq. 3).
As a result a separate curve is shown in Fig. 2 for live- to
dead-load ratios in the range from O to 1/8.

The maximum weight savings for a tension member is
17% at a live-load to dead-load ratio of 1/8. Correspond-
ingly, the maximum weight increase at an upper limit of
live-load to dead-load ratio of five is only 2.2%.

A similar analysis can be made for beams and girders.
For the economy series of wide flange beams, the weight
is proportional to the 2/3 power of the required bending
strength®. Fig. 3 shows the resulting weight of the LRFD
member relative to the ASD member.

Again, the maximum weight savings of 11.5% is con-
siderable, whereas the maximum weight increase is 1.5%
at a live-load to dead-load ratio of five.
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Some controversy still exists regarding the column for-
mula that should be used for LRFD. In the present proposed
AISC LRFD Specification! the existing ASD? formula has
been reformated in LRFD terms.

Recalling from Eq. 14 that for a live-load to dead-load
ratio of three:

¢F,, = 1.5F, (14)

From Table 1 the resistance factor ¢ for columns is 0.85
and Eq. 14 can be written as:

F.. = 1.76F, (15)

Therefore, the new stress for columns designed in ac-
cordance with the proposed LRFD Specification will be
1.76 times the present allowable values. For a given length,
the weight savings using LRFD as a function of the live-
load to dead-load ratio is the same as for tension members,
shown in Fig. 4.

It must be stressed that this is an interim solution. In the
last two decades a great deal has been learned about the
strength of actual columns and actually this knowledge should
be incorporated into any new specification.
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SUMMARY

The proposed AISC LRFD Specification is currently out
for a year of public review and comment. After this, public
reaction will be considered, and a final version of the LRFD
Specification presented to the AISC board of directors.

It is hoped this brief description of the proposed AISC
Load and Resistance Factor Design Specification will serve
as an adequate introduction to the proposed specification.

In any event, the main conclusion is that the reason for
adopting LRFD is not the achievement of immediate eco-
nomical advantages, but the opportunities for future ad-
vancement in the state of the art of steel design.
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loads. The braced frame and framed tube exhibit different
deformation patterns when subjected separately to lateral
loads. A framed tube deforms predominately in a shear
mode (Fig. 6a). On the other hand, a braced frame deforms
primarily in bending mode (Fig. 6b). When both elements
are connected by floor slabs, normally considered rigid in
their own planes, identical displacement is enforced. The
interaction between the two elements is such that the frame
reduces the lateral deflection of the braced frame at the top.
But near the base of the structure, the braced frame tends
to dominate the deformed configuration. Interaction forces
resulting from the different deformation patterns are shown
in Fig. 6¢c. Obviously, the distribution of the applied shear
to the resisting element in proportion to their relative stiff-
nesses can lead to erroneous results.

A typical variation of the interaction forces is shown in

Fig. 6d for an applied static earthquake direction along the
plane of the braced frame. The interaction forces are ex-
pressed as a ratio of the shear force as carried by the braced
frame to that of the applied shear at the building height
under consideration. It is important to note that at top sto-
ries, the total shear carried by the frame can exceed the
applied story shear. This condition is evident from the ob-
servation of the shear forces in the braced frame, which act
in the same direction as the applied loads. Fig. 6d also
shows the increase in horizontal shear in the braced frame
at the lower stories, where the braced frame is relatively
stiffer than the framed tube. During a major earthquake,
the yielding of the frame tube columns will impose addi-
tional strength requirements in the braced frame. The char-
acter of shear distribution, as discussed, is typical of a dual
system.

26

|

21

16

(A) FRAME (B) BRACED FRAME

(C) INTERACTION BEHAVIOR

LEVELS

| ]
-6.3 @.¢ 0.3 06

Vi

(D) SHEAR IN EBF

Fig. 6. Frame-braced frame interaction
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Seismic Application of Dual System—Current building
codes’®? provisions have discouraged the application of
dual systems in seismic zones. In conventional dual system
(K=0.8), where a concentrically braced frame (CBF) is
used, from experimental studies'® it was found that CBF
exhibits pinched and deteriorating hysteretic behavior as a
result of buckling of the brace under repeated and reversed
loading. This indicates poor energy dissipation capability
as well as stiffness degradation. Such behavior can be elim-
inated if the braced frame remains elastic during severe
earthquake excitation. Present codes®? stipulate that 100%
of the total base shear is to be resisted by the braced frames,
for the purpose of substituting elastic behavior for ductility
demands. In high-rise buildings, this criterion cannot be
easily satisified, primarily because the stiffness contribution
of the braced frame is comparable, or in some cases, smaller
than that of the moment frames (see Fig. 6d). The foregoing
criterion will generally require members of large proportion
as well as an additional cost premium to the project. From
these considerations, a dual system with CBF is seldom
used.

%_[\_\ coum '

ECCENTRICITY |

On the other hand, experimental studies? on EBF confirm
the favorable energy dissipation and stiffness behavior dur-
ing cyclic tests. Such behavior is essential to the satisfactory
performance of a structure during a severe earthquake. Re-
cognizing the ductile behavior of the EBF, the requirement
that the braced frame resist 100% of the base shear was
waived by the building authority for this project. Therefore,
in seismic regions, the EBF would be preferred over a CBF
in a dual system.

PLANNING REQUIREMENTS OF
ECCENTRICALLY BRACED FRAMES (EBF)

The design procedures and behavior of an EBF have been
well-documented.!%!” Planning requirements and func-
tional considerations during design phase will be considered
here.

To minimize interference with architectural functions,
the EBF can be located ideally between adjacent elevator
cores. Due to the wide spacing between columns, and also
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Fig. 7. Eccentrically braced frame detail at column end
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for accessibility purposes, the inverted K configuration is
used. Active shear links (Fig. 7) are provided at both ends
of the beam adjacent to the column. It is important to note
that the active shear link has to be braced at the work point
of the beam—brace intersection, to inhibit lateral torsional
buckling under large deformations. However, such beam
braces cannot be accommodated without interfering with
the elevator operations. During the early development phase
of the project, coordination with the architect warranted a
layout of the elevators to allow for the beam brace. The
brace elements are comprised of two WT sections laced
together with intermediate spacer plates to form an integral
unit. The active link beam elements are designed to with-
stand the stress induced by the maximum probable earth-
quake (to be defined later) according to the interaction
formula:

f/F, + f/F, = 1.0 )

in which f, is the computed axial stress resulting from the
horizontal components of the brace forces. The eccentricity

in the brace offset is proportioned to insure shear yielding
in the beam elements such that :

Vp = 2.0*M,/L %)

Due to the large magnitude of earthquake forces, the beam
members used in the project range from W27 to W36’s,
which far exceed the test specimens as reported by Roeder
and Popov in the previous test. To insure the stability of
the beam web during inelastic yielding, additional web stif-
feners were added. Upon Popov’s recommendation, web
stiffeners were spaced such that:

Sit = 30 4)

where S is the spacing of stiffeners and t is the web thick-
ness.

His recommendation is based on recent research findings
on tests of wide flange sections of 18 in. and larger depth.
Typical details of EBF connections at mid-span and active
link ends at the column are shown in Figs. 7 and 8.
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Fig. 8. Eccentrically braced frame detail at mid-point
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DYNAMIC ANALYSES

Performance of a complex structure during earthquake ex-
citation cannot be accurately predicated by the code pre-
scribed ‘‘Equivalent Static Earthquake’’ approach. For a
building with a complex structural system and shape such
as the Getty Plaza, a detailed dynamic analysis is war-
ranted. Linear elastic dynamic analysis employing the re-
sponse spectrum method was carried out with a three-
dimensional mathematical model using the program
ETABS. !0

For dynamic analysis, the seismic design criteria as set
forth by the Los Angeles City Building Department!! re-
quire that the structure meet two different levels of earth-
quake performance, based on the magnitude of two different
earthquake events. First, for the maximum probable earth-
quake, defined as an event with 50% probability of being
exceeded in a 50-year period, the structure has to remain
essentially elastic. Second, from the considerations of the
local geological conditions, the most extreme earthquake
that can be anticipated, defined as the maximum credible

SPECTRAL ACCELERATION

earthquake, the structure shall not collapse, and controlled
inelastic action is anticipated. Seismic studies were under-
taken to determine the magnitude of such events. Fig. 9
shows the response spectra'® with proper modification for
the regional and local site conditions.

Of great importance in dynamic analysis are the structural
stiffness properties. The contribution of the panel zone stiff-
ness in a framed-tube structure will be reviewed in this
section. Furthermore, problems associated with the unusual
geometry of the example building will be examined.

Stiffness Formulations—The dynamic properties of the
structure are directly related to the overall building stiff-
ness. For a framed-tube structure, the finite member joint
size (panel zone) has a significant contribution to the overall
building stiffness, and therefore directly affects the building
response to earthquake excitation. If rigid behavior of the
panel zone is assumed, then the stiffness of the frame will
be overestimated. The story deflection resulting from the
panel zone deformation d,,,. can be calculated approxi-
mately from the portal method. This assumes that points of

MAXIMUM CREDIBLE EARTHGQUAKE
7% DAMPING

AXIMUM PROGABLE EARTHQUAKE

0.01 0.05 0.10

PERIOD

0.50 1.00 5.00 10.0

Fig. 9. Response spectra
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inflection occur at mid-heights of columns and at mid-spans
of beams. Krawinkler'? reports such deflection under unit
lateral load to be:

h—d,
d =
Zone dc tG

where d,,d. are the finite beam and column depths, t is the
web thickness, including doubler plate if any, H is the story
height and G is the shear modulus.

It is common practice to represent the mathematical model \
based on the center line dimensions of the physical struc-
ture, in which case, the stiffness of the panel zone should
be modelled with appropriate methods.

Critical Directions of Earthquake—Once the stiffness and
mass properties of the structure are defined, the mode shapes
and frequencies can be determined from the classical free
vibration problem. The periods, as well as the directions of
the mode shapes, are shown in Table 1 and in Fig. 10 for
this example building. Figure 11 shows the configurations

®

Fig. 11. Principal translation mode shape configuration

— + >3
IF‘ECITO“N | TRANSLATION | TRANSLATION | ROTATION
TRANSLATION X MODES X Y 8
ist Mode 4.900 3.240 2.585
TRANSLATION Y
2nd Mode 1.880 1.396 1.180
ROTATION 3rd Mode 1.071 0.869 0.758
4th Mode 0.709 0.592 0.523
5th Mode 0.524 0.460 0.400
6th Mode 0.408 0.379 0.326
Fig. 10. Directions of fundamental mode shapes and building period
Table 1
Responses Responses in X & Y Critical Directions
Components X Y Zf,ify; P 0.,= —69.4° M, 0.,=23.1° M, 6.,=22.9°
P Kips 939.0 2013.0 — 1384604 2138.2 608.7 607.6
M, ft-kips 914.4 590.4 254442 491.3 972.0 972.0
M, ft-kips 562.0 311.8 112409 2242 602.7 602.8
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of the two principal fundamental translation modes. In the
response spectrum method of analysis, the response of an
individual mode to a particular earthquake motion can be
obtained from the spectral values of a single degree of free-
dom system (Fig. 9). In view of the fact these individual
maximum modal responses do not occur at the same time,
a better estimate of the maximum overall system response
is obtained from statistical combination of the modal max-
ima. Different combination methods'#!® have been pro-
posed, of which the square root of the sum of the squares
combination has particular interest. In this method, the overall
response is expressed as:

fmax =V Zi i (6)

where f,,,, denotes the estimated maximum response and f;
is the modal maximum of the ith mode.

In most cases, a simplification of the true three-dimen-
sional earthquake response of structure is made by assuming
the design horizontal acceleration components to act non-
concurrently in the direction of the main axes of a building.
It is generally accepted that a building designed by this
approach will have adequate resistance against the accel-
eration acting in any direction. However, it is doubtful such
assumption is valid for this example structure. In particular,
the main axes of this building are not well defined. As
clearly illustrated in Fig. 10, the alignments of the mode
shape axes are skewed with respect to the planes of the
frames. Therefore, the critical directions of earthquake must
be quantitatively evaluated to determine what will produce
maximum forces and deformations.

Consider a three dimensional structure, subjected to
earthquake excitation along two arbitrary horizontal axes X
and Y, which are mutually perpendicular to each other. The
modal responses, as well as the overall response, can be
readily calculated along each axis. For an earthquake ex-
citation along an axis, inclined at an angle 6 to the x axis,
the overall response (F,) can be represented as:

F, = V(fcos8 + fy;sinb)> @)

where f,;, f,; denotes the responses along the X and Y axes
respectively for the ith mode.

This equation can be simplified as:
f, = VFcos?0 + FZsin?0 + sin202ff;  (8)

where F,,F, represents the overall response along the X
and Y axis.

The critical angle (6.) for maximum response can be
then obtained by:

dF,) )
5 = 00

thus, the critical angle can be shown to be:

tan (20, 180+ 26)
23ffy

_—Fi—Fi

where 90 = 6 = —-90 (10)
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These formulations can be readily incorporated into existing
analysis programs, and enable the calculations of critical
angles from the responses along two orthogonal axes. As
can be seen from Equation 10, for a column member, the
critical angles for axial force, major and minor axis bending
moments can have different values. However in the design
of this member in accordance with the interaction formulas
of the AISC Specification,!> these variables are evaluated
along the same angle of earthquake input. Table I shows
the critical angles for a typical corner frame column. This
column is of rectangular shape box section. In this partic-
ular case the critical angles for the major and minor axis
bending are essentially identical and the critical angle for
maximum axial load is along one of the principal mode
shape directions.

The foundation system for the perimeter-tube structure
consists of a continuous strip footing, with depth varying
from six to eight ft. This footing is analysed as a beam on
an elastic grade. Since the equations previously developed
are valid only for individual members, for a continuum such
as the strip footing, the corresponding forces and bending
moments on all columns resulting from the same direction
of earthquake excitation have to be evaluated globally. Five
earthquake directions are examined along the following di-
rections: (a) the principal mode shape directions (3 direc-
tions) (b) the direction along the plane of each frame (2
directions). The earthquake along the direction of the braced
frames was found to produce the maximum bearing pressure
underneath the footing for this structure.

CONCLUSIONS

In the design of building structures located in areas of high
seismic risk, the proper balance between stiffness and duc-
tility must be maintained. The dual system, as used in Getty
Plaza Tower, fulfills both of these objectives. With proper
detailing both of the components in this system, the perim-
eter framed tube and the interior EBF, exhibit excellent
energy dissipation capability, essential to the satisfactory
performance of the building during a major earthquake. In
addition, the advantages of this system in meeting the stiff-
ness requirements at relatively low cost provide an econom-
ical solution for highrise framing.

Due to the non-ductile behavior of CBF, current building
codes stipulate the braced frame component in a dual sys-
tem has to be designed for the total seismic base shear. In
contrast, the EBF demonstrates excellent energy dissipation
capability. This code requirement should be revised to rec-
ognize such behavior, and to establish proper classification
for such systems in a seismic application.

The deflection and dynamic characteristics of the Getty
Plaza Tower have been identified. To a large extent this
behavior is typical for buildings with general configura-
tions. For such general shaped structures the prediction of
the critical angles of earthquake excitations that produces
the maximum force or deformation in a particular member
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is not readily apparent. Formulations are presented which
enable the calculations of such angles from the responses
of two orthogonal earthquake directions.

To provide an economical framing system for the Getty
Plaza Tower, a unique dual structural system was devel-
oped. The unusual configuration of the structure required
close examination of its stiffness and dynamic properties,
and led to a better understanding of the general behavior
of a three-dimensional structure.
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NOMENCLATURE
f, = computed axial stress
F, = allowable axial stress
fy, = computed bending stress
F, = allowable bending stress

F,F

, = axial or bending stress

G = shear modulus
h = story height
K = system factor for equivalent
static earthquake method
L = span for beam
M, = plastic moment capacity
V, = modified yield shear capacity
X,Y = principal directions of mode shapes
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