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Progressive collapse has been an important issue in build-
ing failure characterization since the Ronan Point partial 

collapse (Griffiths, Pugsley, and Saunders, 1968). A gas ex-
plosion in the kitchen of an apartment on the 18th floor of the 
22-story precast concrete panel construction building blew 
out an exterior wall panel. That caused a chain reaction of 
structural collapse of a corner of the building from the roof 
down to the ground level, as falling debris caused successive 
failures upon impact. The particular type of joint detail used 
in the Ronan Point building relied heavily on joint friction 
between elements, indicating that buildings with similar 
joint characteristics were particularly susceptible to progres-
sive collapse (Breen, 1980).

Progressive collapse is a failure sequence that enhances 
local damage to cause large-scale collapse in a structure. The 
local failure can be defined as a loss of the load-carrying 
capacity of structural components that are part of the whole 
structure. Preferably, once any structural component fails, 
the structure should enable an alternative load-carrying 
path. After the load is redistributed through a structure, 
each structural component will be able to support the 
different load configuration. However, if any modified load 
exceeds the load-carrying capacity of a structural member, 
it will cause another local failure that will trigger another 
load redistribution. Such sequential failures can propagate 
through the structure. If a structure loses too many members, 
it may lead to a partial or total collapse. This type of collapse 
behavior may occur in buildings (Griffiths et al., 1968; 
Burnett, Somes, and Leyendecker, 1973; Ger, Cheng, and 
Lu, 1993; Sucuoğlu, Çitipitioğlu, and Altm, 1994; Ellis and 
Currie, 1998; Bazant and Zhou, 2002), trusses (Murtha-
Smith, 1988; Blandford, 1997), and bridges (Ghali and 
Tadros, 1997; Abeysinghe, Gavaise, Rosignoli, and Tzaveas, 
2002). Clearly, progressive collapse is an important structural 
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phenomenon because uncontrolled local damage may 
evolve into a disproportionate failure of a structural system. 
Such undesired outcomes must be prevented since small 
accidents that cause localized damage cannot be avoided 
completely. Unfortunately, progressive collapse had not 
received much attention between the early 1970s and 2001, 
and its characteristics are not well understood. Investigating 
and understanding progressive collapse is essential for the 
development of safer structures. Current design guidelines for 
preventing progressive collapse [for example, GSA (2003) 
and DOD (2005)] were developed before this phenomenon 
had been comprehensively studied. Initial local damage is 
defined in these guidelines as a sudden removal of a single 
column, without other damage to the remaining structural 
system. Obviously, such “clean” local damage involving a 
single column is very unlikely [for example, Krauthammer 
(2003)], and this definition simplifies the required analyses. 
Although structures are three-dimensional (3D) systems and 
both the GSA and DOD guidelines recommend 3D analyses, 
such treatment is not explicitly required. Furthermore, the 
use of nonlinear dynamic analyses tools is also not required. 
Actually, in both guidelines various illustrations imply 
a two-dimensional (2D) treatment of localized damage. 
Obviously, when the design-level analyses can be carried 
out in simplified 2D approach, designers might not address 
the more complicated 3D nonlinear dynamic aspects of the 
problem. Therefore, one needs to assess the differences 
between 2D and 3D considerations of failure and progressive 
collapse.

Krauthammer, Lim, Choi, and Elfahal (2004) addressed 
various aspects of progressive collapse behavior. They stud-
ied numerically, with several computer codes, single-column 
buckling, and two-dimensional (2D) and three-dimensional 
(3D) frames with various combinations of spans and stories 
with rigid, semi-rigid, and reinforced semi-rigid connec-
tions. This paper is dedicated to validating the numerical 
treatment of single-column buckling analyses with different 
computer codes and the numerical analyses of 2D frames 
with different combinations of spans, stories, connection 
types, and initial local damage. That initial effort focused on 
buildings of up to five stories high, and up to 5x5 bays. Af-
ter the completion of the initial study, the research has con-
tinued with follow-up studies of much larger buildings that 
reached up to 20 stories. The follow-up effort is aimed at the 
development of fast-running computational assessment tools 
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to support the mitigation of progressive collapse. A similar 
effort has been reported by Hansen, Wong, Lawver, Oneto, 
Tennant, and Ettouney (2005).

BEHAVIOR AND FAILURE CAUSES

Progressive collapse may occur in any type of framed struc-
tures, and it is not necessarily related to any one type of 
structural material. However, some types of materials may 
be more prone to progressive collapse in that they may have 
less ductility or have weaker connection details than others 
(Breen and Siess, 1979). The causes of progressive collapse 
of steel frames may be several, as follows (Christiansson, 
1982):

1. Material failure due to high stresses.

2. Failure as a result of the inability of the structure to 
sustain the large deformations.

3. Stability failure of the entire structure.

4. Local stability failure in the form of buckling, etc.

Christiansson (1982) noted that there is no sharp distinc-
tion between Causes 1 and 2. Cause 1 applies mainly to a 
brittle material, while Cause 2 may occur when the deforma-
tion capacity of the material has been exhausted. Similarly, 
he stated that there is no sharp distinction between Causes 3 
and 4. Consequently, one may reconsider only two catego-
ries, material and buckling failures.

Additionally, there is another important failure case in 
steel framed structures. It is a connection failure. For ex-
ample, many buildings were damaged due to the Northridge 

earthquake. It turned out that connections were damaged in 
more than 200 buildings (Whittaker, Gilani, and Bertero, 
1998; Joh and Chen, 1999). It is very common practice to 
use a rigid or pinned connection between steel members for 
analysis purposes. However, experiments have shown that a 
real steel connection is neither rigid nor pinned (Kameshki 
and Saka, 2003). Furthermore, experiments have also shown 
that when a moment is applied to a ductile connection, the 
relationship between the moment and the beam-column ro-
tation is nonlinear (Kameshki and Saka, 2003), as shown in 
Figure 1.

A connection should be considered as an individual mem-
ber of the structure when its behavior is semi-rigid. Axial and 
rotational springs can be adopted to simulate the behavior 
of a semi-rigid nonlinear connection. Here, only rotational 
nonlinear springs will be used to simulate a semi-rigid con-
nection, assuming that the moment-curvature relationship of 
a semi-rigid connection dominates its behavior, as shown in 
Figure 2.

ADVANCED ANALYSIS

Advanced analysis refers to any method of analysis that rep-
resents the strength and stability behavior such that separate 
specification member capacity checks are not required (Chen 
and Toma, 1994). The main distinction between advanced 
analysis and other simplified analysis methods is that ad-
vanced analysis combines, for the first time, the theories of 
plasticity and stability in the limit states design of structural 
steel frameworks. Other analysis and design methods treat 
stability and plasticity separately—usually through the use 
of beam-column interaction equations and member effective 
length factors (Liew, White, and Chen, 1991).

Fig. 1. Moment-curvature curves (AISC, 1994). Fig. 2. Semi-rigid plane member.
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When a change in the geometry of a structure or structural 
component under compression will result in the loss of its 
ability to resist loadings, this condition is called instability. 
Equilibrium equations must be written based on the geom-
etry of the structure that becomes deformed under load. This 
is known as a second-order analysis (Chen and Lui, 1987). 
The stiffness of a structure changes as the geometry changes. 
If the load and deformation keep changing or increasing, the 
stiffness of a structure may reach a point of stiffness vanish-
ing, and buckle. In ordinary structural analysis, the original 
geometry does not change even if the load reaches an ex-
treme value. Therefore, ordinary structural analysis cannot 
capture the buckling phenomenon.

There is another issue called inelastic buckling (Salmon 
and Johnson, 1996). Euler’s theory pertains only to situa-
tions where the compressive stress below the elastic limit 
acts uniformly over the cross section when buckling failure 
occurs. However, in many cases, some fibers in the cross 
section yield when the member buckles. This is called in-
elastic buckling. If all fibers in the cross section yield before 
the member reaches its critical load, it is called material fail-
ure. Inelastic buckling is affected by strength and stability, 
simultaneously. Therefore, a second-order inelastic analysis 
is required to achieve an advanced analysis.

Clarke developed a plastic-zone using the total Lagrangian 
formulation and Newton-Raphson method (Chen and Toma, 
1994). In Clarke’s finite element nonlinear formulation, a 
curved line element was used. The element stiffness matrices 
and nodal residual force vectors were integrated numerically 
along the element length using three-point Gaussian quadra-
ture. A commercial finite element code, ABAQUS (Hibbitt, 
Karlsson, and Sorensen, 2002a, 2002b), was selected to 
perform the advanced analysis in this study because it has 
the ability to implement a second-order inelastic analysis. 
The ability of this computer code to simulate inelastic buck-
ling was validated by comparing results from single-column 
analyses with the result derived by Clarke (Chen and Toma, 
1994; Krauthammer et al., 2004).

SEMI-RIGID CONNECTION

A semi-rigid connection transfers part of the moment in the 
beam to the column. Moment-curvature relationships for 
semi-rigid connections are usually nonlinear, as shown in 
Figure 1. The nonlinear characteristics of beam-to-column 
connections play a very important role in frame resistance 
and stability, because semi-rigid connections enable larger 
story drift than rigid connections. This ability of larger story 
drifts influences the P−∆ effect, which can lead to column 
buckling.

It is necessary to know the moment-curvature behavior of 
semi-rigid connections to analyze the frame accurately. At 
present, the most commonly used approach to describe the 
moment-curvature relationship is to curve-fit experimental 

data with simple expressions (Chen and Toma, 1994). Frye 
and Morris (1975) reported a polynomial model to evaluate 
the behavior of several types of connections. Lui and Chen 
(1986) used an exponential function to curve-fit experimen-
tal moment-curvature data. Kishi and Chen (Chen and Toma, 
1994) refined the Lui-Chen exponential model to accom-
modate any sharp slope changes in the moment-curvature 
relationship. Richard and Abbot (1975) proposed a power 
model using three parameters:  initial connection stiffness, 
ultimate moment capacity, and shape parameters, as shown 
by the following generalized equation

where 
 Rki = initial connection stiffness

 θ0 = a reference plastic rotation (Mu /Rki)

 Mu = ultimate moment capacity

 n = shape parameter

Figure 3 shows the moment-curvature curves for various 
shape parameter values, n. From this figure, it is recognized 
that the larger the power index, n, the steeper is the curve.

The power model is an effective tool for designers to ex-
ecute a second-order nonlinear structural analysis, because 
the tangent connector stiffness, Rk, and relative rotation, θr, 
can be determined directly from Equation 1 without itera-
tion, as follows
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and the rotation, θr, is

Kishi and Chen (1990) proposed a method to determine 
these parameters using a simple mechanical procedure with 
an assumed failure mechanism. Based on their previous 
work, Kishi, Chen, Goto, and Matsuoka (1993) presented a 
practical design procedure that uses angles for the connec-
tion. In that paper, the initial connection stiffness, Rki, the 
ultimate moment capacity, Mu, and the shape parameter, n, of 
the three-parameter power model can be determined easily. 
The top and seat angle with double web angle connection 
was chosen in this study to simulate semi-rigid connection 
behavior. The design procedures are as follows.

Assumptions and Notations

 t = angle thickness

 k = gage distance from heel to the top of fillet

 l = angle length

 g = distance between heel to the center of fastener 
closest to beam web or flange 

 W = nut width

 I0 = t3/12 = geometrical moment of inertia, per unit 
length of plate element of angle

 M0 = σy t2/4 = pure plastic bending moment, per unit 
length of plate element of angle

 σy = yielding stress of steel 

The top and seat angle are assumed to have the same dimen-
sions.

The following parameters were also used:

where subscripts t and w denote top angle and web angle, 
respectively.

Top and Seat Angle without Double  
Web Angle Connection

Assuming that the center of rotation is located at the angle 
leg adjacent to the compression beam flange, and the top 
angle acts as a cantilever beam to resist surcharged moment, 
the initial connection stiffness, Rkits, is obtained as follows 
(Kishi and Chen, 1990)

where

The ultimate capacity, Muts, is obtained by assuming a 
simple failure mechanism. The equation for Muts is given by 
the following expression

where the variable ξt is a nondimensional ultimate shearing 
force acting at the plastic hinge. As in the case of single web 
angle connections, it is obtained by solving the following 
equation

where

Top and Seat Angle with Double Web Angle 
Connection

The initial connection stiffness, Rki, and the ultimate moment 
capacity, Mu, can be determined by separating the top and 
seat angle part and the double web angle part, as follows:
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As for the web angle, it acts as a cantilever beam similar 
to the behavior of the top angle, and the initial connection 
stiffness, Rkiw, is related to the double web angle connection 
part, as follows (Kishi and Chen, 1990)

where

βw′ is defined the same as βt′ in Equation 6.

In the limit state, the ultimate moment capacity, Muw, is 
obtained by choosing a simple failure mechanism of the 
web angle and taking moment about the center of rotation 
at the angle leg adjacent to the compression beam flange, as 
follows

where ξw can be obtained by solving the following equation

Determination of Parameters in the Power Model

The only parameter that is not determined in the three-
parameter power model of Equation 1 is the shape parameter, 
n. The equation to determine the shape parameter n was 
given by Kishi et al. (1993), as follows:

1. If log10 θ0 > −2.880, then n = 2.003 log10 θ0 + 6.070   (16)

2. If log10 θ0 ≤ −2.880, then n = 0.302                             (17)

Rotational Capacity of Joint Connection

A rotational capacity of a joint connection is obtained from 
its moment-rotation relationship, as shown in Figure 4. Here, 
Mu is the ultimate moment capacity of the joint, Rki is the 
initial connection stiffness, and θu is the theoretical elastic 
rotation magnitude, determined as follows

The rotational capacity of a joint can be obtained by a 
multiple of θu, such that the total rotation becomes  kθu. The 
actual magnitude of k may vary, depending on the design 
code requirement. In this study, a k value of 6 was chosen, 

on the premise that this would be satisfactory for all but the 
most severe seismic requirement (Bjorhovde, Brozzetti, and 
Colson, 1990).

CODE VALIDATION—SINGLE COLUMN ANALYSES

As noted earlier, inelastic buckling is a central parameter in 
progressive collapse analysis, and any numerical approach 
considered for simulating such behavior must be able to re-
produce it. Therefore, one must validate that the computer 
codes adopted or developed for this study can represent 
this physical behavior. It is possible to calculate the critical 
load of a member with the Euler buckling load equation. 
However, this equation is only valid if the member is slender 
enough. If the member is relatively short, fibers in the cross 
section would yield before the load reaches the critical buck-
ling load, as explained previously. There are several strength 
curves that can compensate for the slenderness of columns 
(Salmon and Johnson, 1996). The strength curves that were 
provided by AISC (AISC, 1994) were used for comparison 
purposes, because these curves were derived based on well-
accepted theoretical and experimental efforts.

Three computer codes were used in this study to analyze 
and compare the buckling behavior of a single column. They 
are ABAQUS/Standard (Hibbitt et al., 2002a), ABAQUS/
Explicit (Hibbitt et al., 2002b), and nonlinear frame analysis 
(NFA) that was developed in this study based on Clarke’s 
formulation (Chen and Toma, 1994). ABAQUS/Standard is 
a commercial finite element software package that uses an 
implicit integration method, while ABAQUS/Explicit uses 
an explicit integration method.

The selected member for the calculations had a W12×106 
cross section. The geometry of a W12×106 cross section and 
the load configuration are shown in Figure 5.
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The column was assumed to be fixed at the bottom and 
free at the top. Therefore, the effective length factor, K, is 
2.0. The column length, l, was adjusted to achieve slender-
ness ratios between 20 and 200, so that the second-order ef-
fect and material failure can be clarified. A horizontal force 
P/n was applied at the top of the column to provide the ec-
centric load, where n is given as 1,000, 500, 200, 100, and 
50. The modulus of elasticity and yield stress of the column 
were assumed as 2.9 × 107 psi (2.0 × 105 MPa), and 3.6 × 104 
psi (248 MPa), respectively. The plastic behavior of the 
model was elastic-perfectly plastic. Each simulated column 
was composed of three 2-node linear beam elements. The 
results for three cases are compared and discussed herein, 
and additional information is provided in Krauthammer et 
al. (2004).

Slenderness Ratio: 20  
[Column Length: 54.7 in. (1.39 m)]

A column that has a slenderness ratio of 20 is very short. It 
was expected that this column would crush (in other words, 
material failure) when the load approached its critical state.

With the smallest eccentric load (P/1,000), all cases 
showed that the column failed at the LRFD critical load. As 
the eccentric load increased, each column failed at a lower 
load. All failures occurred suddenly when the cross section 
reached the yield stress. Therefore, the second-order effect 
in the short column was not significant, as expected.

Figure 6 shows a comparison of the results from the three 
different computer codes. The results are virtually the same 
for the smallest eccentric load. However, ABAQUS/Explicit 
showed a different slope for the biggest eccentric load 

 ABAQUS/Standard and NFA showed very close results. It 
seems that differences between the explicit and implicit al-
gorithms were responsible for these results. However, these 
cases have almost the same critical load, regardless of their 
slope differences.

Slenderness Ratio: 100  
[Column Length:  273.5 in. (6.95 m)]

Figure 7 shows the column behavior for a slenderness ra-
tio of 100. This column was no longer short, and the Euler 
buckling load approached the LRFD critical load. Since the 
LRFD critical load considered both the initial crookedness 
of the column and the eccentric load effects, the LRFD criti-
cal load was still lower than the Euler buckling load.

The nonlinear behavior of the columns became clear in 
this region, because the second-order effect was activated. 
The displacement increased rapidly, as the load approached 
the critical value, and Figure 7 shows that the results from 
the three computer codes matched well.

Slenderness Ratio: 200  
[Column Length: 547.0 in. (13.90 m)]

The results for the column with a slenderness ratio of 200 
are shown in Figure 8. It is noted that a small eccentric criti-
cal load approached the Euler buckling load (in other words, 
elastic buckling load). The critical loads with the small-
est eccentric load (P/1,000) from ABAQUS/Explicit and 
ABAQUS/Standard exceeded the Euler buckling load by 7.2 
and 4.7%, respectively. However, the critical load obtained 
with NFA and with the smallest eccentric load (P/1,000) 
approached the Euler buckling load. It seems that the differ-
ence in the number of monitoring points in the cross section 

0.99   

0.99  

12.22  

0.61  10.91  

12.22  

2

4

:31.2

:933

:5.47

area

I

r

P

P
n

)04.31( cm

)51.2( cm

)51.2( cm

)04.31( cm

)71.27( cm)55.1( cm

)29.201( 2cm

)89.13( cm

)39.38834( 4cm

‘’

‘’ ‘’

‘’

in

in

in

l

‘’

‘’

Fig. 5. Geometry and load configuration of W12×106 column.

0.0E+00

2.0E+05

4.0E+05

6.0E+05

8.0E+05

1.0E+06

1.2E+06

0 0.02 0.04 0.06 0.08 0.1

Horizontal Disp. (in)

Lo
ad

 (
lb

)

50

P

1000

P

cr (LRFD)

ABAQUS/
Explicit

ABAQUS/

Standard

NFA

ABAQUS/

Explicit

ABAQUS/

Standard

NFA

(5.34E+06 N)

(4.45E+06 N)

(3.56E+06 N)

(2.67E+
06 N)

(1.78E+06 N)

(8.90E+05 N)

(0.05 cm) (0.10 cm) (0.15 cm) (0.20 cm)
(0.25 cm)

P

Fig. 6.  Single column behavior at slenderness ratio 20.

P
n

r n r
50

!

! !−( )



ENGINEERING JOURNAL / THIRD QUARTER / 2006 / 207

The moment curvature relationships of the con-
nections were calculated based on the procedure dis-
cussed previously, as shown in Figure 10. The failure rota-
tion was 0.0192 radian, the initial stiffness was 2.311 × 108 
lb-in./rad (2.611 × 107 N-m/rad). Each beam had a W12×26 
cross section. Column sizes depend on the number of sto-
ries in each frame, as shown in Figure 9. The influence of 
the floor slab was ignored because the strength of the floor 
slab is not considered in the ordinary design process. The 
Young’s modulus of structural steel is 2.9 × 107 psi (2.0 × 105 
MPa) and the yield stress is 3.6 × 104 psi (248 MPa).

Rigid Frames

A rigid connection transfers all moments in the beams and 
the columns to the adjacent structural members. Figure 11 
shows the total collapse of the 5x4 span rigid frame, and 
Figure 12 shows the partial collapse of the 5x5 span rigid 
frame. The 5x5 span frame shows an interesting result. The 
failure of this frame was localized to the first span above 
the initial column failure. However, the previous 5x4 frame 
showed a total collapse. Therefore, it may imply that the 
column design in the 5x5 frame is more robust than in the 
5x4 frame, so that the horizontal failure propagation will not 
be initiated.

Table 1 shows the collapse summary of the rigid frames 
analyzed in this study. As the number of spans increased, 
the collapse mode changed from total collapse to partial col-
lapse. As the number of stories increased, the collapse mode 
changed from the partial collapse to total collapse except, in 
the 5x5 span frame. Clearly, a frame structure exhibited bet-
ter survival if it had more spans and fewer stories.

caused different results. The number of monitoring points 
in ABAQUS (Explicit and Standard) is only five, while 
NFA has 45 monitoring points. However, the results from 
ABAQUS (Explicit and Standard) are still reasonable. Be-
sides, the horizontal displacement obtained with ABAQUS/
Explicit reached almost 15 in. when the load was at the Euler 
buckling load.

These results show that all three computer codes provided 
reasonably accurate solutions, as compared with the Euler 
buckling load and the LRFD critical load. Therefore, since 
ABAQUS (Explicit and Standard) have the ability to handle 
both second-order and material nonlinearity effect, these 
codes can be adopted to analyze more complicated 2D and 
3D frame structures. Consequently, ABAQUS/Explicit was 
chosen for this study.

2D FRAME ANALYSES

Sixteen frames were used for the 2D simulations, and their 
dimensions are shown in Figure 9. The 2D frame analyses 
were performed for several combinations of numbers of 
spans and stories. The frames ranged from 2x2 spans to 5x5 
spans, and up to five stories high. All spans were 24 ft (7.315 m) 
long; columns were 12 ft (3.657 m) high and based on the 
AISC LRFD Manual of Steel Construction (AISC, 1994). 
Each analysis included second-order and material nonlinear-
ity effects with different connection stiffnesses to study their 
possible effects on failure and progressive collapse. The ini-
tial localized failure (in other words, single column removal) 
was assumed for the outside column of the first floor. The 
external loads were self weight and typical office loads. The 
gravity acceleration was given as 386 in./sec2 (9.8 m/sec2), 
and a typical office load was 50 lbs/ft2 (2.39 kPa). Analyses 
were performed for up to 7 seconds after the initial failure.

0.0E+00

2.0E+05

4.0E+05

6.0E+05

8.0E+05

1.0E+06

0 1 2 3 4 5 6

Horizontal Disp. (in)

Lo
ad

 (
lb

)

50

P

1000

P

(LRFD)crP

ABAQUS
/Explicit

ABAQUS/

Standard

NFA

ABAQUS/

Explicit

ABAQUS/

Standard

NFA

(Euler)crP(4.45E+06 N)

(3.56E+06 N)

(2.67E+06 N)

(1.78E+06 N)

(8.90E+05 N)

(2.54 cm) (5.08 cm) (7.62 cm) (10.16 cm) (12.70 cm)
(15.24 cm)

Fig. 7. Single column behavior at slenderness ratio 100.

0.0E+00

5.0E+04

1.0E+05

1.5E+05

2.0E+05

2.5E+05

0 10 20 30 40 50

Horizontal Disp. (in)

Lo
ad

 (
lb

)

50

P

1000

P

(LRFD)crP

ABAQUS

/Explicit

ABAQUS/

Standard
NFA

ABAQUS/
Explicit

ABAQUS/
StandardNFA

(Euler)
cr

P(1.11E+06 N)

(8.90E+05 N)

(6.67E+05 N)

(4.45E+05 N)

(2.22E+05 N)

(25.4 cm) (50.8 cm) (76.2 cm) (101.6 cm)
(127.0 cm)

Fig. 8. Single column behavior at slenderness ratio 200.



208 / ENGINEERING JOURNAL / THIRD QUARTER / 2006

2x24'

2x12' W12x26

W6x16(2x3.66 m)

(2x7.32 m) 2x24'

3x12' W12x26

W8x24
(3x3.66 m)

(2x7.32 m)

2x24'

W12x26

W8x31

4x12'
(4x3.66 m)

(2x7.32 m) 2x24'

5x12'

W12x26

W8x40

(5x3.66 m)

(2x7.32 m)

(a) 2×2 Span Frame (b) 2×3 Span Frame

(c) 2×4 Span Frame (d) 2×5 Span Frame

Fig. 9. Dimensions of the 2D frames.
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Semi-Rigid Frames

An assumption of rigid connections is used to simplify the 
analysis, and it could be reasonable for ordinary design situ-
ations. However, since progressive collapse considerations 
require one to define accurately the expected behavior, one 
should consider the effects of deformable connections. Semi-
rigid connections enable nonlinear behavior and the ability 
to characterize failure more accurately. Therefore, it should 
be very important to include the behavior of semi-rigid con-
nections in progressive collapse analyses. Figure 13 shows 
the partial collapse of the 5x5 semi-rigid frame.

All semi-rigid frames collapsed partially because of joint 
connection failure. However, only the first span above the 
initial column failure collapsed. The collapse was limited to 
a local area, and this failure mode was different from the 
failure modes that were noted in the rigid frames.

Reinforced Semi-Rigid Frames

Various semi-rigid frames with reinforced joints were ana-
lyzed to study the possible effect of connection reinforce-
ment. The moment capacities of each joint were increased 
between two and five times, respectively, as shown in Figure 
14. However, to simplify the analysis, the same rotational 
capacity was used.
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(c) Horizontal Failure (5.35 sec)

(d) Total Failure (7.00 sec)

Fig. 11. Total collapse of the 5x4 rigid frame.

 

(a) Before Initial Failure

 

(b) Final Failure (2.20 sec)

Fig. 12. Partial collapse of the 5x5 rigid frame.
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The results for these cases are presented in Table 2. The 
results show that the failure mode approached the rigid 
frame cases as the joint resistance increased. The responses 
of the four-times reinforced semi-rigid frame were almost 
the same as the responses of the rigid frames. It shows that if 
a rigid frame is required, joint connection resistances should 
be enhanced by a factor of four, as compared to the ordinary 
joint (a factor of one) design.

Table 2(a) shows the trend of partial collapse due to con-
nection failures. This collapse mode is dominated by the 
connections rigidities. The entire semi-rigid frame with con-
nection resistance enhanced by a factor of two, collapses in 
this mode. Three quarters of the three-times and only two 
cases of the four-times resistance enhanced frames collapsed 
in this mode. This failure mode disappears completely if the 
connection is enhanced by more than four times.

However, the total collapse mode appears as the joint is 
more reinforced, as shown in Table 2(b), as was noted for 
the rigid frames. This collapse mode dominates for strong 
connections in frames with higher stories, and for frames 
with strong connections and fewer stories and spans. Since 
this failure mode is undesirable, it is not always a good idea 
to over reinforce the connection. Table 2(c) shows cases 
that exhibited partial collapse with damage. If some level of 
collapse is inevitable, the partial collapse option is the best 
choice. This failure mode dominated when frames had a few 
stories and many spans (in other words, low-rise frames). In 
the cases studied here, this failure mode did not appear for 
more than four-story frames, except in the 5x5 frame. 

CONCLUSIONS

It was observed in this study that the collapse modes of the 
2D frame structures depended on various factors, such as 
the geometries, material properties, loads, and especially 
connection rigidity. Rigid frames were assumed in many 
previous studies for simplicity, and they provided good so-
lutions for ordinary behavioral conditions. However, there 
is no guarantee that the rigid joint assumption can provide 
realistic solutions for severe cases, such as blast, earthquake, 
and progressive collapse, as was noted elsewhere (Whittaker 
et al., 1998; Joh and Chen, 1999). Therefore, various joint 
rigidities were used for this study.

Combinations of several numbers of stories and spans 
with connection showed that the collapse modes depended 
on the number of stories and spans. As the number of spans 
increased, the collapse mode changed from total collapse to 
partial collapse. As the number of stories increased, the col-
lapse mode changed from partial collapse to total collapse. 
Therefore, rigid frame structures can survive better with 
more bays and fewer stories. This observation might be ex-
pressed as follows:

for total collapse of low-rise rigid 2D 
frames

for partial collapse with damage of 
low-rise rigid 2D frames

 
(a) Before Initial Failure

 (b) Final Failure (2.20 sec)

Fig. 13. Partial collapse of the 5x5 semi-rigid frame.
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Table 2.  Collapse Modes by Various Semi-Rigid Connections 
(a) Partial Collapse by Connection Failure

Story Span
Ordinary 

Frame
2 Times 

Reinf. Frame
3 Times 

Reinf. Frame
4 Times 

Reinf. Frame
5 Times 

Reinf. Frame
Rigid Frame

2

2

3

4

5

3

2

3

4

5

4

2

3

4

5

5

2

3

4

5

(b) Total Collapse

Story Span
Ordinary 

Frame
2 Times 

Reinf. Frame
3 Times 

Reinf. Frame
4 Times 

Reinf. Frame
5 Times 

Reinf. Frame
Rigid Frame

2

2

3

4

5

3

2

3

4

5

4

2

3

4

5

5

2

3

4

5

No Collapse

Collapse
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In which nspan is the number of spans and nstory is the number 
of stories. If the inequality (19) is valid, low-rise 2D rigid 
frames may collapse totally. If the inequality (20) is valid, 
low-rise rigid 2D frames may collapse partially with 
damage.

However, the analyses of the semi-rigid frames showed 
different results. All semi-rigid frames collapsed partially 
by joint failure. The collapse was limited to the local zone, 
where only the first bay above the initial column failure col-
lapsed all the way to the ground. Since the joints failed be-
fore all moments and forces were transferred to the adjacent 
members, the horizontal failure propagation did not occur. 
Therefore, it is possible to prevent the whole frame collapse 
with ordinary semi-rigid joint design and to sacrifice only 
the bay with the failed span.

These two extreme cases may indicate that there would 
be transitional collapse modes if the stiffnesses of the joint 
varied between semi-rigid and rigid. Table 2 shows that the 
collapse trends were divided into partial collapse by connec-
tion failure, total collapse, and partial collapse with damage. 
It shows that ordinary and two-times reinforced semi-rigid 

Table 2 (continued).  Collapse Modes by Various Semi-Rigid Connections 
(c) Partial Collapse with Damage

Story Span
Ordinary 

Frame
2 Times 

Reinf. Frame
3 Times 

Reinf. Frame
4 Times 

Reinf. Frame
5 Times 

Reinf. Frame
Rigid Frame

2

2

3

4

5

3

2

3

4

5

4

2

3

4

5

5

2

3

4

5

No Collapse

Collapse

frames collapsed due to connection failure. As the joints be-
came stronger, this collapse mode disappeared. The total col-
lapse mode appeared with a more than four-times reinforced 
connection. The results of a four-times reinforced connec-
tion are similar to those of the rigid frames. Partial collapse 
with damage also appeared in this range. This collapse mode 
occurred when frames had fewer stories and many spans. It 
seems that this collapse mode would disappear for a frame 
with more than four stories, if a sufficient number of bays 
exist.

The best result is, of course, no damage after the initial 
failure. However, it may not be possible to guarantee such an 
outcome because of the nature of abnormal loadings. There-
fore, it seems that damage propagation control might be the 
best strategy to consider in a design.

The second best damaged case is the partial collapse with 
damage. It happened in frames with a few stories or many 
spans with strong or rigid joints. However, strong or rigid 
joints can cause total collapse, if the frame has too many 
stories or too few bays. Ordinary semi-rigid connections can 
be used for that situation. Such connections can act as circuit 
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breakers. They could disconnect members when subjected to 
abnormal loads, stop transferring moments and forces, and 
prevent failure propagation. However, it can also cause total 
destruction of the failed span. Therefore, the use of mixed 
connection types should be considered carefully. Besides, 
specific responses can change if the geometry, material 
properties, and external loads are different.

Most of all, these progressive collapse analyses have 
shown that once failure propagation (in other words, hori-
zontal column buckling) was initiated, it would not stop until 
it caused total collapse (or almost total collapse). Therefore, 
control of horizontal column buckling propagation is the key 
parameter to prevent progressive collapse.
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