Panel Zone Deformation Capacity as Affected by Weld
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ABSTRACT

Three full-scale specimens were tested to evaluate the cyclic performance of rehabilitated pre-Northridge steel beam-to-column moment
connections. A Kaiser bolted bracket (KBB) was used on the beam bottom flange for all specimens, but different rehabilitation schemes
(another KBB, a notch-tough beam flange replacement weld, or a double-tee welded bracket) were used to strengthen the top flange. All
specimens were able to sustain an interstory drift angle of 0.04 radian, with large inelastic deformations in the panel zone. Two specimens
experienced fracture at the replacement complete-joint-penetration (CJP) welds, mainly due to the large shear deformation in the panel zone.
Because it may not be economically feasible to mitigate weak panel zones in seismic rehabilitation, an analytical model was developed to
predict the panel zone deformation capacity and the associated strength. In this model, it was postulated that the ultimate panel zone defor-
mation capacity corresponded to that when each column flange was fully yielded and excessive kinking would cause fracture of the beam
flange CJP welds. This postulation was verified by the test data of two specimens that experienced weld fracture due to excessive panel zone
deformation. It was shown that the deformation capacity is a function of db/tcf (beam depth-to-column flange thickness ratio). The effect of

column axial load was also studied.
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INTRODUCTION

he Kaiser bolted bracket (KBB) moment connection is
a proprietary connection prequalified by AISC 358-10
(AISC, 2010a) for applications in seismic regions. In a KBB
moment connection, a cast high-strength steel bracket is fas-
tened to each beam flange and bolted to the column flange;
a pair of brackets is placed symmetrically on both the top
and bottom flanges of the beam. The bracket attachment to
the beam flange can be either welded (W-series brackets) or
bolted (B-series brackets). Figure 1 shows one example of a
bolted KBB connection, and Figure 2 shows one of the two
bolted brackets prequalified by AISC. The prequalification
is mainly based on full-scale tests (Kasai, Hogdon and Blei-
man, 1998, Gross et al., 1999, Newell and Uang 2006); see
Adan and Gibb (2009) for a summary of the development of
this connection.
Note that AISC 358-10 is intended for new construction,
not seismic rehabilitation. When bolted KBB connections
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are used, one major advantage is to eliminate field weld-
ing. This is desirable, especially for seismic rehabilitation
of existing steel moment frame buildings. The bracket con-
figuration is proportioned to develop the probable maximum
moment strength of the connected beam. According to AISC
358-10, yielding and plastic hinge formation are intended to
occur primarily in the beam at the end of the bracket away
from the column face. Limited yielding in the column panel
zone may occur, and the panel zone shear strength per AISC
341-10 (AISC, 2010b) needs to be satisfied. The beam size is
limited to W33x130.

The KBB connections were recently proposed for the
seismic rehabilitation of a pre-Northridge steel moment
frame building (Blaney et al., 2010). Qualification tests
were conducted for this project because of the following
challenges. First, AISC 358-10 requires that the KBBs be
symmetrically placed above and below the beam. For seis-
mic rehabilitation, it is not architecturally desirable to place
a KBB above the beam because it may extrude beyond the
floor slab. It has been shown, however, that the bottom-only
bracket configuration cannot prevent fracture of the beam
top flange complete-joint-penetration (CJP) groove weld in a
pre-Northridge moment connection (Gross et al., 1999). Sec-
ond, the beam flanges are not welded to the column flange
in the AISC prequalified KBB moment connections, while
this is not the case for the rehabilitated moment connections.
Such a difference may alter the force transfer mechanism in
the connection. Third, both the beam size and the required
KBB size (type B1.0C) exceed those permitted by AISC
358-10. Finally, because steel moment frames designed and
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Table 1. Width-to-Thickness Ratios
Member Size by/2t; h/t,
Beam W36x150 6.37 51.9
Column W14x193 5.45 12.8
Note: Apg = 0.30\/E/_Fy =7.22 for flange; Ang = 2.45,/E/F, = 59 for web (P, = 0).
constructed prior to the 1994 Northridge earthquake could TEST PROGRAM

have very weak panel zones, where the demand-capacity
ratio for shear yielding in the panel zone is much higher
than that of flexural hinging of the connected beams, and
because it is not practical to rehabilitate existing moment
connections to achieve the intended performance of AISC
358-10 (i.e., beam plastic hinging with limited or no panel
zone yielding), full-scale testing was needed to verify the
proposed connection rehabilitation scheme with a weak
panel zone.
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Fig. 1. KBB connection (figures reprinted from AISC, 2010a).
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Test Specimens

A total of three nominally identical, full-scale pre-North-
ridge moment connections with a W36x150 beam and a
W14x193 column were rehabilitated and tested. Table 1
shows that the beam and column sections satisfied the AISC
341-10 compactness requirement as highly ductile mem-
bers. The pre-Northridge style, welded flange-bolted web
moment connections were first fabricated and constructed
following the pre-Northridge practice. Beam flange-to-col-
umn flange CJP groove welds were made with an E70T-4
electrode. Steel backing, runoff tabs, and weld dams were
also used in a manner consistent with the pre-Northridge
practice. Stiffeners inside the panel zone and one stiffener in
the beam web were included to simulate an existing condi-
tion in the building.

For rehabilitation, runoff tabs and weld dams were
removed while the steel backing remained. Then a B-series
bracket (B.1.0C) was installed on the beam bottom flange of
all three specimens. Table 2 summarizes the bracket details.
To attach the bracket to the column and beam flanges, "is-
and '/52-in. oversized holes were made using a magnetic-base
drill to the column and beam flanges, respectively. The high-
strength bolts were fully tensioned with a calibrated hydrau-
lic torque wrench. The treatment of the beam top flange was
different for all three specimens, as described below.

For specimen 1, the same bracket was also added to
strengthen the top flange (see Figure 3), a configura-
tion required by AISC 358-10 for new construction. For

Fig. 2. KBB type B1.0 (figures reprinted from AISC, 2010a).
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Fig. 3. Specimen I connection details.
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Table 2. Kaiser Bolted Bracket B1.0.C

Proportions

Bracket Length, Bracket Height, Bracket Width, Number of Column Bolt Column Bolt
Lpp (in.) hpp (in.) bpp (in.) Column Bolts, np, Gage, g, (in.) Diameter (in.)

28% 12 10 6 62 1%

Design Proportions
Column Bolt
Edge Distance, Column Bolt Bracket Stiffener | Bracket Stiffener | Number of Beam Beam Bolt

d. (in.) Pitch, py, (in.) Thickness, t; (in.) Radius, r, (in.) Bolts, npp Diameter (in.)

2 3 2 32 14 14

See Figure 9.5 in AISC 358 for bracket parameter definition.

Table 3. Steel Member Sizes and Mechanical Properties of Specimens 1,2 and 3

Member Yield Stress (ksi) Tensile Strength (ksi) Elongation* (%)
Beam flange (W36x150) 61.6 75.9 33
Column flange (W14x193) 62.1 80.5 31.5

*Elongation is based on a 2-in. gage length.

specimen 2, the existing beam top flange weld was gouged
out and then replaced by a notch-tough CJP weld made
with an E71T-8 electrode; the minimum required Charpy
V-Notch impact test values were 20 ft-b at 20 °F and 40
ft-1b at 70 °F. The steel backing remained but was reinforced
with a Yie-in. fillet weld. The existing weld access hole was
not modified.

After testing of specimen 2, it was decided to not only
replace the existing beam top flange CJP weld as in speci-
men 2 (see Figure 4), but to also strengthen the new weld
with a welded double-tee bracket for specimen 3 (see Fig-
ure 5). The height of the welded bracket (5 in.) was selected
to be flush with the surface of the existing concrete slab.
The cross-section of the double-tee bracket was selected
such that the beam top-flange stress at the column face
was about 50% of the yield stress; the top-flange stress was
calculated based on the elastic beam theory and a beam
moment extrapolated from the probable maximum moment
(M,,,) defined in AISC 358-10.

As noted earlier, the beam flanges were not connected to
the column in the AISC 358-10 prequalified KBB connec-
tions. But CJP welds did exist in the rehabilitated moment
connections. The bolted KBB brackets used had a notch to
clear the existing CJP weld in the top flange and steel back-
ing in the bottom flange.

Material Properties

ASTM A572 Grade 50 steel was specified for the beams,
columns, continuity plates and the double-tee bracket. A36
steel was specified for all other plates. Table 3 shows the
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mechanical properties of the materials obtained from ten-
sile coupon tests. The material for the KBB high-strength
castings was ASTM A958 Grade SC8620, class 90/60.
This material has a specified minimum yield and tensile
strengths of 60 and 90 ksi, respectively. ASTM A354 Grade
BD 1%-in.-diameter, high-strength bolts were specified for
the KBB-to-column fasteners, and ASTM A490 1Y-in.-
diameter, high-strength bolts were specified for the KBB-
to-beam fasteners.

Design Parameters

Based on AISC 341-10 and AISC 358-10, the design param-
eters (column-beam moment ratio and panel zone demand-
capacity ratio) were calculated as provided in Table 4. Based
on both nominal yield stresses (F,) and actual yield stresses
from the tensile coupon test results, the design parameters
were computed for both the existing and rehabilitated con-
ditions. To compute the column-beam moment ratio, the
beam moment (Mj,b) was determined by extrapolating the
expected beam plastic moment to the centerline of the col-
umn, and the column moment strength (M;C) was calculated
by extrapolating the nominal flexural strength (includ-
ing haunches where used) above and below the joint to the
centerline of the beam. The column-beam moment ratios,
> M,. /Y M,,, were greater than 1.0 in all cases, indicat-
ing a strong-column weak-beam (SC/WB) configuration.
The same table also shows that the panel zone demand-
capacity ratios (V,./V,) were much larger than 1.0 for all
cases, implying very weak panel zones in these rehabilitated
specimens.
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Table 4. Column-Beam Moment Ratio and Panel Zone Demand-Capacity Ratio
. Design Before Rehabilitation After Rehabilitation
Specimen No. - -
Parameters Nominal F, Actual F, Nominal F, Actual F,
> Mpe /X Mpp 1.03 1.14 1.15 1.27
Specimen 1
VPZ/V,7 1.96 1.76 1.47 1.33
> Mpe /X Mpp 1.03 1.14 1.05 1.16
Specimen 2
VPZ/V,7 1.96 1.76 1.75 1.58
> Mpe /X Mpp 1.03 1.14 1.09 1.20
Specimen 3
VPZ/V,7 1.96 1.76 1.53 1.38

Test Setup and Loading Sequence

Figure 6 shows the test setup. A corbel was bolted to the end
of the beam and attached to two 220-kip hydraulic actuators.

With some minor modification, the loading sequence
specified in Section K2 of AISC 341-10 for beam-to-column
moment connection test was used. A performance-based
seismic rehabilitation study established a target story drift
ratio of 3.5% (Liu et al., 2009). Therefore, the AISC load-
ing protocol was modified to include two additional cycles

_____ |
----- jian
|

F=—=—=-—=—3 —

Bracing
Location A Location B

Column | 1
/_(W14x193) b o

at 3.5% story drift. The loading began with six cycles each
at 0.375, 0.5, and 0.75% drift. The next four cycles in the
loading sequence were at 1% drift, followed by two cycles
each at 1.5, 2, 3, 3.5, and 4%. Beyond that, the specimens
were cycled to 4.5% until failure due to the limitation of the
actuator stroke. Testing was conducted in a displacement-
controlled mode, and the cyclic displacement was applied at
the end of the beam.

Bracing

Corbel

| Beam |
E=-=—==- (W36X150): :

T
1
1
1
1
T

Two 220-kip
Hydraulic
Actuators

14!_6"

Fig. 6. Test setup (specimen 3).
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TEST RESULTS

Figure 7 summarizes the damage pattern in three test speci-
mens. The cyclic responses are presented in Figure 8. Sig-
nificant shear yielding in the panel zone was observed in
all three specimens. Also, the KBBs remained intact and
showed no sign of yielding or damage. For specimen 1, the
double KBBs forced beam plastic hinging in the form of

flange and web local buckling as well as lateral-torsional
buckling near the tip of the KBBs. The testing was stopped
after completing two cycles at 4.5% story drift due to sig-
nificant lateral-torsional buckling of the beam. Note that
one lateral brace was provided at location A in specimen 1
(see Figure 6). This corresponded to an unbraced length of
92.9 in., which was less than that (123.2 in.) permitted by
AISC 341-10. Because significant lateral-torsional buckling

(b)

Fig. 7. Damage patterns: (a) specimen 1 panel zone yielding and beam lateral buckling; (b) specimen 2 panel zone yielding and
top flange weld fracture; (c) specimen 3 panel zone yielding and top flange bracket weld fracture.
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of the beam occurred in specimen 1, it was decided to add
another lateral bracing at location B for specimens 2 and 3.
The additional bracing was used to brace the top flange only
to simulate the restraint provided by the concrete slab in the
real building.

Specimen 2 experienced significant yielding in the panel
zone, but the extent of beam plastic hinging was very limited
with no sign of buckling. After completing one cycle at 4%
story drift, fracture of the beam top flange at the replace-
ment weld occurred during the second cycle (see Figure 7b).
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The behavior of specimen 3 was similar to that of speci-
men 2—that is, inelastic action occurred mainly in the panel
zone. The CJP weld connecting the horizontal plate of the
double-tee bracket to the column flange started to fracture at
4% story drift. The specimen was then cycled at 4.5% story
drift repeatedly until failure; see Figure 8c for the cyclic
response. Brittle fracture occurred during the fifth negative
cycle (see Figure 7c).
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Fig. 8. Load versus beam tip displacement: (a) specimen I; (b) specimen 2; (c) specimen 3.
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PANEL ZONE BEHAVIOR

Effective Depth of Extended Panel Zone

With the addition of KBBs above and below the beam, the
panel zone is extended in depth. AISC 358-10 (AISC, 2010a)
defines the effective depth, d,, of the extended panel zone
as the centroidal distance between column bolt groups in
the upper and lower KBBs (see Figure 9a). Generalizing the
AISC definition to specimens 2 and 3 with only one KBB
used, the definition of d,is also shown in the figure.

The average shear deformations of the original and

deff

(a)

~— TN

extended panel zones can be computed from test data based
on Equations 1 and 2:

a*+d*

,=——(8;+0 1
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a +(deﬁf

Yepz = ) (63+64) 2)
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Fig. 9. Effective depth of extended panel zone: (a) specimen 1; (b) specimen 2; (c) specimen 3.

36 / ENGINEERING JOURNAL / FIRST QUARTER / 2015



where the instrumentation for the panel zone deformations
is shown in Figure 10. Figure 11 compares the shear defor-
mations of the panel zones for all test specimens. It shows
that the shear deformation was mainly concentrated in the
original panel zone.

Based on a pair of diagonal measurements in the extended
panel zone, the average shear deformation can be computed.
The shear in the extended panel zone can also be computed
by using the effective depth:

I

(a)

M;
V= — -V, 3)
0.95d.;

where My is the moment at the face of column and V, is the
shear in the column. The cyclic responses of the extended
panel zones for specimens 2 and 3 are presented in Figure 12.

hbb

deff

hbb

Fig. 10. Panel zone deformation measurements: (a) original panel zone before rehabilitation;
(b) extended panel zone after rehabilitation (specimen 1).
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Fig. 11. Comparison of panel zone shear deformation.
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Column-Flange Kinking and CJP Weld Fracture

Large panel zone deformation caused the column flange
to kink at four corners of the panel zone. Figure 13 shows
localized yielding of the flange on the backside of the col-
umn. On the front side, the location of the rehabilitated
notch-tough CJP welded joint also coincided with one panel
zone kinking location in specimens 2 and 3 (see Figure 9).
Although these connections performed adequately to satisfy
AISC 341-10 for special moment frames, repeated loading
eventually caused fracture of the notch-tough CJP welds at
the kinking locations. The relationship between CJP weld
fracture and panel zone deformation is presented next.
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WELD FRACTURE AND PANEL ZONE
DEFORMATION CAPACITY

The panel zone behavior was extensively researched (e.g.,
Krawinkler, Bertero and Popov, 1971; Krawinkler, 1978;
Kato, Chen and Nakao, 1988; Schneider and Amidi, 1998;
El-Tawil et al., 1999; Lee et al., 2005). As will be shown,
past research was mainly focused on the strength, not defor-
mation capacity, of the panel zone, and the nominal shear
strength of the panel zone in AISC 360 corresponds to a
deformation at four times the yield shear strain. In this sec-
tion, the relationship between CJP weld fracture and panel
zone deformation is studied. Also, in performance-based
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Fig. 12. Cyclic response of extended panel zone: (a) specimen 2; (b) specimen 3.
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Fig. 13. Yielding pattern at column back side (specimen 3): (a) at top continuity plate level; (b) at bottom continuity plate level.
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seismic analysis and design of tall buildings, PEER/ATC
72-1 (PEERC/ATC, 2010) suggested that a panel zone defor-
mation capacity of 0.08 radian be used when panel zone
shear distortion does not contribute to the incident of frac-
tures at the beam-to-column connection. This deformation
capacity is consistent with that accepted for link elements in
eccentrically braced frames in AISC 341-10 (AISC, 2010b).
Otherwise, a deformation capacity of 0.02 radian should be
used when column-flange kinking would cause weld frac-
ture at the beam-column connection. But no guidance is
provided to determine when column-flange kinking is detri-
mental to weld fracture.

Krawinkler Model

Figure 14 shows the moment and shear diagrams of a col-
umn produced by seismic loading. The panel zone is in high
shear with a reverse curvature (see Figure 15a). In the panel
zone, the column web (together with doubler plates, if used)
panel zone is bounded by two column flanges. Krawinkler
(1978) used the superposition of column web and column
flange in modeling the panel zone behavior. The column web
was subjected to shear (see Figure 16a), where the web area
was assumed to be 0.95d.t.,, with d. equal to the column
depth and 7., equal to the panel zone thickness and where
the shear yield stress, T,, was F) / \/5 (equal to 0.577F,). The
panel zone depth was also assumed to be 0.95d,,, where d,
is the beam depth. A conservative assumption was made by
ignoring strain hardening after yielding.

Although the bounding column flanges deform in reverse

(b) (c)

Fig. 14. Forces on column: (a) column free-body diagram;
(b) moment diagram; (c) shear diagram.

curvature, Krawinkler modeled theses flanges as rigid
members and, instead, used rotational springs at four cor-
ners (i.e., kinking locations) of the panel zone to model the
contribution from column flanges (see Figure 15b). It was
assumed that column flanges contributed to both the stiff-
ness and strength of the panel zone only when y > v,, where
¥y = T,/G and G is the shear modulus. That is, the contribu-
tion from column flanges was ignored when v < v,. Based
on finite element analysis, Krawinkler et al. (1971) proposed
the following rotational stiffness, K, at each corner:

M Ebcffcfz
e 10

@)

N

where b, is the column-flange width and 7 is the column-
flange thickness. Considering four rotational springs and
the work equation 0.95d,(AV)(Ay) = 4M0) with 6 = Ay, the
proposed post-elastic stiffness, K, of the joint due to the
column flanges (see Figure 16) was

AV 1.095b1.°G

= ®)
"oAy dy

Furthermore, the panel zone shear strength was defined at
4vy,. From the superposition shown in Figure 16, the follow-
ing panel zone shear strength at 4y, was developed by Kra-
winkler (1978):

3.45b1,>
VE = 0.55F,dtoy | 14— o
dbdctcw

AISC Design Strength

The AISC Specification (AISC, 2010c) uses 0.6F) instead
of 0.577F, as 1,. Furthermore, the web shear area is taken
as d.t,, instead of 0.95d.1,,,. The slightly modified form of
Equation 6 is used in the AISC Specification:

3bc,f't¢f ?

VABSC = 0.6F,d.t | 1+ (7)

plclew

Alternate Panel Zone Model

It was shown in Figure 12 that a panel zone could deform
to a deformation level much higher than 4vy,. But excessive
deformation could cause fracture in the beam flange-to-
column flange CJP weld. In this paper, an alternate model
is presented to compute the ultimate deformation capacity
and the associated strength of the panel zone. This deforma-
tion capacity uses the fracture of a notch-tough CJP weld at
the column kinking location as the limit state. As will be
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shown, the deformation capacity can be significantly higher
than the 4vy, value assumed in AISC 360-10. This model also
shows that a panel zone’s deformation can be less than 4y,
in some situations.

The panel zone behavior is again established by super-
imposing the responses of the column web and flanges (see

Figure 17). The web area is taken as 0.95d.z,,. Therefore,
the shear yield strength of the column web is

Vewy =0.6F,(0.95d,1,,) ®)
With vy, = 0.6F,/G, the elastic shear stiffness of the column
web is

cw,y

Yy

KCW

=0.95d,1.,G )

The Krawinkler’s model ignores strain hardening after

yielding. But, because strain hardening generally exists
for the steel grades (F, < 50 ksi) permitted in AISC 341-

monotonic torsional coupon test results conducted by Slutter
(1981).

Because each column flange in the panel zone region
would bend about its weak axis in reverse curvature (see
Figure 15a), the model in Figure 18a is used to consider
the contribution from column flanges. It is idealized that

each column flange will deform elastically until the plastic
moment of the column flange is reached:

2
bcf Ier
pef = ye

(10)

where F. is the column-flange yield stress. The associated
deformation, which is the chord angle in Figure 18b, cor-

responds to 7y, in Figure 17. It is postulated that 7, can be
defined as the plastic deformation capacity of the panel zone
beyond which the notch-tough CJP weld at the kinking loca-

10, a strain hardening ratio of 0.03 is adopted as shown in

tions is prone to fracture. This postulation is to be verified
Figure 17a. The strain hardening ratio of 0.03 is based on

by test data in the following.

Consider one fix-ended column-flange flexural member
with a span of 0.95d, and a depth of 7. The shearing effect

Rotational
Spring (Kj)

©)

T
\
'
[}
\
[}
'
\
[l
[l

\
[l
\
\
[l

\
'
l
[}
]
1

Fig. 15. Krawinkler’s model of panel zone: (a) panel zone deformed shape;
(b) mathematical model (figures reprinted from Krawinkler, 1978).

K, =095d1,G

c“ew

T, 4y, !
(@)

K, =1.095b.1G1d,
Y, 4y,

(b)

Fig. 16. Superposition of shear strength components per Krawinkler’s model:
(a) column web component; (b) column flange component; (c) superposition.
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of this flexural member can be significant when the span is o=d, /;Cf (12)
small (smaller dj) and the column flange, .5, is thick. Apply-

ing elastic beam theory, the midspan deflection when the The first term on the right-hand side in Equation 11 is
fixed-end moment reaches M, ris the flexural component, and the second term is the shear-
ing component, where I = bcftcf3/12 and A s = Shesto/6
1 M, 0.95d, 3 are the moment of inertia and shear area of one column
A= flange, respectively. Dividing A by 0.95d;,/2 and simplifying
3El; | (0.95d,/2) 2 . . .
gives the shear deformation capacity of the panel zone (see
1 |: M, :l(o'%db ] Figure 18):
" 3
GA, | (0.95d,/2) 2 0.475F, 345
, Yp: = o+ o (13)
|| an
L1z Ebyte The elastic stiffness of one column flange is
2 M,
S R Y ) o Voo _ 2Mpg  L11Ebyty °
1.11 Ebt, o = = =— (14)
Yp  0.95dpY,; o +3.45
In Equation 11, the coefficient o is the span-depth ratio of The total elastic stiffness for both column flanges is 2K, as
the column-flange flexural member: shown in Figure 17b. Therefore, the total panel zone shear
Vo
‘/Cw ----------- 0~03K('W
Vour |7 !
K, =095t G
H H Y
Yy ¥p
(a)
Fig. 17. Superposition of proposed shear strength components: (a) column
web panel zone response; (b) response of two column flanges, (c) superposition.
Mp.cf
0.95d,

Moment Diagram

(b)

Fig. 18. Panel zone model: (a) panel zone deformation; (b) mathematical model.
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strength in the elastic range is
Vp: =(Kaw +2Ky )y when 0< <, (15)

When vy, <y<7,, the component of panel zone shear
strength due to column web is (see Figure 17a)
Viaw = Vewy +0.03K, (Y= 7y ) (16)

The component of panel zone shear strength due to two col-
umn flanges is

Ver =2KyY (17)
Therefore, the total panel zone shear strength is
Vpe=Vew+Vy wheny, <y<vy, (18)
800 :
700 [ : i
2 600 72/0//’9//%
= P :
g S0 AT Yoty —>
O . . —
5 300 [ 6 i .
[0} : : ©  —— Test
5 200 19 - : 4  ——  Proposed
100 /| 3 v ASe
O " 1 1 1 1 . 1
0 2 4 6 8 10 12

Normalized Shear Deformation, y/vy,
(a)

Based on Equations 15 and 18, and replacing dj, with d,y,
the predicted panel zone responses for specimens 2 and 3
up to 7, are shown in Figure 19. Specimen 1 was not used
in this correlation because replacement CJP welds were not
used and existing CJP weld locations did not coincide with
the column kinking locations. The ratios between the pre-
dicted and experimental panel zone ultimate deformations
are 1.02 and 0.94 for specimens 2 and 3, respectively.

Normalizing the panel zone deformation capacity, V., in
Equation 13 by v, = 0.6F,/G gives the following:

e _ 0.30((x+—3’45)
Yy o

(19)

Figure 20 shows the variation of the normalized panel zone
shear deformation with respect to o0 = db/tcf. It is shown that
the AISC assumed panel zone deformation capacity, 4v,,

800 ‘
700 : ;
R
E 500 [ %’;/O : Yoely :
S 400 /3 % : (=10.04) :
g 300 ’///0’3 | -
E’C'J 200 :ﬁ) Z I ;?j;osed
100 /o : + ot AISC
0 ‘ 1 ‘ ‘ ;

0 2 4 6 8 10
Normalized Shear Deformation, v/v,

(b)

12

Fig. 19. Comparison of panel zone responses: (a) specimen 2; (b) specimen 3.
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o (&)}
T T

Deformation, v,,/v,
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20
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o (= dyfty)

Fig. 20. Relationship between panel zone shear deformation and o.
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can be very conservative for a high d,/t.s ratio. When the
db/tcf ratio is low (i.e., a shallow beam connected to a thick
column flange), the panel zone deformation can be lower
than 4vy,. Therefore, column flanges at kinking locations
would yield early when db/t(,f is low, which makes the beam
flange-to-column flange CJP welds more prone to fracture
at a low panel zone deformation (< 4v,). This observation is
valid for either rehabilitated or newly constructed moment
connections.

Effect of Column Axial Force

With the presence of an axial load, Krawinkler et al. (1971)
reported that column flanges carry all the axial load after
the panel zone web has completely yielded. This is also the
basis of the panel zone design shear strength with high axial
load in AISC 360-10.

A column-flange cross-section and the stress distribution
for the plastic moment condition are shown in Figure 21. The
total stress distribution can be separated into the contribu-
tions of the axial force and bending moment. Because each
column flange takes half of the column axial load, P, the
axial stress equilibrium of one column flange is

P
5 = (2)’p _tcf) bchyc (20)

The axial demand-capacity ratio of one column flange is

P/2 _ (2)’17 _tcf)bchyc _ Zyp —l
Py oy beter Fye Lef

@0

where Py ;= AiF\c = bty is the axial yield strength of
one column flange and y, designates the plastic neutral axis
location. Therefore, the plastic neutral axis location is

te P
vy =Ll 1+ 22)
2| T2py

The reduced moment capacity of one column flange can
be derived from Figure 21 as

23
5 3 (23)

2
— M, |1- P
2Py

The corresponding shear of one column-flange flexural
member in Figure 18 is

’ t(‘f tcf - yp
Mpop =2ter = yp)ber Fy (_ -

2
’ 2M’ <f P
Vy =——L v, 1= (24)
0.95d, 2P,

Following the similar procedure described in Equations
11 and 13, the reduced plastic shear deformation can be
derived by replacing M,, .rand V), .s with M}, .rand V), .-

2
,  0475F), 3.45 P
Yp: = o+ 1-
E o ZP)/,Lf

2
P
=V, | 1- 25
Yoz (ZPy,cf] (25)

Figure 22 shows the effect of column axial load on the panel
zone deformation capacity.

The associated panel zone shear strength at y’,; is estab-
lished as follows. The component of panel zone shear
strength due to column web from Equation 16 can be
approximated as

Vi =Veuy +0.03K e, (Yoe =y ) (26)

From Equation 24, the component of the panel zone shear
strength due to two column flanges is

t,/2
t/2

2
V) =2V =2V, 1—[2 Ii - ] @7)
ch F}"‘
— %rc EI ter= ¥,
— :; = + 2yp - tcf
'E b=, p
Fe
(b) (c)

Fig. 21. Stress distribution of one column flange cross-section: (a) stress
distribution in one column flange; (b) axial component; (c) flexural component.
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Therefore, the total panel zone shear strength is

Vi =V, + Vi (28)
Figure 23 shows example plots of the panel zone axial
load—shear strength interaction curves. A W36x150 beam
with three different W14 column sections in Figure 23a and
W36 column sections in Figure 23b are considered. It is
observed that axial load has a more significant effect on the
panel zone deformation capacity than on the shear strength.
Because the interaction between axial load and panel zone
shear strength is relatively weak, the axial load effect can be
ignored for simplicity when P/2Py, ;< 0.6 (or P/Py < 1.2).

SUMMARY AND CONCLUSIONS

Three full-scale specimens were tested to evaluate the cyclic
performance of rehabilitated pre-Northridge steel beam-to-
column moment connections. The rehabilitation included

a Kaiser bolted bracket (KBB) on the beam bottom flange
for all specimens, but different rehabilitation schemes were
used to strengthen the beam top flange, which included the
use of another KBB (specimen 1), a notch-tough complete-
joint-penetration (CJP) beam flange replacement weld
(specimen 2) or a welded double-tee bracket together with a
replacement weld (specimen 3).

Test results showed that the proposed rehabilitation
schemes adequately protected the existing pre-Northridge
moment connections to the acceptable interstory drift angle.
Large panel zone deformation with significant yielding
occurred in all specimens; only specimen 1 also experi-
enced beam buckling. Significant column kinking due to
large panel zone deformation caused brittle fracture of the
notch-tough CJP welds in specimens 2 and 3; panel zone
deformation reached 0.029 rad and 0.036 rad in these speci-
mens, respectively. Because these fractured welds were
located at the column kinking locations, the test results pro-
vided useful information to verify the proposed panel zone

0.05
8 o —— P2P,=0 :
Z00af s PI2Py o= 0.25. i oo e
o : + == - P/2Pych=0-5 o .- T
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Fig. 22. Effect of column axial load on panel zone shear deformation capacity (ASTM A992 steel).

1.0 b Tt —e—,_
o & o a "':"'5“‘*'*5'\\.;& """"
§2 08¢ 8mal
N N E O\zx
° >
Sc 067
5
€804y
X7
e
£ & i ©  —— W14X109 Column
59002 4 ——  W14X193 Column
ZW0 + === W14X370 Column

O_O L L L

0.0 0.2 0.4 0.6 0.8 1.0
Normalized Axial Load, P/2P,
(a)

10 =~ ‘”“m-‘-m%m .

O N e TR
< : S=heo

5§ 08 il IS
N §Y =R
T >
<06
oD
o C
S S04
‘(—_“ (7p]
€& 02t © —— WB36X210 Column
o &Y 4 —— WB36X231 Column
Zw + W36X361 Column

0.0 ‘ ‘ ‘ ‘

0.0 0.2 04 0.6 0.8 1.0
Normalized Axial Load, P/2Pyyc,
(b)

Fig. 23. Interaction of shear and axial force: (a) W14 columns; (b) W36 columns.
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ultimate deformation capacity model, which used the frac-
ture of notch-tough CJP welds at the kinking location as the
limit state; the effect of column axial load was also included
in the model formulation. The conclusions are summarized
as follows.

1. The panel zone shear strength specified in AISC 360
corresponds to a shear deformation of 4vy,. But test
results showed that the panel zone can deform more
than &y,, although column kinking due to excessive
panel zone deformation eventually caused weld frac-
ture. Because it may not be economical and practical
in seismic rehabilitation to avoid weak panel zones, a
model (Figure 18) was proposed to predict the defor-
mation capacity of the panel zone. It was postulated
that the notch-tough beam flange CJP weld would
fracture when the column flange was fully yielded at
the kinking location. This limit state was used to define
the ultimate deformation capacity of the panel zone.
This postulation was calibrated with specimens 2 and
3, which experienced weld fracture. (For specimen 1,
no CJP welds were located at the kinking locations.)
The proposed model (see Equations 13 or 19) showed
that the deformation capacity is a function of dp/t,
where dj, = beam depth and #.;= column flange thick-
ness. The panel zone deformation capacity is small
when the db/tcf ratio is low (i.e., when a shallow beam
is connected to a thick column flange), which results
in earlier yielding of the column flanges at the kinking
locations and makes the CJP welds more vulnerable to
fracture.

2. The associated panel zone shear strength at the pro-
posed deformation capacity level was also derived. In
addition, the effect of column axial load on both the
panel zone shear strength and deformation was also
considered in the formulation. Its effect on the shear
deformation capacity can be significant (see Equation
25). But the effect on shear strength is relatively insig-
nificant (see Figure 23) and can be ignored when the
column axial load is less than 1.2 times the yield force
of one column flange.

The proposed model is also applicable to other moment
connection types where the notch-tough CJP welds, not the
pre-Northridge E70T-4 welds, are located at the column
kinking locations. The test data available for calibrating the
proposed model are scarce; only two specimens from this
test program were available. Additional testing of moment
connections that subject the panel zone to large deformation
to induce beam flange weld fracture is needed to confirm
the proposed model and to verify that the dj/r s ratio is a key
factor in determining the panel zone ultimate deformation.
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